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Preface

The movement of people, goods, and services between urban settlements and
production facilities is the essential circulation that keeps regional and national
economies running. Bridges are the vital connectors that ensure that transportation
systems function safely and economically as intended by those who have planned
and conceptualized them. Bridge engineering is a special discipline within struc-
tural engineering that focuses on the design, construction, erection, assessment,
and maintenance of these connectors for the benefit of society. Bridges are often
durable symbols of technical prowess, economic power, and esthetic refinement.
Just as many ancient bridges that have become landmarks evoke in us a sense of
amazement at the creative skills of the old masters who built them, so do their
younger counterparts that display the flair of more recent builders who have com-
bined advanced analysis techniques with modern, high-performance materials
to craft structures that defy the heretofore unchallenged limits in terms of span,
height, or frugal use of material resources. Its many counterexamples notwith-
standing, bridge engineering is indeed a uniquely singular parade arena to display
technical experience and artistic maturity. It is sometimes a shared responsibil-
ity among engineers and the special breed of architects who have the craftsman-
ship to improve the technical attributes of the finished product. We hope that this
book will serve to give its readers an overview of the many problems that must be
resolved to produce bridge structures that will meet the challenges they will face
during their service lifetime.

The Turkish Group of the International Association for Bridge and Structural
Engineering (IABSE), in collaboration with Middle East Technical University
(METU), the Turkish General Directorate for State Highways (KGM), the General
Directorate for State Railways (TCDD), the Turkish Contractors Association, the
Turkish Association for Structural Steel (TUCSA), the Turkish National Committee
for Roads (YTMK), the Turkish Association for Seismic Isolation, the International
Association for Earthquake Engineering (IAEE), the Transportation Research Board
(TRB), American Concrete Institute (ACI), the Bridge Engineering Association, and
SIBERC served as host for the Istanbul Bridge Conference during August 11-13,
2014. The conference was generously supported by many sponsors, AGM, Arsan
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Kaucuk, Aydiner Inc. Company (Aybet), BERD, Besmak, Cengiz Nurol, Chodai
Co., Computers and Structures, Inc. (CSI), DOKA, DUYGU Engineering, EMAY
International Engineering and Consultancy Inc, EM-KE, Endem Construction, EPO
Construction Chemicals, FIP Industriale, FREYSAS, IC Igta§ Construction Co,
Ilgaz Ingaat, INPRO, JOTUN, KMG Project, KOBA Engineering and Consulting
Co. Ltd, LARSA, MAGEBA, Mapa ingaat ve Ticaret A.S., Maurer Sohne GmbH
& Co., MEGA Engineering Consulting Co., Mistras Group, MOOG Gmbh, Otoyol
Yatirim ve Isletme A.S., Ozdekan Rubber Company, PERI, Pitchmastic Pmb Ltd,
Sismolab, Strainstall, TEMELSU International Engineering Services, TESTART,
TNO Diana, TTS International Engineering and Architecture, WireCo Structures,
Wowjoint, Wuhan HIRUN Engineering Equipment Co., YAPIFEN Engineering, and
Yiiksel Proje.

iBridge was attended by 250 participants representing 30 different countries.
The conference program included 96 papers. It was complemented by a visit to
the construction site for the third Istanbul Strait crossing, a major project that will
place the bridge among the top five long-span bridges in the world in several cat-
egories when it has been completed.

The 19 papers selected for this book represent a cross section of the breadth
of the topics that were taken up in the conference. The selection has been made
on the basis of scientific and technical relevance, timeliness, and expected added
value for practitioners. A few authors who were invited to finalize their papers for
inclusion in the book failed to do so on time, and a few others were eliminated
because they had been submitted elsewhere for publication. The papers represent
current concerns in bridge engineering as they exist in many countries and the
solutions for those issues that have been arrived at under codified constraints that
have echoes in other locations. Theory, experiment, and practice are presented in
balanced proportions in the texts that follow.

We have grouped them under four broadly defined thematic areas as follows:

“Modeling and Analysis” (7 papers)

“Construction and Erection Techniques” (3 papers)

“Design for Extreme Events” (4 papers)

“Condition Assessment and Structural Health Monitoring” (5 papers)

The book has been divided into four principal sections along these themes.

The editors would like to acknowledge the excellent cooperation that they have
received from the authors in revising their papers according to reviewer com-
ments and the tens of reviewers, from the Scientific Committee as well as exter-
nally named experts (many in multiple assignments), who willingly gave much of
their time in examining the papers for their content to ensure that this would be a
printed source with a positive impact, and provide guidance for their colleagues
in the broader engineering community. The editorial staff at Springer Publishers
has been unfailingly helpful in guiding us toward producing a book in their style.
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We have received invaluable support from the staff at INTERCON that served as
the Conference Secretariat and doubled as providers for the initial screening pro-
cess of the written contributions.

Alp Caner
Polat Giilkan
Khaled Mahmoud
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Part I
Modeling and Analysis



Optimal Design of Pile Foundation
in Fully Integral Abutment Bridge

Jun Qing Xue, Bruno Briseghella, Bao Chun Chen,
Pei Quan Zhang and Tobia Zordan

Abstract In order to resolve the durability problem of expansion joints and bear-
ings, the integral abutment bridge (IAB) has become more and more popular. For
integral abutment bridge, choosing a suitable pile foundation type is a challeng-
ing problem, because the substructure is fixed with superstructure to bear the load
together. In this paper, the design of the pile foundation in a fully integral abut-
ment bridge (FIAB) in China was analyzed. A finite element model was built by
the commercial software MIDAS considering soil-structure interaction and con-
struction stage simulation. A sensitive analysis was carried out to investigate the
influence of different pile foundation types on the mechanic performance of the
IAB. The results show that when the circular pile is used, the stress of pile, nega-
tive moment and tensile stress of girder are smaller than those when the rectan-
gular pile is used. With the increase of pile diameter, the stress and displacement
of pile decrease, while the bending moment of pile and the negative moment and
tensile stress of girder increase. For rectangular piles, with the increase of cross-
sectional length-width ratio, the bending moment of pile, negative moment and
tensile stress of girder decrease; while the stress and displacement of pile increase.

1 Introduction

At present, many jointed bridges have been constructed all over the world, in
which expansion joints and bearings are installed in order to absorb cyclic thermal
expansion and contraction, creep and shrinkage, and differential settlement. The
expansion joints and bearing of bridges are easily damaged during service life of

J.Q. Xue (<) - B. Briseghella - B.C. Chen - P.Q. Zhang - T. Zordan

College of Civil Engineering, Fuzhou University, 2 Xue Yuan Road, University Town,
Fuzhou 350108, Fujian, People’s Republic of China

e-mail: junqing.xue @fzu.edu.cn
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4 J.Q. Xue et al.

many jointed bridges due to the influence of increasing age, climate, environment
and some unpredictable destructive effects of nature [1]. Furthermore, the dam-
aged expansion joints and bearings will produce a series of secondary diseases.
Moreover, the maintenance cost and vehicle restrictions caused by frequent repair
or the serious social impact are remarkable [2, 3]. In order to resolve the durabil-
ity problem of expansion joints and bearings, many engineers proposed the con-
cept of “No expansion joint is the best joint”. In this case, the integral abutment
bridge (IAB), which can eliminate expansion joints and bearings, becomes a chal-
lenging solution [4, 5]. Different with jointed bridges, the abutments of integral
abutment bridges are fixed to the girders. The superstructure, abutments and pile
foundations, backfill and soil around pile foundations work as a frame. Therefore,
the type of pile foundation has a great impact on the mechanical performance of
integral abutment bridges, which can be considered as one of the key problems in
the design of IAB.

2 Case Study

In this paper, a fully integral abutment bridge (FIAB) in China was chosen as case
study. The bridge is located in Shi-An expressway. The bridge is a two-span pre-
stressed concrete fully integral abutment bridge. The main features are listed in
Table 1. The elevation layout and typical cross section are shown in Figs. 1 and
2, respectively. The details of fully integral abutment and approach slab are illus-
trated in Fig. 3.

Table 1 Main features of bridge

Total length 41.8 m

Number of spans 2

Girder information Number per span 4
Height 1.2m
Type Box-girder

Deck information One carriageway 12.5m x 0.22 m

Pier height (cap + column) 1.44+50m

Abutment height (backwall + stem) 1.3+ 14m

Pile Number per each abutment 7
Cross-sectional shape Circular
Diameter 0.7m
Length 34 m
Number per each pier 1
Cross-sectional shape Circular
Diameter 1.5m
Length 45m
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3 Finite Element Model

In this paper, a 3D finite element model was built by commercial finite element soft-
ware MIDAS/Civil2012. The superstructure was simulated by grillage method, in
which the longitudinal beam elements and virtual transverse beam elements were
used to simulate the longitudinal girders and wet joint connections between longitu-
dinal girders. The height of virtual transverse beam elements is set as the same as the
upper plate height of longitudinal girders. Different with the jointed bridge, of which
the substructure modeling can be neglected and simplified as the simply supported
boundary condition, the substructure of fully integral abutment bridge, including
piers, abutments and piles, should be considered in the model, because the substruc-
ture-soil interaction can not be ignored. In this case, the beam element was used to
simulate the substructure. The bearings installed on the top of pier cap were simu-
lated by elastic connections. For the fully integral abutment bridge, the superstructure-
abutment connections were modeled by rigid connections. The finite element model is
shown in Fig. 4.

In order to accurately simulate the performance of bridge, four construction
stages were considered in the model, because the construction technology of sim-
ply supported-continuous was used in the real case.

1. Simply Supported Stage: The substructure and girders are activated. The tem-
porary supports were used as the connections between girders and abutments or
girders and piers. The dead load and prestressing force which will produce posi-
tive bending moment are considered.

2. Continuous Stage: The diaphragms, wet joints and other continuous segments
are activated. The rigid connection is applied between girders and abutments.

‘*‘_j--‘ P
\ Virtual transverse beams

"L Rigid connections
% t

Bl ‘v 4
Piles— "t"t"d
Cebelel
‘ttttﬁ
eeebede
ePelele
eeebe®e
eee ey
Cgbede
Cege
g

Fig. 4 Finite element model of bridge
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The super dead load and prestressing force which will produce negative bend-
ing moment are considered.

3. Shrinkage and Creep Stage: The shrinkage and creep for 10 years (3650 days)
are considered.

4. Completion Stage: The uniform temperature raising 34 °C or falling 10 °C, the
positive and negative temperature gradient, vehicle load, soil pressure on abut-
ments and pile-soil interaction are considered.

According to “General Code for Design of Highway Bridges and Culverts” (JTG
D60-2004) [6], some load combinations should be considered, including ultimate
limit state combinations I, II, III and serviceability limit state combinations for
short-term action effects (combination IV), as listed in following.

1. Combination I: 1.2 dead load + 1.0 prestress + 1.0 shrinkage and creep + 1.4
vehicle load (including impact);

2. Combination II: 1.2 dead load + 1.0 prestress + 1.0 shrinkage and creep + 1.4
vehicle load (including impact) 4+ 0.8 x 1.4 x uniform temperature;

3. Combination III: 1.2 dead load + 1.0 prestress + 1.0 shrinkage and
creep + 1.4 vehicle load (including impact) + 0.7 x 1.4 x (uniform tempera-
ture + temperature gradient).

4. Combination IV: 1.0 dead load 4+ 1.0 prestress + 1.0 shrinkage and
creep + 0.7 vehicle load (excluding impact) 4+ 1.0 uniform temperature 4 0.8
temperature gradient.

4 Substructure-Soil Interaction

Different with jointed bridges, the interaction between soil and substructure should
be considered for fully integral abutment bridges, including the pile-soil interaction
and abutment-backfill interaction. In this paper, the substructure-soil interactions were
simulated by spring elements, of which the stiffness was calculated by “m” method
proposed by Chinese code “Code for Design of Ground Base and Foundation of
Highway Bridge and Culverts” (JTG D63-2007) [7]. According to geologic survey
report, two soil layers, including silt and silty clay, could be found at bridge site. The
piles should be designed as the friction pile, because the bearing capacity of soil is
low. For the backfill, the artificial fill was used. In this paper, the substructure-soil
interaction was simulated based on Appendix P of Chinese code “Code for Design
of Ground Base and Foundation of Highway Bridge and Culverts” (JTG D63-2007)
[7]. Based on Winkler’s Hypothesis, the lateral soil resistance o, at a certain depth
z is proportional to the horizontal deflection X, as expressed by Eq. 1. According to
the “m” method proposed in Chinese code [7], the foundation coefficient can be cal-
culated by using Eq. 2. Based on the theory of elastic foundation beam, the piles can
be considered as the girders supported by a series of soil springs. The finite element
model of pile-soil interaction below ground line is shown in Fig. 5. In this paper, the
the value of “m” of soil layers and backfill are all 5000. The calculation process of
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Kvu

%\KU A GroundLine
N

Kvb

Fig. 5 Finite element model of pile-soil interaction

the horizontal soil spring stiffness Kz is introduced in following. For each horizontal
soil spring, the stiffness can be calculated by Eq. 3, which expresses the relationship
between the restoring force F, and lateral deflection of pile at z depth X,. Equation 2
can be substituted into Eq. 1 to obtain Eq. 4. According to the relationship between
force and reacting force, the restoring force F, can be calculated by Eq. 5. Comparing
Eq. 3 and Eq.5, Eq. 6 can be obtained.

ozx = XzCz (D
Cz=mz (2

Fz = KzX7 (3)

ozx = mzXz “)

Fz = RzAz = mzXzb hz )
Kz = mzbihy (6)

where, Cyz is the foundation coefficient; m is foundation coefficient of soil varied
with depth (KN/m*); K, is the stiffness of the soil spring at z depth; A, is the action
area of soil pressure at z depth; h, is the thickness of soil at z depth; by is the cal-
culating width of pile, which is 0.95 m in this case, according to the Chinese code
[6]. Due to the space limitation, the calculation process of the calculating width is
neglected.
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The stiffness curves of horizontal springs at several depths of piles and abut-
ments are shown respectively in Figs. 6 and 7.

5 Optimal Analysis of Pile Foundation Type

As introduced above, the piles should be designed as friction piles according to the
geological data. Therefore, the vertical friction of all piles should remain constant
during analysis, which means that the vertical area of all piles can not be changed.

The checking calculation of piles and girders according to “Code for Design
of Highway Reinforced Concrete and Prestressed Concrete Bridges and Culverts”
(JTGD 62-2004) [8] are introduced in the following.

Considering load combinations I, II and III, the maximum horizontal displace-
ments and internal forces of piles can be considered as the most unfavorable work-
ing conditions in the ultimate limit state. For the strength checking of pile, the
pile strength in the serviceability limit state should be considered. The eccentric
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compression/tension, when the primary moment is the maximum (Eccentric-
Mymax) and when the primacy moment is the minimum (Eccentric-Mymin)
should be checked. For each section of pile, the most unfavorable load combina-
tion should be used respectively. The compressive and tensile capacity of piles can
be calculated according to Chinese code (JTG D62-2004) [8].

According to Chinese code (JTG D62-2004) [8], the ultimate stress of the pre-
cast member (A-class prestressed concrete) in the serviceability limit state combi-
nation for short-term action effects (combination I'V) should be checked by Eq. 7.

oty < 0.7fx (7)

where, oy is the main concrete tensile stress; fy is the standard value of concrete tensile
strength. In this case, the concrete grade of girder is C50 (0.7fk = 1.855 MPa).

5.1 Influence of Pile Cross-sectional Shape

When the number and vertical area of piles are fixed, four types of the pile
cross-sectional shape could be considered, including (1) Circular cross section
(®70 cm); (2) Rectangular cross section (55 cm x 55 cm); (3) Rectangular cross
section (65 cm x 45 cm); (4) Rectangular cross section (70 cm x 40 cm). The lay-
outs of pile foundations with different cross-sectional shapes are shown in Fig. 8.
The influence of different cross-sectional shapes of piles on the internal forces
and deformations of piles and girders are compared in Tables 2 and 3. It could be
found that when the circular pile is used, the stress of pile, negative moment and
tensile stress of girder are smaller than those when the rectangular pile is used. For
rectangular piles, with the increase of cross-sectional length-width ratio, the bend-
ing moment of pile, negative moment and tensile stress of girder decrease; while
the stress and displacement of pile increase.

The strength checking of piles for different cross-sectional shapes are illus-
trated in Fig. 9. Due to the space limitation, only the checking of eccentric tension,
when the primary moment is the maximum, is shown in this paper. The circles in
the figures represent the failure regions, where the pressure design value is larger
than the comprehensive bearing capacity. The strength checking results indicate
that only the circular pile with the diameter of 70 cm can meet the requirements.

5.2 Influence of Pile Diameter and Number of Piles

When the pile cross-sectional shape is fixed as circular and the cross-sectional rein-
forcement ratio keeps invariant, four different types of pile diameters were chosen as
parameters, including (1) 70 cm; (2) 80 cm; (3) 100 cm; (4) 120 cm. As mentioned
above, the vertical area of pile foundations is fixed. Therefore, the number of piles
should vary corresponding to the variation of the pile diameters, which are (1) 7;
(2) 6; (3) 5; (4) 4. The layouts of pile foundations with different pile diameters and
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Fig. 8 Layouts of pile
foundations with different
cross-sectional shapes
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Table 2 Internal forces and deformations of piles for different pile cross-sectional shapes

Pile Maximum | Compare to | Maxi- Compare to | Pile dis- Compare to

type bending D70 (%) stress D70 (%) placement | ®70 (%)
moment (MPa) (m)
(kN m)

70 388.7 100.0 11.4 100.0 0.0082 100.0

55 x 55 |405.4 104.3 16.5 144.7 0.0076 92.7

65 x 45 |361.6 93.0 19.5 171.1 0.0077 93.9

70 x 40 |332.7 85.6 21 184.2 0.0078 95.1

Table 3 Internal forces of girders adjacent to abutments for different pile cross-sectional shapes

Pile Maximum negative | Compare to 70 Maximum tensile | Compare to ®70
type moment (kN m) (%) stress (MPa) (%)

D70 1167.3 100.0 1.30 100.00

55 x 55 |1612.9 138.2 1.42 109.23

65 x 45 | 1538.8 131.8 1.40 107.69

70 x 40 |1480.2 126.8 1.37 105.38
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Table 4 Internal forces and deformations of piles for different pile diameters and number of

piles
Pile Maximum | Compare to | Maxi- Compare to | Pile dis- Compare to
type bending D70 (%) stress D70 (%) placement | ®70 (%)
moment (MPa) (m)
(kN m)
7970 388.7 100.0 11.4 100.0 0.0082 100.0
6080 510.4 131.3 9.5 83.3 0.0082 100.0
50100 |695.4 178.9 7.5 65.8 0.0081 98.8
49120 (9739 250.6 7.2 63.2 0.0081 98.8
Table 5 Internal forces of girders adjacent to abutments for different pile diameter and number
of piles
Pile Maximum negative | Compare to 7¢70 | Maximum tensile | Compare to 7970
type moment (kN m) (%) stress (MPa) (%)
7970 1167.3 100.0 1.30 100.00
6080 1226.1 105.0 1.58 121.54
50100 | 13789 118.1 1.69 130.00
49120 |1402.6 120.2 1.71 131.54
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number of piles are shown in Fig. 10. The influence of different pile diameters and
number of piles on the internal forces and deformations of piles and girders are com-
pared in Tables 4 and 5. It could be found that with the increase of pile diameter, the
stress and displacement of pile decrease, while the bending moment of pile and the
negative moment and tensile stress of girder increase.

The strength checking of piles for different pile diameter and number of piles
are illustrated in Fig. 11. Due to the space limitation, only the checking of eccen-
tric tension, when the primary moment is the maximum, is shown in this paper.
The circles in the figures represent the failure regions, where the pressure design
value is larger than the comprehensive bearing capacity. It could be found that
when the layout of circular piles (7®70 cm) is used, the strength checking of piles
can meet the requirement. Therefore, the layout of circular piles (7®70 cm) is sug-
gested in this case.

6 Conclusions

In this paper, the finite element model of a fully integral abutment bridge
(FIAB) in China was built. The influence of different pile foundation types on
the mechanic behaviours of bridge were analyzed, including the pile cross-
sectional shape, pile diameter and number of piles. Some conclusions obtained
for optimal design of piles in fully integral abutment bridge are listed in the
following.

1. When the circular pile is used, the stress of pile, negative moment and tensile
stress of girder are smaller than those when the rectangular pile is used.

2. For rectangular piles, with the increase of cross-sectional length-width ratio,
the bending moment of pile, negative moment and tensile stress of girder
decrease; while the stress and displacement of pile increase.

3. With the increase of pile diameter, the stress and displacement of pile decrease,
while the bending moment of pile and the negative moment and tensile stress
of girder increase.
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Analysis of the Response Under Live
Loads of Two New Cable Stayed
Bridges Built in Mexico

Roberto Gomez, Raul Sanchez-Garcia, J.A. Escobar
and Luis M. Arenas-Garcia

Abstract In this paper we study the response, under live loads, of two new cable
stayed bridges (Baluarte and Carrizo), recently open to traffic. Both bridges are
located in the northern pacific mountains of Mexico along the Mazatlan-Durango
new highway at approximately 50 km from the coast. These bridges happen to be
the most important bridge structures of the highway. Both bridges have the same
fan cable pattern and similar type of superstructure. However the response of both
decks under live loads is quite different as will be shown. This paper describes
also the numerical analyses to evaluate the bridges structural response under static
and moving loads mainly. From this evaluation and assessment, conclusions and
recommendations related to their structural stability are provided. The activi-
ties described were performed before opening the bridges and comprised also the
instrumentation with fiber optic sensors, live load tests and ambient vibration tests.

Keywords Vehicular loads - Cable-Stayed bridge - Load testing + Analytical
response bridge

1 Introduction

Built to cross the Pacific mountains of Mexico (Western Sierra Madre) a new
highway was open to traffic last year. The highway has a total length of 230 km
and 12 m wide to accommodate 2 lanes. However, from 156 + 300 km to
164 4+ 000 km the highway has four lanes. Along the highway 63 tunnels and 115
bridges were built. Among the structures of greater importance in this road are, in
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first place, the “Baluarte” cable stayed bridge with a length of 1124 m and a height
of 402 m, second, the “Sinaloense” tunnel with 2.78 km length and, third, another
cable stayed bridge, the “Carrizo”, at 162 4+ 172 km.

Since the beginning of the construction of the highway, the Ministry of
Communications and Transport of Mexico (SCT) commended, among other tasks,
to the Institute of Engineering of UNAM (IITUNAM), the instrumentation and
monitoring of both bridges in different important aspects and stages of their con-
struction. These activities developed by IITUNAM during the construction of the
bridges can be summarized in the following major tasks: monitoring of displace-
ments of rock stratums; tilts and stresses in pylon 5; wind velocities; topography;
and instrumentation and load tests of the main span.

In this paper we only describe results of field tests under static loads carried out
in the main section of the superstructures. This information was useful to calibrate
the mathematical models, as well as to confirm the recommendations of the wind
and seismic design studies developed previously to the design stage of the bridge.

In another section of the paper, we present results of the analyses of the bridges
under moving loads representing design live loads used in Mexico. Implications
of the results in the structural behavior of the bridges are presented in the
conclusions.

2 The Bridges
2.1 The “Baluarte” Bridge

This cable-stayed bridge is an icon of Mexican bridge engineering due to its par-
ticular features and location. The bridge crosses a ravine of about 400 m depth. It
is the longest cable-stayed bridge in North America with a total length of 1124 m:
a main composite steel-concrete span of 520 m (the longest ever built in Latin-
America) and two post-tensioned concrete lateral spans of 250 and 354 m, respec-
tively. A total 152 stays are arranged in a semi harp configuration in eight vertical
planes. A panoramic view of the bridge is shown in Fig. 1.

The two main steel girders of the central span are conformed by welded steel
plates. Segments of girders of 12 m length were fabricated in a remote shop and
delivered to the site where they were lifted to assemble 12 m segments of super-
structure. Once the correspondent two girders and cross frames were assembled,
the concrete slab was cast in situ. The central span was erected simultaneously
from both pylons. An approximate deck width of 19.76 m is provided to carry four
traffic lanes; the lateral spans have two main bodies of post-tensioned concrete
box segments with approximately 22 m of deck width; at the vicinity of the pylons
on the central span the same concrete box segments were used along 44.0 m; steel
cross beams are used in both types of superstructures (Fig. 2).

Pylons have an inverted Y shape and frame type piers are used along the back-
spans. The substructure is founded on cast in place footings.
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Fig.1 The “Baluarte” bridge, panoramic view
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Fig. 2 Cross sections of the superstructure, “Baluarte” bridge
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2.2 The “Carrizo” Bridge

This bridge has a total length of 434.6 m with three spans including two cable
stayed spans (182 m each) and a double cantilever section (70.6 m). Figure 3
shows a panoramic view from the bridge. Erection of the cable stayed spans was
executed by a cantilever method. Stays are installed in two vertical planes in a
semi fan layout. The total number of stays is 56.

The cross section of the superstructure is very similar to the one used in the
“Baluarte” bridge (Fig. 4); post-tensioned box segments were used for the con-
struction of the double cantilever of 70.6 m, this section of the bridge is joined to
the cable stayed section by means of a special joint. The total width of the deck is
18.40 m to accommodate 4 lanes (Fig. 4). The main member of the substructure
is pylon 2, it has an H shape and a height of 226 m can be measured from the
level of the foundation to its top level; pier number 3 is of the frame type and is
70 m height. Two massive concrete abutments were constructed at the ends of the
bridge. A simple supported single span (38 m) connects the “Carrizo” bridge to the
portal of an adjacent tunnel.

After completion of the design process [1, 2], wind tunnel specific studies were
carried out for each bridge [3, 4]. Performance of the superstructure under differ-
ent wind loading conditions was evaluated. After these studies, wind fairings were
proposed and installed along the main span of the “Baluarte” bridge and along the
total length of the metallic section of the “Carrizo” bridge.

The design and construction projects of both bridges were developed by the
Ministry of Transportation and Communication of Mexico.

Fig. 3 The “Carrizo” bridge, panoramic view
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3 Load Testing

After the construction of the bridges, static, dynamic and impact tests were carried
out [5, 6]. In this paper we only present results of tests under static loads produced
by trucks placed at different locations on the main spans. The aim was to produce
strains in key locations of the superstructures; six and nine tests were carried out,
each one with a different load configuration, on the “Baluarte” and “Carrizo”
bridges, respectively. Five and three axle trucks were used during the tests (see
Fig. 5).

Fiber optic sensors were installed to record strains. For the “Baluarte” bridge
22 sensors were used and distributed along the main span distributed in three sec-
tions: Sinaloa, Center and Durango; for the “Carrizo” bridge 16 sensors, 8 on each
cable stay span. Also, additional temperature sensors were placed on both bridges.
Economic constraints limited the number of sensors. Using topographic devices,
deflections were measured simultaneously during the static tests on both bridges.

For purposes of showing the type of results obtained during the tests, below
we present some results of experimental results of static load tests. For each test,
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the trucks configuration is presented together with a graph showing the obtained
stresses considering a structural steel A572 gr50. These graphs only show the
results for the sensors at the center of the main spans. The Fig. 6 shows the con-
figuration of trucks on the deck and the corresponding measurements of a specific
test performed at the “Baluarte” bridge; sensors A5, A6 and A7 were placed at the
center of the mains span. Figure 7 shows another test carried out at the “Carrizo”
bridge; in this case sensors S5, S6, S7 and S8 were placed at segments twelve and
thirteen, side Sinaloa. All of these sensors were located at the bottom flange of the
girders.
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In addition to the static tests, dynamic tests were also performed with trucks
passing at different speeds.

4 Mathematical and Experimental Results

It is well known that cable stayed bridges are complex structures for modeling,
even though modern tools of computing are available. Finite element model of the
main girders and piers were developed using standard beam elements and plate
finite elements for the concrete slab [7]. To account for the geometric nonlinear
behavior due to cable sag effects, cables were modeled with special elements [8];
also, before the analysis of the static and dynamic tests, it was necessary to per-
form a non-linear static analysis [9] to compute the tangent stiffness of the bridge
in its dead-load deformed state. Piers and towers were fixed at the base. The same
load conditions of static and dynamic field tests (El, E2, etc.), were simulated
with the mathematical models and strains and deflection were determined for each
of them.

Ambient vibration tests were also carried out to estimate the modal shapes and
frequencies; this modal information was also used to design the aeroelastic model
of the complete bridge, to identify modes susceptible to wind loading, and to pro-
vide information about vibration frequencies and modal shapes for the wind tunnel
tests [3, 4].

4.1 Comparison of Results

The structural assessment of the superstructures was achieved by comparing
experimental and analytical data obtained from the developed mathematical
model. Tables 1 and 2 show some results of actual and simulated stresses for the
“Baluarte” and “Carrizo” bridges, respectively. For Table 1, all results are associ-
ated to the same sensor. It is observed that maximum differences are around 13 %.
For the Carrizo bridge results, this difference is higher. However both comparisons
show a reliable matching of the comparison.

Topographic monitoring of vertical displacements was also carried out. Table 3
shows some results registered at the “Baluarte” bridge. Results for the “Carrizo”
are not presented because in some cases they were affected by the sensibility of

Table 1 Experimental and Test Model Instrumentation Difference
mathematical results of MPa MPa MPa %
stresses. “Baluarte” bridge
El 233 21.9 1.4 6.1
E2 78.8 68.0 10.8 13.7
E5 103.6 89.8 13.8 13.4
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Table 2 Experimental and mathematical results of stresses. “Carrizo” bridge

Test Model Instrumentation Difference

MPa MPa MPa %
El 32.7 26.6 6.1 18.7
E5 —8.2 —8.8 0.6 -7.5
E9 155.0 154.0 1.0 0.6

Table 3 “Baluarte” bridge, deflections, static tests

Test Load condition Math. model Experimental Difference
mm mm mm %
El 2T in parallel 111 59 41 47
E2 4T in parallel 215 206 —6 4
ES 4T in pairs 208 190 10 9
4T truck

the measuring device. Results of experimental and mathematical frequencies asso-
ciated to different components of vibration were also compared. For the vertical
direction of vibration the comparison was very reliable, for both bridges.

4.2 Analysis of the Response Under Moving Loads

During field testing at the “Carrizo” bridge, the passage of trucks imposed signifi-
cant vibrations of the deck. Using the calibrated mathematical model of the bridge,
a direct integration time history analysis was performed and the dynamic effects
were evaluated. A nine axle design truck was used as the moving load, running
at different velocities. The results of the analysis are presented in Fig. 8 for two
directions of movement of the vehicle: Durango-Sinaloa and Sinaloa-Durango,
and at selected points on opposites sides of the bridge deck, both at about 132 m
from the central pylon. Point B is located near the double cantilever section of the
bridge superstructure; point A is located on the opposite side. Time history records
of accelerations were also produced

“Peaks” shown in Fig. 8 are associated to the passage of vehicles at the point
of interest (A or B) and the effect that causes on the other side of the deck (points
A or B); at one side the deck moves downward and the other upward. It is also
observed that the maximum values of displacement, for both directions of circula-
tion, are close to 15 cm. With respect to accelerations, the maximum values were
about 40 cm/s>.
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5 Conclusions

Modelling, analysis and experimental testing of two cable stayed bridges were
presented. Measured deflections at the “Baluarte” bridge are comparable with the
results of the mathematical model. Maximum stresses produced by live loads are
about 90 MPa, and when added to dead load stresses the results are below design
or allowable stresses. For the “Carrizo” bridge, stresses produced by live loads,
similar to design loads, are higher, about 156 MPa, which represents 74.2 % of
the allowable stress. In this case, when this level of stresses is considered together
with dead loads, some sections of the structure fail to comply, by a minimum
amount, with allowable design stresses.

Although both superstructures showed a very good elastic recovery capac-
ity, from the point of view of displacements and vibrations the “Carrizo” bridge
superstructure is more flexible compared to the “Baluarte” bridge. In general, both
superstructures showed a good performance.

The calibrated mathematical models and the instrumentation will be used for a
permanent monitoring of the behavior of the superstructures under regular traffic.
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Deriving a Load Model for the Braking
Force on Road Bridges: Comparison
Between a Deterministic and a Probabilistic
Approach

Joao Martins, M.-A. Fénart, G. Feltrin, A.-G. Dumont and K. Beyer

Abstract The current provisions for the braking force in the Eurocodes are much
more demanding than previously enforced national codes from most European
countries. Hence, safety assessments of existing bridges may show a lack of com-
pliance with the new safety requirements of current maintenance codes, making
the relevant authorities responsible for their strengthening. The current load model
for the braking force was derived from a deterministic evaluation of traffic con-
figurations with characteristics that do not correspond with actual traffic measure-
ments. This procedure differs from models describing vertical traffic loads, where
the effects of traffic were analysed within a probabilistic framework in compliance
with the partial safety factor design method. This paper investigates the advan-
tages, limitations and hypotheses of a probabilistic model for the braking force
when compared with deterministic models. Original results for the characteristic
value of the braking force on road bridges are presented, which consider a realis-
tic time-history of bridge crossing vehicles generated by a traffic microsimulation
tool with input data from a Swiss Weigh-In-Motion station. The results are com-
pared with the braking force of the Eurocodes, highlighting the role of the prob-
ability of braking and the influence of the dynamic characteristics of bridges on
the characteristic value of the braking force.
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1 Introduction

Braking forces are horizontal loads due to traffic that have to be considered in the
design of new road bridges and in the assessment of existing ones. The magni-
tude of these forces can be computed according to the load models provided by
design codes. In recent codes, such as the Eurocodes and the American code
“AASHTO LRFD Bridge Design Specifications”, safety verifications are based on
the assessment of limit states by the partial safety factor design method, which, in
the American nomenclature, is termed load and resistance factor design method
(LRFD). In this framework, a structure is deemed reliable if limit states are not
exceeded in any selected design situations, the computation of which includes the
design values of the basic variables, namely actions, material properties and geo-
metrical data.

In the partial safety factor design method, the characteristic value is the prin-
cipal representative value of an action. For variable actions, it is multiplied by
partial factors to compute the other representative values—combination, frequent
and quasi-permanent values. This yields loading levels with different probabilities
of exceedance, which are grouped into “design scenarios”. The design scenarios
and corresponding partial safety factors are determined in design codes, e.g. in
“Eurocode—Basis of structural design” (ECO) [1]. In Merzenich and Sedlacek’s
[2] background studies of “Eurocode 1: Actions on structures—Part 2: Traffic
loads on bridges” (EC1-2) [3], the characteristic values of vertical traffic loads
were calibrated for a 1000-year return period.

The partial safety factor method of checking the structural safety of structures
for a certain design scenario has, therefore, a semi-probabilistic nature. On the one
hand, it is implied that the computation of the representative values of the actions
involved a probabilistic analysis. On the other hand, its application is determinis-
tic, in the sense that it is assumed that the structure is reliable if the safety assess-
ments of the relevant limit states are checked, and not by evaluating its reliability
index. However, probabilistic analyses were not used to derive the representa-
tive values of all types of actions: According to Annex C of ECO [1], determin-
istic methods have primarily been used in the first generation of the Eurocodes
when relevant statistical data was lacking. For these actions, the load models were
derived on the basis of historical events and subjective assumptions regarding
extreme scenarios, instead of following a probabilistic approach.

Regarding traffic loads on bridges, the derivation of vertical load models 1 and
2 for global and local verifications, respectively, was based on a probabilistic anal-
ysis of traffic data from a Weigh-in-Motion station in Auxerre, France. These load
models fit thus into the framework of the partial safety factor design. The braking
force, however, was derived from deterministically defined traffic scenarios. Since
the model lacks a sound probabilistic background, the return period of the braking
force defined in the code is unclear. This means that, unlike the case of vertical
traffic loads, there is no measure of the probability of exceedance of the braking
force model, which, therefore, might be either non-conservative, hence, unsafe, or
too conservative, hence, uneconomical.
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This paper describes different approaches to the derivation of braking force
models on road bridges. Section 2 describes three procedures underlying models
enforced by European design codes. All these models are based on deterministi-
cally defined traffic situations. Presenting a new probabilistic approach, Sect. 3
describes the structure of a stochastic model developed to compute the characteris-
tic value of the braking force considering the randomness of traffic situations and
of driver behaviour. The implementation of this model is illustrated using results
from a traffic flow simulation. The paper concludes with a discussion of the key
parameters of the probabilistic model and an outlook on future work.

2 Derivation of Braking Force Models
in Design Codes—A Deterministic Approach

Before partial safety factors were adopted in design codes, the effects of deter-
ministically defined traffic situations were used to derive traffic load models on
bridges. This applied in particular to the load models for the braking force that
were adopted by the 1970 revision of the Swiss code SIA 160 and by the British
Standard BS 5400 (1978). The derivation of these models is presented in Sects. 2.1
and 2.2, respectively. Also for EC1-2 [3], despite the nonconformity with the verti-
cal load models, a deterministic approach was applied to derive the braking force
model, which is described in Sect. 2.3.

2.1 Swiss Standards SIA 160 (1970)

In 1964, in order to derive a load model for the braking force that would be part
of the revised Swiss standard SIA 160 (1970), a total of 26 experiments were per-
formed with different initial speeds, number of vehicles and distances between
vehicles [4]. The time-history of the deceleration of each vehicle was measured
using tachographs, accelerometers and photographic sequences. The magnitude of
the maximum braking force transmitted to the pavement F}, ax Was estimated by
Newton’s laws of motion:

N
Fbmaxzm'mtax{zai(t)} (1)

i=1

where m is the mass of the vehicles, which was assumed equal for all vehicles,
N is the number of vehicles, and a;(t) is the deceleration over time ¢ of the ith
vehicle. Figure 1 shows the results of applying Eq. 1 using the measured data
from convoys with initial speeds of 30 and 60 km/h and m = 15 t. Figure 1 also
shows that the maximum braking force of the load model adopted by the revision
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Fig. 1 The braking forces in the load model from SIA 160 (1970) and in deterministically
defined braking situations. Adapted from [4]

commission differs from the one proposed in the study. Although the maximum
braking force in the proposed model was 360 kN, which was attained when six
vehicles travelling with an initial speed of 60 km/h braked simultaneously, the
revision commission adopted a maximum of 300 kN, which corresponds to a con-
voy of four vehicles instead.

2.2 British Standards BS 5400 (1978)—HA Model

In 1969, Burt [5] developed a new braking force model for British Standard
BS 5400 (1978), which replaced BS 153 (1954). This model became one of the
most severe in European codes, and for a significant range of bridge lengths it is
even more severe than the one proposed in EC1-2 [3].

For small bridge lengths, the model reflects the braking action of single
axles carrying as much as 18 tonnes of load and of individual vehicles weighing
between 16 and 32 tonnes. The braking forces due to convoys of up to four vehi-
cles braking were also computed with a vehicle weight of 25 tonnes and an initial
speed of 45 mph (72 km/h). The driver reaction time was taken equal to 0.7 s. Two
different values were used for the deceleration of the vehicles, 0.5 g and 0.75 g,
where g stands for the acceleration due to gravity. Results of the braking forces
due to one or more vehicles braking is represented in Fig. 2 as mconyoy - 0.5 g and

~ 800
Z 0 o m, 05
g ¢ Convoy 10.75¢
4 .
Eﬂ v = mConvoy O.Sg
% 200z @ A | mmm— BS5400 (1978) - HA
@ BS153 (1954) - HA

0
0 20 40 60 80 100

Bridge length (m)

Fig. 2 The braking force in the British standards BS 153 (1954) and BS 5400 (1978), and in
deterministically defined braking situations. Adapted from [5]
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MConvoy * 0.75 g, for decelerations of 0.5 and 0.75 g respectively. In the same fig-
ure, results for mya - 0.5 g represent the application of a deceleration of 0.5 g to
the mass that corresponds to the force computed according to the HA vertical load
model from the British Standards. Figure 2 also shows the previously existing and
the afterwards implemented load models for the braking force.

2.3 Eurocode 1—Part 2 (2003)

The derivation procedure of the braking force model in EC1-2 [3] is described
by Sedlacek et al. [6]. As in the previous cases, the model reflects the braking of
deterministically defined traffic configurations. Up to five vehicles are assumed to
travel at the same speed of 81 km/h and to achieve the same deceleration of 0.5 g.
The adopted driver reaction time is 1.0 s and the maximum assumed lorry weight
is 40 tonnes.

The dynamic response of the bridge to braking forces was modelled with elas-
tic, viscously damped single-degree-of-freedom (SDOF) systems, with a range
of natural vibration periods from 0.1 s to 5.0 s and a damping ratio of 0.07. The
excitation of the SDOF system is the result of the superposition of impact loads
corresponding to the braking of each vehicle. The systems were analysed using
closed form solutions for elastic SDOFs and the maximum displacement of each
system was determined. Based on these results, dynamic amplification factors of
1.8, 1.4 and 1.2 were taken, respectively, for one, two, and three or more vehi-
cles in convoy. In this way, the derivation of the load model does not depend on
the dynamic properties of a particular bridge, yet it considers dynamic effects as a
function of the number of vehicles in convoy. Figure 3 shows the computed brak-
ing forces for convoys of one to five vehicles with 25 tonnes (m = 25 t), 30 tonnes
(m = 30 t) and 40 tonnes (m = 40 t) simultaneously braking as well as the EC1-2
[3] load model. Figure 3 illustrates that the load model roughly envelopes, for
increasing bridge lengths, the braking events with one 40-tonne vehicle, two and
three 30-tonne vehicles, four and five 25-tonne vehicles and, for bridges longer
than 200 m, five 30-tonne vehicles.

1200 :
Z,
i; 900 — —— m=40t
2 = ——m=30t
g, 600f = | | ——m=25t¢
-é 300" || —m——- ECI1-2[3]
m 0 ) ) ) )

0 50 100 150 200 250

Bridge length (m)

Fig. 3 The braking force in ECI-2 [3] and in deterministically defined braking situations.
Adapted from [6]
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Fig. 4 The braking force in EC1-2 [3] and in other European codes. Adapted from [2]

In contrast with the derivation procedures described in the previous sections,
the dynamic response of the bridge was considered when defining the braking
force model of EC1-2 [3]. It is also the load model that accounts for the heavi-
est lorries, by considering 40-tonne vehicles. This explains why EC1-2 [3] braking
force model is more severe than any of the previously enforced in European coun-
tries, at least for some ranges of bridge length, if not for all [2].

With the lightest vehicles (15 t) and only static computations, the Swiss code is
understandably the least severe of the three given examples. Moreover, the braking
forces in the background studies of the Swiss code were computed with experi-
mental measurements of decelerations over time, whereas the other load models
reflect the conservative assumption of having all vehicles simultaneously braking
with their maximum deceleration. Furthermore, the British Standard stands out
for medium bridges because much shorter inter-vehicle distances were considered
than in the other codes. Figure 4 compares the EC1-2 [3] model with these stand-
ards and some other national design codes previous to the Eurocode.

3 Probabilistically Derived Braking Force Model

The use of probabilistic tools in modern codes minimizes the role of sub-
jective assumptions in the derivation of load models. Croce and Sanpaolesi [7]
explain this direction of code development further by outlining the derivation of
the vertical traffic load models included in EC1-2 [3]. These models were cali-
brated so that their target effects on the structure have a quantified probability of
exceedance [7]. In the Eurocodes, the vertical traffic load models are calibrated
to produce effects with a 1000-year return period, i.e., 5 and 10 % probability of
being exceeded in 50 and 100 years, respectively.

In the literature, multiple studies using probabilistic techniques can be found,
both to derive or validate load models for codes (e.g., [2, 7-9]), and to assess the
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reliability of existing structures (e.g., [10-13]). However, in the scope of traffic
loads, these studies focus only on the effects of vertical forces on bridges and not
on horizontal forces. Even in deterministic analyses, the effects of vehicles brak-
ing on bridges have seldom been addressed, and when they have, for instance in
[14—16], the increase in the vertical effects due to the redistribution of axle loads is
the main object of analysis, not the horizontal effects.

The next section presents a probabilistic model that realistically takes into
account the characteristics of traffic flow instead of relying on deterministically
chosen traffic configurations. Driver behaviour, vehicle response to severe brak-
ing and horizontal dynamic response of bridges to braking vehicles are also con-
sidered. Moreover, the probability of having a braking event on a bridge must be
included in order to compute the quantile of the braking force distribution that cor-
responds to its characteristic value. The purpose of this procedure is to compute
the value of the braking force that corresponds to the same return period as the
vertical traffic load models.

3.1 Structure of the Probabilistic Model

A time-history of bridge crossing vehicles, resulting from microsimulation of traf-
fic, is analysed and used to generate one-lane traffic configurations. These traffic
configurations are, in fact, vehicle convoys where each vehicle’s speed, length
and weight is known as well as the inter-vehicle distances, and the correlations
between these variables are respected.

Each traffic configuration is used to model at least one braking event, which
initiates with the first vehicle in convoy applying full brakes until it stops. Values
for reaction time and maximum deceleration of the following vehicles are ran-
domly generated, within the limits of driver response and of the braking systems’
properties, so that the vehicles brake to a full halt avoiding collision. A collision
would involve mechanisms of dissipation of energy other than friction between
tyres and pavement, hence presumable smaller braking loads. The probability dis-
tribution of driver reaction times is based on Olson’s observations [17], and bilin-
ear deceleration profiles are applied, with a deceleration rise time of 0.25 and 0.6 s
combined with maximum decelerations up to 9 and 7 m/s%, for light and heavy
vehicles, respectively. The differences in the deceleration profiles are due to the
weight of the vehicles as well as to the nature of the braking systems employed in
light and heavy vehicles. While light vehicles use hydraulic brakes, heavy vehicles
employ pneumatic brakes, which lead to longer deceleration rise times [18].

As in similar studies, such as the Eurocodes’ background calculations [2]
or O’Brien and Enright’s [8] determination of the aggressiveness of traffic, it is
assumed that the statistical properties of traffic remain unchanged in time. Since
driver behaviour and vehicle response are also taken as time-invariant, the brak-
ing processes have a stationary nature. Therefore the probabilistic framework used
for vertical load models also applies for braking forces. Furthermore, all traffic
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configurations, independently of the position on the bridge, are considered equally
prone to generate a braking event. This is not an essential condition; however, dif-
ferentiating probabilities of braking along the length of the bridge would require a
thorough analysis of the triggering events behind braking situations. Such an anal-
ysis would need to be based on data from on-road traffic studies, which monitor
driver behaviour and vehicle performance in their natural environment and may
include accelerometers, video logging and GPS locators. Since this is a relatively
new field of research, published results are scarce and the required data has not
been made available yet. For an overview of the potentialities of these studies, the
reader is referred to Carsten et al. [19].

As in Sedlacek et al. [6], the bridge was reduced to a linear elastic, viscously
damped SDOF system, which enables the use of closed-form expressions to com-
pute its dynamic response. The excitation force transmitted to the deck of a bridge
in case of a braking event depends on the traffic scenario, i.e., a traffic configura-
tion on an initial position. It would be inefficient to build the probability distribu-
tion of the braking force considering just the number of braking events that are
likely to happen during the period of time of the microsimulation. Long periods
would be needed and most traffic configurations would not be used. On the other
hand, the statistical properties of all traffic characteristics are preserved stipulating
equally spaced initial positions and using the same set for all traffic configurations.
Since it is assumed that a braking event is equally probable for all the traffic sce-
narios thus defined, if all of them are used in the stochastic model, the statistical
properties of the probability distribution of the braking force are also respected.
The more initial positions are considered for initiating braking events, the more
values of the braking force are computed, which enriches the probability distribu-
tion but takes considerable computational effort and, for sufficiently close initial
positions, may have no further influence in the computation of the characteristic
value.

Having computed the probability distribution of the braking force, the charac-
teristic value of the braking force corresponds to the quantile of this distribution
associated to a return period of 1000 years. To compute this quantile, the probabil-
ity of occurrence of the events modelled has to estimated, i.e. the probability that a
driver, while covering a distance equal to the spacing between the modelled initial
positions of braking events, initiates a braking event by applying full brakes until
the vehicle comes to a halt, forcing following drivers to brake too. In this study,
this concept was designated as braking probability and identified by the letter B.
Given this definition, for N traffic scenarios the expected number of braking events
is therefore simply B - N. This number is also the expected number of braking
events during the period t that corresponds to the period covered by the microsim-
ulation of traffic. The expected number n of braking events in 1000 years, which is
a period of time 1000/t times larger than the period of the microsimulation for 7 in
years, is given by:

1000- 8- N
n=——
T

2
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Finally, the characteristic value of the braking force, which according to the defini-
tion of return period is the magnitude of the force that is exceeded on average once
in 1000 years, is given by the quantile of the distribution of the braking force that
has a probability of non-exceedance P:
1
P=1—-- 3)

n

3.2 Results Using Traffic Records

Traffic records from a Weigh-in-Motion (WIM) station located on the A2 Swiss
motorway, near Monte Ceneri, between Lugano and Bellinzona, from the year
2008, were combined with records from a close by Swiss Automatic Road Traffic
Count (SARTC) station, from the month of June of the same year. These two
sources of traffic data were used to generate a realistic time-history of bridge
crossing vehicles using the traffic simulation software AIMSUN [20]. The data
set from a WIM station is not enough on its own since only heavy vehicles are
recorded. Whereas the effect of light vehicles’ weight is negligible by comparison
with that of heavy vehicles, they play a relevant role in the way the sequence of
braking actions occurs in a convoy of vehicles. On the other hand, SARTC records
use a very broad classification for vehicles and do not record their weights.

The microsimulation tool generated 163,182 vehicles, representing one week
of traffic, 63,181 on the left lane and 100,001 on the right lane. All vehicles are
assigned a speed and headway with respect to the previous vehicle and are iden-
tified by a class number. The six classes of light vehicles are the same as in the
“Swiss 10 classification [21], which is also used by the SARTC stations. The
same classification uses only four categories for heavy vehicles. Instead 14 catego-
ries were used in the microsimulation, computed according to the spacing between
axles and vehicle weights, similarly to the work of Meystre and Hirt [22]. The
greater detail in the classification of heavy vehicles assures the relative proportions
between different classes, increases the accuracy of the random generation of vehi-
cle length and weight, which is obtained from bootstrapping WIM records of each
class, and eliminates spurious records that do not comply with any of the prede-
fined classes.

Figure 5 compares the braking force model from EC1-2 [3] with the character-
istic values of the braking force computed for a fundamental period of the bridge
in the longitudinal direction T}, of 5.0 s, a damping ratio of 0.07, bridge lengths
ranging from 25 to 250 m and B between 10~ and 107>, As initial positions of
braking events were taken 10 m apart, these values for the braking probability
denote a rate for the initiation of braking events, applying full brakes until the
vehicle stops, of once in 107 and 10% km, respectively.

These results, which are specific for the Swiss motorway A2 near Monte
Ceneri, show characteristic values of the braking force as high as 1050 kN, sig-
nificantly more severe than the 900 kN of the load model of EC1-2 [3], for bridges
of a length larger than 150 m and for a braking probability of 107>, Overall, for
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short bridges, the load model of EC1-2 [3] leads to similar values as the probabil-
istic model with a braking probability of 1073, whereas for long bridges a brak-
ing probability of almost 10~ reproduces more adequately the loading level of
the code. These values of B correspond to initiating a braking event applying full
brakes on average once in 1,000,000 and 10,000 km travelled, respectively. Also,
if B is smaller than 108, all the values of the braking force given by the current
load model have a return period larger than 1000 years. In that case, the enforced
braking force model is conservative and, hence, uneconomical in comparison with
the vertical load models. The opposite applies for B larger than 1079, for which the
braking force model of EC1-2 [3] is clearly below the safety target used to derive
the vertical traffic load models.

To assess the influence of the dynamic characteristics of the bridge on the char-
acteristic value of the braking force, Fig. 6 shows the results computed for 100 m
long bridges with fundamental periods in the longitudinal direction Ty, between 0.1
and 5.0 s. It shows that for more flexible bridges, which is the case in Fig. 5, the
dynamic response is clearly more severe.
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Fig. 5 The braking force in EC1-2 [3] and results from stochastic simulations
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Fig. 6 Characteristic values of the braking force on a 100 m long bridge, for different natural
vibration periods and braking probabilities. Comparison with EC1-2 [3]
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Both figures illustrate that the results of the probabilistic model are very sensi-
tive to the assumed braking probability. The calibration of the braking probability
is therefore of the utmost importance, as well as validating the assumption that it
is independent of vehicle class and traffic configuration or, alternatively, introduc-
ing different braking probabilities in a way that best reproduces driver behaviour.

4 Conclusions

Deterministic approaches to the derivation of load models are simple to apply
once the target scenarios have been defined. However, the distinction between an
assumed worst-case scenario and a worst-case scenario likely to happen in the life-
time of the structure is highly subjective. The examples in this paper show how
similar premises in the definition of braking events, convoys of vehicles with the
same weight and maximum deceleration, and drivers with the same reaction time,
yield very different results. In new codes a different approach based on sound
probabilistic considerations should be adopted to derive load models.

In fact, to comply with the probabilistic framework of modern codes, thus hav-
ing all safety verifications harmonised for the same reliability level, the derivation
of load models must take into account the variability of the design actions and be
able to compute high percentiles of the probability distribution of their effects,
namely their characteristic value. This value, pivotal to the design of structures,
corresponds to rare events, with a small but quantified probability of occurrence
during their lifetime.

In the scope of load derivation, traffic loads are particularly challenging
because modelling them combines several random variables that are correlated,
which can be accounted for with microsimulation of traffic. When computing
braking forces, additional sources of randomness include driver reaction time,
maximum deceleration applied by following vehicles and the probability of having
a braking event. Their quantification and realistic inclusion in the presented proba-
bilistic model represents one of the main challenges of this research. In the end,
the leverage of the probabilistic approach, when compared with the determinis-
tic one, is to be data-oriented, which is lost if subjective judgements play decisive
roles in the modelling assumptions.

Given the lack of data, the use of deterministic approaches has always been
preferred to derive load models for the braking force. However, not only traffic
measurements amount now to several years and microsimulation of traffic has
been successfully applied in structural verifications, but the number of on-road
traffic studies is increasing. Therefore, a probabilistic approach, such as the model
presented in this paper, is now feasible to compute the characteristic value of the
braking force on bridges. The proposed model uses realistic braking processes
and traffic configurations based on measurements from a Swiss motorway near
Monte Ceneri to compute a probability distribution of the braking force. Since
the computation of the braking probability is still ongoing, results are presented
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as a function of this parameter and compared to the load model present in the
Eurocodes. Hence, results are not conclusive with regard to its actual return period
and, as a consequence, safety level.

In a next stage, considering traffic from different sites with significant flow
of heavy vehicles and a representative variety of structural schemes, a final load
model can be derived, fulfilling the Eurocodes’ objectives in terms of safety
assessment independently of bridge type and location. Moreover, this probabilistic
approach can also be applied for reliability assessment of existing bridges, ade-
quately adjusting the return period and giving as input a site-specific time-history
of crossing vehicles computed with local traffic records.
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The Revisions for the Gusset Plate
Load Rating Approach: A Comparative
Case Study

Burak Boyaci and Burcu Guldur

Abstract In 2009, the Federal Highway Administration (FHWA) published the
“Load Rating Guidance and Examples for Bolted and Riveted Gusset Plates in
Truss Bridges”. According to this document, main truss member gusset plates
were required to be examined for five limit states based on either the Load Factor
Rating (LFR) or the Load and Resistance Factor Rating (LRFR) approaches.
However, further investigations showed that this methodology generally resulted
in conservative gusset plate ratings. The National Cooperative Highway Research
Program (NCHRP) was sponsored to address these concerns by investigating the
shear, tensile and compressive strength resistance of gusset plates at the strength
limit state. The findings of this program resulted in a set of propositions for revi-
sions to the American Association of State Highway and Transportation Officials
(AASHTO) Manual for Bridge Evaluation to be implemented in 2014. It is
observed that these new provisions for the LFR and the LRFR methods result in
significant variation in rating results for the different limit states. In this paper,
a comparative study is completed on a gusset plate from the Charles M. Braga
Jr. Memorial Bridge, which is located in Fall River/Somerset, MA, U.S.A., to
investigate the dissimilarities between the load rating results obtained based on
both the 2009 and the 2014 provisions for the LFR approach. The primary aim of
this work is to provide a better understanding on the proposed changes for the gus-
set plate load rating approach described in the Manual for Bridge Evaluation, 2nd
Edition, 2014 Interim Revisions.
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1 Introduction

The I-35 W highway bridge over the Mississippi River in Minneapolis, MN col-
lapsed on August 1, 2007. Subsequently, the National Transportation Safety Board
(NTSB) initiated an investigation to identify the likely initiation cause for the fail-
ure and its location. A FHWA report prepared by Ocel and Wright [1], which was
an outcome of this investigation, showed that several of the gusset plates had been
over stressed. Particularly, the inelastic buckling of one of these plates was found
to be the probable cause of the failure. After this failure, evaluating the safety
of the gusset plates on this type of bridges became an urgent priority. Thus, the
FHWA released the “Load Rating Guidance and Examples for Bolted and Riveted
Gusset Plates in Truss Bridges (2009 FHWA Guidance)” in 2009 that provides
guidelines to State transportation departments [2]. The 2009 FHWA Guidance
includes sections, which are in accordance with both the LRFR method and the
LFR method.

The 2009 FHWA Guidance was based on the existing provisions in the
AASHTO LRFD Bridge Design Specifications [3] and the older AASHTO
Standard Specifications for Highway Bridges [4]. The method given in this guid-
ance was proved to yield in conservative gusset plate ratings. To investigate this,
the FHWA initiated a research project conducted by the NCHRP. The results of
this research are collected under the “Guidelines for the Load and Resistance
Factor Design and Rating of Riveted and Bolted Gusset-Plate Connections
for Steel Bridges” [5] that presents the findings of an experimental and analyti-
cal investigation analyzing the failure modes of steel truss bridge gusset plated
connections.

The project conducted by the NCHRP, NCHRP Project 12-84, was primar-
ily focused on the development of an LRFR approach to the gusset plate rating.
The translation of the resistance factors stated by the NCHRP Project 12-84 to the
LFR philosophy is not trivial since the live load models are different. However, the
findings of the NCHRP Project 12-84 still resulted in some changes in the LFR
approach for gusset plate ratings compared to the approach discussed in the 2009
FHWA Guidance. These changes are given in the “Manual for Bridge Evaluation,
2nd Edition, 2014 Interim Revisions (2014 MBE Interim)” [6]. In this paper, a
comparative study, which presents the gusset plate rating of a specific gusset plate
from Braga Bridge in accordance with the LFR approach for both the 2009 FHWA
Guidance and the 2014 MBE Interim, is given.

2 Charles M. Braga Jr. Memorial Bridge

The gusset plate investigated in this paper is a part of Charles M. Braga Jr.
Memorial Bridge. This bridge extends between the town of Somerset and the
city of Fall River, near the mouth of the Quequechan River. Figure 1 shows the
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Fig. 2 Drawing of the Braga Bridge where the investigated gusset plate L6 is shown

location of the bridge on the map and an image of the north elevation of the
bridge. The gusset plate labeled as L6, which is shown in Fig. 2, is used in this
study.

The Braga Bridge has been under a rehabilitation program, which is funded
by the Massachusetts Department of Transportation, since 2003. The successive
load rating analyses of the gusset plates have been performed by TranSystems
Corporation since 2010.

3 Comparative Results

In this work, the gusset plate shown in Fig. 2 is examined for five limit states based
on the LFR approach. These limit states are completed by applying necessary
checks for shear, tension, compression, fasteners and splice. For the investigated



44 B. Boyaci and B. Guldur

gusset plate, the calculations are carried on for both the 2009 and the 2014 provi-
sions for the LFR approach. Here, the 2009 provisions refer to the LFR approach
of the 2009 FHWA Guidance and the 2014 provisions refer to the LFR approach of
the 2014 MBE Interim. The differences between the obtained results for both pro-
visions are individually discussed in the following sections.

The load rating equations of the LFR approach are given by Egs. 1 and 2, [8].
The capacity of the gusset plates indicated by R, is reduced by 10 % in the 2009
provisions for increasing the safety margin.

RFinvy = (R, — 1.3 - Ppp) =2.17 - P, (1)

RFOPR:(Rr_1-3'PDL)+1'3'PLL (2)
where

RFny = Inventory load rating factor,

RFopgr = Operating load rating factor,

R, = Capacity,

Ppr = Dead load,

P11 = Live load imposed by HS20 rating truck.

4 Shear Resistance

The first limit state of the gusset plate load rating calculation is the shear capacity
check. For the shear capacity check, there are several changes in the 2014 provi-
sions for the LFR approach in comparison with the 2009 provisions.

The first change is in the 2 factor used for the shear yielding check. The equa-
tion for calculating the shear yielding capacity is given in Eq. 3. The €2 factor is
either 0.74 or 1.00 in 2009 provisions. 2 = 0.74 is used for the case of flexural
stress distribution whereas €2 = 11is used for the case of uniform shear distribution.
For the investigated gusset plate, conservatively, €2 is taken as 0.74 assuming that
the stress distribution is flexural. In the 2014 provisions, the €2 factor is defined as
a single value which is 0.88. Therefore, since 2 = 0.74 is used originally, with the
updated provision the rating for shear yielding increases.

R=058-F,-A;-Q (3)
where

Fy =Yield strength of the plate (ksi),
Ag = Gross area (in.2),
2 = Shear reduction factor.

The second difference between the 2009 and 2014 provisions is the change in the
definitions for the shear planes, where the shear failures are expected to occur.
The full length of cross-sections, which are shown in Fig. 3 by AAygr, BByeT and
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CCnET, are used for shear resistance calculations in the 2009 provisions. However,
the partial shear planes AA” and CC’ are the cross-sections used for shear resist-
ance calculations in the 2014 provisions. These partial shear planes are shown in
Fig. 3. The lengths of AA” and CC’, which are taken along the member fastener
lines, are defined as the distances between plate edges and other fasteners lines.
The partial shear planes are only checked around compression members. For shear
resistance computation, only the controlling partial shear plane is used. Since there
is no chamfered end of the compression member, the governing criteria for con-
trolling partial shear plane is the angle between the compression member and the
adjoining members [6].

The final dissimilarity between the two discussed provisions is that the 2014
provisions exclude the checks for the shear rupture for the partial shear planes.
The 2014 provisions stated that the shear rupture check is not required for the par-
tial shear planes.

The load rating results for shear resistance obtained by using both 2009 and
2014 provisions are given in Table 1. As shown in this table, the AA and BB shear
planes are not checked in the 2014 provisions. The only check performed is on the
CC’ shear plane that represents the controlling partial shear plane. Since the AA
and BB shear plane checks are eliminated from 2014 provisions, the overall rating
for shear resistance results being less conservative compared to the 2009 provi-
sions. However, when only the load ratings obtained as results of the CC and CC’
shear plane checks are compared, the 2014 provisions yield into more conservative
load ratings.
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Table 1 The load rating results for shear resistance both for 2009 and 2014 provisions

Shear Shear yielding capacity, Shear rupture capacity, Rating factor

plane kips (kN) kips (kN) Inventory | Operating
2009 provisions

AA 5607.1 (24,941.6) 7597.1 (33,793.5) 0.77 1.28

BB 4698.9 (20,901.7) 6300.7 (28,026.9) 2.16 3.61

CcC 4702.8 (20,919.1) 6307.3 (28,056.2) 222 3.71
2014 provisions

cc 13542.3 (15.756.9) ' Not applicable | 1.46 243

5 Tensile Resistance

Tension check consists of two subsections; the first check is for the yield capacity,
and the second one is for the block shear. There is no change for the yield capac-
ity check between the 2009 and the 2014 provisions. However, the equation that
is used to calculate the block shear capacity is updated. Equations 4 and 5 are the
block shear resistance equations given in the 2009 provisions. Whereas, the Eq. 6
displays the updated block shear resistance equation given in the 2014 provisions.
The former equations rely on an initial criteria based on the ratio of the net
tension and the net shear areas. On the other hand, the recent provisions provide
a generalized equation independent of the ratio of the net tension and shear areas.

IfAy > 0.58A,,, thenR, = 0.85(0.58 FyA,; + F,Ay) (4)
IfAy < 0.58A,,, thenR, =0.85(0.58 F,A,; + FyAsg) (5)

R, = min (¢bep(0-58FuAvn + Fulm), ¢bst (O-SSFMAvg + FuAtn)) (6)
where

¢ps = 0.85, resistance factor for block shear rupture,

R, = Reduction factor for holes taken equal to 0.90 for bolt holes punched full
size and 1.0 for bolt holes drilled full size or subpunched and reamed to size,

A, = Gross area along the plane resisting shear stress (in.%),

Ay, = Gross area along the plane resisting tension stress (in.%),

A, = Net area along the plane resisting shear stress (in.?),

A = Net area along the plane resisting tension stress (in.?),

F, = Tensile strength of the plate (ksi).

The load rating results for tensile resistance obtained by using both the 2009 and
the 2014 provisions are given in Table 2. As shown in this table, there is no change
in the yielding capacity results. However, the capacity increases for the right
diagonal member while the block shear capacity of the vertical member decreases
using the equation given in the 2014 provisions. Therefore, the effect of the revi-
sions is case dependent, and the rating results cannot be estimated.
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Table 2 The load rating results for tensile resistance both for 2009 and 2014 provisions

Member Yielding capacity, Block shear rupture Rating factor

kips (kN) capacity, kips (kN) Inventory | Operating
2009 provisions
Vertical 7852.2 (34,928.3) 8030.8 (35,722.7) 29.73 49.62
member
Right diagonal | 7965.4 (35,431.8) 7337.8 (32,640.1) 2.65 442
2014 provisions
Vertical 7852.2 (34,928.3) 7203.8 (32,044.1) 30.34 50.64
member
Right diagonal | 7965.4 (35,431.8) 7466.7 (33,213.5) 3.40 5.68

6 Compressive Resistance

The third limit state of the gusset plate load rating calculation is the compressive
resistance check. In order to calculate the compressive resistance, plate stability is
checked at the gusset plate zones in the vicinity of compression members.

A Whitmore section is used to determine the effective width of the idealized
compression member. The unbraced length of the idealized compression member
is defined as the standoff distance of the compression member relative to the sur-
rounding members. This distance is defined as the average of L1, L2 and L3 shown
in Fig. 4a in the 2009 provisions. However, in the 2014 provisions, it is given as
the distance from the middle of the Whitmore section to the nearest member fas-
tener line in the direction of the member L,,;g. Ly,iq is shown in Fig. 4b.

In addition, the effective length factor K values in the 2009 provisions were
selected based on the expected buckled shape of the idealized compression

(a) (b)
P Diagonal P Vertical P iagonal

Fig. 4 The unbraced length of the idealized compression member a in 2009 provisions and b in
2014 provisions
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Table 3 The load rating results for compressive resistance both for 2009 and 2014 provisions

Member Compression capacity, kips (kN) Rating factor

Inventory Operating
2009 provisions
Left diagonal 5898.8 (26,239.1) 2.63 4.39
Chord 6423.7 (28,574.1) 5.16 8.61
2014 provisions
Left diagonal 15599.1 (24,906.1) 12,94 1491

member. The design K value can vary in between 0.65 and 2.0. However, in the
2014 provisions, the K value is given as a constant value for all cases (K = 0.5).

The load rating results for the compressive resistance obtained by using both
the 2009 and the 2014 provisions are given in Table 3. In the 2014 provisions, for
which a more stable gusset plate with a higher compression capacity is assumed,
the effective length factor K value is always smaller than the K values given in
the 2009 provisions. However, the unbraced length definition in the 2014 provi-
sions results in a longer length than the one defined in the 2009 provisions, result-
ing in a decrease in the compression capacity. As shown in Table 3, the effect of
the change in the unbraced length definition is more dominant than the effect of
the change in the K value definition, therefore the compression capacity decreases.
Although the compression capacity decreases for the left diagonal member, the
rating factor increases due to the 10 % capacity reduction in the load rating equa-
tions given in the 2009 provisions. The compression capacity check of the chord
splices is discussed under a new section in the 2014 provisions, which is later in
this paper.

7 Fasteners

The fourth limit state of the gusset plate load rating calculation is the fastener
resistance check. Although there are no updates on the procedures to be followed
for the fastener resistance check in the 2014 provisions; the shear strength of riv-
ets was revised in 2011 MBE Interim [9]. As shown in Table 4, while the bearing
capacity of the rivets remains unchanged, their shear capacity slightly increases
due to a revision in the shear strength of the rivets.

8 Chord Splices

The last limit state needs to be checked for the gusset plate load rating calcula-
tions is the chord splice resistance check. Chord splices are checked under ten-
sile or compressive resistance limit states in the 2009 revisions. However, a new
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Table 4 The load rating results for fastener resistance both for 2009 and 2014 provisions

Member Fastener shear capacity, | Fastener bearing Rating factor

kips (kN) capacity, kips (kN) Inventory | Operating
2009 provisions
Vertical 2638.9 (11,738.4) 13,507.2 (60,083.1) 8.82 14.72
member
Left diagonal 5042.3 (22,429.2) 25,808.4 (114,801.4) 1.80 3.00
Right diagonal | 5277.9 (23,477.2) 27,014.4 (120,166.1) 1.03 1.72
2014 provisions
Vertical 2814.9 (12,521.2) 13,507.2 (60,083.1) 10.78 17.99
member
Left diagonal 5709.5 (25,397.1) 25,808.4 (114,801.5) 3.06 5.11
Right diagonal | 5711.5 (25,406.1) 27,014.4 (120,166.1) 1.87 3.12

Table 5 The load rating results for chord splice resistance for 2014 provisions

Member Compression Rating factor

capacity, kips (kN) Inventory ‘ Operating
2014 provisions
Chord |6423.7 (28.574.1) 5.16 8.6l

procedure is introduced in the 2014 provisions to better represent the capacities
of the chord splices. In the new procedure, the spliced section consisting of gus-
set plate and the splice plates are assumed to resist the combined stress, which is
a result of the applied axial load and bending due to the eccentricity caused by the
offset of the resultant force from the centroid of the section [6]. See Table 5 for the
chord splice capacities and the corresponding rating results calculated according to
the 2014 provisions.

9 Conclusions

In this paper, the load rating results are presented for five limit states individually
based on the LFR approach. The results for these five limit states are presented for
both 2009 and 2014 provisions. Later, the 2009 and the 2014 provisions are com-
pared and the changes between these two provisions are shown. The reflections
of the changes on the results are discussed. It has been shown that these changes
may affect the obtained end results of the gusset plate rating. Thus, it is important
to differentiate these changes and their effect on the results in order to properly
assess the obtained load rating results.

For future work, the comparison of the LFR and the LRFR approaches for
gusset plate load rating is planned to be discussed. The same procedure will be
followed to display the results on a specific gusset plate. This will provide a com-
plimentary discussion on the available gusset plate evaluavtion approaches.
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The Use of Appropriate Finite Element
Modelling Techniques for the Idealization
of a Novel Hybrid Multi-girder Bridge Deck

System
Donna Chen and Raafat El-Hacha

Abstract Examination into FEA techniques for modelling the performance of a
specially designed hybrid multi-girder bridge deck system with three model con-
figurations of varying complexities showed good correlation with experimental
global load-deflection behavior as well as local strain behavior at the base of the
bridge system. For ascertaining peak load conditions, the simplest of the three
model configurations was found to provide the best accuracy of results where the
peak condition was estimated within a 2—12 % accuracy range for the FEMs stud-
ied. However, the local behavior in the transverse composite system, particularly
in the horizontal GFRP rods, obtained from FEA greatly underestimated (3.5-9
times) the tensile strain experienced, even when tube-in-tube elements were
implemented to represent the unbonded movement of GFRP rod through the sur-
rounding plastic ducts. Good representation of overall behavior in the transverse
composite system, however, was obtained with tube-to-tube elements, with trans-
verse curvature exhibited. Interestingly, the addition of tube-to-tube elements did
not affect the overall global performance exhibited through FEA, resulting in
identical load-deflection curves with a comparable FEM without the use of tube-
to-tube elements. The computational time required to complete the model with
tube-to-tube elements was also less than that required for the model without tube-
to-tube elements. Further study is recommended to determine and eliminate the
unknown constraint placed on the GFRP rods, to allow for greater accuracy in the
prediction of tensile strain.
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1 Introduction

The characterization of composite materials, and their application in struc-
tural members, is a rapidly growing field of research. Fibre Reinforced Polymer
(FRP) materials have gained popularity in structural applications, firstly as inter-
nal reinforcement in reinforced concrete members [1], then for the purposes of
strengthening and rehabilitating existing structural elements [2]. Advancements in
technology and state-of-the-art knowledge allowed for further progress, with the
use of full structural shapes (such as plates and beams) composed of FRP mate-
rial acting as the primary load carrying structural member. Many bridge designs
using FRP materials, including hybrid structures, have also been proposed and
tested at various international research institutions [3]; the aim of these designs is
to achieve an optimized (structurally and financially) structural member by incor-
porating the most desirable and advantageous qualities of each material compo-
nent in the design.

This research study is focused on the performance of a novel steel-free multi-
girder hybrid bridge deck system, composed solely of FRP materials and Ultra-
High Performance Concrete (UHPC). Due to the resources and complexities
required for large-scale experimental testing, it is not feasible to conduct com-
prehensive testing as a means to evaluate the performance of this new proposed
design. Finite element analysis (FEA) techniques can be applied to idealize the
behavior of the hybrid bridge deck design through commercial software packages
such as ABAQUS. The development of a FE model (FEM), including model val-
idation with experimental results obtained from testing of a quarter-scale proto-
type specimen, will be discussed in this paper. In an effort to optimize the required
computation power with the accuracy of FEA calculations, specific attention will
be placed on the influence of model simplifications on obtained results, with com-
parisons made between FEMs of increasing complexity.

2 Description of Hybrid Bridge Deck System Design

The main objective of this design was to achieve a steel-free, and thus corrosion-
resistant, hybrid bridge deck system composed solely of high performance mate-
rials. The feasibility of combining individual hybrid beams [4], made up of FRP
components as well as UHPC, into a three-dimensional (3D) hybrid bridge deck
system was investigated with this unique multi-girder design. Four parallel Glass
FRP (GFRP) hollow box beams were spaced evenly in the transverse direction,
each reinforced on the tensile face with a sheet of adhesively bonded Carbon
FRP (CFRP). An integrating UHPC slab was cast-in-place overtop of the multi-
girder system. Previous experimental work proved the effectiveness of a specially
designed bond interface between the top flange of the GFRP and the bottom surface
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of the UHPC slab. This bond system consists of coarse silica sand aggregates
bonded directly to the coarsened surface of the GFRP top flange prior to casting of
UHPC, which enhanced bond strength and performance at the GFRP-UHPC inter-
face when compared with the use of only epoxy adhesive bonding [4]. Premature
debonding failure was prevented when the specially designed bond system was
implemented. Particular interest was devoted to the design of the transverse com-
posite action system, required to effectively distribute loads between the parallel
girders as well as to allow the various structural components to perform as a unified
system. The completed design, with dimensions in mm, is provided in Fig. 1.

The uniqueness of this type of hybrid bridge deck system design does not
have a readily available set of design guidelines and standards. It is important to
note that one special feature of UHPC is that, by including internal steel fibres, it
removes the required use of internal steel reinforcement bars while possessing a
tensile strength more than five times that of normal reinforced concrete material.
Design standards for multi-girder bridge systems found in the Canadian Highway
Bridge Code (CSA S6-06) [6], intended for the design of bridge system con-
structed using conventional material such as steel reinforced concrete and struc-
tural steel sections, specify requirements for horizontal straps directly below the
concrete slab in cases where internal reinforcement is not provided. There are also
additional requirements for the placement of transverse diaphragms at set intervals
along the length of the system. To further enhance the transverse performance of
the hybrid bridge deck system design, the use of horizontal unbonded post-ten-
sioned (PT) GFRP rods (Fig. 1), through the use of plastic ducts around the GFRP
rods, to provide an initial camber was also examined. In order to satisfy the origi-
nal requirement of a steel-free design, the transverse composite action system was
achieved using GFRP threaded rods [7]. Interpretations of the strength and ser-
viceability requirements in CSA S6-06 [6] were made for the first design iteration
of the transverse composite system in the hybrid bridge deck system.

a i
300 | 300 | 300 | 300 | 300 | 242 | i ‘
\58

/Horizontal GFRP straps

orizontal PT GFRP rods

/Diagcnal GFRP cross-bracing rods

“~CFRP sheet
Cross-section A-A All dimensions in mm

Fig. 1 Detailed design and dimensioning of hybrid bridge deck system [5]
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3 Experimental Testing and Results

The hybrid bridge deck system was tested using four simultaneous wheel loads
positioned concentrically about the longitudinal and transverse axes, at a center-
to-center spacing of 600 and 450 mm, respectively. A detailed examination of the
experimental test results was discussed in another publication [5]. A brief sum-
mary of relevant results will be presented here. Under ultimate loading conditions,
the hybrid bridge deck system reached an initial peak load of 590 kN at an actua-
tor displacement of 32 mm after which progressive failure occurred. Symptoms of
local failures during progressive failure include: buckling of the GFRP cross-brac-
ing rods, web shearing of GFRP hollow box beams, tensile cracking in the CFRP
and GFRP at the bottom face of the interior girders and tensile cracking on the top
surface of the UHPC slab. A maximum displacement of 60 mm was reached with
sustained load resistance provided by the bridge deck system when testing was
stopped to prevent damage to the instrumentation positioned below the specimen.

4 Development of Finite Element Model

The 3D FE model was developed using ABAQUS 6.10. Due to symmetry of the
hybrid bridge deck system dimensions and the loading conditions, only half of the
specimen was modelled. The GFRP shapes and CFRP sheets were modelled as
continuum shell elements with the GFRP rods (vertical, horizontal and diagonal)
modelled using linear beam elements. The remaining components (UHPC and
steel plates) were modelled as linear solid elements. A diagram showing the com-
pleted model, with the mesh density used, is provided in Fig. 2.

A detailed summary of the material properties used is listed in Tables 1, 2, 3
and 4. To reflect the influence of damage on the major structural components,
Hashin damage (GFRP) and concrete damaged plasticity (UHPC) properties were
also implemented.

5 Model Investigation Using FEA Techniques

Deflection controlled loading was applied in the FEMs by administering a uni-
form displacement boundary condition at the steel loading plates. Quasi-static
load steps were used to provide numerical convergence past the peak load and
through the zone of progressive failure. For this preliminary study, the post-ten-
sioning strain, equal to an average value of 1100 pe [5], was not applied. A vari-
ety of model configurations was implemented in the FEM, each with their own
individual set of assumptions and simplifications. Due to the size of the model, it
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Fig. 2 Completed 3D FE model for hybrid bridge deck system

Table 1 Material property parameters for UHPC slab

Concrete elasticity

Modulus of elasticity: E (MPa)

50,000

Poisson’s ratio: v

0.2

Concrete compression hardening [8]

Compressive stress (MPa)

Plastic strain

=)
96.5 0.0000000
110.3 0.0000284
137.9 0.0000720
165.5 0.0001410
189.6 0.0004140

Concrete tension stiffening [8]

Maximum tensile stress (MPa)

Plastic strain

+)
15.9 0.00000
15.9 0.00836
0.0 0.00900
Concrete damage plasticity parameters [8]
Dilation angle 15°
Eccentricity 0.1
Ratio of initial equibiaxial to initial uniaxial compressive yield stress: fb0/fc0 | 1.16
Ratio of the second stress invariant on the tensile meridian: K 2/3
Viscosity parameter 0
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Table 2 Material property parameters for GFRP hollow box beam [4]

GFRP elasticity

Longitudinal modulus of elasticity: £ (MPa)

21,000 (flanges), 16,000 (webs)

Transverse modulus of elasticity: £, (MPa)

5520

In-plane shear modulus: G2 (MPa) 2930
Through-thickness longitudinal shear modulus: G3 (MPa) 2930
Through-thickness transverse shear modulus: G»3 (MPa) 2930
Poisson’s ratio: v 0.33

GFRP Hashin damage

Longitudinal ultimate stress: o1 (MPa)

207 (tension), 207 (compression)

Transverse ultimate stress: oo (MPa)

48.3 (tension), 103
(compression)

In-plane ultimate shear stress: 712 (MPa)

31

Through-thickness ultimate shear stress: 723 (MPa)

31

Table 3 Material property parameters for CFRP sheet, GFRP rods and steel plates

Parameters CFRP [8] GFRP rods [7] Steel plates
Modulus of elasticity: E (MPa) 95,800 21,000 200,000
Poisson’s ratio: v 0.3 0.29 0.2

Table 4 Material property Bond interface elasticity/stiffness

parameters for GFRP-UHPC

. Mode I material stiffness: K,,, (MPa/m) 200
bond interface [9]

Mode II material stiffness: Ky (MPa/m) 600
Mode III material stiffness: K;; (MPa/m) 600
Quadratic stress traction-separation parameters
Mode I nominal stress: o, (MPa) 2
Mode II nominal stress: o (MPa) 6
Mode III nominal stress: o, (MPa) 6
Linear energy damage evolution power law
Mode I fracture energy: G; (kJ/m) 0.3
Mode II fracture energy: G> (kJ/m) 0.9
Mode III fracture energy: G (kJ/m) 0.9

is important to ascertain the degree of complexity required to achieve a validated

model with an acceptable level of accuracy.

5.1 Model Configuration #1—No UHPC Stiffener Blocks

This model evaluated the FEA results obtained when internal UHPC stiffener
blocks were not implemented. At the diaphragms, tie constraints were applied
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between the end nodes of each GFRP cross-bracing rod and the corresponding
interior top or bottom surface of the GFRP hollow box beam flange. The horizon-
tal GFRP straps (top) and PT GFRP rods (bottom) were tied at the end nodes with
the outermost surfaces of the outer GFRP girders. The vertical GFRP rods were
similarly tied to the top surface of the UHPC slab and bottom face of the CFRP
sheet.

5.2 Model Configuration #2—With UHPC Stiffener Blocks

This second model iteration included the presence of internal UHPC blocks. To
more accurately idealize the bond fixity between the GFRP cross-bracing rods and
the UHPC stiffener blocks, embedded constraints were imposed on the interior
nodes of the GFRP cross-bracing rods. A hard contact (no penetration) interac-
tion constraint was placed between the outer surface of the interior UHPC stiff-
ener blocks and the interior surfaces of the GFRP hollow box beam. Similarly, to
provide partial fixity between the GFRP hollow box beam and the UHPC stiff-
ener block, a penalty friction constraint was imposed with a friction coefficient of
0.9999. Through previous studies, this friction constraint has been found to pro-
vide sound results [10].

5.3 Model Configuration #3—With Tube-to-Tube
Elements for Horizontal GFRP Rods

An increased level of complexity was added to this model, to restrict the move-
ment of the horizontal GFRP straps and PT GFRP rods. Tube-to-tube elements
were added to these horizontal components with the slide line prescribed through
the GFRP hollow box beam webs and the UHPC stiffener blocks. A clearance of
1.0 mm all around the horizontal GFRP rods was also imposed to simulate the
condition of a rod moving freely through the plastic duct.

6 Analysis and Discussion of FEA Results

6.1 Comparison of Global Performance

Comparison between the global load-deflection behavior of the system obtained
experimentally and through FEA, with the deflection at the steel plates shown, is
presented in Fig. 3.
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Fig. 3 Global load-deflection behavior from experimental testing and FEA

It is evident that the stiffness of the hybrid bridge deck system was best rep-
resented by Model #1, where no internal UHPC stiffener blocks were included.
The other two FEMs that included UHPC stiffener blocks showed nearly identical
load-deflection curves, while exhibiting stiffer behavior than experimental results.
It appears that the addition of tube-to-tube elements, restricting the movement of
the horizontal GFRP rods and PT GFRP rods within a specific transverse path
through the hybrid bridge deck system, does not exert any discernible impact on
the global behavior of the FEM.

Focusing on the conditions at peak condition, Model #1 reached a peak load
of 602 kN at a deflection of 28.2 mm whereas both Models #2 and #3 attained
a peak load of 656 kN with a deflection of 27.6 mm. Thus, the results from all
three developed FEMs provided an overestimation of the initial peak load for the
hybrid bridge deck system, when compared with experimental results. With atten-
tion to the post-peak behavior, significant discrepancies between the experimental
results and the FEA results from all three models were observed. The post-peak
load resistances calculated from Model #1, #2 and #3 were 198, 232 and 232 kN,
respectively. This is compared with a much smaller decrease in load resistance
observed experimentally, where the post-peak load resistance was 570 kN. After
stabilization of load resistance, however, the recovery zone in load-deflection
curves obtained from the FEMs show a similar stiffness as the experimental data.
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6.2 Comparison of Local Performance

Due to the lack of apparent difference in global behavior between Models #2 and
#3, where tube-in-tube elements were used in the latter model, closer investigation
of differences in local behavior was conducted. The first step is a comparison of
the tensile strain at the bottom face of the CFRP sheet at mid-span. The load-strain
behavior obtained from experimental testing and FEA is provided in Fig. 4.

Once again, the FEA curve that most closely approximates the experimental
data was obtained from Model #1; however, in the case of local tensile behavior
in the CFRP sheet, an observable difference in performance is detected between
Models #2 and #3, where slightly less tensile strain was obtained from Model
#2. This set of local behavior comparison does confirm that the soundness of the
developed FEM in representing the overall performance of the hybrid bridge deck
system.

Next, the differential vertical displacement between the location of the ducts
and the horizontal PT GFRP rod is compared between the three FEMs. In experi-
mental testing, the GFRP rod moved solely through interior of the ducts, which
traversed the interior of the GFRP hollow box beams; however, this condition was
not imposed in Models #1 and #2. The absolute value of the differential vertical
displacement with increased loading up until peak load is presented in Fig. 5 for
the three developed FE models.
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Fig. 4 Load-strain behavior in the CFRP sheet from experimental and FEA testing
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Fig. 5 Comparison of differential movement between the GFRP rods and rod ducts

As expected, the relative vertical displacement in Model #3 was limited to a
maximum value of 1 mm, due to the initial imposed clearance of 1 mm between
the outer diameter of the GFRP rod and inner surface of the duct. More interest-
ingly, it is observed that Models #1 and #2 reached a maximum differential dis-
placement of approximately 9.0 and 6.4 mm, respectively, at peak condition. It is
clear that the increased global stiffness of Model #2 also resulted in a decreased
level of differential movement. Lastly, in regards to Model #2 and #3, it is clear
that, even though significantly greater differential displacement was obtained
between the GFRP rod and the actual location of the ducts in Model #2, there was
no influence on the global behavior observed. To investigate the cause behind this
phenomenon, both the load-strain behavior and the strain distribution data along
the GFRP rod at peak condition are presented in Figs. 6 and 7, respectively.

The tensile strain at peak condition for Models #1, #2 and #3 were 410, 813
and 1004 pe, respectively. Compared with a strain value exceeding 3500 pe
obtained through experimental testing, all of the FEM configurations explored
in this paper greatly underestimated the tensile strain in the GFRP rods, within a
margin of 3.5-9 times less than the experimental value. Even in the case of Model
#3, where tube-in-tube elements were used to allow free movement through the
bridge system, it appears that an additional unknown constraint is limiting the
elongation of the GFRP rod. It is clear by looking at the strain distribution along
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Table S Summary of computation time taken FEA

Displacement (mm) Computation time (s)
Model #1 Model #2 Model #3

2 512 1428 981
4 302 510 599
6 438 507 526
8 523 508 521
10 608 454 69
12 654 798 844
14 1039 1184 1168
16 1079 2061 1629
18 1371 1872 1813
20 1546 2275 2131
22 3273 11,899 9837
24 1806 32,591 25,393
26 6345 3345 4520
28 15,859 37,489 22,690%*
30 29,725 7455 -
Total 65,080 104,376 72,721

*did not complete load step

the GFRP rod that accurate representation of transverse curvature in the GFRP rod
was depicted solely in the case of Model #3, whereas constant tensile strain levels
were obtained from Models #1 and #2.

6.3 Evaluation of Required Computation Power

A detailed breakdown of the computation time required for each load step, divided
into displacement increments of 2 mm, is provided in Table 5 for the three FEMs.

Clearly, the model that required the most time to complete was Model #2, even
taking into consideration the fact that Model #3 did not complete the final step (to
a displacement of 30 mm) due to numerical non-convergence. It does appear, how-
ever, that the more accurate behavior (in terms of local behavior in the CFRP sheet
and GFRP rods) can be obtained with less computational cost.

7 Conclusions

Examination of the most appropriate (in terms of accuracy and required resources)
FEA techniques to apply when modelling the behavior of the specially designed
hybrid bridge deck system presented several interesting results. These include:
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1. Reasonable accuracy of global peak behavior was obtained from all three
FEMs examined, with greater stiffness provided in models incorporating the
presence of internal UHPC stiffener blocks. Overestimation of the peak load,
compared with experimental results, within a range of 2-12 % was obtained.
Significantly greater loss in load resistance was obtained in the FEMs though
similar trends in the progressive failure zone were observed.

2. Validation of local behavior (through comparison of tensile strains in the CFRP
sheet), showing good correlation with experimental results for all FEMs.

3. Significant underestimation (within 3.5-9 times less than experimental results)
of tensile strain in the horizontal GFRP rod was obtained from all FEMs stud-
ied. The FEM utilizing tube-to-tube elements (Model #3) to define the trans-
verse movement path of GFRP rods within the hybrid bridge system was the
only model to provide transverse curvature behavior within the GFRP rod.

4. Analysis of computational time required to complete FEA show that Model #3
allowed for the best optimization of computational resources and accuracy of
global and local performance.

From the results of this study, Model #1 is recommended for use if characteri-
zation of the general global behavior, including estimating of peak conditions,
is required. For future study and refinement of the FEM, it is recommended that
Model #3 (where UHPC stiffener blocks and tube-to-tube elements were imple-
mented) be used. Additional calibration of parameters are required to identify the
unknown constraint placed on the GFRP rods, to allowing greater tensile strains to
be expressed in these structural elements.
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Free Vibration Analysis and Seismic
Performance Assessment of Two Approach
Viaducts of Bosphorus Suspension Bridge

Selcuk Bas, Nurdan M. Apaydin and Zekai Celep

Abstract The current study aims to determine the dynamic vibration characteristics
and structural earthquake performance of the approach viaducts of Bosphorus
Suspension Bridge. Ortakoy viaduct at European continent and Beylerbeyi via-
duct at Asian continent have a length of 231 and 235 m, and five spans and four
spans, respectively. The viaducts are side span of the bridge and are supported
at the base instead of hanger elements. Based on the project specifications of the
viaducts, 3-D detailed finite element model of the viaducts is developed by the
use of frame elements, and natural frequencies and corresponding mode shapes
of the viaducts are presented in the study. Paying attention to these considera-
tions, pushover (POA) and nonlinear time-history analysis (NTHA) are performed
to attain structural earthquake performance of the viaducts according to Turkish
code for the earthquake design of railways bridges (TSC-R/2008) and Caltrans
(CALTRANS-2001) seismic design of steel bridge. Accordingly, the earthquake
performance of the bridge is presented for each non-linear analysis method consid-
ering these codes.
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1 Introduction

The observed considerable bridge failures after from the catastrophic earthquakes
such as 1989 Loma Prieta and 1994 Northridge earthquakes in the United States
and 1999 Kocaeli earthquake in Turkey have resulted in growing interests for
seismic safety evaluation of the existing bridges. For this purpose of evaluation,
certain nonlinear response analysis methods considering performance-based
assessment have been developed, such as nonlinear static and dynamic analysis
methods. In literature, studies and guidelines are more concentrated on the seismic
assessment of buildings rather than bridges. Bridge researchers and engineers are
currently investigating similar concepts and procedures in order to develop simpli-
fied procedures for performance-based seismic evaluation of bridges. Concerning
this point, Aydinoglu and Onem [1] were applied IRSA [2] method to a set of
bridges in order to evaluate the reliability of the method by comparing its results
with those obtained from nonlinear response history analysis. They remarked that
IRSA gave the relatively accurate results on the prediction of bridge nonlinear
response demand. Barron [3] and Shinozuka et al. [4] implemented the nonlinear
static method for determination of the fragility curves for bridges. In these stud-
ies, the capacity spectrum method generally was used to estimate the displacement
demand of bridges.

With regard to the existing critical bridges in Turkey, particularly in Istanbul
such as Bosphorus and Fatih Sultan Mehmet Suspension Bridges, Apaydin [5]
studied on the determination of structural earthquake performance of Bosphorus
and Fatih Sultan Mehmet Suspension Bridges. In this study, free vibration analysis
of the bridges was also performed by developing the sophisticated 3D finite ele-
ment model of the bridges. Besides, the Bosphorus Bridge is modeled by consid-
ering the approach viaducts which are the side span of the bridge. It is concluded
that the first dominant mode period of the bridge with the approach viaducts is
T1 = 13.49 s in the lateral direction. Kosar [6] also developed the detailed 3D
finite element model of the bridge without the approach viaducts to compare the
results from free vibration analysis and those attained by experimental study of
AVS. The study demonstrated that the fundamental mode period of the bridge
without the approach viaducts is 71 = 14.51 s in the lateral direction. From the
analytical studies performed by Apaydin [5] and Kosar [6], it is concluded that
there has been a considerable difference in the fundamental mode period between
three-dimensional model of Bosphorus Suspension Bridge without and with
approach viaducts.

Regarding this difference between two models as significant, it is aimed in the
recent study to determine dynamic response characteristics and structural earth-
quake performance of the approach viaducts of Bosphorus Suspension Bridge
in Istanbul [7]. In the scope of the study, free vibration analysis of the approach
viaducts is firstly carried out to attain the fundamental modes and the associ-
ated mode shapes of them. Taking these dynamic modal specifications into
account, seismic performance assessment of the viaducts is determined by using
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pushover method and nonlinear time-history method. Concerning the procedure of
these nonlinear analysis methods, the requirements of Turkish Seismic Code for
Railways (TSC-R/2008) [8] are considered. In an effort to be complementary for
TSC-R/2008, the provisions of Turkish Seismic Code (TSC-2007) [9] to be built
in earthquake zones are also utilized. Finally, structural earthquake performance of
the viaducts according to TSC-R/2008 and Caltrans (CALTRANS-2001) [10] are
specified by using two non-linear analysis methods, and the results obtained from
these non-linear analysis are presented.

2 Description of the Approach Viaducts

The Bosphorus Bridge has two approach viaducts which are the side span of the
bridge. As shown in Fig. 1a, b, one of them at the western portion of the city in
Europe called as Ortakoy has a length of 231 m and five spans, and the other one
at the eastern portion in Asia called as Beylerbeyi has a length of 255 m and four
spans. Additionally, the viaducts have no hanger elements, and thus have different
columns supported at the base and viaduct superstructure.

Superstructure of the viaducts is made up of steel lateral girder beams located
on the deck with 3.0 m span along the viaducts and steel hollow beam carry-
ing concrete and asphalt pavement layers and traffic loads. Steel hollow beams
restrained by columns having steel circular box section are continuous along the
viaducts. The complete section of the superstructure of the viaducts is shown
in Fig. 2. Besides, there is asphalt pavement with the height of 38.0 mm on the
highway lanes. In the analysis, weight of concrete deck and asphalt pavement on
the lanes are regarded as dead load, and the effect of weight of these parts on the
structural stiffness and performance of the viaducts is also taken into considera-
tion. Vertical stiffness of deck cross section of the viaducts is much lower than lat-
eral stiffness, but they are relatively low enough when comparing to stiffness of
the steel hollow beam of the viaducts.

Fig. 1 General view of Ortakoy viaduct (a) and Beylerbeyi viaduct (b)
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Fig. 2 Superstructure section of the viaducts [11]

The steel hollow beams of viaducts are supported by the columns. The cross
sectional dimension of these beams whose sections are braced with steel plate
elements in longitudinal direction is 3.00 m x 3.80 m. Owing to the fact that
top and bottom flange, web thickness and height of bracing plate elements of the
steel hollow beams are variable along the viaducts, the maximum cross sectional
dimensions of the steel hollow beams are considered in 3-D structural finite ele-
ment model. Accordingly, the need to increase the dimensions of the hollow beam
section at the points of stress concentration is relatively taken into consideration.
The columns of the viaducts with pipe section have different wall thickness and
different height in each bent of the structural system, and also support conditions
at the bottom and top ends of them as shown in Fig. 3. The section properties of
the viaducts are considered according to the project specifications upon develop-
ing their finite element models.

Fig. 3 Support conditions of Ortakoy (a) and Beylerbeyi (b) approach viaducts
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3 Dynamic Vibration Analysis of the Viaducts

3.1 Finite Element Model of the Viaducts

The detailed 3-D finite element computational model of the viaducts is developed by
using SAP2000 [12]. All structural members of the viaducts, steel deck, steel hollow
beams, lateral girder beams and the pipe columns are taken into consideration as
frame element in the model. Hollow beam has a pinned support having releases in
longitudinal direction at the tower point due to the expansion joint, and has pinned
support due to the landside. Based on the project drawings, these specifications are
considered as the same for two viaducts when developing the computational model
of the viaducts. In Fig. 4, all support conditions at these points are shown on the
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Fig. 4 The support conditions of anchorage and tower points of the viaducts
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finite element model of the viaducts. Accordingly, 3D finite element model of the
viaducts is constituted, and the completed finite element model of them is demon-
strated in Figs. 5 and 6 for Ortakoy and Beylerbeyi viaducts, respectively.

3.2 Structural Dynamic Characteristics
of the Approach Viaducts

Free vibration analysis of the viaducts is performed by means of SAP2000. From
the analysis, the effective mode shape of the viaducts is determined in transverse
direction. The results of dynamic parameters and amplitudes of the fundamental
mode shape of the viaduct are given in Table 1. For pushover analysis (POA) of

Table 1 Results of the free vibration analysis of the viaducts

Dynamic vibration characteristics of the viaducts

Viaduct Amplitudes of Tiy (s) |f1y(cyc/s) |wiy (rad/s) | My (kN - s2/m) 'yl
dominant mode
shape

Ortakoy P11 =0.26 1.27 0.79 4.95 5368 1.27
o1, =0.75
13 =1.00
o4 =0.79

Beylerbeyi | @17 =0.84 1.55 0.65 4.05 6305 1.23
d13=1.00
D19 =0.46

(ORTAKOY VIADUCT)
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Fig. 7 Schematic presentation of the fundamental mode shape of the viaducts
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the viaducts, this mode shape is taken into consideration. As can be also seen
from Fig. 7, the monitoring point of the viaducts which is necessary especially for
POA is selected as Bent no: 3 and Bent no: 8 for Ortakoy and Beylerbeyi viaducts

respectively, so that these points can be at the mass center of the superstructures of
the viaducts.

3.3 Simulated Earthquake Ground Motion

In order to perform NTHA, three simulated earthquake actions are taken into
account for maximum demand. Accordingly, Loma Prieta (NW, 1989), Erzincan
(NE, 1992) and Kocaeli (NE, 1999) earthquake records attained from the Pacific
Earthquake Engineering (PEER) strong motion database are considered so as to
produce new earthquake records by using the program of Seismo-Match [13]. For
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this purpose, these earthquake actions are simulated by considering the compat-
ibility of them to target elastic design spectrum whose all specifications are given
in TSC-R/2008. In Fig. 8, the original and simulated earthquake records are shown
by their target elastic design spectrum.

4 Earthquake Performance of the Approach Viaducts

For performing POA, material non-linearity of the structural members of the viaducts
such as hollow beams and pipe columns are regarded as cumulative plastic defor-
mation, commonly well-known plastic hinge. The possible plastic hinges are limited
to the columns and hollow beams. For these potential members of the viaducts, the
behavior of plastic hinges is represented as moment-curvature relation by consider-
ing the strain-hardening effect. Following the completion of these preparations, fun-
damental mode-based pushover analysis is performed by using SAP2000. From this
analysis, the pushover curve is determined for each viaduct as shown in Fig. 9.

The obtained pushover curves of the viaducts are then transformed to capac-
ity curve. Thus, the seismic performance point of the viaducts which presents the
spectral displacement demand is obtained by applying the equal displacement rule
due to the fact that the capacity curve intersects elastic acceleration-displacement
response spectrum (ADRS) at the long-period range. Spectral displacement and
acceleration at the performance point of the viaducts are shown in Fig. 10. After
determination of the plastic deformation of each element, the sectional and struc-
tural earthquake performance level of the approach viaducts are determined by
depending on calculated total curvatures. The earthquake performance of Ortakoy
viaduct at the level of section and structure is given in Table 2 only for the col-
umn at Bent no: 3 because no damage takes place at the other columns and hallow
beam. Due to fact that Beylerbeyi viaduct has no damage, any knowledge for its
performance is not given in the table.

Consequently, Beylerbeyi viaduct is directly provides Operational (OP) per-
formance level. When it comes to Ortakoy viaduct, Fully Operational (FOP)

Ortakoy Viaduct Bevlerbeyi Viaduct
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<1 00000 2
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= % 30000
Z 60000 gq s Pushover Curve
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Fig. 9 Pushover curves of the viaducts
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Table 2 Sectional and structural earthquake performance of Ortakoy viaduct (POA)

Ortakoy viaduct

Bent Pier | Pier |Max.total | Max. Strain limit Sectional Structural
No. No. curvature | total Minimum | Repairable| perfor- | performance
(1/m) strain (MN) (RP) mance
TSC-R, 2008
3 P3a |P3a-i | 0.0059 0.0061 <0.008 <0.025 MN Fully
P3a-j |0.0063 | 0.0063 MN operational
P3b | P3b-i | 0.0062 0.0062 MN
CALTRANS, 2001
3 P3a |P3a-i | 0.0059 0.0061 <0.003 <0.008 RP Operational
P3a-j | 0.0063 0.0063 RP
P3b | P3b-i | 0.0062 0.0062 RP

Table 3 Sectional and structural earthquake performance of Ortakoy viaduct (NTHA)

Ortakoy viaduct
Bent Pier |Pier |Max. total | Max. Strain limit Sectional| Structural
No. No. curvature | total Minimum | Repairable |perfor- | perfor-
(1/m) strain (MN) (RP) mance | mance
TSC-R, 2008
3 P3a | P3a-i |0.0072 0.0065 | <0.008 <0.025 MN Fully
P3a-j |0.0051 0.0051 MN operational
P3b | P3b-i | 0.0061 0.0057 MN
P3b-j | 0.0057 0.0057 MN
CALTRANS, 2001
3 P3a | P3a-i |0.0072 0.0065 | <0.003 <0.008 RP Operational
P3a-j |0.0051 0.0051 RP
P3b | P3b-i | 0.0061 0.0057 RP
P3b-j |0.0057 0.0057 RP
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performance level is provided according to the requirements of TSC-R/2008
while Operational (OP) performance level is provided by relying on the basics
of CALTRANS-2001. As a result of implementation of NTHA, it is determined
from the analysis that the structural members of Beylerbeyi viaduct have no plas-
tic deformation. So, Beylerbeyi viaduct directly provides Fully Operational (FOP)
performance. In Table 3, the sectional and structural earthquake performance of
Ortakoy viaduct are summarized. According to the requirements of TSC-R/2008
and CALTRANS-2001, the structural earthquake performance of Ortakoy viaduct
is determined as Fully Operational (FOP) and Operational (OP), respectively.

5 Conclusion

Dynamic vibration characteristics and structural earthquake performance of the
approach viaducts of Bosphorus Suspension Bridge are investigated in the current
study. Ortakoy and Beylerbeyi approach viaducts have different structural system
when compared to the suspension bridge. Based upon the project specifications
for the viaducts, this can be explained that the viaducts are carried by the columns
supported at the base instead of the suspenders, and that they have different sup-
port conditions at the anchorage and tower points which are expansion joint of the
suspension bridge.

As a result of modal analysis of the viaducts, the fundamental mode period and
corresponding mode shapes of the viaducts are obtained in transverse direction.
The reason for determination of this type of fundamental mode shape is based
upon that the viaducts have pinned support conditions at the anchorage and tower
points shown in Fig. 4. Additionally, the effectiveness of the bending rigidity on
the hollow beams and the columns in transverse direction allows the viaducts
to have lateral mode shape. It is also observed that there is a longitudinal mode
shape, but it is not as effective as the lateral mode shape. This conclusion can be
explained by the effectiveness of the axial rigidity on the hollow beams in longitu-
dinal direction. In Table 1, the results from the modal analysis of the viaducts are
summarized only for their effective mode shapes schematically demonstrated in
Fig. 7. Accordingly, maximum translation amplitude of Ortakoy and Beylerbeyi
viaducts is determined as the Bent no: 3 and Bent no: 8, respectively. Upon imple-
menting pushover analysis for performance assessment of the viaducts, these
nodes are selected as monitoring points.

To be able to determine the seismic performance of the viaducts, push over
analysis (POA) and nonlinear time-history analysis (NTHA) are performed. It
is observed from the pushover curve of the viaducts that the response of the via-
ducts to incrementally increasing earthquake load is approximately quasi-linear
as shown in Fig. 9. The main reason for this type of capacity curve is due to the
fact that the viaducts have higher degree of freedom. Moreover, the support condi-
tions at expansion joints as shown in Fig. 4 and of the columns as shown in Fig. 3
are also effective on such elastic behavior of the viaducts. Based on sectional
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performance of the structural members of the viaducts, Ortakoy viaduct meets
the requirements of TSC-R/2008 with Fully Operational (FOP) performance level
whereas Operational (OP) performance level is provided according to the provi-
sions of CALTRANS-2001. Beylerbeyi viaduct provide directly Fully Operational
(FOP) performance level for both codes due to fact that all structural members of
the viaduct have no damage.

As a consequence of NTHA, taking into sectional performance of the viaducts
into account, Ortakoy viaduct provides Fully Operational (FOP) performance level
for TSC-R/2008 and Operational (OP) performance level for CALTRANS-2001
as shown in Table 3. As to Beylerbeyi viaduct, the structural earthquake perfor-
mance of the viaduct is determined as Fully Operational (FOP) level for both
codes because of having no damage. Accordingly, it can be said that the viaducts
provides the same structural earthquake performance level for POA and NTHA.
Nevertheless, the damage obtained from NTHA distributes uniformly on the col-
umn P3 when compared to those attained from POA.
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Turkish Solar Radiation Zones
for Segmental Box Girder Bridge Design
Under Temperature Gradient Loading

AL.L Yilmaz, U. Albostan, A. Caner and O. Kurc

Abstract Solar radiation developing non-linear temperature distribution at the
depth of the concrete structures may cause significant stress changes along the
long span box type bridges. Segmental concrete box bridges are one of the exam-
ple in which stresses change not only due to annual uniform temperature changes
but also due to daily temperature changes that can develop a second type of ther-
mal difference; namely, thermal gradient, which forces to have internal thermal
stresses within a cross-section. Over the years it has been observed that nonlin-
ear temperature distribution develop at the depth of box girder type bridges can
cause bending moments as high as the ones generated due to live loads that may
result in concrete cracking. American Highway Association of Transportation
Officials (AASHTO) bridge specifications recognize the use of thermal gra-
dient loads in design since 1989. In this specification, the U.S. is divided into 4
zones per the country’s solar radiation zones and gives some gradient values to
be applied through the depth of the girder. The aim of this study is to construct a
simple similar solar radiation map for Turkey to be used in design of segmental
bridges. Temperature and solar radiation data from eight cities in different regions
of Turkey are collected, and used in analysis of a box girder bridge model through
a thermal finite element analysis program. Thermal differences through the depth
of the girder are determined to obtain the design gradient values for the bridge that
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can be hypothetically constructed in different parts of Turkey. The end results are
used to develop a recommendation for a simple solar map that is related to thermal
gradients to be used in design of segmental bridges.

Keywords Thermal gradient + Solar radiation + Segmental bridges *+ Box girder
bridges - Design codes

1 Introduction

Segmental concrete box bridges are subject to not only the annual uniform tem-
perature changes—which can be accommodated by providing expansion joints,
flexible bearings or low lateral stiffness substructures—but also a second type of
thermal variation which occurs throughout a cross section, named, thermal gra-
dient. Solar radiation induced temperature differences along the depth of bridge
cross section are mainly due to convection from surroundings. Conduction cause
nonuniform expansion and contraction of a bridge. This change may affect bridge
section in two ways. Under positive thermal gradient; which is the condition of
deck warmer than webs, the top surface of the structure will expand more than the
bottom surface, causing the structure to deflect upward, and under negative ther-
mal gradient, the case of the top of girder is colder than web, the tendency to con-
traction will cause tensile stresses to develop at deck which cause cracking type of
problems. Moreover; since the thermal gradient profile is nonlinear, compatibil-
ity stresses are generated to satisfy the assumption of Bernoulli beam theory that
plane sections remain plane. Furthermore; boundary conditional restrains cause
axial and bending stresses to develop in the cross section.

Positive gradient gets higher when several days of cool weather is followed by
unclouded warm days with intense solar radiation and light winds. A maximum
negative gradient takes place when several days of warm weather is followed by a
severe cold weather and rain cooling the deck occurs. The cause of large gradients
is a result of low conductivity of concrete that the heat gain cannot be transferred
quickly to other parts of the cross section.

The principal causes of vertical temperature differences in a girder can be sum-
marized into 3 titles: Climatological factors, geometrical and material properties.
Primary climatological factors; solar radiation, air temperature, and wind speed
depends on geographical parameters such as latitude, longitude, altitude and also
time. Geometric factors are the differences in cross-sectional geometry, overlay
thickness, and orientation of bridge. Finally the material properties are the ther-
mal conductivity, color, density, specific heat, and absorptivity of bridge deck
components.

Ignoring thermal gradients in design may cause the concrete cracking type of
problem. The Fourth Danube Bridge in Vienna, the Newmarket Viaduct in New
Zealand, and The Jagst Bridge in Untergreisheim, Germany [13] can be given as
examples for this situation. In Colorado; four cast-in-place segmental prestressed
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concrete box girder bridges were subjected to cracking in the webs and bottom
deck soffits which was imputed to thermal gradients [14]. Csagoly and Bollman
observed significant opening of segmental bridge dry joints due to thermal gradi-
ents in a variety of bridges studied in the Florida Keys [23]. Leonhardt et al. [17]
reported 5 mm cracks in the Jagst Bridge in Germany which mainly attributed to
differential temperatures. According to Wood [25], in a continuous structure ther-
mal gradient stresses caused by longitudinal moments can equal those of live loads.

A solar radiation map that is related to thermal gradient for concrete structures
is not available in Turkey. The aim of this pioneering study is to relate the solar
radiation effects to the thermal gradient for segmental concrete box bridges to be
used in Turkish bridge designs.

2 Previous Studies, Design Codes and Specifications
Worldwide

In 1967, German Code DIN 1072 [12] was considering a differential linear tem-
perature distribution decreasing 5 °C from upper surface to the soffit. New
Zealand Code’s recommendation (1970) considering a constant temperature in the
top slab replaced by a highly nonlinear-sixth order curve in 1973; and once again
changed into the requirement to use a fifth order parabola for first 1200 mm depth
of girder with a 57.6 °F (32 °C) temperature gradient in 1978 as Priestly cites [22].
The first recommendation to consider thermal gradient in segmental bridge
design in the United States was done by Prestressed Concrete Institute-Post
Tensioning Institute (PCI-PTI) in 1977 as a constant gradient in top slab with
18 °F (10 °C) temperature differential [20]. After that Hoffman, McClaure and
West made an experimental study in Pennsylvania and proposed to use 18 °F
(10 °C) differential, instead of PCI-PTI’s 18 °F (10 °C) and; after them, in the
same year, Elbadry and Ghali developed a finite element computer program
and in 1984 Cooke and Priestley did a similar study with prestressed concrete
bridges and reasonable agreement was found as cited by Shushkewich [24]. In
1983 Potgieter and Gamble [21] conducted a detailed study on nonlinear ther-
mal gradients in 26 locations of the United States and developed a finite differ-
ence computer model which does heat flow analysis and predicted gradients for
that locations and they verified their results by comparing the data they get from
Kishwaukee Bridge in Illinois. After that, Imbsen et al. (1985) Nutt improved
Potgieter and Gamble’s work and presented a comprehensive state-of-art report,
NCHRP Report 276 (1985) on thermal effects in concrete bridges [19] which later
formed the basis for AASHTO guide specifications regarding thermal gradients.
Prior to AASHTO 1989¢ [7], former AASHTO Standard Specifications for
Highway Bridges considered stresses, axial expansion and contraction only
because of uniform temperature changes and ignoring the probable stress distri-
butions throughout the depth of girder. In 1989 AASHTO published their Guide
Specification, Thermal Effects in Concrete Bridge Superstructures (AASHTO 1989a)
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[2], which was based on NCHRP Report 276. The AASHTO Guide Specification
for Design and Construction of Segmental Concrete Bridges (AASHTO 1989b) [4],
required the consideration of thermal gradients in the design of all segmental bridges.
The United States is divided into four solar radiation zones and a design gradient dis-
tribution across the depth of girder is specified for both positive and negative gradient,
in different magnitudes for each zone. Internal stresses and structure deformations
due to temperature gradients should be determined from to Table 1, according to solar
radiation map of US and definition of T and T, are explained in Figs. 1 and 2.

Table 1 Basis for
temperature gradients

Fig. 1 Solar radiation
zones for the United States,
AASHTO (2012)

Fig. 2 Positive vertical
temperature gradient

in concrete and steel
superstructures, AASHTO
(2012)

Zone Ty (°F) T, (°F)
1 54 14
2 46 12
3 41 11
4 38 9

Depth of
Super-
structure

| Steel Girder
Structures
Only
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Here dimension factor “A” is 12 in. for superstructure depths greater than 16 in.
and, 4 in. less than the depth of the superstructure on the other way around and
temperature T3 shall be taken as O °F unless a unless a site-specific study is made
to determine an appropriate value, but it shall not exceed 5 °F.

After that, several field studies conducted by researchers that generally veri-
fied the positive gradient design values. The negative gradients in the AASHTO
(1989a) were based on the British Standard BS 5400 (1978) [11]. The shape of
negative thermal gradients has since been modified over time depending on new
analysis and experimental studies. In AASHTO (1994b) [5]; the magnitude of
negative gradient is reduced to both simplify the design process and reduce the
high tensile stresses occurring over the top few inches of the cross section, since
the amount of prestressing required for that much tension found to be quite large
and resulted in requirement to place tendons that otherwise would not require
none. Then the AASHTO LRFD Bridge Design Specifications (AASHTO 1998a)
[1] and The AASHTO Guide Specifications for Design and Construction of
Segmental Concrete Bridges (AASHTO 1999) [3] simplified the positive gradient
and reduced negative gradient by 40 %. Prior to 1998, negative gradient was taken
as —0.50 times the positive gradient. Also, in that codes surface conditions had
been involved in design for negative gradient as —0.30 times of positive for plain
concrete surfaces and —0.20 times for surfaces with 2 in. (5 cm) asphalt topping
because of the insulating nature of the asphalt by reducing the loss of heat from
the surface of the flange, therefore the magnitude of thermal gradient. Moreover,
prior to 1994, thermal gradients were applicable only to superstructure depths
greater than 2 ft but from that on, different superstructure depths are taken into

AASHTO 1989  AASHTO 1994  AASHTO 1999
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Fig. 3 Evolvement of positive and negative thermal gradients for Zone 3 (for superstructure
depths greater than 2 ft, AASHTO 1989, 1994, 1999)
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account in design. Nonlinear thermal gradient values and shapes are remained the
identical after 1999 in other intermediary specifications and also the same in latest
2012 LRFD Specifications [6]. Here in Fig. 3, an example given for Zone 3 to the
evolvement of design gradients in AASHTO through the years.

3 Formulas to Predict Temperature Gradient

Over the years, equations are developed to predict temperature gradient along the
depth of the girder depending on daily air temperature, solar radiation or both.

Potgieter and Gamble developed following formula to predict temperature vari-
ation along the depth of a girder section as:

H -«
AT, = 282 —0.7) +0.342(TV — 11.1
Y (29.089 ) + ( )
+[32.3 — 4.84v + 0.771v% — 0.008v> + 0.00463v*] (1)

in which TV is the air temperature variation (or the difference between the daily
maximum and minimum air temperatures), and oy is the solar absorptivity of
concrete.

Roberts-Wollman et al. proposed a simpler equation which calculates the dif-
ferential based on a different variable in terms of; Ty, maximum air temperature,
T3_avg, the three-day average air temperature and H, solar radiation as:

ATy = 0.9(Tmax — T3-avg) + 0.56(H — 12) )

Later; Lee and Kalkan [16] developed the equation to calculate the maximum ver-
tical temperature differential, ATy, on a prestressed girder is:
3 1
ATy = JH+ = (Tmax — 2Tppin) — {0.37 +2.93v — 0.25v* + 0.008v* | (3)
where H is the total daily solar radiation (MJ/mz), Thmax and Tpy, are the daily
maximum and minimum air temperatures (°C), and v is the daily average wind
speed (m/sec).

4 Research

This research is conducted as a part of a project named “Development of a Design
Guideline for the Improvement of Technology in Design and Construction of
Bridges in Turkey” and is coordinated by Middle East Technical University
(METU) for partner organization General Direction of Highways of Turkey
(KGM) and supported by The Scientific and Technological Research Council of
Turkey (TUBITAK Project-110G093). The aim of this study is to construct a solar
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radiation zone map for Turkey, modelling the map of AASHTO and recommend
thermal gradient values to engineers designing especially segmental box girder

bridges which are much susceptible for nonlinear temperature differences along
the cross section.

Comparing Aksoy’s studies [8] on geographical distribution of 22-year average
of annual global solar irradiation map of Turkey (Fig. 4) and Solar Radiation map
of US prepared by National Renewable Energy Laboratory, Turkey is subdivided
into two radiation zones similar to AASHTO Zone 1 and 2 as depicted in Fig. 5 and
the calculations corresponding to thermal gradients for each zone are performed.

Mean annual global radiation

MEDITERRANEAN SEA (kW hm™)
: T ] .
b 898008
L A &S&F S

Fig. 4 Geographical distribution of 22-year average of annual global solar irradiation based on

NASA/SSE (Aksoy 2011)

Fig. 5 Proposed solar radiation zones for Turkey
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Eight cities from different regions of Turkey; Ankara, Antalya, Bursa, [stanbul,
Izmir, Trabzon and Van are selected as representative cities of contiguous areas
and the primary environmental data affecting the thermal gradient for that cities
is collected (Fig. 6). Radiation data for Turkey is taken from monthly averaged
solar insolation incident on a horizontal surface at 3-h intervals (in kW/m?) from
the Surface Meteorology and Solar Energy (SSE) satellite dataset of National
Aeronautics and Space Administration (NASA) [18]. Hourly air temperature
observation data was available in National Climatic Data Center of National
Oceanic and Atmospheric Administration (NOAA) website. These data is then
converted in an appropriate form in order that it can be used as input in the analy-
sis program. In Figs. 7 and 8, a one yearly solar radiation and temperature change
graph is given for a representative city.

A box girder bridge section which is identical to the one in ‘“Precast Balanced
Cantilever Bridge Design using AASHTO LRFD Bridge Design Specifications™
(Fig. 9) prepared for American Segmental Bridge Institute given in Fig. 6 for span
section with 5 cm asphalt topping was chosen as a representative section. This sec-
tion was modelled by utilizing a two dimensional (2D) finite element heat transfer
analyses program (Fig. 10): Panthalassa [9], developed in Middle East Technical
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Fig. 6 Representative cities selected for the thermal gradient analysis
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Fig. 10 Finite element model of the girder and the line along which the readings are taken
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University laboratories, and sensitivity analyses were performed for the cross sec-
tion. The 28 day cylinder compressive strength of concrete is taken as 35 MPa,
and material properties like conductivity, film convection, specific heat and emis-
sivity for both the concrete and asphalt are taken according to The American
Society of Heating, Refrigerating and Air-Conditioning Engineers (ASHRAE)
Handbook [10] and suggestions of Lee [15]. Also the air inside the box is modeled
with corresponding parameters.

The solar radiation and ambient temperature data of each city obtained in year
2012 is entered to the program and after the analysis the temperature of each
node in cross section is obtained to calculate the thermal gradient. Readings are
obtained for a line along one of the webs in vertical direction from the topmost of
the girder to the base (shown with the red line in Fig. 10). The initial temperature
conditions are taken into account by starting the analysis with data of the prior
month, i.e. December 2011. Results are acquired in hourly intervals in order not to
omit the most critical gradient values. The highest positive gradient values tend to
occur at 12 p.m. Greenwich Mean Time (2 p.m. for GMT +2 and 3 p.m. for GMT
+3 time zones) in June and July while negative gradient values tend to occur at
midnight times in December.

Here the five most critical positive gradient values are plotted along the depth
of the girder for an example city, Istanbul (Fig. 11). In the following graph, the
highest positive gradient values for each city analyzed are also plotted (Fig. 12).
Generally T3 values are so small that they can be ignored in design.

Since the T; gradient values actually show the temperature difference of the
deck from the average of webs and T, as the difference between 10 cm below the
top surface and the average of web, to emphasize it, they will be referred with
A°C units hereafter:

Fig. 11 Maximum measured Temperature (A°C)
positive gradients in Istanbul 0 5 10 15 20 25 30
compared with recommended 0 + e " I S S—
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Table 2 Positive and negative temperature gradient values for the analyzed cities

Zone City Positive temperature Negative temperature gradient,
gradient, A°C (A°F) A°C (A°F)
Tl T2 Tl
Zone 2 Istanbul 24.7 (44.9) 6.2 (11.3) —1.5(-2.7)
Bursa 24.9 (45.3) 4.4 (8.0 —2.0(-3.6)
Trabzon 24.1 (43.8) 6.1 (11.1) —1.0(-1.8)
Zone 1 Izmir 28 (50.9) 5.9 (10.7) —0.9 (—1.6)
Mugla 28.5(51.8) 5.7(10.4) —1.1(=-2.0)
Ankara 27.1(49.3) 5.5(10) —24(—4.4)
Antalya 26.4 (48.0) 4.3 (7.8) —0.9 (-1.6)
Van 26.3 (47.8) 5.1(9.3) —2.0(=3.6)

In the following Table 2, the analyses results showing the maximum tempera-
ture differential between top of concrete girder and average temperature of web for
each city are given.

Per the given analysis results; a 24.6 °C temperature difference for Zone 2 and
27.3 °C for Zone 1 is obtained for T; as the averages of the corresponding ana-
lyzed locations. The value for Zone 2 is the same as the AASHTO recommenda-
tion, and the value for Zone 1 is relatively below but very close to the AASHTO
value. Therefore; it is suggested to use A 25 °C for Zone 2 and A 28 °C for Zone
1 for design of bridges for thermal gradient. The temperature difference 10 cm
below the top surface, namely AT, values can be taken as 6 °C for both of the
zones. Since the negative gradient values after the analysis is obtained are quite



88 A.L Yilmaz et al.

smaller than AASHTO recommendations; it will be convenient to use —0.30 times
of the positive gradient value for the bridges which have decks of which top sur-
faces has asphalt topping less 5 cm, and —0.20 times of positive gradient for the
decks which have more insulating materials.

5 Conclusions

The solar radiation data obtained for different parts of Turkey is used to deter-
mine the thermal gradients at the depth of the segmental concrete box bridges. The
extensive analysis of the results indicate that Turkey can be divided into two solar
zones and the corresponding thermal gradient values are in good agreement with
slight differences in values for the ones suggested for the bridges in US soils. The
differences in results are less than five percent. It can be concluded that the find-
ings of this study can be applied to be used in thermal gradient analysis of seg-
mental concrete box bridges in Turkey.
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Risk Assessment and Management
for Bridges

Xin Ruan

Abstract Risk assessment and management has gained more and more popularity
in bridge engineering due to its direction on preventing or alleviating unfavorable
situations during the life cycle of bridges. In the current applications, risk man-
agement is recognized as an extension of risk assessment to provide management
strategies. In fact, risk management is essential to the improvement of decision
efficiency and validity since it is the direct procedure connecting risk assessment
and on-site users. To enhance the influence of risk management, management ori-
ented risk assessment is proposed. Introductions to the basic conceptions of risk
assessment and management are presented. Detailed instructions on the proposed
approach are provided with consideration to different management requirements
and stages. Four applications of the management oriented assessment are intro-
duced in detail on how the approach is realized in practical situations.

Keywords Risk management - Risk assessment *+ Bridge engineering

1 Introduction

49

The word “risk” has a long history starting as the “risqué”, while the practice of
risk analysis and management were performed in 3200 B.C. by Asipu [1]. With
a vast time of development, modern risk analysis didn’t appear until last cen-
tury. In 1992, value-at-risk was firstly introduced by New York Stock Exchange
(NYSE) for informal capital tests on its member firms. Since then, risk analysis
has become an extensively adopted decision assisting tool in the finance fields, and
gained its popularity in other industries as well in recent years.
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Risk analysis and assessment is applied widely in bridge engineering due to the
fact that there are many uncertainties needed to be analyzed and management in
the whole life cycle of bridges. Usually, bridges are of significant importance to
regional transportation and communication. It is imperative to guarantee the per-
formance from the design stage to the operation stage of bridges. To realize this
goal, bridge engineers have to manage the enormous possible risk events brought
by the uncertainties. Recent development of risk assessment in bridge engineering
has offered the related bridge managers with promising prospects in controlling
the risks and their unfavorable consequences.

In spite of the extensive applications of risk assessment and management for
bridges, there are still problems that need further improvements. One most obvi-
ous deficiency is that the conception of risk management is not as valued as it is
supposed to be. In current practice, risk management is generally regarded as a
subsequent procedure based on the results of risk assessment, while it should be
recognized that risk management is of great importance since it is the direct pres-
entation from the risk assessors to the on-site users. Instead of making the risk
management merely based on risk assessment results, the risk assessment should
be performed with consideration to the requirements of risk management.

In order to solve the contradiction between risk management and assessment
for bridges, management oriented assessment conception is proposed in this paper.
Firstly, an introduction to popular risk assessment and management procedures
in current applications is presented. Different stages of risk assessment and char-
acteristics of engineering risk management are introduced. Then management
oriented risk assessment for bridges is elaborated. The purpose of the risk man-
agement is studied and adopted as a determining factor for the selection of risk
assessment methods. Specifications on how to perform management oriented risk
assessment in different stages of bridges are explained in details. Finally, four
engineering application cases are presented. In each case, the parts demonstrating
the conception of management oriented assessment are highlighted.

2 Risk Assessment and Management in Bridge
Engineering

To perform risk assessment and management, a definition of the project risk
is necessary to clarify the subject to be assessed and managed. However, it is
extremely difficult to propose a universal definition of risk. Since its foundation,
Society of Risk Analysis tried to define “risk” but ended up with giving up after
four-year endeavor. Finally, it held that different definitions of risk can be obtained
by different assessors as long as specific explanations are provided [2]. In the
applications in bridge engineering, definition of risk can be varied according to
different management targets.

Risk assessment is the imperative prerequisite of risk communication and man-
agement. In the current practice, there are several risk assessment approaches
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provided for bridge engineering applications, such as Preliminary Hazard Analysis
Method, Failure Mode and Effect Analysis Method, Event Tree Analysis Method
and Risk Matrix Method. As a systematic process for identifying risk sources and
quantifying and describing the nature, likelihood, and magnitude of risk associated
with some situation, action, or event that includes consideration of relevant uncer-
tainties, risk assessment generally consists of three major stages, (1) risk identifi-
cation, (2) risk analysis, and (3) risk evaluation.

Risk identification is a discrimination process on realistic and potential risk
characteristics by means of perception, judgment and classification. As the pre-
liminary evaluation on the project risks, risk identification is the foundation of risk
analysis and evaluation. The results of risk identification process provide the fol-
lowing two stages with study objects, which are supposed to cover all the possible
scenarios. Hence, the correctness and comprehensiveness of risk identification are
substantially important to the whole assessment process. For the risk identification,
several methods are usually adopted in engineering application, such as brain-
storming, cause and effect diagram method, flow chart method and Delphi method.

Risk analysis is a determining process of assessing the likelihood of occurrence
and potential consequences of risk scenarios identified [3]. Risk analysis can be
performed by qualitative or quantitative ways, determined by the features of the
risk scenarios. The analysis results on the probabilities and consequences are dem-
onstrated by numbers, rankings or graphic expressions, in accordance with the
selected risk evaluation method. For the practice in bridge engineering, risk analy-
sis is complicated since the scenarios can be significantly varied. Determination of
the probability and consequence of a risk scenario can be very vague since it usu-
ally involves with many different factors such as personnel safety, structure dam-
age and economic loss.

Risk evaluation is an assigning process in which all the identified and analyzed
scenarios are designated with its corresponding risk level by a selected evalua-
tion method. By indicating the risk level of each scenario, risk evaluation process
provides the risk management with informative results obtained from risk identifi-
cation and analysis, connecting the risk assessment and management. Risk evalu-
ation is the essence of the risk assessment, and usually the risk assessment method
refers to the risk evaluation method. The selection of the risk evaluation method
should consider the management purpose and actual situation of the project. Once
the evaluation method is determined, the form of the probability and consequence
of risk scenarios is certain, with which the form adopted in risk analysis process
should be in accordance.

The risk assessment process not only provides the assessors with a comprehen-
sive view on the risk scenarios identified, but also obtains the initial conditions for
risk management. Risk management is the application of a systematic process for
identifying, analyzing, planning, monitoring, and responding to risk so that critical
infrastructure will meet service, safety, health, and welfare expectations. With the
assistance of the risk assessment presenting the risk levels of scenarios to be man-
aged, risk management can be implemented with confidence in actually improving
the decision efficiency.
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Fig. 1 A typical risk assessment and management process for bridges during operation

Risk management is usually established on the risk assessment results only,
which indicates that risk assessment is performed without the influence of risk
management. For applications in bridge engineering, strategies formulated during
risk management process are directly presented to the sponsors. In some cases, the
strategies are used by on-site staff with little engineering experience. Under these
circumstances, risk management should be emphasized on its simplicity and speci-
ficity, which can be easily ignored in the risk assessment process. A typical risk
assessment and management process is provided in Fig. 1.

To obtain more satisfying outcomes, the risk assessment should take the
requirements of a simplified and specific risk management process into considera-
tion, which means risk assessment should be oriented by management. In this way,
the target of risk assessment is set to serve for the benefits of risk management.
During the assessment, conception of the project risk can be clarified, knowing the
specific requirements of the management.

3 Management Oriented Risk Assessment for Bridges

To perform the risk assessment under the orientation of management require-
ments, features of risk management for bridges should be studied thoroughly. For
each important feature, corresponding measurement should be adopted in the risk
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assessment. Bridge is a structural complex consisting of significantly different
components with various characteristics. According to the management scope, the
assessment targets in bridge engineering can be separate component with specific
management goals, or the whole bridge with overall management requirements.

For the risk management of specific components, risk scenarios to be assessed
and managed are certain in most cases. Risk identification is much simpler under
this circumstance, since the screening process is no longer necessary. Risk anal-
ysis can be directly implemented on the risk scenarios under consideration. The
method adopted to analyze the probability and consequences of the scenarios can
be diverse according to the specific objects the management process supposed
to deal with. The corresponding evaluation criteria is determined by the adopted
analysis method. Compared with traditional analysis method, there are several
common analysis methods in wide adoption, such as life cycle cost analysis and
reliability analysis.

When the risk management is performed on the integral level of a bridge, the
overall performance of the bridge is much more complicated than the situation of
considering only one single type of the component. All the risk scenarios should
be taken into consideration to obtain a more comprehensive assessment and to
avoid possible failure due to ignored risks. The typical three stages of risk assess-
ment are all imperative under this circumstance. The characteristics of the risk sce-
narios are essential and diverse due to the complicated situation. During the risk
identification, all the characteristics should be studied to acquire a well-founded
database for further research. Risk analysis and evaluation are comparatively con-
fined to the compatible procedures that satisfy various requirements of different
types of risk scenarios.

Under both specific and general management situations, risk analysis is always
a key step to the correctness and validity of the whole risk assessment. The risk
analysis approach is essential to that and should be determined majorly by the
management level of the project, characteristics of risk scenarios, structure fea-
tures and financial situation. When the condition of the project approves, compo-
nent vulnerability and structure robustness analysis are necessary to obtain more
detailed and comprehensive understanding on the risk scenarios.

Component vulnerability is defined as the damage probability of a component
when exposed to potential risk sources. The purpose of component vulnerability
analysis is providing the risk analysts with an explicit conception of the damage
condition of the component in consideration under certain risk scenarios. Structure
robustness is defined as the damage sensitivity of the whole structure caused by
failures of components. Structure robustness analysis is generally employed to
determine the safety conditions of the whole structure giving that one or multi
certain components fail. Figure 2 demonstrates a recommended vulnerability and
robustness analysis process for the stayed cables of a cable-stayed bridge under
earthquake scenario [4].

Risk management can be very different when performed in different stages
of the life cycle of bridges. In the design stage, the practical experience of the
design staff is the most important aspect of the risk assessment and management.
With the assistance of the design code, bridge designers are supposed to use their
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Fig. 2 Vulnerability and robustness analysis process of stayed cables under earthquake scenario

expertise to avoid construction and operation risks as much as possible. It has to
be realized that risks are inevitable in the whole life cycle of bridges. The risk
assessment and management during design stage should focus on the effort to
prevent major design mistakes, such as the location selection, material adoption,
design of concrete cover, structural types and so on.

As for the construction stage, bridges are usually structurally unstable, mak-
ing the structure the most vulnerable time in the whole life cycle. Safety issues
should be emphasized during the construction, and accordingly are the focus of
the risk management. The safety consists of two parts, personnel safety and struc-
tural safety. During the risk analysis, structural safety can be analyzed in detail by
referring to component vulnerability and structure robustness analysis. It is highly
recommended to introduce these analysis when the bridge structure is complicated
or the intermediate forms of the structure are unstable. Also, construction sched-
ule is greatly valued due to consideration on money-saving and administration
requirements. During the risk evaluation, more weights should be assigned to the
personnel and structure safety and delayed time to emphasize on their substantial
influence to the management.

Currently, most risk management and assessment projects are designed for
bridges in operation due to more complicated situations on bridges. When the risk
management is performed during operation stage, it is common that the formu-
lated strategies are carried out directly by the on-site staff, whose expertise knowl-
edge in bridge engineering may be not quite complete. This situation demands that
the output of risk assessment should be delivered in specific and apprehensible
ways. Also, a clear graphic demonstration on the risk scenarios to be managed is
very helpful to assist the on-site staff with making prompt responses. Risk sce-
narios identified can be categorized by the regions in which they are expected to
appear, providing the risk identification and analysis with convenient indications.
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4 Case Study

4.1 Life Cycle Cost Analysis for Wind Barrier
of Hangzhou Bay Bridge

Hangzhou Bay Bridge is a cross-sea bridge with a total length of approximately
36 km in Zhejiang province, China. Crosswind becomes an important factor that
affects vehicle travel safety due to the deck altitude and complex environment of
the sea. To control the risk of vehicle rollover and other unfavorable consequences
brought by the crossing wind, a study aiming at proposing an optimized wind bar-
rier scheme is presented [5].

The problem in this risk management project is specific, providing only one
risk scenario. Analysis on this scenario is performed by introducing a direct
approach, i.e. life cycle cost analysis. Several forms of wind barrier are proposed
including local wind shielding screen around tower, wind shielding screen with
height of 1.3 m. Based on wind environment study result, the whole bridge are
divided into several sections, and different kinds of countermeasure are proposed
for each section. Finally, five schemes are submitted for discussion and further
study. Figure 3 gives a vivid illuminate of each scheme.

To compare the proposed five schemes of wind barrier, a cost-benefit analysis is
performed. The cost calculation is simply related to the construction and replace-
ment fee of the wind barriers in each scheme. The benefit calculation is more
complicated since it involves the weather condition at site and the utility of each
scheme on reducing the wind speed. The benefits from installing the wind barrier
consist of two parts, the saved detour expense for vehicle drivers and the improved
income from keeping the bridge open during strong wind for the managers. The
cost-benefit analysis results of both parts are provided in Tables 1 and 2.

According to the results, it is indicated that scheme B has the shortest cost-benefit
equivalent time for both parties and the total benefit of 25 years are acceptable, mak-
ing it the most economic management scheme among all the five proposed solutions.
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Fig.3 Wind barrier schemes of Hangzhou Bay Bridge
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Table 1 Cost-benefit analysis result for vehicle drivers (in Million RMB)

Additional Benefit of each Total benefit Cost-benefit equivalent
cost year of 25 years time (year)

Scheme A 1.78 17.11 513.3 0.10

Scheme B 2.31 28.11 843.3 0.08

Scheme C 10.57 43.39 1301.7 0.24

Scheme D 71.35 49.32 1479.6 1.45

Scheme E 149.29 53.79 1613.7 2.78

Table 2 Cost-benefit analysis result for bridge managers (in Million RMB)

Additional Benefit of each Total benefit Cost-benefit equivalent
cost year of 25 years time (year)

Scheme A 1.78 3.35 83.87 0.53

Scheme B 2.31 5.51 137.83 0.42

Scheme C 10.57 8.51 212.82 1.24

Scheme D 71.35 9.68 241.92 7.37

Scheme E 149.29 10.55 263.86 14.14

4.2 Vulnerability Analysis of Minpu Bridge Under
Earthquake

Minpu Bridge is located in Shanghai, connecting both sides of the city. Minpu
Bridge is the first long-span double-layer steel cable-stayed bridge in China, with
a 708-m main span. Double cable plane is designed with 88 stayed cables on each
side and in total symmetric arrangement. The upper layer is designed as express-
way with 8 lanes and a width of 40.5 m, while the lower layer is designed for local
traffic with 6 lanes and a width of 26.0 m.

Risk management for Minpu Bridge during operation is required to be explicit
by the project managers [6]. For the essential risk scenarios to the bridge, struc-
ture safety is demanded to be sufficient. After the preliminary risk identification,
it can be inferred that the earthquake is the major possible reason for the structure
failure. Based on this judgment, a component vulnerability analysis is presented
under the influence of earthquake. Considering the imperative functions of pylon,
whose failure is totally unacceptable, the component vulnerability analysis is con-
ducted for the pylon.

To evaluate damage level of the pylon caused by earthquake, a damage model,
expressing the potential damage of reinforced concrete components as a function
of the maximum deformation and the absorbed hysteretic energy, is adopted. To
realize the vulnerability analysis, the Incremental Dynamic Analysis method is
chosen and 59 earthquake records are calculated for a probability assessment.
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Analysis results, as are shown in Figs. 4 and 5, indicate that no obvious dam-
age will appear under earthquakes with a seismic intensity no bigger than 7°, and
slight damage with a low probability in the bottom of the tower will occur under

earthquake with a seismic intensity of 8°.
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According to earthquake vulnerability analysis results, management oriented
suggestion are presented as follows:

1. No particular countermeasure is needed under weak earthquakes;

2. The bottom part of the pylon needs to be inspected carefully after medium
earthquakes and maintained when necessary;

3. Repair the damages in the bottom and cross beam parts after strong earth-
quakes, cease the traffic until a safety assessment on the pylon is performed
and the operation safety is guaranteed.

4.3 Typical Considerations on Risks During Construction
Period of Sutong Bridge

Sutong Bridge is a cable-stayed bridge with a main span of 1088 m, which was the
record span of its kind of bridges in the world. The bridge is located in the estuary
of the Yangzi River in China, thus the environment for the construction is highly
tough, especially for the construction of the 306 m height pylon. Construction of
the high pylon of Sutong Bridge is complicated and is influenced by different fac-
tors [7]. A brief illustration of the pylon construction process is provided in Fig. 6.

oy & sy

Fig. 6 Construction process of the pylon of Sutong Bridge
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Fig.7 Flue filed map of pylon and cranes calculated by CFD

For the risk management during construction, it is very important to analyze
the following three aspects, construction schedule (C.S.), worker safety (W.S.) and
investment increasing (I.I.), when the project loss is considered. To obtain the sta-
tus of the three aspects, vortex excited resonance of the cranes which may cause
significant delay and loss during the pylon construction is studied in detail.

The vortex excited resonance is a kind of self-excited limit-amplitude vibra-
tion due to wind. Discrete vortex method based CFD calculations are carried out
to every key construction stages, and the lock-in wind speeds in different yaw
angles of wind are obtained. After the CFD calculation, it is realized that the
vortex excited resonances of pylon and cranes are likely to happen during the
construction stage. However the lock-in wind speeds are limited in a low level.
Considering the material damping of pylons, which are made of concrete, is large
enough to absorb the energy due to vortex excited resonance of the pylon and
cranes system (Fig. 7).

According to the above analysis, expects’ suggestions and literature study, the
analysis results for the C.S., W.S. and LI. of 31 identified risk scenarios during the
pylon construction of Sutong Bridge are obtained and listed in Table 3.

4.4 Improved Risk Matrix Based on the Risk Attitudes
of Decision Makers

Risk attitudes of decision makers are significantly different in different projects.
To make the management work more practical, it is important to present the risk
attitudes of the decision makers during the assessment process. Usually in a risk
assessment and management project, the decision wills of the managers are of the
most essence. To present a management oriented risk assessment, the risk attitudes
of the managers must be reflected during the assessment.

Risk attitudes can be reflected in both risk analysis and evaluation stages,
yet the more direct and unbiased reflection would be in the evaluation method.
Currently, risk matrix method is a widely adopted approach to perform risk evalu-
ation in bridge engineering. Unfortunately, it has been recognized that there are
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Table 3 Risk loss of the pylon construction process

No. | Description of the risk event CS. |W.S. |[ILL
1 Influence of earthquake to the pylon construction system 2 3 3
2 Influence of traffic ship impaction to pylon construction system 2 1 3
3 Influence of workboat impaction to the pylon construction system 1 1 3
4 Cranes vortex excited resonance 3 3 3
30 | Insufficient density of the concrete under the anchor area 3 1 3
31 Controlling of the tensioning force to the transverse bracing during 2 1
the construction of the mid-leg
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Fig. 8 Investigation results of the risk attitudes of decision makers

limitations in the applications of risk matrix method, one of which is the popular
adoption of the “standard risk matrix” [8]. This limitation causes a significantly
unfavorable result that all the evaluation process are based on one consistent crite-
ria. The actual decision wills of the managers are not reflected during the evalua-
tion process.

In order to improve this situation, attempts have been made on introducing the
risk attitudes to risk matrix. A proper approach is proposed in the application of
risk assessment for Changzhou Viaduct. Questionnaires are handed out to project
managers regarding their opinions on the possible loss on site, from which the
risk attitudes of the decision makers are studied. Demonstration of their choices
under uncertain situations are presented in Fig. 8. In the figure, every dot presents
a certain risk ranking at a point with certain risk probability and loss rankings.
The dots in the figure from upright to bottom left represent five risk rankings
from “Unacceptable”, “Strict Control”, “Reasonable Control”, “Acceptable” to
“Neglectable”.

Based on the investigation results, an improvement on the risk matrix can be
obtained by considering the choices of decision makers under uncertainties.
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Fig. 9 Risk assessment method based on improved risk matrix with consideration on risk atti-
tudes of decision makers

Instead of the fixed rectangular areas in traditional risk matrices, diagonal areas
are adopted for the evaluation. A detailed improved risk assessment process on the
base of the new risk matrix is presented in Fig. 9, in which the new matrix is illus-
trated as well. With this improved approach, risk evaluation results will be more
practical and valid to the project managers.

5 Conclusion

Management oriented risk assessment is a very important conception in the appli-
cations of bridge engineering. Currently, related practice of this conception has
been proved to be valid and efficient. Risk assessment can be more precise and
directive to the actual requirements of the management. Risk communication
based on this conception is extensive, and the results of communication can be
expressed more thoroughly in the management strategies formulation. With all
stages in the bridge life cycle covered, this conception provides the risk assess-
ment and management with a more comprehensive and instructive sense in
practice. In the future research, an integral theory on the management oriented
assessment is expected to be studied and proposed.
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Construction of the Nhat Tan Bridge
Superstructure

M. Nakayama, T. Tokuchi, H. Kawashima, S. Kaifuku,
K. Matsuno and T. Nishi

Abstract The main bridge of Nhat Tan Project is a six span continuous cable
stayed bridge under construction in Hanoi, Vietnam. On completion, the 1500 m
bridge will be the longest cable stayed bridge in Vietnam, with 4 main spans and
2 side spans of lengths 300 and 150 m respectively. The bridge will have 8 traffic
lanes and has a total deck width of 35.6 m. The superstructure of the bridge con-
sists of a composite girder and New Parallel Wire Strands (New PWS) stay cables
with a total of over 14,500 metric tons of steel, 37,500 metric tons of reinforced
concrete deck slab and 1800 (220 Nos.) metric tons of prefabricated stay cables.
This paper details the limitations faced in development of a construction method
to ensure the safe, efficient and expeditious construction of the superstructure. In
addition, it describes the innovations made to overcome challenges that arose dur-
ing the implementation of the construction method.

1 Introduction

The Nhat Tan Project is constructed for a part of Ring road No. 3 located on north-
ern side of Hanoi city, Vietnam and across the Hong River. The bridge is expected to
improve the traffic access between city center and Noibai International airport [1],
Northern industrial zone and some highways for connecting with other cities
(Fig. 1).

IHI Infrastructure system Co., Ltd. (IIS) is performing the superstructure
works of total length 3080 m including six spans continuous composite girder
cable stayed bridge in the Nhat Tan Bridge Construction Project Contract Package
1. Especially this paper describes the construction method to ensure the safe,
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Fig. 1 All view of bridge after closing

Fig. 2 Location map of the Nhat Tan Bridge project and CG image on site

efficient and expeditious construction of six spans continuous composite girder
cable stayed bridge for the location shown above (Fig. 2).

The Main Bridge is six spans continuous composite girder cable stayed bridge
with length of 1500 m (150 m + 4@300 m + 150 m) and effective width of
33.5 m. Five A-shaped RC pylons (H = 111 m) connected 220 numbers of stay
cable support 35.6 m reinforced concrete deck slab on the 2-I-beam steel edge
girder and I-beam type of steel floor beam which space 4 m. Steel anchor boxes
are installed on pylon structure for anchoring stay cables.

Girder and anchor box with a total of over 14,500 metric tons are built for main
structure painted by Red color which be imaged the National flag of Vietnam.
They might be high impression for around the bridge location.

Main structure of steel girder is combined Edge girder for longitudinal direc-
tion and Floor beam for transverse direction (Figs. 3 and 4).

Stay cable is New Parallel Wire Strands with @7 mm galvanized high strength
steel wire covered with High Density Polyethylene (HDPE) shaped indent pattern
on the surface.
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Fig. 3 General profile of main bridge of the Nhat Tan Bridge project
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Fig. 4 Typical cross section of the girder

3620 pieces of pre-cast deck panel with 260 mm thickness are arranged on steel
girder.

The bridge is large scale and there are few examples in the world for continu-
ous cable stayed bridge.

2 Fabrication of Steel Structure

2.1 Fabrication Shop

Fabrication of steel girders and steel anchor boxes are distributed to 3 factories to
reduce the fabrication time as in Table 1 [2].

For avoiding the dispersion of quality due to fabricating one continuous cable
stayed bridge in 3 factories, IHI Aichi had initiative for other 2 factories. At first
IHI Aichi fabricated the girder around Pylon 14 as the first erection part at con-
struction site. After that, fabrication data made by IHI Aichi had been sheared with
the other factories.
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Table 1 Division of fabrication

M. Nakayama et al.

Fabrication factory

Fabrication member

Fabrication total weight (ton)

IHI Corporation Co., Ltd.
Aichi Works, Aichi, Japan
(Hereinafter: “IHI Aichi”)

Main girder, floor beam and
support strut for P14

2500

THI Infrastructure Asia Co., Main girder, floor beam and 7600
Ltd., Haiphong, Vietnam support strut for P13, P15
(Hereinafter: “ITA”) and P16

Mitsui-Thang Long Steel Main girder, floor beam and 4400

Construction Co., Ltd.,
Hanoi Vietnam (Hereinafter:

support strut for P12
Anchor box for P12, 13, 14,

“MTSC”) 15 and P16

Fig. 5 Fabrication of steel girder and trial assembling on IIA

Regarding stay cable anchorage of main bridge, it is very complex structure as
shown in Fig. 5 and is required to weld the stiffener with over 40 mm thickness to
web of I-beam. Especially because the welding between them is full penetration
and this stiffener is installed diagonally, the appropriate welding sequence needs
to be considered to minimize the deformation of web due to a lot of heat input
welding.

3 General Erection Method

Three types of erection method (5 block erection, cantilever erection and closure
erection) are applied as shown in the Fig. 6.

Erection unit of superstructure works is planned for each pylon, thus there are
five work locations (P12, P13, P14, P15 and P16) in our site. Moreover, erection
method of each pylon could be planned for similar procedure nevertheless there is
the difference situation (water area or ground area) under the bridge because con-
sidering for transferring facility according to difference of erection area.
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300000

10x12000=120000 10x12000=120000 10x12000=120000 10x12000=120000
(Contilever erection) 54000 (Cantilever erection) (Contilever erection) 54000 (Contilever erection)

(5 block [erection) (5 block ferection)

6000
(Closure block)

Pylon Pylon

Fig. 6 Classification of erection method

4 5 Block Erection Around Pylon

Initial girder erection is performed at around pylon. 5 girder segments are erected
by crawler crane in the condition that supported by temporary support system.
After that, precast concrete deck slab is installed on the 5 girder segments and 1st
Stay Cables support all weight of 5 block segment instead of Temporary support
system. Controlling elevation of girder due to adjust the tension of 1st stay cable is
performed. Finally casting joint concrete is performed.

Girder installation works is started after handing over the cross beam construc-
tion of pylon structure. Regarding girder installation work and construction work
of upper pylon, they are carried out in parallel (Fig. 7).

4.1 Temporary Support System

Temporary support system is arranged for supporting dead load (W = 4000 kN) of
steel girder and concrete deck slab around pylon. The support system is designed

Fig. 7 5 block erection around pylon and Installation of 1st Cable
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as a triangle shape for transferring the vertical working force from dead load to
horizontal force to the pylon structure.

After installing and tensioning of 1st stay cable, temporary support system is
dismantled. C-shaped lifting balance frame which designed not to interfere with
concrete deck slab and girder is used for dismantling.

5 Cycle Cantilever Erection

Balanced cantilever method is applied for erection of cable stayed bridge with
adjusting the elevation of girder at each construction stage with prediction of
bridge camber after completion and after 10 years later. To predict the bridge cam-
ber at several stages, it is important to make analysis model reflected construction
stage and composite structure between concrete deck slab and steel girder. In this
analysis model, even the fabrication error is considered (Figs. 8 and 9).

5.1 Working Platform

After 5 block erection around pylon, all the facilities are equipped to prepare for
cycle cantilever erection such as 150 ton crawler crane and working platform.
Working platform is travelling on Rail for maintenance vehicle with electrical trol-
ley. Working Platform is designed as reducing the self-weight of working platform
as much as possible to minimize the influence of girder. Crawler crane is travelling
on Crane support rail that connected to floor beam with stud bolt directly (Fig. 10).

Cable- Truss Element

Fig. 8 FEM Model for predicting the crack occurrence
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Fig. 9 Stress contour diagram

5.2 Construction Stage

10 times of cantilever erection are performed for each pylon including the follow-
ing work items. It is planned at the period of 10 days per one cycle. Especially, to
prevent the occurrence of crack on the concrete deck slab, the pre-cast deck panels
are installed on the steel girder as much as possible after tensioning of the Stay
Cable to reduce the tensile stress on the casted concrete deck slab.

Steel girder installation and fastening high strength bolt

Site painting on bolted joint

Stay cable unreeling and installation

Pre-cast deck panel installation

Stay cable tensioning and adjusting girder elevation

Joint concrete casting for concrete deck slab and curing

Extension of crawler crane support rail and shifting working platform (Figs. 10
and 11)

Fig. 10 Cycle cantilever erection
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Fig. 12 Girder installation procedure and lifting clamp

5.3 Girder Installation

Edge girder and floor beam are installed by 150 ton crawler crane arranged on
concrete deck slab. No lifting eye plate are arranged to reduce the total weight of
steel. Thus lifting clamps are connected with upper flange of steel girder directly.
Center line of edge girder is controlled during installation with considering hor-
izontal camber due to the self-weight of floor beam.
All splice joint are connected by Torque shear controlled high strength bolt
(TCB M24 S10T) to shorten the time of connecting efficiently (Fig. 12).

5.4 Pre-cast Concrete Deck Panel and Joint Concreting

Pre-cast concrete deck panels are manufactured in north bank of project site.
Manufacturing schedule is planned in accordance with bridge construction sched-
ule because 6 months curing time is required after manufacturing (Fig. 13).
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Fig. 13 Pre-cast concrete deck panel stock yard and installation on steel girder

Panel installation and casting joint concrete are carried out by 150 ton crawler
crane on bridge deck. 100 % of strength of joint concrete is required before mov-
ing crawler crane for next cycle step in the Contract Technical Specification.

5.5 Stay Cable Installation and Tensioning

All stay cables are reeled horizontally in factory and unreeled by turn table from
the end of girder erection to near the pylon on site.

Cable socket of pylon side is lifted up by tower crane and set into anchor box.
Then on the socket of girder side, PC strand and tensioning rod are installed. Until
the socket is set on the anchor position of girder side, it is pulled by 6000 kN
center hole Jack (Fig. 14).

Tension force of stay cable is adjusted by thickness of shim plates. Final adjust-
ing of girder elevation and tensile force of stay cable is carried out in night to sta-
ble the temperature of girder, deck slab, stay cable and pylon. For shortening the
adjusting time, pre-tensioning is done in day time according to estimated calcula-
tion of tensile force. For checking of tensile force, self-vibration method is carried
out with confirmation of pressure gauge of cable tensioning jack (Fig. 15).

Fig. 14 Stay cable unreeling and lifting up Stay Cable to install on pylon side
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Fig. 15 Installation of stay cable (girder side) and adjusting shim plate

6 Bridge Closure

Bridge closure is performed at each span center after completion of cantilever
erection of two pylons. Because main bridge is 6 spans continuous cable stayed
bridge, there are 4 times of bridge closure and 2 times of end bridge closure in the
Main Bridge. First and second bridge closure is not so difficult to close between
cantilever segments because at least one side segment is free condition after com-
pletion of cantilever erection. However, after completion of end bridge closure,
third and fourth bridge closure was very difficult and took time because of the
condition fixed one side due to bridge closure of one time at last (Fig. 16).

i) P14-P15 closure
e @ e @ @ (& @
ii) P13-P14 closure
i i i i I
e @ e @ @ (& @
ii) P12-P13 closure
I i i i i I
@ @ @ @ @ @

iv) P15-P16 closure

I I i ' Y TR
@ &} @ @3 en e

Fig. 16 Bridge closing procedure
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6.1 Span Survey and Adjusting Closure Block

When remaining 3 segments of girder, span between tips of girders is surveyed
then the length of closure girder block are decided and cut in accordance with sur-
vey result. To reduce the fabrication time of closure block, closure girder blocks
are fabricated 200 mm longer than design value for each end in advance.

6.2 Alignment Adjusting

When closing the girder, to adjust the alignment between girders, Alignment
adjusting device is applied. This alignment adjusting device is installed on two
lower flanges of floor beam and pulled by two PC bars to close both girders. When
difference of alignment was within 25 mm, alignment adjusting is performed by
fixing splice plate of web plate and drifting of taper pin to bolt hole.

6.3 Elevation Adjusting

To adjust the elevation between two girders, concrete counter weight arranged on
concrete deck slab are used before closing mainly. For the final adjustment, it per-
formed by movement of 150 ton crawler crane or 50 ton Rafter crane.

6.4 Longitudinal Direction Adjusting

To adjust longitudinal direction between two girders, some 100 ton Jack arranged
around bearing on the pylon is used. Because depending on the location of 150 ton
crawler crane arranged on the concrete deck slab, jack load is difference, longitudi-
nal direction adjusting is performed with adjusting girder elevation (Figs. 17 and 18).

Fig. 17 Installation of closure block and drifting pin to bolt holes
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Fig. 18 Connection of closure block and connection of end closure block

7 Conclusion

On 15th April, 2014, Bridge Closing ceremony was held on bridge surface
between P15 and P16 where final closure part of cable stayed bridge with many
guests and all staffs relating for this project. The Nhat Tan Bridge will be opened
to traffic on 4th January, 2015. The bridge is expected to further traffic access
from Airport to Hanoi city and it will be helpful for the city’s development.

Superstructure works spend 18 months for construction. During construction,
we overcome challenges as below

e Due to control the elevation of deck for each construction stage in accordance
with analysis result reflected construction stage, after closing the bridge, we
did not have to adjust the cable tension force because all elevation value on the
bridge is within allowable value.

e Due to implement of construction sequence decided by FEM analysis consid-
ered construction stage in previous, the crack over allowable width on the con-
crete deck slab can be prevented during 5 block erection, cantilever erection and
closure works.

e Due to the strictly construction schedule and work control, we could reduce the
construction period of superstructure for about 4 months in comparison with
original schedule.

Acknowledgement We would like to thank for everyone who joined to the Nhat Tan Bridge
Construction Project for their cooperation.
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Balanced Lift Method—A New Bridge
Construction Technique

J. Kollegger and S. Foremniak

Abstract The economic performance of concrete bridges can be improved in cer-
tain design situations by using the balanced lift method, a new bridge construc-
tion method developed at the Vienna University of Technology. This method
proposes to build the bridge girders in a vertical position and to rotate them into
the final horizontal position with the aid of compression struts. The compression
struts decrease the span of the bridge and allow lighter bridge girders, compared
to bridges built by the balanced cantilever method or incremental launching, to be
obtained. The balanced lift method can be applied for bridges with high and low
piers enabling the construction of bridges over deep or low valleys. The first appli-
cation of the new method is the construction of two bridges with low piers for the
Austrian road management company (ASFINAG) crossing the rivers Lafnitz and
Lahnbach on the S7 motorway in the south-east of Austria.

1 Balanced Lift Method

In conventional applications of precast concrete elements in bridge engineering,
either match-cast elements are installed by using gantries or heavy bridge girders
are lifted with mobile cranes [1, 2]. In a research project at the Vienna University
of Technology a different approach was investigated called the balanced lift
method. The main advantages of the balanced lift method are enabling an acceler-
ated construction by using precast elements and decreasing the spans of a bridge
through the usage of compression struts. The underlying idea was to construct the
whole bridge in a vertical position and then rotate the bridge girders from the ver-
tical into the final horizontal position with the aid of compression struts. A quick
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Fig. 1 Balanced lift method for high bridges fop. Balanced lift method for low bridges bottom

way to describe this bridge building method is by comparing it to the process of
opening an umbrella—with the bridge girders being the ribs and the compression
struts being the stretchers. The compression struts are important load carrying
members during the construction process and also in the finished bridge structure.
As a result, much lighter bridge girders are obtained compared to bridges built by
the balanced cantilever method or incremental launching.

The method has been primarily invented for bridges over deep valleys, mean-
ing bridges with high piers, but can be—with minor changes—used for bridges with
low piers. The example displayed in Fig. 1 (top) is suited for a valley bridge with high
piers. The application of the balanced lift method for bridges with piers of small height
is possible, if an auxiliary pier is used as is shown in Fig. 1 (bottom). The amount of
force that is needed for the rotation process during the bridge construction depends, if
one sets friction and eccentricities aside, on the weight of the bridge girders and the
compression struts. Due to the importance of the weight of the different bridge ele-
ments the Institute for Structural Engineering at the Vienna University of Technology
started working on different approaches for the usage of thin precast elements in col-
laboration with in situ concrete. The underlying idea is to minimize the weight of pre-
cast elements during transport and lift operations, then filling the elements with in situ
concrete to create monolithic structures. Due to the very competitive costs compared
to in situ concrete, the precise executions and the economic value, using precast ele-
ments reduces not only the construction period but also construction costs.

The international patent application procedures for the balanced lift method are
running smoothly. The discussions with the examiners are restricted to formal issues
and national peculiarities in the respective patent laws. Patents have been issued
for Germany (DE 10 2006 039 551), USA (US 7,996,944), Russia (RU 2436890),
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China (CN 1204627), Japan (JP5302195), Australia (AU2007288151) and Canada
(CA2661311). The patent application procedures in Europe, Norway and India are
still in progress. The first application of the new method is the construction of two
bridges for the Austrian road management company (ASFINAG) crossing the rivers
Lafnitz and Lahnbach on the S7 motorway in the south-east of Austria.

2 Application of Balanced Lift Method for Low Bridges

When designing bridges with low piers constructed with the balanced lift method one
must keep in mind that the span of the balanced lift part must be held between 40 and
80 m [3]. Due to these small spans, a plate girder with a pre-fabricated bridge girder as
shown in Fig. 2 is convenient as a cross section. In this case, the balanced lift method
substitutes a construction either by incremental launching or by using falsework [4].

The design of bridges with piers of small height according to the balanced
lift method will be described in this section for the example of the bridge across
the river Lafnitz in the southeastern part of Austria. For the new S7 motor-
way “Fiirstenfelder Schnellstrale” between Riegersdorf and the national border
between Austria and Hungary, the rivers Lafnitz and Lahnbach must be crossed.
The lengths of the Lafnitz Bridge and the Lahnbach Bridge are roughly 120 and
100 m, respectively. The cross section of the S7 motorway (Fig. 2) in this line sec-
tion is traced out for two separate directed lanes, therefore the bridges across the
rivers should be erected separately each with a width of 14.5 m, regarding pro-
spective reconstruction measures.

The construction areas where the two bridges for the S7 motorway are to be
built are ecologically sensitive and part of the nature reserve “Natura 2000”. The
bridges are basically needed to cross the rivers and to provide options for a deer
pass. To avoid encroachment into the natural habitat, an erection on falsework is
not accepted by the highway management company ASFINAG. The construction
site should be as small as possible and kept to the central pier and abutments. To
meet all these requirements a construction of the bridges would only be possible by
the balanced cantilever method, incremental launching or the balanced lift method.

Before the alternative design using the balanced lift method was introduced,
the plan was to build the bridges by incremental launching of steel bridge girders

125 12.00 250 12.00 125

Riegersdorf national Border

! ! d H ] i
b o | - | 1
P}

U- ) U -cast in-situ I_] I_I
- pre-fabricated concrete
bridge girder

Fig. 2 Cross section of the S7 bridges
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(Fig. 3). The cross section was, in order to withstand the bending moments during
the launching process, very high compared to the cross section height achieved
with the balanced lift method. The big difference in heights, 4.6 versus 2.0 m,
can be achieved due to the compression struts which reduce the span lengths
immensely (Fig. 4). The alternative design for the post-tensioned concrete bridges
was based on a cross-section with a plate girder as shown in Fig. 2 [5]. It was
proposed to build the central section of the webs by the balanced lift method as
shown in Fig. 4, to install the end sections of the webs by mobile cranes placed
behind the abutments, and to build the deck slab similarly to the original design by
a formwork carriage. In the course of the preparation of the alternative design, the
abutments and the locations of the central piers were rotated in plan by 30° with
respect to the longitudinal axis of the bridge in order to react to the location of
the riverbed and to provide an improved design for the deer pass. These changes
resulted in a bridge design with two equal spans.

It could be shown that the construction costs for the post-tensioned concrete
bridges erected with the balanced lift method amounted to only 70 % of the cal-
culated costs of the composite bridges. When the Austrian highway management
company ASFINAG became convinced of the financial benefits from a design
based on the balanced lift method, a detailed design for the two bridges for cross-
ing the rivers Lafnitz and Lahnbach was commissioned.

Fig. 3 Original design: a _ :
steel-concrete-composite ey i, ~ vl b G
bridge over the river Lafnitz

Al [l &
T J |
Section A - A
. _
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..... i ————— e
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the balanced lift method for [ b : TR
a post-tensioned concrete -
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2.1 Large Scale Tests

During the design of the S7 bridges it was decided to construct a bridge test structure
with a total length of 50.4 m. The design of the test structure was based on a 70 %
scale of the design of the S7 bridges. Scaled down hollow reinforced concrete ele-
ments with small element thicknesses were prepared for the different elements of the
bridge. For the 25 m long bridge girders, the side walls were 70 mm thick concrete
elements. These elements were assembled on a steel form and then connected by a
120 mm thick slab of reinforced concrete. The height of the U-shaped sections of the
25 m long bridge girder was 1.26 m but the width varied from 700 mm to 1.4 m; the
larger width was required at the point of connection with the compression strut.

The thin-walled bridge girder with its U-shaped cross section would have been
too fragile for transport, assembly and the lifting process. Therefore, a truss made
of reinforcing bars was welded to reinforcing elements protruding from the precast
side wall elements at the top of the U-section. The U-section was hence converted
to a box section which proved very robust in assembling and lifting operations.
For the installation of tendons, the bridge girders were equipped with transverse
concrete beams for future post-tensioning operations. Two 25 m long sections of a
tower crane, equipped with guide rails, served as an auxiliary pier. Figure 5 shows
the assembly of the compression struts in the vertical position. The bottom ends of
the compression struts were equipped with 30 mm thick steel plates which were
positioned quite accurately on concrete-filled steel tubes with an outer diameter
of 150 mm, to provide an inexpensive hinge connection. The lifting of the second
bridge girder is shown on the right of Fig. 5.

The lowering operations of the top points of the bridge girders with the aid of two
mobile cranes are shown in Fig. 6. The maximum lifting force had been calculated at

Fig. 5 Auxiliary pier and assembly of compression struts with the aid of a mobile crane left.
Assembly of the second bridge girder right
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Fig. 6 Lowering of the top points of the bridge girders with the aid of mobile cranes

270 kN, which corresponded well with the lifting force measured by the cranes. On
a real bridge, the compression struts would then be filled with cast in situ concrete.
In this case, where the structure is intended as a demonstration project, only the node
above the pier was filled with concrete to provide some wind resistance.

2.2 Designs According to the Balanced Lift Method
Jor Bridges with Low Piers

In the last years, several additional conceptional bridge designs according to the
balanced lift method have been prepared. As an example, the two bridges for the
city bypass of Wieselburg are shown in Fig. 7. The cross-section for the bridges
was designed as a plate girder with a width of 16 m, quite similar to the bridges
on the S7 motorway described above. The location of the bridges is also situated
in an environmentally sensitive area and it could also be shown to the owner that
the application of the balanced lift method would have economic advantages com-
pared to a design based on the incremental launching of steel girders.

LONGITUDINAL SECTION

® max span =105.00 m - -
27 50m S0.00m 2750m
e | 1270 1480 | 1480 20.40 1480 | 1480 1270 | s
1 ] 1

LONGITUDINAL SECTION
max. span=178.00m

t 33.00m
o [ VBZ0 1480 | T4ED

Fig.7 Bridge design of two Erlauf bridges according to the balanced lift method
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3 Application of Balanced Lift Method for High Bridges

When designing bridges with one high central pier constructed with the balanced
lift method spans from 40 up to 125 m can be achieved. In this case the balanced
lift method substitutes the balanced cantilever method. San Leonardo viaduct
(Fig. 8) is a perfect example for a bridge that could have been constructed by the
balanced lift method with one central pier only. The San Leonardo viaduct has
two equal spans of 105 m. The bridge was built from 1968 to 1970 as part of the
Palermo-Catania motorway in Sicily. If a deep and wide valley is spanned the bal-
anced lift parts can be added enabling spans from 100 to 250 m (Fig. 9). In com-
parison to the plate girder cross sections of the bridges with low piers box girder
cross sections are needed for spans larger than 100 m.

3.1 Bridge Girders Out of Hollow Wall Elements
and Ultra-Thin Precast Elements

As it has been mentioned before the weight of the bridge girders and compression
struts is of utmost importance during the lifting operation. Due to the large spans of
the bridges bigger cross sections must be constructed. Therefore the cross sections
as used for the S7 bridges could not be applied, but the idea of using precast ele-
ments in collaboration with in situ concrete was refined to create light box girders.

Fig. 8 San Leonardo viaduct in Sicily

Bal i lift parts

Fig. 9 A bridge across a deep, wide valley
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The webs of the bridge sections are made out of hollow wall elements and are held
together by ultra-thin precast elements. In this state, the elements only have one
fourth of the weight of a finished bridge girder with the same length (Fig. 10).

For a research project, two sections, each with a different kind of separation-
reinforcement in the hollow wall elements, were built and tested. One set of
hollow wall elements, which are used as the webs of the bridge girder, were manu-
factured using conventional lattice-girders (Fig. 11), the second set used curved
steel elements (Fig. 11).

The construction of the precast elements starts with the manufacture of the webs.
The hollow wall elements are manufactured fully automatically on a rotary produc-
tion. Owing to the production process, the maximum width of the hollow wall ele-
ments is limited to 500 mm, the maximal height and length are limited to 3.40 and
12.00 m respectively. Due to limited space between the two slabs of the hollow wall
element, all reinforcement and all of the ducts required for subsequent prestressing
should be attached to the reinforcement cage before the hollow wall elements are cast.

While the wall elements are being manufactured the reinforcement cage for the
floor slab and the deck slab can be produced. To reduce the weight of the precast
section the floor slabs width is held to a minimum of 70 mm, with a stabilizing
beam every two meters to strengthen the slab. The hollow wall elements are placed
upright on a casting table and the floor slab including the stabilizing beam are cast
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Fig. 12 Hollow wall elements are placed upright and the reinforcement cage for the floor slab is
installed /eft. Casting of the floor slab right

e . R S S — W e

Fig. 13 Deck slab on the casting table left. The finished precast bridge girder right

(Fig. 12), creating a u-shaped section. The length of the bridge girder segments
is not limited by the length of the hollow wall segments (12 m). The hollow wall
elements can be put side by side before the floor slab is cast, therefore creating a
bridge girder segment with any desired length.

The deck slab is cast separately on a casting table with a stabilizing beam out
of steel [Fig. 13 (left)]. After hardening the deck slab can be placed on top of
the u-shaped section. Through welding parts of the deck slab and the stabilizing
beam together with the u-shaped section, the precast bridge girder has reached
its final state and is ready for transportation [Fig. 13 (right)]. Once the precast
elements reach their destination and are installed in their final position, the filling
of the floor slabs and the hollow wall elements with in situ concrete can begin.
For the casting of the deck slab the thin precast element must be supported.

3.2 Large-Scale Tests on the Bridge Girders

Large-scale tests were used to provide valuable insight into the stability of the
girders and for checking how precisely the weight of the actual girders corre-
sponded with the calculated weights. The experimental girders were subjected to
loading tests to assess their performance during transport and lift operations. The
experimental setup of the large-scale tests is shown in Fig. 14.
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The bridge girder sections were placed on 3 bearings and the load was applied
with four hydraulic jacks. In order to apply a linear load instead of a punctual load
the jacks were placed on wooden beams. The deflection of the deck and floor slabs
was measured with a set of linear variable differential transformers (LVDT’s).
Each precast bridge girder section was instrumented with 18 LVDT’s, of which
nine LVDT’s measured the deflection of the deck slab and the other nine measured
the deflection of the floor slab. Both precast bridge girder sections demonstrated
the same load bearing behavior.

Since the only goal of the test was to provide an insight into the stability of the
sections the experiment stopped at a load of 45 kN. At a load of approximately 45 kN
the maximal measured deflection of the deck slab was approx. 12 mm. The mean
of the deflections of the deck slab in correlation with the load is shown in Fig. 15.
The stiffness of the precast bridge girder sections can be therefore calculated to be
EI = 7.9 MNm?. The results confirm that the elements have enough stability to be
transported and installed but will need extra support while the deck slab is being cast.
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4 Conclusions

By employing the balanced lift method, the spans of the bridge girders are reduced
by the compression struts, thus enabling considerable savings in construction
materials. The proposed method will be especially advantageous for bridges with
high piers and span lengths between 50 and 250 m. The usage of temporary piers
enables an economic application of the balanced lift method for bridges with piers
of modest height, as for example the two bridges on the S7 motorway.

Another advantage of the balanced lift method is the fact that all assembly and
mounting operations are concentrated at the pier and that the rotation of the bridge
girders can be carried out much faster than by horizontal launching of the bridge
girders. The small space requirements and the high construction speed might be
of advantage when an obstacle like a railway line or a busy motorway has to be
spanned by a bridge and the interruption of the traffic routes has to be kept to a
minimum. Different cross sections out of thin precast elements have been devel-
oped and tested allowing a construction of bridges with the balanced lift method in
lengths between 50 and 250 m.
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Third Bosporus Bridge Aerodynamics:
Sectional and Full-Aeroelastic Model
Testing

Alberto Zasso, M. Belloli, T. Argentini, O. Flamand, G. Knapp,
G. Grillaud, J.-F. Klein, M. Virlogeux and V. de Ville

Abstract The assessment of the aerodynamic performances of the Third Bosporus
Bridge (BB3) has been realized through tests in two different Wind Tunnels, CSTB
and Politecnico di Milano (POLIMI) and with different scale factors. The design
process of a super long span bridge is strongly influenced by the wind actions on
the bridge itself and the definitions of wind loads and wind induced dynamics can-
not be done without relevant experimental campaigns. The definition of the local
wind characteristics is the preliminary experimental test to be done, and the final
verification of the bridge response to turbulent wind is the last stage of the wind
design. For the Third Bosporus Bridge all these activities have been undertaken in
close collaboration by the two cited laboratories. The collaboration granted a cross
check of the results and of the test methodologies and hence assured a good relia-
bility of the collected experimental data-base. In particular, at CSTB two sectional
models with different scale factors 1:100 and 1:25 have been tested to assess the
bridge stability, the response of the deck to vortex induced vibrations and to define
the wind profile on the different lanes, and consequently the wind lateral loads on
passing vehicles. Moreover, at CSTB a model of a tower has been tested in a very
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large scale and high Reynolds number to understand the wind interaction of the
stand-alone tower during the erection stages. At POLIMI the overall wind response
have been tested using a full bridge 1:180 aeroelastic model to define the bridge
response to turbulent wind and to check the bridge stability limit also during the
erections stages. Finally a large 1:50 scale multi modal aeroelastic model simulat-
ing the torsional and vertical bending deck behavior was also tested in order to
check in a larger scale possible vortex shedding induced vibrations as well as for a
cross check with CSTB of possible Reynolds Number effects on the porous wind
screens. The results of the experimental activities gave to the design team all the
information needed to consider the wind response and highlighted the very good
behavior of the bridge under wind actions from all the point of view: stability, vor-
tex induced vibrations, wind loads and effects on the passing vehicles.

1 Introduction

The static and dynamic behavior of a bridge under wind actions is a fundamental
aspect that allows one to assess the performance of the structure and the effective-
ness of its design. The accurate study of bridge aerodynamics is a very important
since many wind-structure interaction problems may occur: vortex-induced vibra-
tions [1], aeroelastic instabilities (divergence, galloping, flutter). Numerical stud-
ies, performed in the preliminary design of the bridge, must be validated against
wind tunnel tests on scale models before the final go for the project (e.g. [2-7]).
In this paper, we present an overview of the wind tunnel testing procedure used
to study the aerodynamics of the Third Bosporus Bridge. Wind tunnel tests were
performed exploiting two complementary facilities, Politecnico di Milano (Polimi)
and Centre Scientifique et Technique du Batiment (CSTB), in order to define a
wide set of tests covering all the fundamental technical issues.

2 Step 1 of the Wind Tunnel Testing Procedure

The wind tunnel testing consisted of three subsequent steps. The first step is sum-
marized in Fig. 1. It mainly consisted in the testing of the preliminary deck (static
and dynamic) and in the selection of its optimal configuration (Fig. 2). Besides,
towers were tested for static forces (Fig. 3). From pressure distribution analysis
(Fig. 4), one can also see the vortex shedding phenomenon, which will be studied
in step 2 using an aeroelastic model.

Due to the great width and slenderness of the bridge deck, carbon fiber was
employed in the production of the aeroelastic sectional model. This has the advan-
tage of a high stiffness and low weight and therefore provides a higher natural fre-
quency in the deck model itself than more conventional materials, providing the
best possible approximation to the assumption of an infinitely rigid sectional model.
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Deck (CSTB) Tower (CSTB)
Rigid section model Rigid model
- scale 1:100 - scale 1:150
- Static Coefficients - Boundary Layer
for different configurations - High Reynolds Number

- Validation of wind shields
(location, size, porosity)

- Static forces at foundation
- Pressure distributions

Aeroelastic section model

- scale 1:100

- 2 dofs (vertical/torsional)

- VIV [ aeroelastic stability

- Flutter derivatives (free motion test)

|

Selection of optimal
deck configuration

Fig. 1 Step 1 of the wind tunnel testing procedure

Fig. 2 CSTB 1:100 deck
sectional model

The model was mounted upon a spring system and tested under low-turbulence
conditions to examine the possibility of vortex-induced vibrations and to confirm
deck stability under extreme wind speeds. The model was then retested in realistic
turbulent wind conditions to quantify the static and dynamic behavior of the deck.



138

A. Zasso et al.

Fig. 3 Tower model tested in CSTB high Reynolds number wind tunnel. Pressure taps distribution
and surfaces discretization (/eff)—Ring of pressure taps on one of the legs of the tower (right)
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Fig. 4 Spectral analysis of the instantaneous X and Y normalized forces on leg 1 (a and b
respectively) and leg 2 (¢ and d respectively) at 80° (full scale frequency) evidencing the vortex
shedding phenomenon
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The tower model was fabricated to a high degree of precision from carbon-fibres
and epoxy resin. The tower was equipped with 229 pressure taps allowing measure-
ment of local pressures at every point on the tower. The model was mounted on a
high-frequency base balance to measure the overall dynamic load on the tower.

3 Step 2 of the Wind Tunnel Testing Procedure

The second step of the wind tunnel testing procedure was performed in the
boundary layer wind tunnel of Politecnico di Milano. The tests performed are
summarized in Fig. 5. A set of aeroelastic models in scale 1:180 were built to

STEP 2

Aeroelastic tests (POLIMI)

Full aeroelstic models
- scale 1:180
- boundary layer wind tunnel

Completion bridge Erection stages
- full bridge with final configuraton - tower stand alone
of deck - tower + cantilever deck

- tower + cantilever deck
+ suspended deck

Smooth flow tests Turbulent flow tests

- VIV - Buffeting response and

- stability loads, wind different wind
directions and turbulence
characteristics

Confirmation of general
positive performances.

Possible null aerodynamic
damping at low V* — step 3

Fig. 5 Step 2 of the wind tunnel testing procedure
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investigate vortex induced vibrations, aeroelastic stability, and buffeting response.
Different wind directions, with different turbulence characteristics were tested.
Figures 6, 7 and 8 show 2 different aeroelastic models tested: full bridge, and the
cantilevered-deck configurations. The models where designed using Froude similarity.
Typical results obtained from these kind of tests are reported in Figs. 9 and 10:
the first plot reports the trend of the acceleration of two different sections of the
deck in turbulent flow as a function of the wind velocity, measured with acceler-
ometers. The second one shows the mean and standard deviation of the bending

Fig. 7 Aeroelastic model of the cantilever deck construction stage of the BB3 in the POLIMI
wind tunnel with turbulent flow conditions

Fig. 8 Aeroelastic model of the cantilever deck construction stage of the BB3 in the POLIMI
wind tunnel
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Fig. 10 Example of results from boundary layer wind tunnel tests: mean and std value of bend-
ing moment at tower foundations in turbulent flow as a function of the wind velocity
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moment at the tower foundations in turbulent flow, measured with multi-component
balances. The tests confirmed the general positive performances of the bridge at
in-service and in construction stages.

4 Step 3 of the Wind Tunnel Testing Procedure

Since the deck aeroelastic coefficients have a torsional aerodynamic damping
at low reduced frequency that is very low (nearly null), further investigations
were made on larger scale models to check for VIV possible problems at higher
Reynolds number and with more detailed models. Moreover, because it is made
of half circular elements, the wind screen performance under Reynolds Number
effects was tested. Two different models were tested as summarized in Fig. 11:
at POLIMI an aeroelastic multi-modal deck model in 1:50 scale to study VIV
(Figs. 12 and 13), at CSTB a 1:25 rigid deck section model to study the wind
screens at high Reynolds Numbers (Fig. 14). Some comparisons between the
models were done in terms of pressure distributions and vertical wind profiles to
compare results with different Reynolds numbers. Figures 15 and 16 shows a com-
parison of the deck pressure distribution and of some vertical wind speed profiles
between the two models that show a very good agreement.

These tests confirmed the good performances of the deck with respect to vortex
induced vibrations, and allowed to have a fine characterization of the pressure field
around the deck (to validate CFD models) and of the performances of different
wind shields configurations.

STEP 3
Request for checking VIV and Wind Screens towards Reynolds Effect

Rigid Deck Section model Aeroelstic multi-modal deck model
(CSTB) (POLIMI)

scale 1:25 . scale 1:50

- Vertical wind profiles CLuDEIERD: - Vertical wind profiles

- Deck pressure distributions gerziflg::: = Deck pressure distributions

- Wind loads on vehicles -VIv

- High Reynolds Number

Wind shields @
OK

Fig. 11 Step 3 of the wind tunnel testing procedure
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Fig. 13 Details of the aeroelastic multi-modal deck model of the BB3 in the POLIMI wind
tunnel

Fig. 14 Rigid deck model of
the BB3 in the CSTB wind
tunnel scale 1:25
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5 Conclusions

The wind tunnel testing procedure for the Third Bosporus Bridge has been pre-
sented. The cooperation of two complementary wind tunnel laboratories (CSTB
and POLIMI) has been exploited to perform a complete aerodynamic and aeroe-

lastic characterization of the bridge.
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The results of the experimental activities gave to the design team all the infor-

mation needed to consider the wind response and highlighted the very good
behavior of the bridge under wind actions from all the point of view: stability, vor-
tex induced vibrations, wind loads and effects on the passing vehicles.
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Seismic Response of Bridges Considering
Different Ground Motion Selection Methods

X. Liang, S. Giinay and K.M. Mosalam

Abstract This paper makes use of different ground motion selection and scaling
methods for the identification of predominantly first-mode engineering demand
parameters (EDPs) of bridges under earthquake excitation. Two groups of ground
motions are selected for this purpose. The first group, expected to result primar-
ily in the first-mode response, is selected using the conditional mean spectrum
(CMS) method. The second group, which serves as the reference for comparison,
is selected to match a chosen scenario response spectrum. Since the shape of the
chosen scenario spectrum allows higher mode response, the ground motions in
this second group are considered as the ground motions with higher mode effects.
Both groups of ground motions are selected using a method that seeks to match
the mean and variance of the target spectrum. Comparison of the nonlinear time-
history analysis responses from the two groups for three chosen ground motion
scenarios indicates that higher mode effects are more pronounced on column dis-
placements and deck accelerations than the column shear forces.

1 Introduction

The nonlinear structural response of bridge systems, similar to most complex
structures, is intricate that it is often highly sensitive to the selection and modifica-
tion of the input ground motions. This paper makes use of different ground motion
selection and scaling methods for the identification of predominantly first-mode
engineering demand parameters (EDPs) of bridges under earthquake excitation.
Two groups of ground motions are selected for this purpose. The first group,
expected to result primarily in the first-mode response, is selected using the condi-
tional mean spectrum, namely the CMS method. The second group, which serves
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as the reference for comparison, is selected to match a chosen scenario response
spectrum. Since the shape of the chosen scenario spectrum allows higher mode
response, the ground motions in this second group are considered as the ground
motions with higher mode effects. Both groups of ground motions are selected
using a method that seeks to match the mean and variance of the target spectrum.
Nonlinear time-history analyses were conducted for selected highway bridges
modeled in OpenSees [1] using the two groups of ground motions. Comparison of
the nonlinear time-history analysis responses from the two groups for three chosen
ground motion scenarios indicates that higher mode effects are more pronounced
on column displacements and deck accelerations than the column shear forces.
Therefore, the column base shear is likely a first-mode-dominant EDP.

2 Bridge Structures and Analytical Models

Three highway bridge structures, reflecting common practice in California, are
used in this study. These bridges are: (1) Jack Tone Road Overcrossing (Bridge
A), a bridge with two spans supported on a single-column bent, (2) La Veta Avenue
Overcrossing (Bridge B), a bridge with two spans and a two-column bent, and (3)
Jack Tone Road Overhead (Bridge C), a bridge with three spans and two three-
column bridge bents. Extensive simulations were conducted on these bridges [2]
using OpenSees [1], on which the modeling assumptions adopted herein are based.
OpenSees [1] has a sufficient element and material response library and empowers
scripted execution of repetitive nonlinear time-history analyses (NLTA) through
which the model parameters and input ground motions can be systematically var-
ied. The bridge models used in the simulations are depicted in Figs. 1 and 2. Seat-
type abutments, shear keys, expansion joints, column-bents, and the superstructure
are included in the model. For a detailed explanation of the employed modeling
assumptions, refer to the descriptions in [3].

Two approaches are considered for abutment modeling: detailed and simpli-
fied. In both approaches, the longitudinal responses of the backfill and the expan-
sion joint, the transverse responses of the shear keys, and the vertical responses
of the bearing pads and the stemwall are all explicitly considered. In the detailed
modeling approach (Fig. 3a), five nonlinear springs, connected in series to gap ele-
ments, are used to model the passive backfill response and the expansion joint.
The strength and initial stiffness of the soil springs are determined according to
Caltrans SDC [4]. The shear key response is modeled using a nonlinear spring
with a tri-linear backbone curve. The vertical response of the bearing pads and
the stemwall is modeled by two parallel springs that represent the stiffness of the
bearing pads and the stemwall. In the simplified modeling approach, the number
of nonlinear springs connected in series to the gap elements is reduced to two as
shown in Fig. 3b, and the shear key response is modeled using an elastic-perfectly-
plastic backbone curve.
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3 Ground Motion Selection

For each bridge, three earthquake scenarios are considered, namely those with 2,
10 and 50 % probabilities of exceedance (POE) in 50 years. The attenuation model
by Campbell and Bozorgnia [5] is used to approximate these three hazard levels.
Figure 4 shows Uniform Hazard Spectra (UHS) of the three hazard levels and their
approximations for the site of Bridge B.

The CMS [6], which is a response spectrum associated with a target value of
the spectral acceleration Sa at a single period, serves as the target spectrum for the
first group of ground motions. In this study, this single period is the fundamental
period of the considered bridge. The second group, which serves as the reference
for comparison, is selected to match the spectrum predicted by the attenuation
model of Campbell and Bozorgnia [5]. Figure 5a shows the response spectrum
by the attenuation model from Campbell and Bozorgnia [5] that approximates the
UHS at hazard level of 10 % POE in 50 years for Bridge B, i.e. the target spectrum
for the second (reference) group. Also shown in Fig. 5a is the CMS [6] anchored
at the fundamental period of Bridge B of 1.1 s, which is the target spectrum for
the first group. As mentioned before, both groups of ground motions are selected
using a method proposed by Jayaram et al. [7] that seeks to match the mean and
variance of the target spectrum (Fig. Sb). With a target distribution, Monte Carlo
simulation is used to probabilistically generate multiple realizations of response
spectra, and then recorded ground motions whose response spectra individually
match the simulated response spectra are selected. Furthermore, a greedy optimi-
zation is applied to improve the match between the target and the sample means
and variances. This is performed by replacing one previously selected ground
motion at a time with a record from the database that generates the best improve-
ment in the match. For a detailed explanation of this method, refer to [7].
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4 Simulation Results

As discussed above, there are two approaches for abutment modeling: detailed
(Fig. 3a) and simplified (Fig. 3b). For each of the two abutment modeling of each
of the three bridges, 40 ground motion records are selected for each of the three
scenarios per each of the two ground motion groups, and NLTA are conducted
with the selected ground motions, which yield a total of 2 x 40 x 3 x 2 = 480
simulations per bridge for the three considered bridge systems. The maximum col-
umn drift ratio, base shear, and deck total acceleration are selected as the EDPs.
Figures 6, 7 and 8 present the ratios of the median EDPs from the ground
motions of the first group (CMS) to those from the ground motions of the second
reference group. Because the first and second groups are the first-mode dominant
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and higher mode response reflecting ground motions, respectively, the smaller the
ratio, the more the considered EDP is affected by the higher modes. It is observed
that the ratio for the column base shear is close to 1.0 and almost invariant for
both modeling cases and the three scenarios. On the other hand, the ratios for
the column drift and deck acceleration are always less than 1.0 and reduce as the
hazard level and the corresponding nonlinearity level increase. Accordingly, it is
concluded that the higher mode effects are more pronounced on column displace-
ments and deck accelerations than on column shear forces. Moreover, the effects
of higher modes on the column drift and deck acceleration increase with increas-
ing nonlinearity. However, the column base shear is likely to be a first-mode domi-
nant EDP, independent of the hazard level.

For the 10 and 2 % POE in 50 years cases, the first mode dominancy of the
column base shear can be explained by the fact that it is limited by the base
shear capacity of the column (direct shear or the shear force limited by flexure).
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However this explanation is not valid for the 50 % POE in 50 years scenario,
where the response is below the column base shear capacity, indicating that the
column base shear is not affected from higher modes also in the linear range.

It is noted that the comparison is not recorded for Bridge C with detailed abut-
ment modeling for the hazard level of 2 % POE in 50 years. This is due to the fact
that 7 out of 40 ground motion records in the second group failed to converge,
despite significant efforts to improve convergence [8].

The results in Figs. 6, 7 and 8 are supportive of the statement that the higher
modes affect the response of bridges to a greater extent than that of buildings as
indicated in [9]. Furthermore, examining the obtained results from a ground motion
selection aspect, it can be stated that the CMS method underestimates the column
drift ratio and the deck total acceleration with respect to the ground motions selected
to match the UHS. In order to evaluate the accuracy of these methods, an estimate
of the true response can be obtained using the concept of high-end prediction (HEP)
[10, 11]. However, this investigation is beyond the scope of the presented study.

5 Summary and Conclusions

This study employed different ground motion selection and scaling methods to
identify the predominantly first-mode engineering demand parameters (EDPs)
of bridges under earthquake excitation. For this purpose, the median maximum
responses of three selected EDPs, namely column drift ratio, the column base
shear, and the deck total acceleration, from two groups of ground motions, were
investigated. The responses from the first group, selected using the conditional
mean spectrum, were expected to represent the first-mode-dominant response.
The responses from the second group, with the spectrum shape allowing higher
mode responses, were considered as responses including the higher mode effects.
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A method that seeks to match both the mean and variance of the target spectrum
was utilized for selection of ground motions for the two groups. Comparison of
the responses from 1440 nonlinear time-history analyses obtained from the two
groups for three representative ground motion scenarios, i.e. 50, 10 and 2 % prob-
ability of exceedance in 50 years, on three bridge systems with two approaches
to model their abutments, indicated the higher mode effects are more pronounced
on column displacements and deck accelerations than on column shear forces, the
effect of higher modes increases with increasing nonlinearity and the column base
shear is a first-mode-dominant EDP, independent of the hazard level.
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A Proposal for the Improvement
of the Earthquake Resistance
of Multi-span Precast I-Beam Bridges

Ioannis A. Tegos, Sevasti D. Tegou and Mihail A. Tsitotas

Abstract This study proposes an innovative restraining system for the improvement
of the earthquake resistance of precast concrete I-beam bridges mainly in the longi-
tudinal direction. The proposed method is based on the connection of the continuous
deck slab of the bridge through the sidewalks with both abutments and the elimina-
tion of the end expansion joints. In this way, the bridge obtains four restraints (one
per wing-wall), which behave as tension ties during the deck contraction and have
the ability to reduce the seismic movements of the deck. The resultant in-service
requirements due to creep, shrinkage and thermal effects are properly accommo-
dated. Each sidewalk is divided to zones that are anchored to the deck and zones that
have the ability to slip on the deck. The efficiency of the proposed method is inves-
tigated by utilizing a precast [-beam bridge of Egnatia Odos Motorway in Greece.
This bridge has been converted to a ductile bridge system by using active seismic
stoppers at the head of the piers.

1 Introduction

Conventional bridges are supported on piers and abutments through bearings,
while expansion joints (between the deck of the bridge and the abutment) are pro-
vided in order that length changes of the bridge’s deck—due to temperature and
other effects—take place without inducing additional stress and strain fields. This
way, the system abutment-embankment is not a part of bridge’s structural system
and therefore it does not play an active role in resisting the earthquake action.

A critical part of the aforementioned bridge systems is the sensitivity to seismic
displacements [1]. In high seismicity regions, precast I-beam bridges with tall piers
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that are connected to the deck through elastomeric bearings usually develop large
displacements. According to Code’s provisions, they could be limited by utilizing
energy dissipation devices [2-5].

However, it is possible to include stoppers between the piers and the deck of
the bridge, Fig. 1, in order to enforce common displacements in these elements.
Actually, modern earthquake codes, such as Eurocode 8- Part 2 [6] include a meth-
odology for designing bridges with stoppers acting as restrainers. Nevertheless,
this methodology is followed very rarely, since designers prefer to include ade-
quate gaps to address the creep, shrinkage and thermal effects.

On the other hand alternative methods that lead to a reliable and cost effective
design have been proposed in recent studies [7—10]. Recently, there have been
many efforts aiming at reducing the seismic displacements of bridges. In particu-
lar, Mikami et al. [11] studied ways of including the abutments in the bridge’s
resistance to earthquakes. Nutt and Mayes [12] showed that this way the cost of
the bridge is reduced. Along these lines there has been recently a lot of activity at
the Reinforced Concrete and Masonry Structures Lab of the Aristotle University

Fig. 1 a Active longitudinal (a) Longitudinal Reinforcement
seismic stopper at pier of a L
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of Thessaloniki, Greece. Many studies had been made on the issue of the use of
embankments, abutments for the enhancement of the earthquake resistance capa-
bility of the structure [7, 8].

This work is an attempt at studying the effects of including the sidewalks in
the structural system of the bridge against earthquake action. In particular, in this
study is investigated how the sidewalks may work in as restrainers. The proposed
methodology is reliable and cost-effective, and it is proposed as an alternative to
the base isolation one that has started been widely accepted in recent years.

2 Description of the Proposed Restraining System

Bridge sidewalks are non-structural elements that are included in the additional
permanent loads of the bridge. In this study, the sidewalks are developed and are
considered to participate in the earthquake resisting system of the bridge.

The end parts of the bridge sidewalks are converted to seismic restrain-
ers, which behave as tension ties and restrain the longitudinal movements of the
bridge. The so-called seismic active length of the sidewalks is mainly determined
by the serviceability requirements of the bridge. The configuration of the proposed
restraining system is given in Figs. 2 and 3. Each sidewalk is divided to three
zones. The outer zones are anchored to the deck while the central one has the abil-
ity to slip on the bridge deck, Fig. 3b.

anchorage len,
_I»:-’ﬁ)rg -

A= B= Sidewalk

Fig. 2 Longitudinal section of a precast I-beam bridge in which the proposed sidewalks-
restrainers are implemented
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Fig. 3 a Cross-section of the sidewalk-restrainers at the anchorage length (Section A-A in
Fig. 2), b cross-section of the sidewalks-restrainers (section B-B in Fig. 2)

The implementation of the proposed technique requires the proper anchoring
of the sidewalks ends. More specifically, the inner end of the sidewalks (toward
the centre of the bridge) is anchored to the bridge deck through dowels arranged
in a grid of 150 x 150 mm, Fig. 3a. The anchorage length is about 2.0 m. The
outer end of the sidewalks (toward the embankment) is anchored to the top of the
wing-wall.

3 Serviceability and Seismic Performance of the
Sidewalks-Restrainers

During the contraction of the bridge deck the sidewalks behave as tension ties.
The developed tensile forces are balanced by the longitudinal reinforcement of
the sidewalks. In Fig. 4 the idealized behaviour of a reinforced concrete tie is
presented [13]. According to this figure the contribution of the concrete may be
considered to increase the stiffness of the tensile reinforcement (tension stiffening
effect).

The minimum design length of the segment of the sidewalks that is engaged in
resisting the seismic effects in the longitudinal direction is determined by the ser-
viceability requirements of the bridge. More specifically its calculation is based on
the crack control according to the Code’s requirements [14]. In this calculation the
modulus of elasticity of the sidewalk-tie is taken 20 % greater than the modulus
of elasticity of the steel according to Fig. 4. At this point, it is also necessary to
note that, there is a difference between the requirements of the serviceability and
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Fig. 4 Idealized behaviour of a reinforced concrete tie

seismicity needs regarding the longitudinal reinforcement ratio of the sidewalks.
This happens because an increase in the number of bars, although it definitely
improves the seismic resistance, it leads to additional secondary moments for the
service limit state.

The maximum in-service change in the sidewalk’s length A/ is derived by
Eq. 1. The first part of Eq. 1 corresponds to the maximum in-service movement
of the bridge. The deck contracts due to the maximum thermal contraction [15].
The second part of Eq. 1 corresponds to the change in the sidewalk’s length due
to the thermal contraction, creep and shrinkage. ATy, is the sum of the maxi-
mum variation of the uniform bridge temperature contraction component ATx con
and the equivalent uniform contraction temperature ATy . due to creep and
shrinkage [16]. The first part of ATy, was considered to be equal to 25 °C
[15] while the second part was also considered equal to 25 °C. a is the coeffi-
cient of thermal expansion, assumed to be equal to 1075 m/°C [14], Ly, is the total
length of the continuous deck of the bridge and I, is the effective length of the
sidewalk- restrainer.

Llot
Al =a - ATy con - N - leﬂ +a- ATy o - leﬁ (D)

The minimum length, /., is derived by Eq. 2 as it is the only unknown factor. The
first part of the equality corresponds to the deformation of the sidewalk. Al is the
maximum in-service change in the sidewalk’s length and includes the unknown
length lop.

Al
— ~0.15% ()

Lo
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The deck’s contraction due to creep, shrinkage and thermal effects causes tension
of the sidewalks-restrainers. The developed axial force acting at the centre of the
sidewalk’s cross section at the anchorage joint causes a bending moment which
compresses the bottom surface and has favourable effect on the distress of the
deck due to the dead and traffic loads. On the other hand, the thermal expansion
of the deck does not cause additional forces as the implied buckling of the side-
walk contribute to the elimination of the negative effects. The maximum lift of the
sidewalks-restrainers due to the aforementioned inappreciable bend is of the order
of some millimetres.

During the longitudinal earthquake the sidewalks-restrainers behave as tension-
ties which restrain the longitudinal movements of the bridge deck. The forces of
the sidewalks-restrainers are transferred to the wing-walls. Equation 3 gives the
maximum tensile resistance Fyq of the sidewalks. In this equation Ay is the longitu-
dinal reinforcement area and f4 is the design yield stress of the steel bars (taking
into account a safety factor 1.15) [14].

Fyd = As 'fyd (3)

The longitudinal reinforcement of the sidewalks-restrainers consists of bars of
14 mm or 16 mm diameter corresponding to a ratio equal to 2—4 % while dense
transverse reinforcements of diameter 8—10 mm are used for the confinement of
the cross-section.

4 Description of the Bridge Used as the ‘“Reference’” Case

The efficiency of the proposed restraining system was assessed by applying it
on a ductile alteration of a precast I-beam bridge located at Asprovalta territory
of Egnatia Odos Motorway and is given in Fig. 5a. This “reference” bridge has
four spans and a total length equal to 137.6 m. The deck, Fig. 5b, consists of five
simply supported precast and prestressed I-beams, precast deck slabs and a cast

b= 137.60 -
(d) 3380 == 5.00 5.00 .
Fig. 5 a Longitudinal section of the “reference” bridge, b cross-section of the deck, ¢ cross-

section of the piers of the “reference” bridge and d cross-section of the piers of the ductile
alteration of the “reference” bridge
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in situ part of the slab. The deck is supported on both abutments and on the piers
through low damping rubber bearings. The piers of the “reference” bridge, Fig. Sc,
are hollow rectangular sections with external dimensions 3.1 x 5.1 m and a web
thickness equal to 0.45 m. The bridge is founded on a ground type B according
to the Greek seismic design code [17]. The design ground acceleration was equal
to 0.16 g. The importance factor adopted was equal to yI = 1.3 [18], while the
behaviour factors were equal to 1.0 for the three directions.

The properties of the ductile bridge alteration used for the investigation on the
efficiency of the proposed restraining system are the same with the initial one
apart from the cross-section of the piers (circular cross-sections), Fig. 5d. This
bridge has also active longitudinal seismic stoppers at the head of piers P, and P3.
The method used for the conversion of the “reference” bridge to a ductile system
has analytically been presented in a previous study [19].

This bridge which is considered to be the “reference” case of the study is ana-
lysed considering ground accelerations 0.16 and 0.24 g.

The longitudinal reinforcement of the sidewalks corresponds to a ratio equal to
2 %. The minimum design length of the seismically active parts of the sidewalks
was determined according to the serviceability requirements of the bridge. This
length is equal to 13.8 m. The seismic active length of the sidewalks-restrainers
must be greater or equal than the aforementioned minimum length. In this study
the seismically active parts of the sidewalks is selected to be anchored at the first
and third pier. Considering that the length of the end spans of the bridge is 33.8 m
the total length of each sidewalk-tie is 36.8 m. This length is the span’s length plus
the anchorage length of the sidewalk into the wing-wall (5 m) minus the anchor-
age length of the sidewalk on the deck (2 m). Each sidewalk has a width equal to
1.0 m which is divided to three zones. The outer zones (b; = 0.30 m) are anchored
to the deck while the central one (by = 0.40 m) has the ability to slip on the bridge
deck.

5 Evaluation on the Seismic Performance of the Proposed
Restraining System

The seismic efficiency of the proposed restraining system was assessed using non-
linear time history analysis. Five artificial records compatible with the Eurocode
8- Part 1 [20] elastic spectrum and corresponded to 0.16 g and 0.24 g peak ground
accelerations were used. The Newmark integration method was used, with time
step At = 0.01 s and a total of 2000 steps (20 s of input).

Figure 6 illustrates the model of the modified bridge, in which the sidewalks are
used as seismic restrainers. The superstructure was modelled by frame elements
and the existing bearings by springs. The sidewalks-restrainers were modelled
by springs, which act only in tension. Analysis was carried out by using the SAP
2000 program [21]. The plastic hinging in the piers was modelled by considering
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nonlinear rotational spring elements at the ends of the piers. The input parameters
of the moment-rotation (M-6) relationship were determined by fibre analysis per-
formed in the computer program RCCOLA-90 [22] for each pier cross-section.

The analysis presented in the following paragraphs focuses on the longitudinal
response of the bridge, as the method presented in this study deals with this direc-
tion of the bridge, which, as it is known, is more demanding than the transverse
one. The response of the bridge to the transverse earthquake is more easily treated
due to the presence of seismically active stoppers at the head of the piers.

The efficiency of the proposed restraining system was assessed by comparing
the longitudinal movements of the modified bridge deck with the movements of the
initial one. Figure 7 shows the longitudinal movements of the initial and the modi-
fied bridge systems for two ground accelerations 0.16 and 0.24 g. It is deduced that
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the longitudinal movements of the modified bridge are about 50 % smaller than the
movements of the initial one for ground acceleration 0.16 g. The aforementioned
percentage is increased for the case of ground acceleration 0.24 g to 58 %.

6 Conclusions

In this study the investigation on the seismic efficiency of an innovative restraining
system for the improvement of the earthquake resistance of precast I-beam bridge
was presented. The proposed methodology is based on the conversion of the end
parts of the bridge sidewalks to seismic restrainers. Each sidewalk is divided to
three zones. The outer zones are anchored to the deck while the central one has
the ability to slip on the bridge deck. The one end of the sidewalk is anchored at
the deck through high strength dowels, while the second is anchored at the top of
the wing-wall. The efficiency of the proposed method is investigated by utilizing
a precast I-beam bridge of Egnatia Odos Motorway in Greece. It is desirable to
underline the following as the main results of the investigation:

e The proposed restraining system is indicated for precast I-beam bridges. It
aims at the effective reduction of the displacements due to the longitudinal
earthquake.

e The proposed methodology comprises an indirect technique for the improve-
ment of the earthquake resistance of bridges and it does not affect the aesthetics
of the bridge.

e The proposed earthquake resistant system deals effectively with the bridge’s
serviceability demands through the free slippage of the sidewalks on the main
structure. Therefore, no buckling problems arise.

e The reduction in the maximum seismic displacements of the modified bridge sys-
tem is significant. The resulting displacement magnitude is limited to 50 % of the
displacement magnitude of the initial bridge system. The significant reduction in
the deck’s longitudinal movement also reduces the demand for voluminous bear-
ings, whose thickness is mainly determined by the seismic displacements.

e From the economic point of view, the proposed restraining system has minor
cost considering its effectiveness on the longitudinal earthquake, which is gen-
erally more difficult to be treated than the transverse one.
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Topographic Effect on Seismic Response
of a High-Pier Bridge Subjected to Oblique
Incidence Waves

Yin Gu, Chung C. Fu and M.S. Aggour

Abstract Oblique incidence waves play a vital role in the spatial variation of
seismic ground motions. It is important to consider the oblique incidence of seis-
mic wave in a valley or in other complex topographies. The numerical simulation
method of free field with uniform topographic under oblique incidence waves is
studied first. The accuracy is then tested by analytical solutions. A finite element
model of bridge-soil system is built to analyze the seismic response of a continu-
ous rigid-frame bridge with high piers located in a deep valley with the consid-
eration of oblique incidence waves. The topographic effect on amplitude and
distribution of internal forces where determined for different oblique incident
angles and different shear wave velocities of the soil. The dynamic response of this
bridge under P-wave and SV-wave are summarized. The results show that the angle
of the oblique incidence waves has greater effect on internal forces of the piers and
piles in deep valley than in uniform field shapes. If the bridge is located in a valley,
the effect of oblique incidence waves on the bridge should be considered.

1 Introduction

It is a reasonable assumption that a small structure on a plain topography sub-
jected to a uniform seismic wave is used in the analysis of a soil-structure dynamic
interaction system. However, waves propagates in different ways in valley and
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plain field [1]. The seismic wave propagation will be difficult to calculate owing
to the complex topography, which has great effects on bridges with high piers,
especially those with quite varied pier heights. This problem brought concerns to
researchers [2, 3] that the seismic ground motion is obviously different in a valley
than in the plain. These differences and their spatial effects should be considered.
The oblique incidence of the waves is one of the most important spatial effect.
Based on common models, earthquakes are mainly expected as shear waves propa-
gating vertically. However, in near fields, the seismic waves has oblique incidence
with spatial distributions characters. It means that there are different amplitudes
and durations at different locations of the structure. Two directions including hori-
zontal and vertical directions coupled together has great effect on the soil-structure
dynamic interaction system. In recent years, there are many studies for seismic
response considering oblique incidence waves. But most of the studies concern
about the analysis of underground soil-structure systems, which include subway
stations and buried pipes. The studies have shown that the response of the under-
ground structure under oblique incidence waves is different from those under ver-
tical waves. The structure is not safe by neglecting the oblique incidence waves
under this condition [4—7]. Bogdanoff found that the non-uniform excitation is sig-
nificantly different in various types of structures [8]. The time-lag effect in seismic
wave propagation has an influence on large-span structure. The spatial distribution
in seismic field was first considered in the European code [9]. The spatial distribu-
tion has also been included in seismic analysis of large-span bridges in Chinese
code [10]. Liu studied the seismic response of bridges under oblique incidence
and the topographic effect [11]. The results show that the response of the structure
is larger in comparison with the traditional consideration of vertical wave. So the
effect of oblique incidence waves on the bridge should be considered for complex
topographic. This paper proposed a method for how to input the seismic waves
considering its oblique incidence in finite element analysis. The method was then
used in a case study to show the effect of the topography and the angle of the
oblique incidence waves.

2 Equivalent Artificial Boundary Element
and Its Seismic Input

Finite element method is widely used in numerical analysis considering local
non-regular topography. Studies shows that the damping ratio of the structure—
soil system increases by 25 % compared with the model with spring and dampers,
which response are different from the former [12, 13]. The system including the
structure and the surrounding soil is more accurate. The limited computing area
should be cut from the unlimited earth medium. Artificial boundary is added to the
boundary to simulate the radial damping of continuous medium. It should be veri-
fied that the radial waves do not reflect back to the limited computing area.
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An artificial boundary element proposed is used here. The method is to extend
a layer of elements with the same type of the inside elements along the normal
direction. The outside boundaries of it are fixed. The accuracy of equivalent ele-
ment has been verified [14]. The equivalent shear modules, elastic modules and
equivalent damping are

G
G = hKBT = 20(ThE

51— 25 (1 — 25 (1)
popUANA=20) oy, DA —20)
1- R -9
s PR Lo
=550+ D) 2)

in which R is the distance from wave sources to artificial boundary; h is thickness
of the equivalent element. ¢ and ¢, are velocities of S and P waves, respectively;
G is the shear modulus of medium; p is the mass density of medium; ot and an
are parameters. Kgt and Kpy, usually used in viscoelastic artificial boundaries,
can be calculated in Eq. (1).

After setting the artificial boundary, the waves will be input by equivalent load-
ing, which cause the same displacement, velocity and stress as the free wave field.
The equation of the equivalent load input at a point B at the base is

PN (xB,y8,1) = [0/(xB,y8, 1) + Cnit(x, Y8, 1) + Kayu(xs, 5, 1)] Y _ Ai
3)

Ppr(xB.yB.1) = [T(XB. B, 1) + Cprit(xp,yp, 1) + Kpru(xp, yp,1)] ZAi

in which Py and Pgt are equivalent loads of the normal and tangential directions
at the node B; Cpn and Cgr equals to pRcy/Gar and pRcp/Gan; o(xB.ys, t) are the
normal stresses of node B; 7(xp, yB, t) is tangential stress of node B; u(xg, yB, t)
and v(xg, yB, t) are displacement responses of node B in free field; i(xg, yg, t) and
v(XB, ¥g,t) are velocity responses of node B free field. The equivalent loads can
be calculated according to Eq. (3), which needs to obtain the response of the free
field.

3 Input Seismic Waves with Oblique Incidence

3.1 Numerical Method

P wave and SV wave can be interchanged when they pass through the boundary of
different medium. Waves of oblique incidence produce P and SV waves and their
reflected waves shown in Fig. 1.
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Fig. 1 Sketch of oblique
incidence propagation

Layer 1
Layer I1

Let the horizontal direction as x axis; vertical direction as y axis. There is an
angle, 0, between motion direction and y axis. The apparent wave velocity, propa-
gating as elastic wave with velocity c, along horizontal direction is shown in Eq. (4),

Sin O )

in which ¢y is the propagation velocity in medium of layer one. ¢, is the horizon-
tal apparent wave velocity. According to Snell rule, the shear velocity of horizontal
direction in each soil layer is the same. The horizontal velocities of seismic waves
have the following relation,

Cs1 Cpl Cs2 Cp2

- = — = — = - =cC
sin 61 sin Gy sin 6o sin 6o * o)

in which ¢y is the velocity of S wave propagating in layer one. ¢, is the velocity
of P wave propagating in layer one. cy is the velocity of S wave propagating in
layer two. ¢y is the velocity of P wave propagating in layer two.

Considering the effect of traveling wave, when P wave propagates in oblique
incidence, the displacement in free field can be written in Eq. (6) in elastic
medium of the layer.

u(x,y,t) = u(O,y,t - x) (6)

Cx

Substitute t as At (time step), the equation can be written as

u(jexAt,y,t) = u(0,y,t — jAt) (7)

The free fields in half space of response under waves of oblique incidence can be
calculated by method of time history method of one dimension [15]. According to
the wave motion in Eq. (7), displacements of left, right and bottom boundaries can
be calculated. The finite element method of lumping mass, which means motion
of any node is only related to the node of neighbor joint, is used in Eq. (3) to cal-
culate the time-history force in the three faces of the boundaries. Considering the
accuracy and stable of the numerical solution, this method should meet the follow-
ing condition: At <= %y in S wave and At <= %31 in P wave.
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Fig. 2 Flowchart of solution for the equivalent load on node of artificial boundary

According to the method mentioned above, the problem of the seismic wave
propagation is transferred to the problem of wave source. A program of adding
equivalent loading on the artificial boundaries is made by MATLAB software. The
procedure is shown in Fig. 2.

3.2 Verification of the Procedure

A model of uniform layered soil, as the one used in reference [15], is selected
for testing the accuracy of the method. A layer of artificial boundaries is set on
the left, right and bottom sides of the free field. The equivalent loading is added
on each node of the boundary both in x and y directions. Sketch of the overlay
is shown in Fig. 3a. The displacement time history of input curve for point B is
shown in Fig. 3b. The parameters of the soil are shown in Table 1.
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Fig. 3 Sketch of the overlay model and the input wave. a Location of the input wave. b Time
history curve of input wave

Table 1 Parameters Type | Thickness (m) | Density(kg/m?) | Vy(m/s) | Vp(m/s)
of the soil Overlay | 50 1000 200 346
Rock |50 1500 500 866

The results shown in Fig. 4 are close to the results in reference [15], which vali-
dates the input method proposed.

4 Application to a Selected Case Study
4.1 The Case Study

A numerical model was built of a continuous rigid bridge with the total length of
560 m and its spans of 100 + 180 + 180 4 100 m. The pier is a RC double wall of 2 m
thickness, 9.0 m depth, and about 30 m height. The diameter of the circle pile is 2.8 m.
The main features and the basic dimensions of the bridge are shown in Fig. 5a. The
numerical model of the bridge with special topographic shape is shown in Fig. 5b. The
parameters of the model elements and soil are shown in Tables 2 and 3 respectively.

4.2 Input Seismic Wave

We selected the Anza Earthquake record that has a short duration to reduce the
time for computing. The time history curves of acceleration and displacement are
shown in Fig. 6. The peak of the displacement is 0.16 cm. The time step is 0.004 s.
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Table 2 FEA model Element |BEAMISS |MASS21 |SOLID45 |BEAMA4
and element : ; ; .
structure | Girder, pier, | Lump Soil Rigid
pile mass
Tabl(? 3 Material parameters Vs (m/s) Vp (m/s) W P (kg/m3) Thickness of
of soil soil (m)
500 866 0.25 2200 30
(a) 0.081 (b) 0.00167
0.061 0.00121
0.04 0.00087
0.02 0.00041
s 0.00 § 0.00007
S.0.02 = .0.0004
-0.04 -0.0008
-0.06 -0.00121
- T T T T ) -0.0016 T T T T 1
0.08 0 2 4 6 8 10 0 2 4 6 8 10
Time(s) Time (s)

Fig. 6 Input earthquake wave: a Acceleration, b Displacement

4.3 Results and Discussion

The results of the internal forces are compared by inputting the seismic wave in
vertical direction and on an oblique incidence. The bottom and the top of the pier
are the most vulnerable locations in this rigid continuous bridge. The force at the
bottom is larger than that at the top in this case. So the internal forces at the top
of piers are studied. The location of the numbered piers are shown in Fig. 5a. The
amplitudes of the internal forces of piers subjected to P waves of different input
angles of the oblique incidence wave are shown in Fig. 7. The results showed that
the shear force of the middle pier is smaller than the other two piers. The shear
force and moment of the piers with seismic wave in the vertical direction are
smaller than the force and moment with inputting wave at a 30° angle. Conversely,
the axial force of the piers is larger in the vertical direction.

The amplitudes of the internal forces of piers with SV waves of different input
angles of the oblique incidence waves are shown in Fig. 8. The shear force of the
middle pier is smaller than those of the other two piers also. But the results of the
SV waves showed a reverse trend from the P waves. The shear force and moment
of the piers with seismic wave in the vertical direction is larger than the force and
moment with inputting wave at a 30° angle. Conversely, the axial force of the piers
is smaller in the vertical direction.
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Fig. 7 Maximum amplitude of internal forces at bottom of piers under oblique incidence P
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Fig. 8 Maximum amplitude of internal forces at bottom of piers under oblique incidence SV
waves: a Shear force V, b Axial force N, ¢ Moment My

Considering ratio of the values computed from vertical and oblique incidence
input, an index can be calculated as follows:

max|F| — max|Fy|

®)

max|Fo|

in which Fj is the internal force of the piers including shear forces, axial forces
and moment computed by vertical input; F is the internal force computed by
oblique incidence wave.

The indices of non-uniform effects for piers in valley under oblique incidence
waves at 30° are shown in Table 4. It is shown that the oblique incidence waves
have great effect on the piers of bridges in valley.

Table 4 Indices of non-uniform effects for piers of valley under oblique incidence waves at 30°

Internal forces | np Nsy

Pier2 (%) |Pier3 (%) |Pier4 |Pier2 (%) |Pier3 (%) | Pier4 (%)
A% 552 874 477 —53.28 —62.39 —62.80
N —13 —24 —27 118.86 274.26 259.41
My 359 319 344 —44.76 —29.41 —56.02
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5 Conclusions

This study is focused on considering the effect of oblique incidence waves and
on building a model of bridge-soil dynamic interaction. The results showed that
the shear force and moment of the piers under P wave in the vertical direction is
smaller than the force and moment with inputting wave at a 30° angle. While the
axial force of the piers is larger in the vertical direction. For the seismic SV waves,
on the contrary, the shear force and moment of the piers under wave in the vertical
direction is larger than the force and moment with inputting wave at a 30° angle.
The axial force of the piers is smaller in the vertical direction. It is shown that the
oblique incidence has great effects on the piers of the bridges in valley.
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Part IV
Condition Assessment and Structural
Health Monitoring



Influence of the Primary Bridge Component
Condition on the Overall Bridge Condition
Rating

R. Hamid, Y. Khairullah and A.R. Khalim

Abstract Bridge condition rating is evaluated based on the material condition of
the secondary and primary bridge components. This paper aims to investigate the
influence of the condition of the primary bridge components to the overall con-
dition of pre-stressed concrete beam bridge (PCBB), reinforced concrete beam
bridge (RCBB) and steel beam bridge (SBB). Four primary bridge components
namely surfacing, deck slab, beam/girder and abutments are used as input param-
eters and bridge condition rating as output parameters. This study utilizes multiple
linear regression analysis (MRA) and artificial neural networks (ANN) to investi-
gate the variance of the bridge condition rating with respect to the condition of the
primary bridge components. The MRA results show that 62.83, 91.77 and 86.18 %
of the proportion of the variance in the condition rating of PCBB, RCBB and SSB
are explained by all the primary bridge components in the range of the training
data set. Meanwhile ANN yields 67.35, 90.54 and 81.77 % for PCBB, RCBB
and SSB, respectively. The results indicate that the condition rating of surfacing,
deck slab, beam/girder and abutments highly contribute to the condition rating of
RCBB and SSB, however for the PCBB, the influence is slightly lower. In term
of modeling, MRA shows better performance for RCBB and SBB; however ANN
seems suitable for PCBB.

1 Introduction

Generally, bridges can be constructed as single-span or multiple-span bridges
with concrete or steel as its superstructure system. In highway networks of some
countries, the majority of the bridge structures employ concrete (reinforced and
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pre-stressed) as the main constituent material [1, 2]. The Bridge Management
System (BMS) of Malaysia maintains more than 7000 bridges along the federal
highway. Majority of these bridge superstructures (about 80 %) utilise concrete
and more than 9 % utilise steel. In term of structure system, simply supported
bridges and culverts are the main structures of these bridges which are about 26
and 69 %, respectively [1].

BMSs of some countries classify different bridge components or bridge ele-
ments for their bridge condition rating systems. Many researchers utilised the
classification based on the common practice in their home country in bridge
assessment researches; for example, some researchers have divided bridges into
eight components [3] or thirteen components [4]. Sasmal et al. [5] categorized
the deck, superstructure and substructure as the main bridge components in their
research and divided these components into 13, 16 and 20 elements, respec-
tively. Chen [6] categorised and evaluated a beam bridge condition into four main
bridge components namely substructure, bearing, beam and accessory structure.
These four components are evaluated based on 20 assessment criteria that can
be inspected by close visual inspections according to Chinese Bridge Maintain
Codes. However, it is sometimes unrealistic to classify bridge components which
comprise of the same materials or elements and expect them to deteriorate in the
same manner.

For infrastructure condition rating systems, the inspector will generally use vis-
ual inspection as the first step of any condition assessment procedure [7-9] unless
a structure cannot be visually assessed. Srinivasan and Parlikad [9] stated that one
of the key challenges with the visual inspection is that different inspectors grade
the degradation based on their perception. For example, one inspector might grade
the degradation to be 6 while another can say it is rather 5. These condition rating
systems which are based on visual inspection data then can be used for predicting
the performance of individual bridges [10].

For BMSs optimization, there is a need to develop and integrate reliable and
effective decision support models that include: condition rating models, deterio-
ration prediction models, risk assessment models and maintenance optimization
models [2]. In modelling of such models, a mathematical method such as an arti-
ficial neural network (ANN) and multiple regression analysis (MRA) can be use-
ful to handle the uncertainty and subjective judgment of the bridge inspectors.
Artificial Neural Networks (ANNs) have been used in many field areas to detect
nonlinearities relationship between input vectors and the corresponding target
vectors [11, 12]. A feed-forward artificial neural network (FFANN) is one of the
ANN models that have been used widely in civil engineering computations such as
bridge condition assessment [6, 13].

The purpose of this study is to investigate the influence of the condition of the
primary bridge component to the overall condition of pre-stressed concrete beam
bridge (PCBB), reinforcement concrete beam bridge (RCBB) and steel beam
bridge (SBB). Four primary bridge components namely surfacing, deck slab,
beam/girder and abutments are used as input parameters and bridge condition rat-
ing as output parameters. This study utilizes multiple linear regression analysis
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(MRA) and artificial neural networks (ANN) to investigate the variance of the
bridge condition rating in respect to its condition of primary bridge component.

2 Methods

2.1 Type of Bridge and Bridge Component

In the Annual Bridge Inspection Manual (ABIM) [14], the bridge structure sys-
tems consist of simply supported bridge; continuous span bridge; cantilever
bridge; frame bridge; arches bridge; trusses bridge; bailey bridge, suspension
bridge, cabled-stayed bridge and culverts. The bridge components of these bridges
are classified as either primary or secondary elements. The primary components
include surfacing (S), deck slab (D), beams or girders (B) and abutments (A),
while the secondary components include parapet, expansion joints, bearings, slope
protection and drainage. In terms of the construction material of the superstruc-
ture, these bridges are divided into concrete bridges, steel bridges and masonry
bridges. In this study, the primary components of pre-stressed concrete beam
bridge (PCBB), reinforced concrete beam bridge (RCBB) and steel beam bridge
(SBB) are modelled in order to evaluate the entire bridge condition rating. The
condition rating based on visual inspection of 29 PCCB, 40 RCBB and 36 SBB
bridges are investigated in this study in order to model relationship between the
primary component conditions to the entire condition of the bridges.

2.2 Bridge Condition Rating

The condition rating of a bridge structure is a process of assessing the overall
condition and integrity of the structure as a whole, so that appropriate steps can
be taken either for repair and rehabilitation or replacement. If condition ratings
are available for a relatively long period of time, the data can be used to establish
bridge condition rating and bridge deterioration models. Such models can then be
used to estimate the status and the future condition of a bridge for the purpose of
planning future bridge maintenance and/or repair activities [15].

The condition rating of an existing bridge structure involves a number of steps,
which combines the different strength and serviceability parameters obtained from
the structure and judgment by bridge’s inspector. In most of the situations, the
judgment cannot be estimated quantitatively, since the condition of the structure is
described qualitatively. Furthermore, the structural condition rating of a structure
depends on the type of structure and its intended service [16].

Condition rating of single span bridge is evaluated base on its component con-
dition ratings which include primary components and secondary components as in
ABIM [14]. Primary components include surfacing, deck slab, beams or girders
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Table 1 The condition rating system based on severity of defect

Rating scale General definition

1 No damage is found and no maintenance is required

2 Damage is detected and it is necessary to record the condition for observation
purposes

3 Damage detected is slightly critical and thus it is necessary to implement

routine maintenance work

4 Damage detected is critical and thus it is necessary to implement repair work
or to carry out detailed inspection to determine whether any rehabilitation
works are required or not

5 Being heavily and critically damaged and possibly affecting the safety or traffic,
it is necessary to implement emergency temporary repair work immediately,
rehabilitation work without delay after the provision of a load limitation traffic
sign or replacement work

and abutments, meanwhile the secondary components include parapet, expansion
joints, bearings, slope protection and drainage. The ratings are then assigned to
the above components based on a scale of 1-5 to individual components by bridge
inspectors using the guidelines established by the JKR as shown in Table 1.

2.3 Multiple Regression Analysis

Multiple regression analysis (MRA) is widely applied in modeling of bridge
engineering problems whether in bridge components level or in entire bridge
management systems [12, 17] due to its frequent use in predictions and the easy
interpretation of the resulting models. In this study, MRA is used to analyze the
relationship between the condition rating of primary bridge components and the
entire bridge condition rating. In this case, multiple regression analysis addresses
one output parameter, which is the bridge condition rating value, and four input
parameters, which are the primary bridge conditions. If the bridge condition rat-
ing is y, primary bridge conditions are xj, x2, X3, ...,x, then the model is given as
follows:

yi = Bo + Bix1i + B2xai + B3X3i + - - - + BnXni + & (1)
where S is the coefficient of individual primary bridge conditions, n the number of
primary bridge component conditions, i = 1, 2, 3, ..., N is the number of data sets

and ¢ represents the error of the model.
Two MRA models are explored in this study, namely MRA1, as shown by Eq. 1
and MRA2, which is a quadratic function as shown by Eq. 2.

¥i = Bo + Bix%; 4 Baxd; + BaxZ 4 - + Buxi 4 & (2)
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2.4 Artificial Neural Network

An artificial neural network (ANN) is used to establish relationship between input
data and output data within the domain of the training data set. ANN which con-
sists of an input layer, a single of hidden layer and an output layer are used in
this study used to establish relationship between primary bridge components and
bridge condition rating. Four numbers of input parameters namely surfacing, deck
slab, beam/girder and abutments were used in the input layers, and one parameter,
the bridge condition rating, was used in the output layer. Figure 1 shows a typical
ANN structure for modeling bridge condition ratings.

Various training algorithm is available in ANN such as scaled conjugate gradi-
ent back-propagation (trainscg), resilient back-propagation (trainrp), Levenberg-
Marquardt algorithm (frainlm) and etc. The Levenberg-Marquardt algorithm
(trainlm), which is suitable for small and medium size networks and can most
rapidly be used to train a data set [18], was chosen for this study. Equation 3
shows the Levenberg-Marquardt method for bias and weight in an artificial neural
network.

Aw(or Ab) = (JTJ +pl) — UTe 3)

where Aw is weight change, Ab is bias change, J is the error for every weight (or
bias) in a Jacobian matrix, p is the scale, [ is the identity matrix and e is vector
erTor.

In neural network training processes, the errors are usually assessed with the
sum squared error (SSE) and mean squared error (MSE). In each end cycle, SSE
or MSE is calculated, whereas the weight and bias are updated based on the errors
calculated.

In this study, a non-linear function of ran-sigmoid which is in the range [—1, +1],
is applied in the mapping and learning process in hidden layers by reliable weight
connections and activation functions. The non-linear activation functions are chosen
for the neurons in the hidden layer, whereas for the neurons in the output layer, the
linear activation function is used.

Input layer Hidden layer Output layer
I . 1 . LU . 1
Surfacing Bridge condition
rating
Deck/slab
Beam/Girder———————>
Abutment >

Fig. 1 Structure of typical ANN model
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Training is the most important phase in designed neural networks. During the
training process, the network will change the weight and bias for the learning input/
output interrelationship. For every input data point that enters the network, the out-
put generated by the network will be compared with the target. This algorithm will
arrange or adjust the network parameters to minimize the mean square error.

In this study, numerous models were created by varying the number of neurons
in hidden layer. Because there is no clear guideline for determining the number of
neurons in the hidden layer, a trial and error approach is commonly adopted and
was practiced in this study.

2.5 Model Evaluation

In evaluation of the developed models, mean square error (MSE), coefficient of
determination (R2) and Fisher’s F Test is considered to evaluate the performance
of the model. The F-statistics of the results of analysis of variance are commonly
used to confirm the significance of the MRA model. A very low probability value
for Fisher’s F test demonstrates a very high significance for the regression model.
These criteria have been widely used in the evaluation of mathematical models by
previous researchers [12, 19]. These criteria are always related to error, consist-
ency and accuracy. The evaluation of error, consistency and accuracy is concerned
with the average of the difference between the target value and predicted value.

3 Results and Discussion

3.1 MRA Results

The best MRA models for PCBB, RCBB and SBB yield 62.83, 91.77 and 86.18 %
variations in the condition rating of PCBB, RCBB and SSB bridges, as accounted
for through the combined effects of the primary component condition rating vari-
ables indicated by R%. In MRA modelling of PCBB condition rating, the quad-
ratic form of multiple regressions seems suitable to explain the impact of primary
component condition rating on condition rating of entire bridge. Meanwhile, the
best model for RCBB and SSB were obtained from simple form of MRA. Table 2
shows the detailed results of multiple regression analysis for the condition rating
model of all bridge superstructure configurations.

The verification results for the above models fit 76.56, 86.42 and 75.09 % of
the testing data variation in the PCBB, RCBB and SBB bridges using MRAI.
Meanwhile, MRA?2 is able to fit 81.59, 85.64 and 74.91 % of the testing data vari-
ation in the PCBB, RCBB and SBB bridges. The best multiple regression analysis
models relating bridge condition ratings to their explanatory primary component
condition ratings are given in Table 3.
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Table 2 Performance of MRA models for PCBB, RCBB and SBB bridges

Bridge superstructures | MRAI MRA2

MSE R? training | R? testing | MSE | R? training | R testing
PCBB 0.1382 1 0.5963 0.7656 0.1272 1 0.6283 0.8159
RCBB 0.1098 1 0.9177 0.8642 0.1514 |0.8866 0.8564
SBB 0.1331 0.8618 0.7509 0.1505 |0.8438 0.7491

Table 3 The best MRA condition rating models for PCBB, RCBB and SBB bridges

Bridge superstructures Best MRA models

PCBB 1.3745 + 0.0164S% 4+ 0.0282D? + 0.0535B + 0.0626A
RCBB 0.3861 + 0.0040S + 0.2747D + 0.2498B + 0.3712A
SSB 0.0506 + 0.0986S + 0.4360D + 0.3366B + 0.1397A

Referring to the multiple regression analysis output, it shows that the over-
all equations listed in Table 3 are found to be statistically significant as indi-
cated by (F = 7.19, Sig.-F < 0.000), (F = 69.73, Sig.-F < 0.000) and (F = 34.29,
Sig.-F < 0.000) for PCBB, RCBB and SSB bridges, respectively. However, the
relationship between the primary bridge component condition and the entire con-
dition rating of PCBB bridge shows weak relationship compared with RCBB and
SBB bridges.

3.2 ANN Results

Primary bridge components condition ratings were used as input parameters in
network training of modelling three types of bridge superstructure systems. The
condition ratings of these bridge components are rated based on material defects
likely to be found on visual inspection using guideline as in ABIM [14]. Four pri-
mary bridge components namely: surfacing, deck slab, beams/girders and abut-
ments are introduced as input parameters in the network modelling and entire
condition rating of PCBB, RCBB and SBB bridge as output parameter. The train-
ing process of the networks is evaluated based on plotting the Mean Squared
Errors (MSEs) value versus number of epochs for every training process.
Regression analysis between the bridge condition rating of the PCBB, RCBB
and SBB bridges that were predicted by the ANN model and the corresponding
bridge condition rating target is performed using the routine postreg using Matlab
software. The format of this routine is [m, b, r] = postreg (a, t), where m and b
correspond to the slope and the intercept, respectively, of the best linear regression
that relates the targets to the ANN outputs. If the fit is perfect, the ANN outputs
are exactly equal to the bridge condition rating targets, and the slope is 1 and the
intercept with the Y-axis is 0. The third variable, r, is the correlation coefficient
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Table ‘]‘( Pe(rlf(;rr?ancecof Bridge superstructures | MSE R*-training R*testing

network models for PCBB,

RCBB and SBB bridges PCBB 0.1004 0.6735 0.6188
RCBB 0.1125 0.9054 0.8637
SBB 0.1654 0.8177 0.7655
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Fig. 2 Performance evaluation of ANN models based on R? value

between the ANN outputs and targets. It is a measure of how well the variation in
the predicted bridge condition rating is explained by the target. If the r is equal to
1, then there is perfect correlation between the targets () and ANN outputs (a).

The training results show that an ANN trained with trainlm utilizing a single
hidden layer with 4, 1 and 1 neurons in the hidden layer for PCBB, RCBB and
SBB bridges, respectively, yields the best performance compared to other network
structures, as indicated by the MSE and R? values. Table 4 shows the results of the
best ANN models for condition rating modeling of PCBB, RCBB and SBB bridges.

The best ANN models are able to fit 67.35, 90.54 and 81.77 % of the impact of
the primary bridge component condition on the entire condition rating of PCBB,
RCBB and SBB bridges, respectively. For the testing set, ANN models were able
to fit 61.88, 86.37 and 76.55 % for PCBB, RCBB and SBB, respectively. Figure 2
shows R? value of training and testing set data for modelling of PCBB, RCBB and
SBB bridges based on its primary component condition ratings.

4 Conclusion

Four primary bridge components were used as independent variables or input
parameters in modelling of PCBB, RCBB and SSB bridge condition ratings using
MRA and ANN models. ANN models are able to fit 67.35, 90.54 and 81.77 % of the
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impact of the primary bridge component condition on the entire condition rating of
PCBB, RCBB and SBB bridges. Meanwhile, the best MRA models able to fit 62.83,
91.77 and 86.18 % the proportion of the variance in the condition rating of PCBB,
RCBB and SSB bridges are explained by all the primary bridge components in range
of training data set. It can be concluded that, the primary component condition rat-
ing of RCBB and SSB have stronger influence to its entire bride condition rating.
Meanwhile, the condition rating of primary components of PCBB shows slightly
lower influence to the entire condition rating of the bridge compared to RCBB and
SSB bridges.

The R? values of training set for the PCBB of ANN model was higher than
the MRA models. Meanwhile, MRA models yield better result for RCBB and
SBB bridges compared with ANN models. In terms of errors, the ANN mod-
els of PCBB, RCBB and SBB yield 0.1004, 0.1125 and 0.1654, respectively.
Meanwhile, the best MRA models yield 0.1272, 0.1098 and 0.1331 for PCBB,
RCBB and SBB bridges, respectively.

Referring to R? value and MSE of training set, the ANN model seems suitable
to model PCBB bridge condition rating in respect to its primary bridge compo-
nents. Meanwhile, for the condition rating of RCBB and SBB bridges, the multi-
ple regression analysis seems more practical.
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Evaluation of the True Behavior
of the End Supports in the Carbajal de la
Legua Old Bridge

A. Gonzalez, E. Covian, M. Casero and M. Celemin

Abstract Bridges are prone to bearing deterioration due to aging, environmental
causes and/or traffic overloading, and, as a result, a bridge originally designed as
simply supported may be behaving differently due to changes in support condi-
tions. The latter can lead to damage, not only to the bearings, but also to the rest
of the structure due to unforeseen variations in the distribution of internal forces.
In this paper, static load testing is used to evaluate the true behavior of the bound-
ary conditions of an existing bridge and how they affect the overall structural
response. The subject of investigation is a 16 m span concrete bridge subjected to
the forces applied by a truck loaded with quarry aggregate. Static measurements
are obtained for four positions of the truck and used to tune a mathematical model
of the bridge until achieving an accurate resemblance with the experimental data.
Boundary conditions are idealized with linear rotationary springs, which allow
considering all possible degrees of rotational restraint at both end supports. It is
shown how those values of the spring constants that best fit the measurements for
a single loading case can be misleading and differ significantly from the optimal
solution found combining all loading cases together.
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1 Introduction

Many structures are currently in need to assess their health and to detect possi-
ble damage caused by aging, environmental or loading factors (different or greater
loads that the ones contemplated on the original design, fatigue, etc.). In the case
of bridges, bearings are one of the most sensitive elements due to load concentra-
tion at that point and exposure to leakage and weather conditions, amongst other
causes. Additionally, bearings are typically designed for a smaller return period
than the bridge structure, which can cause early problems with respect to other
bridge components, leading to their replacement or repair in an often costly inter-
vention. The problems associated to bearings explain the increase in popularity of
integral frame bridges (where bearings are omitted), over other structural forms.
However, a considerable percentage of the bridge stock is supported on bearings
and should receive periodic attention [1-5].

In this context, a static test is conducted in a structure located in Carbajal de la
Legua, a small town near the city of Le6n (Spain), in August 2013. Previously, in
July 2013, a visit was made to the site to plan the tests and take preliminary meas-
urements. Original designs of the construction were also consulted; although the
available information was very limited due to the age of the bridge (built in 1933).
The structure is a four-span straight bridge (Fig. 1) which is currently used only by
pedestrians and, occasionally, by some cars and tractors. The reason for this situ-
ation is that the road has been re-routed through a new bridge that has been built
just beside the one under investigation.

Static tests are performed on the third span from the left (Fig. 1) by means of a
five-axle truck. Data from these tests is collected using surveying techniques (elec-
tronic tachymeter) and processed so that a mathematical model of the structure can
be calibrated. A variety of models is tested allowing for boundary conditions to
be modelled as pinned, fixed and linear rotationary springs. Varying the value of
spring constants makes possible to consider a number of situations ranging from
simply supported to fixed. Finally, the combination that best fits the measurements
is considered to be representative of the structural response and bearing behavior.

Fig. 1 General view from the North side of the bridge
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2 Description of the Site

In this section, the different elements of the test are described, beginning by basic
features of the geometry of the structure. Then, surveying devices used are enu-
merated and, finally, the different loading conditions are listed.

2.1 Geometry of the Bridge

Figures 2 and 3 show the elevation and two cross-sections of the bridge
respectively.

The bridge has a total length of approximately 64.5 m (16.42-16.22—15.96—
15.95 m from East to West) and tests are focused on the third span (L = 15.96 m),
where signs of deterioration can be visualized at the East support of the South
beam (Fig. 4a). The scross-section (Fig. 3) can be described as an in situ double 7'
section, composed of a horizontal top slab resting on two rectangular beams (simi-
lar for all spans). Both beams are placed with an eccentricity of 0.8 m with respect
to the symmetry axis of the section, which leaves 0.95 m cantilevers at both sides.
The width and depth of the top slab are 3.8 and 0.39 m respectively, constant
along the structure. Beam height varies from 1.1 m at the supports (Section A-A’
in Fig. 3) to I m (Section B-B’ in Fig. 3) after a distance of approximately 1.09 m

analyzed span

16.42 | 16.22 | 15.96 | 15.95 |
_E_ s i W
mns - Y 5 - AN
1.09 ;. 1389 _|‘ L 13.33 _|'”' . 13.07 _i"*'|~ 1341
Fig. 2 Elevation (all dimensions in m)
SECTION A-A' SECTION B-B'
38 38
| | I |
| 1.4 | B
| 0.39 || 0.39
1026 W 0.26
1.1 i 1
042 [} o 2
| -0.09 | - o |
" 095 03 13 03 095 0.95 13 03 095

Fig. 3 Cross section (all dimensions in m)
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Fig. 4 Supports: a signs of deterioration at the support, b detail of the bearing

from the edge of the bearing (Fig. 2), remaining with a constant height in the
rest of the span. At that transition point, a bevel on the exterior face of the beams
appears and it continues over their remaining length with dimensions of 5 cm (hor-
izontal) and 12 cm (vertical) (Section B-B’ in Fig. 3). The connection of the top
slab to the beams is made over a depth of approximately 0.26 m. Therefore, the
total depth of the deck ranges from 1.65 to 1.75 m at the supports, which cor-
responds to a depth-span ratio of 0.103 and 0.109 respectively (depth = L/10 in
both cases).

At the supports, a trapezoidal concrete platform serves to level the bearings,
which consist of a metal layer. A photo of the bearing detail is provided in Fig. 4b.
Dimensions of the leveling platforms are 24 cm for the top base, 47 cm for the
bottom base and 8.5 cm for its height. As for the bearing, it is 24 cm long and
1.3 cm high; on the transversal direction both elements have the same width as
the beams (30 cm). Initially, it is assumed that spans are independent since four
bearings can be found at all piers (two adjacent spans and two beams per span).
Nevertheless, presence of dirt and soil at the supports encourage taking these
assumptions and the afore-mentioned dimensions with caution. Finally, concrete
diaphragms between beams can be noticed at all supports.

2.2 Measurement Devices

First of all, the overall dimensions of the structure are taken using a laser distance
meter and a tape measure. The distance meter is a model Leica DISTO D8 with
0.5 mm uncertainty [6] while the tape measure has an accuracy of 1 mm. These
instruments are also used to take the measurements needed to place the surveying
targets on the structure.

Surveying measurements are taken using an electronic tachymeter (total station)
Leica TCRP1201 in conjunction with sticker black and white targets. Specifications
for this device are the following: 1 mm + 1.5 ppm in distance and 1” in horizontal



Evaluation of the True Behavior ... 191

and vertical angles [7]. Targets are placed on the exterior face of the beams and their
location is symmetric with respect to mid-span. They are located in a quasi-horizon-
tal line that is marked using the print left by the formwork. Targets are distanced
0.5 m in the central part of the beams and 1 m near the supports.

2.3 Loading Conditions

The vehicle used is a five-axle truck (Fig. 5), with two wheels per axle, except for
the second one that has four wheels. Distances between wheels (center to center)
for each axle are as follows: 2122 mm (1st axle), 350-1711-350 mm (2nd axle),
2040 mm (3rd axle), 2040 mm (4th axle), 2040 mm (5th axle); and distances
between axles are: 3.6 m (1st to 2nd), 2.7 m (2nd to 3rd axle), 1.31 m (3rd to 4th
axle) and 1.31 m (4th to 5th axle). The footprint of the tires on the deck surface
measures approximately 25 cm by 16-22 cm. The truck is loaded using aggregate
from a nearby quarry, adding up to a total gross vehicle weight of 40.29 t. The
individual axle weights of the 1st, 2nd, 3rd, 4th and 5th axles are 7.26, 9.06, 8.02,
8.17 and 7.78 t respectively.

Table 1 summarizes the four testing scenarios defined by the position of the
second axle of the truck along the span and the orientation of the truck. In all
cases, the truck is applied centered with respect to the symmetry axis of the bridge

Fig. 5 Testing vehicle

Table 1 Static loading cases

Scenario | Truck orientation (5th Truck 2nd axle Min. distance between wheel
axle—1st axle) position footprint and edges of top

slab (Fig. 3) (North/South
in cm)?

I West-East (right Fig. 5) Mid-span 60/79

I West-East L/4 to East support 72/69

1 East-West Mid-span 75167

v East-West L/4 to West support 72/69

4Distance measured from the exterior face of the wheel to the edge of the deck
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cross-section (i.e., it can be assumed that the truck load will be equally distributed
to the left and right of the symmetry axis in Fig. 3).

3 Field Measurements

In this section, steps followed during field work are first described and then, meas-
ured data is presented. Before beginning with surveying measurements, it is neces-
sary to choose the points where the tachymeter will be stationed and calculate their
coordinates. For this purpose, a surveying method known as “traverse” [8] is imple-
mented. After selecting two station points, one at each side of the bridge, a third one
is chosen in order to close the itinerary. Then, random coordinates are assigned to
one of these points and, starting from that same point, observations of angles (hori-
zontal and vertical) as well as distances are consecutively taken from each point to
the other two. Finally, a new set of measurements is taken from the starting point.
Using all these data, unknown coordinates for the two station points are calculated.
Measurements on the bridge are taken using another surveying method known
as “radiation” that consists on placing the device on a point of known coordinates
and measuring angles (with respect to a fixed origin) and distances to the target
points. Coordinates for those points can be determined using the acquired data.
Measurement sequence is the following: (i) unloaded bridge measured from sta-
tion point located North of the bridge, (ii) loaded bridge measured from North
station point, (iii) loaded bridge measured from station point located South of the
bridge and (iv) unloaded bridge measured from South station point. Between steps
(1) and (ii) truck is put into position and between (iii) and (iv) it leaves the bridge.
For each target, coordinates are calculated three times and then averaged in order
to minimize accidental errors inherent to the measurement process. Finally, dis-
placements are calculated using surveying techniques for static scenarios (I-IV).
The deflections measured for the scenarios in Table 1 are presented in Fig. 6.
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4 Model Calibration and Testing

In the analysis of the measured deflections, one-dimensional mathematical mod-
els are used to represent the response of each half of the bridge section in Fig. 3,
which is basically a T-beam. It is assumed that the truck load is equally shared
by the two T-beams composing the section. Boundary conditions at the supports
and flexural stiffness £/ (modulus of elasticity multiplied by inertia) of each beam
are the unknowns in these models. For simplification purposes, EI is assumed to
be constant all along the beam. Values for the parameters of the models are esti-
mated by minimizing the objective function which can be described as the root
mean square error (RMSE) between measured displacements (Fig. 6) and those
predicted by the model. Regarding flexural stiffness, it is necessary to say that
based on a gross inertia of 0.228 m* (estimated from section B-B’ in Fig. 3) and
a typical modulus of elasticity of reinforced concrete of 30 GPa, an EI value of
6840 MN m? can be derived for each beam. However, the original strength of the
concrete and the amount of reinforcement employed in the section is unknown,
the loss of properties due to age deterioration is uncertain and the inertia is not
constant along the beam. Therefore, the solution is expected to lie somewhere
between 4560 and 9120 MN m?.

Typical pinned-pinned, pinned-fixed, fixed-pinned and fixed-fixed support con-
ditions are tested first. Here, the sole unknown parameter of the model is E/ given
that boundary conditions are imposed. In the labeling of these boundary conditions
(pinned-fixed, fixed-pinned, etc.), the first and second words refer to West and East
supports, respectively. Results for both beams and scenarios I to IV are presented
in Table 2.

Table 2 Estimation of stiffness for beam model with pinned or fixed support conditions

Stiffness (MN m?) | North beam South beam

Pin-pin |Pin-fix | Fix-pin |Fix-fix |Pin-pin | Pin-fix |Fix-pin | Fix-

fix

Scenario I 4960 2194 1811 959 6077 2689 2209 1169
Scenario 11 6830 2642 3022 1430 5922 2324 2611 1255
Scenario I1I 4879 1770 | 2165 939 3579 1302 1592 694
Scenario IV 4400 1929 1729 929 3770 1669 1474 801
Mean 5267 2134 2182 1064 | 4837 1996 1972 980
Standard dev. 1071 381 591 244 1346 626 534 274
Cov 0.20 0.18 0.27 0.23 0.28 0.31 0.27 0.28
RMSE (mm) 1.32 1.59 1.95 1.53 1.51 2.10 2.11 1.99

Bold is chosen for mean values (which correspond to the final estimate of the parameters), COV
and RMSE(the two parameters used to adopt a final solution), which are the ones widely used for
the results discussion

Italic is chosen for standard deviation values which, although corresponding to the overall analysis
of allloading scenarios at once, are not heavily mentioned in the results discussion
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Table 2 shows EI estimates for each loading case and mathematical model.
Mean, standard deviation and coefficient of variation (COV = standard deviation/
mean) are provided to evaluate the consistency of results throughout the four tests.
The last row of Table 2 corresponds to the root mean square error in mm, added
for all four scenarios. It can be noticed that for both North and South beams, the
more realistic EI values are obtained for the case of the simply supported beam.
For the rest of the support conditions, the resulting EI values lie significantly
below the range deemed to be reasonable (4560-9210). Similarly, minimum
RMSE corresponds to the pinned-pinned so it is concluded that a simply supported
beam is closer to the measurements than any other model in Table 2. However,
COV is still significant (i.e., relative large variation in EI depending on the loading
case under consideration) and it is decided to introduce rotationary springs at the
supports in an attempt to further improve both COV and RMSE.

As a result, the beam model has now three unknowns: EI, West spring constant
(Kwest) and East spring constant (Kg,g). Thus, the goal is to find the combination
of values of these three parameters that provides the minimum RMSE. There is
a wide range of values of spring constants, therefore, those values in range with
power O are deemed to basically correspond to the pinned-pinned case (no sig-
nificant differences in the displacement response) and those values in excess of
power to the 6 agree with the fixed-fixed case (for higher values of the spring
constant, differences in the profile with the fixed-fixed case are negligible). As a
consequence, spring constants are considered to vary from 10° to 10 MN m/rad.
Optimal sets of values that minimize RMSE are obtained for the parameters and
each load scenario. Figure 7 shows two contour plots corresponding to the North
and South beams, considering one of the parameters constant and equal to the
value that provides the minimum RMSE.

It is difficult to appreciate a minimum in Fig. 7, given that is located in a flat
valley region for both beams. Nevertheless, combination of parameters that gives
the minimum value of RMSE is marked with a single black dot. Figure 7a corre-
sponds to the North beam, for load scenario I, with Kg, constant and equal to its
optimum value. Similarly, Fig. 7b represents the variation of the objective func-
tion for the South beam and same conditions as Fig. 7a. Table 3 summarizes the
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Fig. 7 RMSE versus Ky, and EI: a North beam, b South beam
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Table 3 Estimation of section stiffness and spring constants at the supports

North beam South beam

Stiffness Kwest KEast Stiffness Kwes: Krast

(MN m?) (MN (MN (MN m?) (MN (MN

m/rad) m/rad) m/rad) m/rad)

Scenariol | 4310 1002 102375 2110 1028125 1023
Scenario 11 2630 102.6875 102.75 3360 103.3125 100
Scenario 2020 1023125 1027 3470 100 1013
I
Scenario 2560 10° 103125 3000 100 1023
v
Mean 2880 174 674 2985 676 166
Standard | 992 230 466 617 968 174
dev.
cov 0.34 1.32 0.69 0.21 1.43 1.04
RMSE 1.22 1.45
(mm)

Bold is chosen for mean values (which correspond to the final estimate of the parameters), COV
and RMSE(the two parameters used to adopt a final solution), which are the ones widely used for
the results discussion

Italic is chosen for standard deviation values which, although corresponding to the overall analysis
of allloading scenarios at once, are not heavily mentioned in the results discussion

combinations of parameters (EI, Kw,s; and Kggg) that provide minimum RMSE
values for each load case. The value of RMSE in Table 3 corresponds to the root
mean square error in mm, added for all four scenarios.

Given the variability of the results and the unrealistically low values of EI
shown in Table 3, in order to find a more reliable solution, it was decided to take
an “L-curve” approach, which would allow minimizing not only the RMSE but
also the COV of stiffness predictions for all load scenarios. This approach consists
of testing a number of combinations of values for Kg,s and Kyes; while comput-
ing the EI value that provides the minimum RMSE for each load scenario. Thus,
for each pair of spring constants, four EI values would be obtained (one per load-
ing case), which makes possible to determine their mean, standard deviation and
COV. Figure 8 shows the COV in the x-axis and the total RMSE in the y-axis,
with each point of the graphic corresponding to a specific combination of values
of spring constants. In order to decide which point represents the best combination
of parameters for the beam models, Pareto criterion is applied. This criterion states
that a solution (y;) dominates another (y;) if all vector components of y; are not
greater than the corresponding components of y; (1st condition) and at least one
component of y; is strictly smaller than the corresponding component of y; (2nd
condition). For the case under investigation, this means that a solution A (COVaj,
RMSE,) would dominate another solution B (COVg, RMSEp), if:

o COVp < COVp & RMSEp < RMSEg (1st condition); and
e (i) COVp < COV3p or (ii)) RMSEA < RMSEg or (i) and (ii) at the same time (2nd
condition).
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Fig. 8 RMSE versus COV: a North beam, b South beam

All solutions that are not dominated by any other are said to be the optimal ones.
Points that fulfill Pareto criterion are marked with full green dots in Fig. 8.

Amongst all optimal solutions shown in Fig. 8, the ones chosen as final val-
ues for each beam model are those closer to the origin point, which would rep-
resent the perfect prediction (no variation coefficient and null RMSE). Due to
noise in the measurements, selection of optimum point is not clear; even when
applying Pareto criterion it could be possible that the points selected as dom-
inant may be affected by noise. If points closer to the origin (avoiding isolated
points) are selected, values of 10° MN m/rad for Ky, 10%> MN m/rad for Kz
and 4927.5 MN m? for EI are obtained in the North beam (point P marked in
Fig. 8a); and values of 109375 MIN m/rad for Ky, 10925 MN m/rad for K, and
4582.5 MN m? for EI are obtained for the South beam (point P marked in Fig. 8b).
EI for both beams falls within the lowest values of the theoretical range (4560—
9210), which can be expected for such an old bridge, cast in situ and given the
construction practice, materials and quality controls at the time. If results in Fig. 8
are compared to values in Table 2 corresponding to the simply supported case, the
trade-off between COV and RMSE is clear for both beams. For the North beam,
COV decreases (from 0.20 in Table 2 to 0.09 in Fig. 8a) while RMSE increases
(from 1.32 to 1.5 mm). Similarly, for the South beam, COV decreases from 0.28
in Table 2 to 0.23 in Fig. 8b and RMSE increases slightly (from 1.51 to 1.6 mm).
It should be noticed that values in Table 2 have been calculated similarly to those
in the “L-curve” approach of Fig. 8, since the boundary conditions used are just
particular cases of the spring constants. As for Table 3, the sets of COV and RMSE
values are not directly comparable to those derived from Fig. 8. While values in
Table 3 correspond to minimizing each loading scenario individually, i.e., leading
to different spring constants for each scenario, the optimal result of the “L-curve”
approach in Fig. 8 seeks to minimize all scenarios at once, i.e., each point repre-
sents a unique set of spring constants being tested for all scenarios.

The values of El, Kg,s and Ky are relatively homogeneous for both beams,
being the boundary conditions very similar to a simply supported beam. It is true
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that EI of the South beam is slightly smaller than that of the North beam, which
appears to be in agreement with the preliminary visual inspection (i.e., damaged
area in Fig. 4a); however, the impact on the structural response is not significant.
Displacements are small thanks to the large section of the bridge and the low val-
ues of spring constants resemble the response of simply supported beams in both
North and South models.

5 Conclusions

The health of an old bridge located near Leén (Spain), in particular its stiffness
and support conditions, have been assessed via surveying measurement of deflec-
tions due to static loading tests. The paper has shown that it is important to take
into account the uncertainty associated to the measures when trying to resemble
them with mathematical models of the bridge response. The use of only one static
loading test can be misleading due to inaccuracies in measurements and models,
and the reliability of the results can be improved by combining a number of load-
ing cases.
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Bridge Instrumentation: Needs, Options,
and Consequences

A. Shamsabadi, F. Abazarsa, S.F. Ghahari,
R. Nigbor and E. Taciroglu

Abstract Seismic design procedures are in transition from strength-based to
performance-based approaches. Faster and larger computers and improved non-
linear behavior models have paved the way. Nevertheless, validations of these
predictive models have typically been confined to experiments conducted at the
component scale. Controlled experiments at the system level are scarce. At the
present time, the next best option for model validation is to use dynamic data
collected from instrumented structures. These data include recorded accelera-
tions due to impact excitations, ambient forces, weak or distant earthquakes, and
strong ground motions. Different techniques are needed to extract useful informa-
tion for such diverse types of data. Herein, we examine a long-span bridge located
in California-which is instrumented through the joint efforts of Caltrans and the
California Strong Motion Instrumentation Program (CSMIP)-as a case study for
demonstrating how and what types of information may be extracted from recorded

Title here pays homage to work by D.M. Boore and J.J. Bommer, titled “Processing of strong-
motion accelerograms: needs, options and consequences,” and published in Soil Dynamics and
Earthquake Engineering, (2005, vol. 25, pp. 93-115).

A. Shamsabadi
Office of Earthquake Engineering, California Department of Transportation, Sacramento, CA
e-mail: Anoosh_shamsabadi @dot.ca.gov

F. Abazarsa - S.F. Ghahari - R. Nigbor - E. Taciroglu (<)
University of California, Los Angeles, CA 90095, USA
e-mail: etacir@ucla.edu

F. Abazarsa
e-mail: abazarsa@gmail.com

S.F. Ghahari
e-mail: ghahari @gmail.com

R. Nigbor
e-mail: nigbor@ucla.edu

© Springer International Publishing Switzerland 2016 199
A. Caner et al. (eds.), Developments in International Bridge Engineering,

Springer Tracts on Transportation and Traffic 9,

DOI 10.1007/978-3-319-19785-2_17



200 A. Shamsabadi et al.

data that bear consequences for engineering practice. Some of the highlights of
this study include the observation of some inconsistencies between data and meta-
data, calculation of wave delays, and response prediction with updated finite ele-
ment models.

1 Introduction

It is fair to state that the bridge engineering community had already reached a high
level of competency in developing accurate simulation models based on decades
of research and field observations on superstructure components as well as founda-
tion elements (e.g., abutments, pile foundations, etc.). However, there still remain
uncertainties that arguably introduce significant errors into responses predicted for
strong seismic events. At the present time, soil nonlinearities and soil-structure
interaction (SSI) effects are the primary sources of these modeling uncertainties.
While there have been numerous past efforts to quantify the SSI effects for bridge
support structures through component testing (for example, of large-scale speci-
men abutments [1] and piles [2]), their true behavior is coupled with the super-
structure. Therefore, direct or indirect comparisons with measurements from
real-life structures during strong ground shaking present the best opportunity to
validate any predictive model that aims to mimic their responses.

In this study, we present results of finite element modeling and model-updat-
ing studies for an instrumented long-span bridge in California. The primary objec-
tive has been to develop quantitative comparisons of dynamic responses predicted
through the use of high-fidelity state-of-the-art bridge models and real-life data
obtained through the Caltrans/CSMIP Bridge Instrumentation Program [3, 4].
These comparisons are intended to determine what the needs (regarding instru-
mentation and modal identification), options (regarding model updating), and con-
sequences (regarding what useful information can be gleaned from recorded data).

In what follows, we first introduce the specimen bridge and its instrumenta-
tion. We then present a chronicle of our studies with data collected at this bridge
during several strong earthquakes and an ambient vibration survey, which include
pre-processing of the strong motion data, modal identification and finite element
modal updating, and finally a blind response prediction using the updated model.
For brevity, only a summary of the said studies is presented here, and further
details can be found in [5].

2 Description of the Investigated Bridge

The bridge selected for detailed investigation is the FEureka—Samoa Channel
Bridge (henceforth referred to as the Samoa Channel Bridge, or simply SCB).
The SCB was chosen specifically because it features a “free-field” station, another
nearby geotechnical downhole array, an instrumented pile foundation, and seven
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Fig. 1 The Samoa channel
bridge

Middie Channel
Bridge

significant earthquake events recorded to date—the most important event being
the 2010 Ferndale Earthquake (M,, = 6.5), which induced a Peak Structural
Acceleration (PSA) of 0.37 g on the bridge deck.

The SCB carries Route 225, linking the city of Eureka to Samoa Peninsula
(Fig. 1). It was constructed in 1971 (construction started in 1968) and underwent a
seismic safety retrofit in 2006. The bridge is approximately 2506 ft long and 34 ft
wide. Its superstructure comprises 6.5 in-thick concrete deck slabs resting on four
pre-stressed precast concrete I-girders with intermediate diaphragms. The compos-
ite deck is supported on concrete bent-cap and hexagonal single-columns and seat-
type abutments. The bridge consists of 20 spans. The typical span length is 120 ft
except the main channel, which is 225 ft-long, and extends from the centerline of
pier 8 to the centerline of pier 9. The 150 ft-long concrete I-girders of the super-
structure begin at pier 7 and pier 10, and are cantilevered 30 ft past piers 8 and 9
into the main-channel crossing span. The 165 ft-long pre-stressed precast concrete
I girders resting atop the cantilevered portions cross over the main-channel.

The layout of instrumentation is shown in Fig. 2. The SCB was instrumented
first in 1996 through installing 24 accelerometers on the bridge and 3 accelerome-
ters at a nearby free-field site. During structural retrofit at 2006, in an unusual pro-
cedure, accelerometers were added at depths of 34 and 54 m in one of the
cast-in-place piles that were installed at Pier 8. At the time there was no way to
accurately establish the orientation of the horizontal in-pile sensors (channel # 28,
30, 31, and 33), so their orientations have not been precisely known.! Due to the
complexity of its geometry and site soil conditions, this bridge has not been stud-
ied with requisite detail until 2012, when Caltrans commissioned a comparative
study of finite element model predictions and its measured accelerations obtained
from the CSMIP seismic instrumentation [5].

Based on Caltrans classifications, the Samoa Bridge nominally belongs to the
group of “Ordinary Standard Bridge” structures, provided that soil conditions are

"Personal communication with T. Shakal (California Geological Survey) and P. Hipley (Caltrans).
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Fig. 2 Instrumentation layout of Samoa channel bridge (CSMIP)

normal, in which case the underlying soil can be assumed rigid and SSI can be
neglected. However, in §6.1.1 of the Caltrans Seismic Design Criteria [6] docu-
ment, it is stated that “[w]hen bridges are founded on either stiff pile foundations,
or pile shafts and extend through soft soil, the response spectrum at the ground
surface may not reflect the motion of the pile cap or shaft. In these instances, spe-
cial analysis that considers soil pile/shaft kinematic interaction is required and
will be addressed by the geo professional on a project specific basis.” In addition
to kinematic interaction, soil-flexibility must be addressed if the soil is deemed
“poor” or “marginal.” Since this caveat is true for SCB (it has pile foundations),
SSI effects should be considered. Nevertheless, it is not specifically stated how
these effects should be quantified and modeled, for example, in the seismic safety
assessment of this bridge. As it will be shown in the following sections, (i) both
inertial and kinematic SSI effects play significant roles in SCBs response to seis-
mic events, (ii) these effects can be quantified using data recorded during strong
motion event, (iii) and finally, they can be modeled in a computationally efficient
manner (i.e., without having to resort to, for example, three-dimensional finite ele-
ment modeling of the soil media surrounding/supporting the bridge).

To this end, first, a detailed Finite Element model of SCB was created that fea-
tured state-of-the-art soil-pile springs [7, 8] based on available structural drawings
and geotechnical data. Not surprisingly, responses predicted with this initial model
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at the sensor locations did not match the response signals recorded during vari-
ous earthquakes [5] (in fact, a true comparison is not even possible, because the
foundation input motions are not directly recorded due to soil-structure interaction
effects), which necessitated the calibration (updating) of the said initial FE model.
Various stages of this procedure are described in the following sections.

3 Needs: Instrumentation and Modal Identification

Data recorded at instrumented bridges provide valuable information, provided
that the associated metadata are reliable. As an example, the displacement time-
histories of the data recorded during the Ferndale earthquake, 2007, on pier 8 of
SCB are shown in Fig. 3. Also, the Free-Field Motions (FFMs) that are recorded
at channels 25 and 27, and rotated in the longitudinal and transverse directions of
SCB are shown here. As seen, the patterns of the signals recorded by the in-pile
sensors are different from others.

As it was discussed earlier, the true orientations of these in-pile channels are
not known, and thus they cannot be used unless corrections are made. However,
thanks to inertial soil-pile-structure interaction, these sensors do contain the
dynamic characteristics of the entire bridge-foundation system. Because SCB is a
straight bridge, its modal characteristics in two transverse and longitudinal direc-
tions (principal directions) should be independent. Therefore, if the in-pile sensors
are actually oriented along the directions shown in Fig. 2, then they must reflect
only transverse and longitudinal natural frequencies of the bridge-foundation sys-
tem separately in each channel. However, as it may be seen in Fig. 4 (left), both
channels exhibit the same dominant frequency, which is the first natural frequency
of the bridge in the transverse direction. Hence, we can identify true orientation by
rotating these two channels until they display distinct dominant frequencies. In
Fig. 4 (right), it is observed that, by rotating almost 30° (clockwise), we indeed

(a) (b)
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Fig. 3 Signals recorded during Ferndale earthquake (2007) at the free-field and pier no. 8 of
SCB: a longitudinal and b transverse directions
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Fig. 4 Fourier spectra of channels 28 and 30 at two different orientations

obtain such a frequency separation. Data from other earthquakes suggest the same
orientation (omitted here for brevity). For the signals recorded by the pile-tip sen-
sors, this process is not helpful, because these channels are mostly affected by
input motions rather than by vibrations of the superstructure. However, CGS
offered corrections to their orientations based on the similarity to the recorded
FFMs.? The approach described above to detect the true orientations of signals is
somewhat qualitative. A veritable and more precise method based on cross-corre-
lation analysis is described and validated in [5] and details are omitted here for
brevity.

This initial analysis of data and metadata suggests the following: (i) meta-data
supplied along with records may also contain uncertainties, and the analyst would
do well to inspect them in detail, and seek corrections as needed; (ii) motions
recorded at the foundations (even at the extreme ends of the piles) may exhibit
frequency content from the entire bridge system, which means that there are
inertial SSI effects present, and the recorded motions cannot be treated as input
motions. This latter item also implies that input-output modal identification meth-
ods are not applicable here and moreover, conventional output-only identification
methods (e.g., the frequency domain decomposition method, the natural excitation
technique, the eigen-realization algorithm, etc.) are inappropriate. This is because
these methods/algorithms are based on the assumption that the unknown input is
stationary whitenoise, yet the recorded signals on SCB were generated by earth-
quake sources, which are non-stationary—especially during their strongest time-
intervals. Nevertheless, there are recently developed output-only identification
methods that remove the stationarity restriction, so they can be applied to identifi-
cation problems that feature SSI effects [9, 10].

Using the corrected signals, and an appropriate output-only technique, the
modal characteristics of SCB were identified first using signals recorded during
earthquakes. While the said identification approach yielded natural frequencies,

ZPersonal communication with M. Huang, California Geological Survey.
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Table 1 Identified natural frequencies (Hz) from different events

Direction Mode | Ambient survey Willow Creek 2008 Ferndale 2010

no. 2014 (PSA =0.032 g) (PSA =0.370 g)
Transverse | 1 1.00 0.91 0.68

2 1.16 1.10 0.77

3 1.33 1.14 0.86

4 1.48 1.30 0.98

5 1.60 1.47 1.02

6 1.74 1.55 1.13

the mode shapes could not be identified reliable for this multi-span bridge, which
is essentially only instrumented at its main channel-crossing span (Fig. 2). This
necessitated an ambient vibration survey of the bridge using a dense sensor array,
which was carried out in collaboration with a team from the University of British
Columbia, on June 6, 2013 [11]. This ambient vibration survey, and the ensuing
modal identification studies revealed several important findings: (i) bridges exhibit
amplitude-dependent modal characteristics, and their natural frequencies typically
decrease with increasing shaking intensity; (ii) the said variation is usually recov-
ered once the excitation subsides, except for strong/damaging earthquakes (this
will be demonstrated later for SCB); (iii) the sensor density in presently instru-
mented bridges are generally inadequate for reliable identification of mode shapes,
or even many of the important higher modes entirely.

The first point made above here is clearly displayed in Table 1, which displays
the natural frequency identified from ambient test data, as well as a medium and a
strong earthquake.’

The second point is illustrated in Fig. 5, which displays the sudden drop in the
first transverse natural frequency of SCB around 40 s into the 2010 Ferndale earth-
quake. As this figure shows, at the first 20 s, system behaves similar to ambient
excitations. When the severe waves arrive, the natural frequency drops from 1.45
to 1.29 Hz (i.e., the frequency the system exhibits under weak earthquakes). Its
frequency then continues to decrease to 0.89 with the arrival of the second wave-
front. After this, the bridge reaches its lowest frequency for almost 10 s, and sub-
sequently its frequency is starting to recover the large vibrations diminish.

The last point made above is illustrated below for SCB, where Fig. 6 displays
the mode shapes identified using a dense sensor array as well as those identified
using only the existing permanent CSMIP sensors. As it may be seen from this
figure, while the accuracy of modal amplitudes at the sampling locations are not
necessarily inaccurate, the spatial resolutions of the identified mode shapes are far
from being adequate. This statement can be quantified through the use of Modal
Assurance Criterion (0 < MAC < 1) [5], which measures the similarity between
two vectors (mode shapes). If two mode shapes are identical, then their MAC

3Results from several other weak earthquakes (besides Willow Creek 2008) are available in [5],
and yield similar results.
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Fig. 7 MAC indices among the transverse mode shapes of SCB identified from a dense sensor
array (left) and the existing CSMIP sensor array (right)

index is equal to 1. Figure 7 (left) displays the MAC indices among modes identi-
fied using a dense sensor array, and only for the highest modes considered (modes
5 and 6), spatial resolution becomes an issue. On the other hand, MAC indices
computed among mode shapes identified using the existing (and relatively sparse)
CSMIP array exhibit similarity even among the lowest two mode shapes.

4 Options: Finite Element Model Updating

Once the modal data are identified, and an initial FE model is constructed, then
either heuristic (i.e., trial-and-error) or systematic model updating studies can be
carried out. For SCB, this said feat using either option is nearly intractable (due to
the complexity of this bridge and the size of its FE model) unless a proper model-
order reduction is carried out. Such a procedure not only delivers a computational
tractable problem, but also allows the analyst to better understand what parameters
control the model bridge’s dynamic characteristics (at least those that are pertinent
to the identified modes), and what parameters can be ignored (or simply slaved
to other, but controlling, parameters). Model-order reduction itself is a computa-
tionally demanding task, but it can be carried out effectively and efficiently using
multivariate sampling methods such as “Latin Hypercube Sampling” [12]. This
particular method was adopted for SCB and reduced the updating parameters
from its initial designation of 118 to a couple dozen, which include primarily the
pile-soil stiffness parameters (for operational conditions or weak earthquakes, and
separately, for strong earthquakes), kinematic interaction factors, concrete cracked
stiffness reduction factors, and abutment stiffness parameters. The model updat-
ing was carried out systematically by connecting CSIBridge [13] to Matlab [14]
through an Application Programming Interface, as illustrated in Fig. 8. The API
allowed the use of Matlab’s built-in functions and toolboxes for optimization with-
out having to develop a separate finite element model of the bridge in Matlab. The



208 A. Shamsabadi et al.

Fig. 8 Screenshot from the model updating procedure: MATLAB (left) and CSIBridge (right)
are connected by an API for the updating procedures

iterative values of the updating parameters were sent by Matlab to CSIBridge,
which then analyzed the structure and returned its modal properties back to
Matlab. Then, the objective function—which measured the discrepancy between
the identified (from recorded data) and computed (using CSIBridge) modal prop-
erties—was iteratively calculated, and the 1sgnonlin function in Matlab was
used to improve the values of the updating parameters.

Details of the model updating studies are omitted here for brevity, but may
be found in [5]. The final finite element model was able to mimic the bridge
responses observed during different (strong and weak) earthquakes as well as the
ambient survey very well. These calibrated models provide various key obser-
vations, including the need (i) to use cracked concrete properties for the bridge
superstructure that are appropriately calibrated for the anticipated level/intensity
of excitation (~90 %, and ~50 % for weak and strong events, respectively), (ii) to
account for kinematic interaction effects when deciding foundation input motions,
(iii) to use properly calibrated soil springs, that are not necessarily in good agree-
ment with existing predictive models that are given, for example, in [8] (even
though these models offer a good initial guess, provided that pile group, diameter,
and boundary condition effects can be carefully accounted for).

Representative results of the model updating studies are shown below in
Table 2 and Fig. 9. As seen, an excellent agreement can be attained through care-
fully analyses and systematic FE model updating procedures.

5 Consequences

Once a well-calibrated FE model is obtained, then it will enable a number of cal-
culations that can be put to good use. An example is to use to calibrated model to
accurately study the interaction of the bridge with its traffic loads that affect its
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Table 2 Comparison of the  Modeno. | Identified Updated FE MAC
natural frequencies (Hz) and frequency (Hz) frequency (Hz)
mode shapes (MAC) that are 1 0.68 0.65 091
identified from the Ferndale . . .
2010 earthquake, and the 2 0.77 0.78 0.92
same computed using the 3 0.86 0.84 0.75
final updated FE model 4 0.98 0.99 0.80
5 1.02 1.05 0.50
6 1.13 1.12 0.69
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Fig. 9 Responses of SCB recorded in channels 10 and 11 during the Willow Creek 2008 (lef?),
and Ferndale 2010 (right), along with the responses predicted for the same using the final
updated FE Model

dynamic characteristics. Another important application is to carry out blind pre-
dictions of how the bridge would perform in future earthquakes. Systematically
carried out, this type of simulations and parametric studies can be used to develop
accurate seismic fragility curves that can be used for rapid post-event seismic
safety assessment.

For SCB, an opportunity for “blind” prediction presented itself when an earth-
quake shook the bridge, on March 2014 that originated, yet again, in the Ferndale
(offshore) area. This earthquake registered a PSA of 0.069 g (i.e., it was a rela-
tively weak earthquake at the site of the bridge). The update FE model (without
any further calibrations) was subjected to kinematic input motion obtained from
the recorded pile-tip motions and the responses recorded on channels 10 and 11
are shown in Fig. 10, along with those computed using the FE model. As seen, this
blind prediction yielded an excellent result.
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Fig. 10 The three-dimensional FE model of SCB
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Fatigue Damage of a Diagonal Member
in a Steel Truss Bridge Due
to Wind-Induced Vibration

S. Nakamura, T. Okumatsu, T. Nishikawa and T. Okabayashi

Abstract Ikitsuki bridge is a three span continuous steel truss bridge completed
in July, 1991. Approximately 18 years after the completion, a crack was found in
a diagonal member in the vicinity of an intermediate support. In order to iden-
tify its cause, fracture surface of the crack was observed and a long-term monitor-
ing of wind and vibration of some diagonal members has been carried out. The
study reveals that (1) the crack was initiated and propagated as fatigue crack; (2)
vibration of the target members is induced by the wind of 6—8 m/s and more than
15 m/s in the direction approximately normal to the bridge longitudinal axis; (3)
the members mainly vibrate in the plane of truss and the vibration frequencies
coincide their 1st natural frequencies; and (4) the maximum stress range induced
by the vibration due to 6-8 m/s wind is approximately 30-40 N/mm?, while that
due to wind more than 15 m/s can be 195 N/mm?. These wind-induced vibrations
are thought to be the main cause of the fatigue crack.

1 Introduction

Ikitsuki bridge is a three span continuous steel truss bridge completed in July, 1991.
Its side and main spans are 200 and 400 m, respectively. December, 2009, approxi-
mately 18 years after the completion, a crack was found in a diagonal member in the
vicinity of an intermediate support. In order to identify the failure mode of the crack,
a fracture surface observation was conducted. As a result of the observation, it was
concluded that the crack was initiated and propagated as fatigue crack. Generally,
the cause of fatigue crack is heavy live load or wind-induced vibration such as
vortex-induced vibration. Since the bridge site is a strait between rural islands,
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the traffic condition on the bridge is not severe and strong wind often blows, the
wind-induced vibration was thought to be the main cause of the crack. The bridge
has many members with structural and aerodynamic characteristics similar to the
cracked member. Therefore, confirmation of the cause of the crack is very important
to determine the appropriate countermeasure for crack prevention in other members.
From this point of view, a long-term monitoring of vibration of some diagonal mem-
bers and wind near them has been carried out. This paper presents the outline of the
crack found and long-term monitoring to identify the cause of the crack.

2 Description of the Crack Found

A crack was found during an inspection for determining the points to be annually
inspected. The member in which the crack was found is shown in Fig. 1. It is a
diagonal member having a rectangular box section. The width of flange and web is
500 and 574 mm, respectively. The thickness of both plates is 9 mm. Appearance
of the crack when it was found is shown in Fig. 2. The length of the crack was
approximately 47 cm on the flange facing sea and 51 cm on the web facing
Ikitsuki island. The maximum width of the crack was 4 mm. Almost the half of the
section was fractured. The crack propagated along the weld toe on the outside of
the flange facing sea.

4 Bridge length L=960000  '° &
0 — Z 200000 JE— 7
I 200000 | 400000 | 200000 |

_|!m
=

Cracked member [Side View]

Fig. 1 Side view of Ikitsuki bridge

Fig. 2 Photos of the crack found
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Fig.3 Summary of crack observation result

3 Fracture Surface Observation

In the macroscopic observation of the crack surface, no typical characteris-
tics of any failure modes such as chevron pattern and beach marks were found.
Therefore, microscopic observation of the crack surface using scanning electron
microscope (SEM) was conducted. Three kinds of fracture surface, i.e. fatigue
fracture surface characterized by striations, brittle fracture surface and ductile
fracture surface characterized by dimples, were observed. The observation result
is summarized in Fig. 3. From the direction of striation, it can be thought that the
crack initiated at the weld toe near the web on the outside of the flange, then, it
propagated inward and widthwise as fatigue crack.

4 Long-Term Monitoring

In general, fatigue damage in bridges is induced by live load. Wind-induced vibra-
tion can be the cause as well. Since Ikitsuki bridge is located between isolated
islands, the traffic condition is not very severe. Therefore, it is thought that wind-
induced vibration may be the cause of the crack. In order to confirm the hypoth-
esis, a long-term monitoring of wind and vibration of some members with similar
structural characteristics to the cracked member has been carried out.
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Fig. 5 Members where accelerometers and strain gauges are set

4.1 Set-up of Monitoring Equipment

Wind velocity and direction are measured by anemometers at midspan and north
and south sides of two intermediate piers, PS5 and P6 as illustrated in Fig. 4.
Accelerometers are put on 8 diagonal members in the vicinity of intermediate
support. Some strain gauges are set on two members among them. The members
where the accelerometers and strain gauges are set are demonstrated in Fig. 5.
Their structural characteristics are summarized in Table 1. Sampling frequency of
acceleration and strain is 100 Hz. Figure 6 is photographs to show the position of
strain gauges. The data obtained by P5-IN7 and P6-OS7 are mainly used in the
following analysis.
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Table 1 Structural Member position Center span Side span
characteristics of measured Length (m) 26.803 27335
members
Section Rectangular box | Rectangular
box
Flange | Width (mm) 500 500
Thickness (mm) |9 15
Web Width (mm) 574 558
Thickness (mm) |9 11
Material JIS-SS41 JIS-SS41
Design axial force (kN) 2220 3171

Web (P5)

Fig. 6 Position of strain gauges

4.2 Dynamic Characteristics of Measured Members

Before conducting the long-term monitoring, natural frequencies and damping
constant were measured by impact test. Table 2 shows its results. The 1st natu-
ral frequencies of center span and side span members are approximately 6.7 and
6.3 Hz, respectively. Comparing four members in center span, the cracked mem-
ber has the frequency slightly higher than others since it was repaired. The natural
frequencies of members in side span are lower than those of center span members.
The damping constant is less than 0.02 for all members. By using the natural fre-
quency and Strouhal number for rectangular section, the onset wind speed of vor-
tex-induced vibration can be estimated as shown in Table 3. They are more than
25 m/s for both center span and side span members.
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Table 2 In-plane natural frequencies and damping

Member position P5
Center span Side span
North side South side North side South
side
Frequency (Hz) Ist 6.72 6.76 6.21 6.36
2nd 17.51 17.55 16.61 16.94
Damping constant 0.018 0.018 0.018 0.017
Member position P6
Frequency (Hz) Ist 6.83 6.74 6.29 6.29
2nd 17.86 17.57 16.78 16.64
Damping constant 0.018 0.017 0.019 0.019
Table 3 Onset wind speed Member position Center span Side span
of vortex-induced vibration D/B 0845 0850
Strouhal number 0.1188 0.1190
Onset wind speed (m/s) 28.3 26.1

4.3 Results and Discussions
4.3.1 Daily Maximum Stress Range

The rainflow counting method was used to obtain stress range histogram from
the time history of strain record. Figure 7 shows the transition of daily maximum
stress range at gauge OS-7 on a diagonal member of P6. Since the cut-off limit
of Class D for variable amplitude stress in Fatigue Design Recommendations for
Steel Highway Bridges [1] is approximately 40 N/mm?, certain level of fatigue
damage must be accumulated.

In Fig. 7, threshold of 30 MPa to judge the occurrence of vibration is shown.
Numbers of days when the maximum stress range is more than 30 and 100 MPa
are indicated in Table 4. Maximum stress range over 30 MPa was recorded in sev-
eral days each year, 15 days in FY 2011, 7 days in FY 2012 and 24 times in FY
2013. Stress range more than 100 MPa was recorded only on 4 days. The recorded
maximum stress range is 195 MPa in FY2011, 161 MPa in FY 2012 and 63 MPa
in FY2013.

4.3.2 Wind Condition Inducing Vibration

Wind condition on the day when the daily maximum stress range is more than
30 N/mm? was analyzed. The analysis shows that stress range more than 50 N/mm?
was observed under the wind with the velocity more than 15 m/s and the direction
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normal to the bridge axis in general. The vibration was also induced by the wind
with velocity between 6 m/s and 8 m/s. In this paper, vibrations in lower and
higher wind velocity ranges will be called “Phenomenon A” and “Phenomenon
B”, respectively.

As a typical example of Phenomenon A, relationship between maximum stress
range and average wind velocity in 10 min on October 1, 2012 is shown in Fig. 8.
It can be known that vibration is induced by the wind with velocity of 6-8 m/s
and direction between north-northeast and northeast, approximately normal to the
bridge axis. The induced stress range is less than or equal to 30 MPa. In all other
cases of Phenomenon A, the maximum stress ranges were approximately 30—40 N/
mm?. The contribution of this phenomenon on fatigue damage may be small since
the stress range is relatively small.

Figure 9 shows the relationship between maximum stress range and aver-
age wind velocity in 10 min on April 3, 2012. Large stress range up to 90 MPa is
induced by the wind with velocity more than 15 m/s and direction between south-
west and west, approximately normal to the bridge axis. But vibration was not
occurred when wind direction is west-northwest, close to the direction of bridge
axis even though the wind velocity is more than 15 m/s. The maximum stress
range was 160 MPa although it is not shown in Fig. 9 due to the lack of the cor-
responding wind data. In other cases of Phenomenon B, the maximum stress range
up to 195 MPa was recorded.
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Fig. 9 Maximum stress range and average wind velocity in 10 min (April 3, 2012)

4.3.3 Time History of Stress During Wind-Induced Vibration

An example of stress time history when Phenomenon A occurs is shown in
Fig. 10a. The data for 10 min was recorded at gauge IN-7 on the P5 member from
23:50, October 1, 2012. In Fig. 10b, stress time histories at gauges IN-5, IN-14
and IN-7 are compared for 4 s including the time when the maximum stress
was recorded. Stress amplitude at Gauge IN-7 moderately changes in 10 min.
Meanwhile, it is almost constant for 4 s. Stress at IN-5 is quite small, and stress at
IN-7 is approximately twice larger than that at IN-14. Since this ratio is the same
as the ratio of distances from the neutral axis for in-plane bending of the mem-
ber, it can be known that the member vibrates in the plane of truss. The phases
of time histories of IN-14 and IN-7 coincide and their frequency is the same as
the in-plane 1st natural frequency of 6.2 Hz. Consequently, it can be said that
Phenomenon A is the relatively stable in-plane harmonic vibration in their Ist
natural frequency.
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Fig. 10 Examples of stress time history when phenomenon a occurs, a Ten minutes history at
Gauge IN-7, b Four seconds history at 3 gauges
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Fig. 11 Examples of stress time history when Phenomenon B occurs, a Ten minutes history at
Gauge OS-7, b Four seconds history at 3 gauges

In the same way as Figs. 10 and 11a, b show the examples of stress time his-
tory when Phenomenon B occurs. The stress for 10 min in the figure was recorded
from 6:50, April 3, 2012 on the P6 member. Compared with Phenomenon A, stress
amplitude significantly fluctuated. The time with large stress amplitude is very
short. Even for 4 s around the time when the maximum stress occurs, the stress
does not keep constant. The ratio of stress between OS-14 and OS-7 indicates that
the member mainly vibrates in the plane of truss at its Ist natural frequency. The
stress at OS-5 and its phase difference from others suggest that a certain level of
out-of-plane vibration was also induced.

4.3.4 Fatigue Damage and Life Estimated

Fatigue damage of the member was calculated by modified Miner’s rule in which the
cut-off limit is not taken into account. The fatigue strength of the joint was assumed
as “Class D” of JRA Recommendations [1]. The stress range histogram shown in
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Fig. 12 was used to calculate the fatigue damage. The histogram was obtained by
applying the rain-flow method to stress at the gauge OS-7 on a diagonal member of
P6 from August 2011 to December 2012. The estimated fatigue life was 57 years. It
is approximately 3 times longer than the real life of 18 years. Considering that the
vibration inducing fatigue damage is rare phenomenon and the fatigue strength of
welded joints generally is widely scattered, the error in the fatigue life estimation
may be acceptable. Therefore, it can be concluded that the main cause of the fatigue
crack is the wind-induced vibration in two wind conditions.

5 Conclusions

In this study, a long-term monitoring of vibration of eight diagonal members and
wind close to them was carried out to identify the cause of the fatigue crack. The
monitoring reveals that (1) vibration of the target members is induced by the wind
of 6-8 m/s and more than 15 m/s in the direction approximately normal to the
bridge longitudinal axis; (2) the members mainly vibrate in the plane of truss and
the vibration frequencies coincide their 1st natural frequencies; and (3) the maxi-
mum stress range induced by the vibration due to 6-8 m/s wind is approximately
3040 N/mm?, while that due to wind more than 15 m/s can be 195 N/mm?. These
wind-induced vibrations are thought to be the main cause of the fatigue crack.
However, the phenomenon occurred only several times a year. Thus, accurate esti-
mation of fatigue life by the data obtained in relatively short-term is difficult. The
monitoring will be continued to obtain sufficient data for statistical life estimation.
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Structural Health Monitoring of a Curved
Continuous Steel Box Girder Bridge Under
Marine Environment

Airong Chen, Zhen Zhang and Rujin Ma

Abstract Different from bridges on land, bridges under marine environment
are subjected to tide and wave. In order to understand the actual performance of
bridge under marine environment, a structural health monitoring system (SHMS)
is designed and implemented on a curved continuous steel box girder bridge in
the Hangzhou Bay of China. Through the implementation of the SHMS, both
environmental parameters and structural response are monitored, including wind,
temperature, vibration acceleration, and bearing deformation. By analyzing the
monitoring data, characteristics of the environment and structural response are
obtained, including the wind field characteristics, the temperature distribution of
the steel box girder and the structural dynamic characteristics. From the monitor-
ing results of the girder vibration acceleration, there is an obvious vibration phe-
nomenon found in the lateral direction. Further studies show that the structural
vibration has a direct relationship with the tides in the Hangzhou Bay. The obvious
vibration is induced by regular ebb and flow, because the lateral modal frequency
is as low as about 0.5 Hz which is in the range of the tidal frequencies. Moreover,
the foundation scour caused by tide will lower the structural integral stiffness
and then the natural frequencies, which may make matters worse. Meanwhile,
finite element method is used for structural characteristics analysis and structural
response analysis. Comparing the theoretical calculation results and the measured
ones, the structural finite element model is verified and modified. And the modi-
fied model is used in evaluating and predicting the safety and status of the struc-
ture. In the end, some conclusions and management suggestions are given for the
bridge under extreme conditions.
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1 Introduction

With the development of calculation theories, materials and construction technolo-
gies, more and more sea-crossing bridges have been constructed or being under
construction in China. Compared with bridges on land, these sea-crossing bridges
are subjected to tide and wave, which may result in structural vibration and foun-
dation scour. In these sea-crossing bridges in China, Hangzhou Bay Bridge is
one of the most wonderful and famous with a total length of 36 km across the
Hangzhou Bay, located in the southeast of China [1], as in Fig. 1. In this project,
curved continuous steel box girder ramp bridges are designed and constructed to
connect the main bridge and the offshore platform, as in Fig. 2. The main span
arrangement of ramp bridges is 6 x 20 m, with single column pier of single pile,
as in Fig. 3.

As a result of complex hydrological conditions of the Hangzhou Bay, the ramp
bridges have a severe foundation scour problem. To makes matters worse, the land
reclamation on both shores of the Hangzhou Bay will make the hydrological sit-
uation more complicated and result in more serious scour problem. Meanwhile,
tide-induced vibration was found during construction and exists during operation.
Therefore, a structural health monitoring system (SHMS) is specially designed
and implemented on the ramp bridges for further study of the structural behavior.

Fig. 1 Location of the
Hangzhou Bay Bridge and
the offshore platform

Fig. 2 Ramp bridges
connecting the main bridge
and the offshore platform
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Fig. 3 The ramp bridges with single column pier of single pile, a elevation view, b side view
photo

2 Design and Implement of the SHMS

In the SHMS, both environmental parameters and structural response are moni-
tored by integration of sensor technology, measurement technology, commu-
nication technology and computer technology [2]. The SHMS consists of four
subsystems, which are the sensor system, the data acquisition and transmission
system, the data processing and management system, and the structural evaluation
system.

The sensor system includes ultrasonic anemometer, temperature transducer,
displacement transducer, accelerometer and inclinometer. Integrated circuits of
low noise amplifier and filter are adopted in signal conditioning module.

Distributed data acquisition system is designed to meet the need of wide range
monitoring. And those adjacent sensors are connected to the same data acquisition
instrument on-site through wires. All the instruments on-site are connected to the
central server by optical fiber local area network considering transmission capacity
and system expansion. Data is synchronized by GPS timing module on data acqui-
sition instruments.

The hardware part of the data processing and management system is a central
server with a large capacity hard disk array, while the software part is specially
developed for data collection, processing and storage. For data processing, various
algorithms are used including time domain analysis, frequency domain analysis,
and correlation analysis. Both original and processed data can be displayed on the
monitoring interface, which is based on Web page.

The structural evaluation system is specially developed by comparing the identi-
fied results and the theoretical analyzed results. For the ramp bridges’ response, both
displacements of bearing and girder vibration amplitude are critical to structural
evaluation.
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3 Structural Performance Based on Long-Term
Monitoring Data

The monitoring content includes wind, temperature, support displacement and
girder vibration. There are totally 1 ultrasonic anemometer, 25 temperature trans-
ducers, 40 displacement transducers, 50 accelerometers and 18 inclinometers.

3.1 Wind Parameters

A 3D ultrasonic anemometer is installed above the deck to monitor the wind
parameters, which include wind speed, wind direction, wind attack angle. Based
on long-term monitoring data, the actual wind field characteristics are obtained,
including distribution of wind speed and direction, turbulence intensity and gust
factor. In order to study wind effect on the bridge, wind parameters during a
typhoon are analyzed in detail, which happened on 8th August, 2012.

Distribution of horizontal average wind speed and direction at interval of
10 min is shown in Fig. 4a. Along wind gust factor and mean wind speed chang-
ing with time are shown in Fig. 4b. The mean wind speed during typhoon is over
10 m/s and the maximum value is about 13.9 m/s. The wind direction changes
from northeast to southeast, which matches with the change of location of typhoon
center relative to the bridge from southeast to southwest. The gust factor decreases
below 1.5 as the wind speed increases and remains stable.

3.2 Temperature

For continuous girder bridge, expansion and contraction of main girder according
to the change of temperature will lead to displacement at sliding bearings and hor-
izontal thrust on fixing supports. As for the ramp bridge, the temperature effect is
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Fig. 4 Examples of the monitored wind parameters during a typhoon, a mean wind speed and
direction map, b along wind gust factor and mean wind speed
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more complicated and may result in disadvantageous structural response. In order
to study the actual temperature effect, monitoring of temperature is carried out.
Platinum resistance temperature transducers are adopted to monitor both air tem-
perature and steel box girder temperature. Through 20 temperature transducers on
a section of the box girder, the structural temperature distribution is monitored.
Based on long-term monitoring, temperature distribution under different condi-
tions are acquired and the most unfavorable distribution under high temperature
is shown in Fig. 5. The most unfavorable high temperature distribution happens at
15:05 on 4th July, 2012, and the external air temperature is about 35.4 °C.

It is found that the temperature distribution of the steel box girder is sensitive to
solar radiation. The temperature on top plate is obviously higher than other plates
because the top plate is directly subject to solar radiation. The temperature on web
plate decreases from top to bottom as a result of temperature conduction in steel
material. And the temperature on bottom plate is the lowest but a little higher than
the external air temperature, because it is mainly affected by temperature conduc-
tion on both internal and external boundaries of air and steel material.

3.3 Displacement of Bearing

As the length of continuous girder bridge increases, the total temperature deforma-
tion at both ends will certainly increase. Therefore, the bearing at both ends must
function well to adapt to the requirement of temperature deformation. Otherwise,
the constrained deformation will inevitably cause considerable thrust and bending
moment on bridge piers. It is important to monitor the working condition of bear-
ings. There is a pair of bearings at each end of the continuous steel box girder
bridge. One is longitudinal sliding bearing, while the other is bi-directional sliding
bearing. Therefore, 5 displacement transducers are installed at every bearing pair,
which consists of 2 longitudinal ones, 2 vertical ones and 1 lateral one.

To study bearing deformation, monitored displacement values are analyzed with
monitored air temperature. In Fig. 6, both longitudinal displacement of one sliding

B Temperature transducers
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Fig. 5 Structural temperature distribution on a section of steel box girder (°C)
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Fig. 6 Statistics of longitudinal displacement versus air temperature

bearing and the air temperature are averaged by interval of 10 min. Obviously,
bearing deformation has certain linear correlation with air temperature at long time
scale. Long-term monitoring data shows that the bearings function well.

3.4 Girder Vibration

Numerous accelerometers are installed on steel box girder to monitor girder’s
vibration in longitudinal, lateral and vertical directions. Original acceleration
data shows that vehicle-induced vibration is prominent in all three directions,
as in Fig. 7a. Although vehicle-induced signal is prominent in amplitude, it is
high-frequency and decays rapidly. So a low pass filter is designed to eliminate
the interference of vehicles. After filtering vehicle-induced vibration signal, it is
found that lateral vibration is the most obvious, which is caused by tidal wave in
the Hangzhou bay. There are four obvious vibration peaks corresponding to two
cycles of ebb and flow in a day [3], as in Fig. 7b.
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Fig. 7 Typical acceleration curve in a day, a original vibration data, b filtered vibration data



Structural Health Monitoring ... 227

Fig. 8 Variation of dominant
frequency in 24 h

Frequency (Hz)

Through frequency domain analysis, the structural vibration frequencies are
distributed in a wide range. When looking at the dominant frequency, one inter-
esting phenomena is observed that the dominant frequency changes in 24 h, as in
Fig. 8. This frequency variation is mainly due to the change of water depth, which
leads to variation of structural associated mass [4].

4 Finite Element Analysis

4.1 Finite Element (FE) Modeling and Prediction
of Scouring Depth

FE method is introduced to analyze structural dynamic characteristics and to
evaluate the structural status by use of the ANSYS software. Shell63 element is
used to simulate the steel box girder and Solid95 element is used to simulate the
concrete pier, as in Fig. 9.

Fig. 9 FE model of curved
continuous bridge
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4.2 FE Model Optimization

Before using the FE model, it is important to modify the original model. In this
case, scouring depth is crucial because it has a great influence on the basic modal
frequencies [5], as in Fig. 10. It is evident that the modal frequencies decrease as
the scouring depth increasing, because the increase of free length of piers reduces
the structural integral stiffness inevitably. Since material parameters and struc-
tural geometric parameters are relatively precise, measured modal frequencies and
shapes can be used to determine the actual scouring depth. Based on the measured
results, the current estimated scouring depth is about 13 m from completion of the
structure 4 years ago. And the estimated results match quite well with the results
given by annual flush detection on site.

4.3 Structural Performance Evaluation

Using the modified FE model, various calculations can be carried out to evaluate
the structural status.

First of all, the temperature effect is calculated by means of FE analysis and
the results are compared with the measured ones. The girder is divided into top
plate, bottom plate, left web, right web and diaphragm plate. Every part is applied
with actually measured temperature independently. Then displacements at both
ends of the continuous bridge are obtained and compared with measured ones, as
in Fig. 11. It shows that the theoretical results agree with measured ones very well.
This confirms the accuracy of the FE analysis and its availability in evaluation.

Then, the effect of tide-induced vibration is evaluated by focusing on material stress
according to different amplitudes, as in Fig. 12a. Stresses under other kinds of load are
also calculated, such as wind, temperature and vehicle, as in Fig. 12b. The most disad-
vantage condition of the structure is evaluated under different load combinations.

It is found that lateral vibration will lead to slight tensile stress in local area of
some piers. However, the tensile stress is still within the acceptable range.
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Fig. 12 Stress distribution under different loads, a stress under tide-induced vibration, b stress
under vehicle load

5 Conclusions

Long term monitoring of the bridge offers the opportunity to observe structural
responses under different environmental parameters. When combined with theo-
retical analysis, it is useful to evaluate the structural status.

e Steel box girder is sensitive to solar radiation and the difference of extreme tem-
perature distribution is very large, which should be paid more attention during
designing.

e Bearing displacements are mainly affected by overall temperature change and
have a significant correlation with the temperature.
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e The structural vibration has a direct relationship with regular tides in the
Hangzhou Bay. The lateral modal frequency is as low as about 0.5 Hz which
is in the range of the tidal frequencies. Meanwhile, foundation scour caused by
tides will lower the structural integral stiffness, which may make the vibration
problems worse.

e Although the ramp bridges under current condition are still in security status,
continuous monitoring is suggested and more attention should be paid to foun-
dation scour detection on site.

e Finally, the influence of tides should be taken good care of for bridges under
marine environment, including foundation scouring and structural dynamic
responses.
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