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Abstract A damped outrigger system is an effective structural scheme that has
been realized in Canadian construction in the past decade for resisting seismic and
wind loads. These outriggers increase the stiffness of reinforced concrete core walls,
reduce the moment demand within the walls, and add additional energy dissipa-
tion. Essentially, the outrigger system acts as a rotational spring providing addi-
tional moment resistance and rotational stiffness, which leads to lower drifts and
displacements. Although the outrigger systems demonstrate desirable seismic perfor-
mance, no seismic design procedures exist within Canadian building codes. In this
study, a comprehensive parametric analysis is done, providing empirical relations for
the dynamic response of outrigger buildings. Prototype outrigger-wall buildings are
designed with the proposed design methods, and the challenges of designing these
systems are discussed in detail. This study is a step towards new seismic design
guidelines for outrigger buildings in Canada.

Keywords Seismic design - Outriggers - High-rise buildings

1 Introduction

Driven by small building sites, engineers are designing more tall buildings are being
constructed which require smaller and as a result more slender reinforced concrete
(RC) core walls. However, the dynamic characteristics of tall and slender buildings
result in large displacements and accelerations under wind and seismic excitation.
These large deformations can cause damage to the structural and non-structural
elements of a building. Windstorms and earthquakes also generate large forces in the
form of overturning moment and shears, which must be resisted by a lateral force
resisting system. Controlling the lateral response of tall buildings to earthquake
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Fig. 1 Damped outrigger
system concept
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and wind excitation is a well-studied topic and has resulted in many practical and
innovative solutions—one of which is a damped outrigger system.

An outrigger system consists of stiff girders or trusses that couple the RC core
wall to exterior columns, as shown in Fig. 1. An outrigger system adds a rotational
stiffness to the RC core wall, reducing lateral displacements and core moment at
the base of the wall. The addition of dampers within the outrigger system allows for
added energy dissipation, further enhancing the lateral response of these buildings

under earthquake loads.

Over the past two decades, researchers have investigated the performance of
damped outrigger-wall systems [9-11, 14, 16, 18]. Overall, the current literature
shows that the use of outriggers in tall buildings is an effective way to increase the
overall performance of the structure. Generally, the optimal location for an outrigger
with hysteretic dampers is at 60-80% of the building height. However, the outrigger
is often located at the roof for ease of construction and architectural purposes.

Despite the growing research into damped outriggers for seismic design, these
systems have only recently been adopted in practice for seismic applications. For
example, in 2015, RJC designed the MNP Tower (1021 W Hastings) with a roof-top
outrigger that has dampers in the form of buckling restrained braces. This damped
outrigger building was the first of its kind in Canada. Despite the rising popularity of
damped outrigger buildings in Canada, there is currently no seismic design guidance.
In this paper, we study the behaviour of outrigger shear wall buildings and compare
that to conventional shear walls. Based on these results, we have developed empirical

design equations and recommend avenues for future research.
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2 OQOutrigger Stiffness

The outrigger system consists of mega-columns, outrigger dampers, and outrigger
trusses or beams. Mega-columns and outrigger dampers primarily resist axial loads,
having a low shear resistance, and can therefore be idealized as a rotational spring
(where the spring rotational stiffness is k,, and the yield moment is M, ,). The
yield of the outrigger dampers, which are assumed to have symmetric elastic—plastic
behaviour, provides the only nonlinearity in the outrigger system. The remaining
outrigger columns and the beams are capacity-designed to remain elastic. Hence,
the yield moment of the equivalent spring consists of the damper yield force (f, )
multiplied by the length of the outrigger truss or beam (L,), and the result is given
in Eq. 1

Mo,y = fo,yLo (1)

The rotational spring can be calculated by assuming the outrigger beam behaves
like a beam connected to two springs in series. The first spring in series has the
stiffness of the damper (k;) while the other represents the stiffness of the column
(k.). The equivalent rotational stiffness (k,) of an outrigger beam is can then be
determined using Eq. 2.

[ 2L g2 B
* LG,AL, 3E,I,L, keomL?2

@)

where kom 1S the axial stiffness of the column (k.), and the damper (k;) in series
keom = (1/ ke + l/kd)_l; 1, is the moment of inertia of the outrigger beam; L; is
span between the wall and the mega-column; v is Poisson ratio of the outrigger
material; E, is the elastic modulus of the outrigger material; and L, is the length of
the outrigger beam. In these calculations, the equivalent beam is assumed to have a

rectangular cross section with a shear area of A, = %A,,, ¢ and a shear modulus of

G = Z(IEJ:U), where A, , is the gross area of outrigger beam.
It may not always be efficient to use a beam as an outrigger system. For instance,
steel beams are limited in the sizes availability, and it would be difficult to obtain the
high stiffness required by outrigger systems. As an alternative, designers may use
RC beams; however, the RC beams add additional weight and utilize a significant
amount of space. As such, large steel outrigger trusses may be used. Furthermore, in
some cases, the wall may extend into the truss. This is common when the outrigger
is located near mid-height of the building. In this case, the determination of the
rotational stiffness assumes that wall is rigid, relative to the truss. Figure 2 shows
the configuration where the wall extends into the truss system. Equation 3 shows the
derived equation for rotational stiffness for an outrigger truss with a rigid wall.
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where E; is the steel elastic modulus, A, = area of the diagonal vertical truss, A, =
area of the top and bottom chords, L,, = length of the wall, d, = outrigger depth,
and 6, = angle of inclination of the inside diagonal truss (see Fig. 2).

3 Static Response of Outrigger-Wall System

In the lateral design of outrigger buildings, it is important to understand the portion
of total overturning moment that is taken by the outrigger and the wall base. Using a
simple model, where an outrigger system is modelled as a rotational spring, the wall
is modelled as a Euler—Bernoulli beam, the lateral load is represented as an inverted
triangular loading distribution, and the ratio of outrigger moment (M,) to wall base
moment (M) can be determined using the Eq. 4.

M, (a*—6a+3)
b=y =g “)

where B, is the ratio of outrigger moment (M,) to wall base moment (M}), a is
the ratio of the height of the outrigger to the total height of the building, which is
a unitless parameter between 0-1; and « is a relative stiffness parameter (Eq. 5),
which is a unitless parameter between 0—1. For a cantilever wall with no outrigger,
oy = 0. Contrastingly, for an infinitely rigid outrigger, oy = 1.

1
or =\ &L ) o)
(ﬁ +1
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Fig. 3 a Moment distribution of outrigger and b roof displacement ratio of outrigger system

where [, is the moment of inertia of the core wall; H is the height of the core wall;
and E. is the elastic modulus of reinforced concrete.

Figure 3a shows B, for arange of oy and a. As shown, arigid outrigger (o = 1)
positioned lower down the wall (¢ — 0) will take the highest portion of overturning
moment. Furthermore, a rigid outrigger located at the roof, which is a common
practice, can only take a maximum of ~38% of the overturning moment. Finally, the
portion of moment which is taken by the outrigger is less sensitive to oy near the
roof than near the base.

Assuming the same inverted triangular static loading is applied, the ratio (r;a) of
the outrigger system roof displacement (A,) to the cantilevered wall system without
an outrigger (A,,) can be determined. The value r;, is critical in understanding
the displacement savings using an outrigger system compared to a wall without an
outrigger. The calculation of 7, is shown in Eq. 6.

A, 5
— =1-—aa;2—a) (6)

sa =8 2

Figure 3b shows 7, for a range of oy and a. As shown, the outrigger is most
effective at a = 1, where a rigid outrigger (¢y = 1) gives a 70% reduction in
displacements. Additionally, Fig. 3b shows that displacements are more sensitive to
outrigger stiffness at high locations in the building. Hence, there is more benefit to
adding stiffness to the outrigger near the top of the building rather than at the bottom.

4 Dynamic Response of OQutrigger-Walls

The static response of an outrigger systems, described in the previous section, shows
impressive efficiency in terms of resistance to lateral loads. The relations discussed
previously are useful when static loads are assumed in design, or where dynamic
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Fig. 4 a Fundamental period from model and b Moment distribution factor from dynamic analysis

loads are simplified to static loads, such as wind loads or equivalent static force
procedures. However, in seismic design of tall buildings, the dynamic response must
be understood. To investigate the dynamic elastic behaviour of outrigger systems,
modal response spectrum analysis was conducted using distributed mass and stiffness
models. The elastic dynamic response of these models was determined, and empirical
equations developed are described here-in.

Natural periods of vibration are critical design parameters in earthquake engi-
neering. Eigenvalue analysis was conducted on a range of models, and the funda-
mental periods were determined. Figure 4a shows the period of the buildings, normal-
ized to the fundamental period of a system without an outrigger (anf:0 ). Interestingly,
adding an infinitely rigid outrigger (i.e.,cy = 1) to the RC wall system can cause
a maximum reduction in the fundamental period of only ~38%, which implies that
increasing section sizes in the outrigger may have a limited effect on the system’s
performance.

Based on these trends, Eq. 7 is recommended to estimate the natural period of an
outrigger system. Figure 4a shows that Eq. 7 has a reasonable approximation of the
natural period of the system.

T, ~ (1-0.360/)T,,, (7)
where T,,ur:o is the natural period of the system without an outrigger (i.e., ay = 0)

and is estimated using Eq. 8

LA 18s [ ®)

where W is the total weight of the building.

The moment distribution for the outrigger system under dynamic loading is similar
to the distribution using static loading. Figure 4b shows f,, both using the dynamic
analysis and Eq. 4. As shown, Eq. 4 shows a reasonable estimate of the dynamic



Canadian Seismic Design Considerations for Outriggers Used ... 9

1 7{, %O 1 Sk
/ —O— =03
—&—a,=05
0.9 I 0.9 “
)‘L —k— ;= 0.7
_— | _— = 0.9
~0.38 & 0.8
0.7 0.7
0.6 t 0.6 * f
1.2 1.4 1.6 1.8 0.6 0.65 0.7 0.75 0.8
Co= A8 [ % mass [-]
a) Co factor b) Mass participation

Fig. 5 a C factor and b Mass participation

moment ration. Implying that the moment distribution is a first-mode dominated
response.

The factor Cy is used to relate the elastic displacement of a multiple degree of
freedom (MDOF) system to a single degree of freedom (SDOF) system. Figure 5a
shows Cj as it relates to a and o y. As shown, Cg has a dependency on the relative
stiffness factor (« ), where a higher o ¢ results in a lower Cy. Additionally, there is
more variance in the response for lower oy than for higher. This response is likely
due to the rigid outrigger driving a more dominant first-mode response.

Figure 5b shows the modal mass participation of first-mode response for each
model. As shown, a high o results in a more significant modal mass contribution
from the first mode. Furthermore, outriggers located at 70% the building height result
in the highest first-mode dominated response.

5 Design of RC Walls in Canada

In design practice, high-rise buildings are typically designed for seismic demands
following the National Building Code of Canada (NBCC). Typical high-rise build-
ings are simplified to equivalent elastic numerical models where the demands are
estimated using model response spectrum method (MRSM) scaled to a minimum
base shear determined using NBCC requirements. This method assumes that the
nonlinear system’s displacements are equal to the displacements from an equivalent
elastic system. Hence, for a single degree of freedom (SDOF) system, the design
displacements are determined by using an estimate of the structural period (7',)
to determine the spectral displacements (S,;) from the design spectrum. The corre-
sponding design base shear is determined from the design spectral acceleration (S,)
reduced by a seismic force reduction factor (R). In the NBCC 2015, R is a combi-
nation of a ductility modification factor (R;) and a force modification factor (R,).
According to the NBCC 2015, ductile RC shear walls use a ductility modification
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factor of R; = 3.5 and a force modification factor of R, = 1.6, resulting in an R =
5.6.

According to the NBCC, 2015, structures that are taller than 60 m or which have
period greater than 2.0 s must use dynamic analysis procedure to determine the
seismic demands. Dynamic analysis consists of modal response spectrum method
(MRSM), numerical integration linear time history method (NILTHM), or nonlinear
time-history analysis (NLTHA). NLTHA is not readily accepted in industry due to the
costly peer-review process; however, it is gaining more popularity as tall buildings
become increasingly more complex. MRSM is the most prevalent method used by
practicing engineers due to its efficiency.

It is well recognized that the extensive concrete cracking and reinforcement
yielding in an RC core wall under strong earthquake shaking results in a more flexible
response than the elastic behaviour using gross section properties [1]. This nonlinear
behaviour is captured in design through the use of equivalent elastic models, which
use an effective rigidity (E. l¢) to account for the additional displacements due to
the nonlinear behaviour (ACI, 2016; [5]. For cantilever RC shear walls, the ACI,
2016 assumes the effective rigidity is equal to 50% of the gross rigidity (E./,). In
the Canadian Standard A23.3 [5], the effective rigidity ranges from 50 to 100% of
the gross rigidity.

Like the conventional RC shear wall, it is expected outrigger-wall building will
have a softer response under NLTHA than what is obtained from an elastic model
with gross section properties. However, unlike the conventional RC core wall, where
the lower rigidity is solely due to the RC wall’s damage, the other systems have a
combination of some wall damage and the inelastic response of the dampers. In leu
of more sophisticated analysis, it is assumed that all systems utilize a «,, = 0.5. For
the systems which include an outrigger, it is assumed that the nonlinear distribution
is the same as the elastic distribution of force. As aresult, in leu of more sophisticated
analysis, the outrigger stiffness is reduced by 0.5.

6 Design Plastic Mechanism

In typical cantilever walls, the energy dissipating mechanism is plastic hinging.
Plastic hinging is a region of the wall which is designed for yielding of reinforcing
steel and energy dissipation. In CSA A23.3, the length of the plastic hinge is conser-
vatively determined using Eq. 9. To ensure a consistent ductile response within the
plastic hinge region, the vertical reinforcing ratio must stay constant over the length
of the plastic hinge.

I, =0.5l, +0.1h,, ©)]
where L, is defined as the length of the plastic hinge region, /,, is the length of the

longest wall (in the hinge region) in the direction considered, and 4, is the wall’s
height.
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Fig. 6 Outrigger damper
free-body diagram

To ensure a wall has adequate ductility within the plastic hinge region, the inelastic
rotational capacity of the wall, 6., must be greater than the inelastic rotational
demand, 6,4. For R; = 3.5, the inelastic rotational demand at the base of a wall,
0i4, 1s determined using Eq. 10.

(AfR— Ayyy)
Oy = ———"-—""=>0.004 10
T e — 1,2 T (19

where AR is the design displacement, and Ay, is the elastic portion of the
displacement.

The outrigger plastic mechanism is yielding of the dampers within the outrigger.
The outrigger damper design forces are determined by resolving the outrigger
moment into axial demands in the dampers. Figure 6 shows the free-body diagram
of the outrigger system.

Based on equilibrium, the damper forces in the outrigger can be determined using
Eq. 11. Similar to determining ductility demand in the wall, the rotational demand
(80iq) in the outrigger is determined by Eq. 12.

MO,Y

L (1)

fo:

80id = 8f0R - yw(sfo (12)

where 6y, is the rotational demand taken from the linear dynamic analysis, J¢, is the
factored deformation in the outrigger, and y,, is the overstrength factor.
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7 Capacity Design Procedure

Canadian design, the plastic hinge region is designed to have sufficient reinforcement
to generate enough resistance against the factored moment from the dynamic analysis.
As shown in Fig. 7a, the overstrength factor, y,,, is taken as M s /M, ,, where M s,
and M, are the factored moment and moment resistance at the top of the plastic
hinge, respectively. This overstrength factor is applied to the factored moment for
the remaining of the wall to obtain the moment demand.

An outriggered wall also forms a plastic hinge region near the base, but the moment
demand at the outrigger depends on the overstrength of the outrigger system, y,. The
design process for the plastic hinge region is the same as the conventional core.
The overstrength factor, y,,, is obtained at the top of the plastic hinge region. There
are currently no recommendations on the capacity design methods of outrigger-wall
systems. In this study, the moment demand at the outrigger is taken as y, M s, ,, where
M, is the factored moment at the outrigger. In between the outrigger and the top of
the plastic hinge region, the moment demand is linearly interpolated against elevation
as shown in Eq. 13.

Elevation
Elevation

Momeht

b) OW

Fig. 7 Capacity design envelop
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My = (Mr,u - Mr,h)/(hw - lp) X (h - lp) + Mr,h (13)

where M, , is the moment resistance at outrigger; M, , is the moment resistance at
the top of the plastic hinge region; and # is the height where the moment demand is
to be calculated.

8 Prototype Buildings Design

Using the design procedure described in Sect. 67, a 24-story prototype building was
designed with an outrigger and without an outrigger. The building was assumed to
be located in Vancouver, Canada, with site class C according to the 2015 National
Building Code of Canada. Figure 8 shows the geometry of the prototype building.
The core wall has a dimension of 9250 mm x 9250 mm. The thickness of the webs
and flanges are 990 mm and 580 mm, respectively. There are two opening to the
centre of the core, each with a dimension of 2480 mm. The cross section of the
wall is constant for all floors. The designed concrete compressive strength (fc’) is
60 MPa, and the designed yielding stress of steel reinforcements is 400 MPa. Four
mega-columns each with a dimension of 1250 mm x 1250 mm are placed at the end
of the outrigger. The seismic mass of the prototype building 725,770 kg for each
floor. It was assumed that wall sustained a gravity load of 1550 KN per floor. The
modulus of elasticity was assumed to follow the [5] which is shown in Eq. 14.

E. = 3300,/ + 6900[MPa] (14)

9 Elastic Modelling and Eigenvalue Analysis

The design demands are determined using elastic models built in ETABS. All build-
ings are modelled as fixed base, and as a result, only two unique elastic models are
created: (1) a fixed base cantilever wall without an outrigger, called the cantilever
wall (CW), and (2) a fixed base cantilever wall with an outrigger, called the outrigger
wall (OW). The floors are modelled using slabs which are meshed for diaphragms
and mass distribution. A distributed mass of 964.6 kg/m? is applied to the floor.
Walls utilize automated meshing. Columns are pin connected and mass-based non-
iterative p-delta effect is applied to the model. This study is limited to the effects of
two-dimensional response, as such only the X, Z, and RZ degrees of freedom are
considered.

The nonlinear effects to obtain displacement estimates are accounted for by using
an effective rigidity (Elsr = 0.5EL,). The outrigger systems use the same effective
stiffness as the wall (i.e., the outrigger beam, columns, and dampers all use and
effective stiffness). This is to ensure the same distribution of forces as the elastic
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Fig. 8 Elevation and plan layout of prototype building

system. Table 1 shows the natural periods and the modal mass participation of the
cantilever wall with and without the outrigger. As shown, the outrigger system has
about 4% more mass participation in the first mode than the fixed base wall. On
the other hand, the second mode and the third mode are 3% and 1% less modal
mass participation, respectively, when compared with the fixed base models. The
outrigger systems first, second, and third mode periods are 22, 10, and 5% reduction
when compared with the fixed base system.

Figure 9 shows the different mode shapes for the first, second, and third modes
for the fixed base wall with and without the outrigger. As shown, the first-mode
displaced shape of the OW has a more double curvature response when compared
to CW. The displaced shapes of the second and third modes are similar between the
CW and OW.

Figure 10 shows the inter-story drift ratio (ISDR) for the first, second, and third
modes for the fixed base wall with and without the outrigger. The OW has a peak

Table 1 Periods and mass participation

Mode Natural periods Mass participation

1 2 3 1 2 3
Outrigger wall (OW) 2.74 0.52 0.21 0.67 0.17 0.06
Cantilever wall (CW) 3.51 0.58 0.22 0.63 0.20 0.07
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inter-story drift at the 15th story, while the CW has a peak ISDR over the top four
stories. The second and third mode show peak ISDR near the top story.

Figure 11 shows the comparison between the shear modal behaviour. The first
modes have almost identical shear distributions, emphasizing the outriggers limited
effect on shear forces in the structure.

Figure 12 shows the comparison between the moment behaviour. As shown, the
first-mode moment for the CW is maximum at the base and zero at the top of the
building. On the other hand, while the outrigger building has peak first-mode moment
at the base, it has a first-mode moment in the opposite direction at the roof. The
implication of having zero moment near the 60th story can result in drastically
reduced moment demands when designing the outrigger system.
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Fig. 10 Eigenvalue response of ISDR
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10 Model Response Spectrum Method (MRSM)

Modal response spectrum analysis was completed using ETABS. The first five modes
were combined using the complete-quadratic-combination (CQC) method and 5%
damping. The design spectrum displacement and acceleration spectrums are shown
in Fig. 13. To eliminate the effects of amplified displacements due to linear interpo-
lation, an acceleration spectrum determined through interpolating the displacement
spectrum was used to determine the demands from ISDR and displacements.

Table 2 summarizes the main results from the MRSM scaled to the NBCC base
shear. As shown, the addition of the outrigger gives an increase in base shear of 7%
which can be attributed to the lower natural period of the OW compared to the CW.
Interestingly, the OW moment is only 3% less than the CW moment. This reduction
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is smaller than would be expected by the same outriggered system under static loads,
as the lower period results in higher force demands, thereby decreasing the outrigger
efficiency for moment reduction. However, the outrigger shows a major advantage
when comparing displacements and drifts, boasting a decrease in ISDR of 24% and
reduction in roof-drift-ratio (RDR) of 18%.

Figure 14 shows the story plots for displacements, ISDR, moment, and shear
determined using MRSM. The OW building has similar displacements compared
to the CW for over half the building height. However, there are notable difference
between displacements in each building at the roof. In the upper half of the building,
the OW displaced shape curves back near the roof, drastically reducing displacements
compared to the CW building.

Like the displacements, ISDR is similar between OW and CW until Story 8, at
which point the CW building has high ISDR while the OW reduces in magnitude
with increased elevation.

The moment diagrams are expectedly different between the OW and CW. An
important observation is the near elimination of the higher mode moments of the
OW building at 60% of the building height. The OW has low moment demands in
the same location that the CW has amplified moment demand. This is due to the first-
mode response of the outrigger being zero at this location, resulting in the modal
combination to have no contribution from the first, most significant, mode.

The shear distribution of the CW building has a similar shape as the OW
building. However, the OW building has higher magnitude of shear due to the lower
fundamental period.

Table 2 Global responses

Base shear | Outrigger | Base moment | Inter-story drift | Roof drift ratio | M,
moment ratio
V/wW My,/W/H |My/W/H ISDR RDR M,
OW (%) |4.26 0.56 1.74 0.84 0.65 1.12
CW (%) |3.97 - 1.79 1.11 0.78 1.14
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Fig. 14 Global modal response spectrum analysis

The length of the plastic hinge is calculated to be 14 m; however, as per typical
practice, the hinge length is increased to the bottom of the stories, so the CW proto-
types are designed for the first four stories. The CW and OW reinforcements were
designed such that the resistance was greater than the demand. The capacity design
process described in Sect. 7 was implemented, and the corresponding rebar is shown
in Table 3.

11 Summary and Conclusions

In this study, a comprehensive parametric analysis is completed to provide empirical
relations for the dynamic response of outrigger buildings. These parameter studies are
used to develop a practical seismic design guideline for outrigger systems. Prototype
outrigger-wall buildings are designed with the proposed methods. These prototype
buildings are located in a high seismicity region of Canada (Vancouver).
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Table 3 Summary of concentrated reinforcement

Story CW oW
24 A
23
;? 20M@200mm V.E.F

20M@ 200 H.E.F
20 / @ mm

19
18 tH H

17
16
15
14
13
}? 16-20M

10 A

Zone reinforcing
(Table)

+__ 15M@250mm V.EF
15M@250mm H.E.F

=)

12-20M
£ =

20-20M@200mm V.E.F

T Y~ 20M@200mm HEF

18-20M 18-20M

e LIS EN [N [ BN R o]

The following conclusions were identified:

e The natural period is depending highly on the relative stiffness factor « y. Where an
infinitely rigid outrigger (i.e., ay = 1) would only result in about 38% reduction
in fundamental period if compared to a system without an outrigger (i.e., oy = 0).

e The modal mass participation shows that higher relative outrigger stiffness results
in a more dominate first-mode response.

e The ratio between roof displacement to spectral displacement (Co = ?—d)
decreases with an increase in as.

e Roof displacements are almost entirely governed by the first-mode response
regardless of spectral shape.

e Inverted triangular static distribution gives a satisfactory estimate of the displace-
ments

e When scaling to NBCC base shear, the base moment in the outrigger building is
comparable to the conventional building due to the lower natural period of the
outrigger building.

Modal response spectrum analysis shows minimum moment at 60% of the height
of the building for a roof-top outrigger. It is important to note that further research
should be completed on a range of building heights to identify the impact of outrigger
design decisions on the nonlinear response.



20

T. Lisa et al.

Acknowledgements The authors would like to acknowledge the extensive advice provided by Bob
Neville and his team at Read Jones Christoffersen (RJC). His input and feedback greatly contributed
to the positive outcomes of this research.

References

10.

11.

12.

13.

14.

15.

16.

17.

18.

. Adebar P, Ibrahim A, Bryson M (2007) Test of high-rise core wall: effective stiffness for seismic

analysis. ACI Struct J 104(5) https://doi.org/10.14359/18857

. Adebar P, DeVall R, Mutrie J (2017) Evolution of high-rise buildings in Vancouver, Canada.

Struct Eng Int 27(1):7-14, , Informa UK Limited. Crossref, https://doi.org/10.2749/101686
617x14676303588670

. American Society of Civil Engineers. ASCE (2016) Minimum design loads for buildings and

other structures (ASCE/SEI 7-16)

. American institute of steel construction (AISC) (2016) Seismic provisions for structural steel

buildings (ANSI/AISC 341-16)

. Group, CSA (2014) CSA A23.1-14/A23.2-14: concrete materials and methods of concrete

construction. Toronto, Ontario

. Building Code Requirements for Structural Concrete (ACI 318-16): An ACI Standard;

Commentary on Building Code Requirements for Structural Concrete (ACI 318R-16).
American Concrete Institute (2016)

. Ghodsi T, Ruiz JF, Massie C, Chen Y (2010) PEER/ SSC tall building design case history no.

2. Struct Des Tall Special Build 19(1-2):197-256

. Hall JF (2006) Problems encountered from the use (or misuse) of Rayleigh damping.

Earthquake Eng Struct Dynam 35(5):525-545. https://doi.org/10.1002/eqe.541

. Huang B, Takeuchi T (2017) Dynamic response evaluation of damped-outrigger systems with

various heights. Earthq Spectra 33(2):665-685. https://doi.org/10.1193/051816eqs082m

Lin PC, Takeuchi T, Matsui R (2018) Seismic performance evaluation of single dampedoutrig-
gersystem incorporating buckling-restrained braces. Earthquake Eng Struct Dyn. https://doi.
org/10.1002/eqe.307

Morales-Beltran M, Turan G, Dursun O, Nijsse R (2018) Energy dissipation and performance
assessment of double damped outriggers in tall buildings under strong earthquakes. Struct
Design Tall Spec Build 28(1):e1554. https://doi.org/10.1002/tal. 1554

National research council of Canada (NRCC) (2015) National building code of Canada 2015.
National Research Council of Canada, Ottawa, Ontario, Canada

Natural Resources Canada (NRCAN). Earthquake map of Canada. Retrieved from https://ear
thquakescanada.nrcan.gc.ca/historic-historique/caneqmap-en.php (Accessed 31 Dec 2020)
Smith RJ, Willford MR (2007) The damped outrigger concept for tall buildings. Struct Des
Tall Special Build 16(4):501-517

Sritharan S, Aaleti S, Henry RS, Liu K-Y, Tsai K-C (2015) Precast concrete wall with
end columns (PreWEC) for earthquake resistant design. Earthquake Eng Struct Dynam
44(12):2075-2092. https://doi.org/10.1002/eqe.2576

Xing L, Zhou Y, Aguaguifia (2018) Optimal vertical configuration of combined energy
dissipation outriggers. Struct Design Tall Special Build. https://doi.org/10.1002/tal. 1579
Yang TY, Atkinson J, Tobber L, Tung DP, Neville B (2020) Seismic design of outrigger systems
using equivalent energy design procedure. Struct Design Tall Special Build 29(10). https://doi.
org/10.1002/tal. 1743

Zhou Y, Zhang C, Lu X (2016) Seismic performance of a damping outrigger system for tall
buildings. Struct Control Health Monitor 24(1). https://doi.org/10.1002/stc.1864


https://doi.org/10.14359/18857
https://doi.org/10.2749/101686617x14676303588670
https://doi.org/10.1002/eqe.541
https://doi.org/10.1193/051816eqs082m
https://doi.org/10.1002/eqe.307
https://doi.org/10.1002/tal.1554
https://earthquakescanada.nrcan.gc.ca/historic-historique/caneqmap-en.php
https://doi.org/10.1002/eqe.2576
https://doi.org/10.1002/tal.1579
https://doi.org/10.1002/tal.1743
https://doi.org/10.1002/stc.1864

Evaluation of the AISC Seismic Design )
Method for Steel-Plate Concrete Shear Gedida
Walls

Gharavi Ali, Asgarpoor Masoumeh, Epackachi Siamak,
Mirghaderi Seyed Rasoul, and Imanpour Ali

Abstract Steel-plate concrete (SC) shear walls are used as the lateral-load resisting
system in high-rise buildings as they can offer faster construction and reduced
construction cost compared with their conventional reinforced concrete counter-
parts. This paper aims to predict the moment capacity of SC shear walls using the
finite element analysis method and evaluate the current method by the AISC Seismic
Provisions. Numerical parametric study of SC walls is used to develop a predictive
equation for the moment capacity of such walls. The numerical analyses are then
used to evaluate the method currently prescribed by the AISC Seismic Provisions.
It is shown that the AISC design equation may not accurately predict the moment
capacity of SC walls and should be improved.

Keywords AISC - Seismic design + Shear walls

1 Introduction

Steel-Concrete (SC) composite shear walls consist of plain infill concrete covered
by steel faceplates on both sides. Tie rods are used as connectors between two steel
face-plates to prevent their buckling, and shear-headed studs attach the concrete to
steel faceplates to develop composite action between them [9], see Fig. 1.
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Fig.1 SC wall Infill concrete
configuration [9] Shear studs

To obtain the moment capacity of SC walls, Kurt et al. proposed equations to calcu-
late the moment capacity of double skin plate SC walls without boundary elements
using parametric studies in LS-DYNA, based on tested squat walls [8]. They recom-
mended the use of yield moment capacity, M, for walls with an aspect ratio of
0.5, and use of plastic moment capacity, M,,, for walls with an aspect ratio larger
than 1.5, and interpolation with consideration of wall thickness for walls with an
aspect ratio between 0.5 and 1.5. The yield moment capacity, M, corresponds to the
yielding of steel under tension with its specified minimum yield strength, F, and
the first yield in steel under compression with strength, F,, also considering linear
elastic distribution for concrete under compression with the maximum compressive
stress equal to 0.7 f.. The plastic moment capacity, M, corresponds to the full
minimum yield strength of steel, F,, on both tension and compression parts and rect-
angular Whitney block with compressive stress equal to 0.85 f/, for concrete under
compression. The methodology presented by Kurt et al. was validated for only double
skin plate shear walls with limited design variables [8]. The standard AISC 341-16
recommends the use of yield moment capacity, M,, for SC walls without boundary
elements and the use of plastic moment capacity, M, for SC walls with boundary
elements [1]. For calculation of M, in AISC 341-16, use of f/ instead of 0.85 f/
is recommended. Epackachi et al. conducted a set of monotonic numerical studies
in LS-DYNA on SC walls, considering different design variables, including aspect
ratio, axial compression ratio, slenderness ratio, reinforcement ratio, axial compres-
sion ratio, infill concrete compressive strength, and minimum yield strength of steel
faceplates [5]. They considered three values for each design variable and used the
design of experiment (DOE) method to reduce the number of analyses effectively.
Considering the interaction of shear and axial loading, they proposed an equation
for calculating the moment capacity of SC walls with respect to mentioned design
variables. The equation proposed by Epackachi et al. was complex and limited to
walls without end plates and boundary elements. Moreover, Eapackachi et al. show
that all SC walls, including squat and slender are flexural-critical [5].

A robust FE model is required before conducting a large number of numerical
analyses, which provides a dataset for the development of predictive equations for
the moment capacity of SC walls. Asgarpour et al. presented a comprehensive vali-
dation study for numerical modeling of different shapes of SC walls tested in the
literature [3]. For modeling the infill concrete, the Winfrith material model is used
in LS-DYNA, as it was shown to be an appropriate material model for capturing the
fundamental characteristics of concrete in past studies [2, 3, 4, 6, 7]. All assumptions
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of numerical modeling used in this paper, including material modeling, the element
selected, and interactions are included in [3] and not repeated here for brevity.

Although some efforts have been made for proposing an accurate equation for
the moment capacity of SC walls, further investigation is needed for developing
an equation for the moment capacity of SC walls, which would be applicable for
a variety of SC walls, considering different design variables, especially the wall
shape and has an easy-to-use formulation, which is the primary goal of this study.
In this paper, a simple and accurate formulation is implemented for SC walls with
four cross-sectional shapes, including double skin rectangular, rectangular with end
plates, rectangular with boundary elements, and flanged SC walls, considering six
design variables, including aspect ratio, slenderness ratio, reinforcement ratio, axial
load ratio, infill concrete compressive strength, and minimum yield strength of steel
faceplates.

2 Predictive Equation Development

A six design variables that significantly affect the local and global response of SC
walls are: aspect ratio, H/L,,, reinforcement ratio, A;/A,, slenderness ratio, S/t;,
axial load ratio, P,/(A,F, + A, f7), yield strength of the steel faceplates, F,, and
concrete compressive strength, f.. This study selects three values (min, max, and
mean values used in practice) for each design parameter. The values in the parentheses
are coded values indicating low (—1), intermediate (0), and, high (1) values of the
design parameters. The values of the design parameters are summarized in Table 1.
Based on the AISC 341-16, identical dimensions (10 mm diameter) and properties
are assumed for the connectors, i.e., tie rods for all models. However, the distance
between tie rods is considered an important design variable.

In this study, four cross-section shapes are considered for SC walls, including
double skin plates SC wall (DS-SC wall), double skin plates with end plates SC
wall (DSE-SC wall), SC wall with boundary elements (BE-SC wall), and flanged
SC wall (FBE-SC wall), see Fig. 2. Based on the number of design variables and
considering three values for each shape, 729 analyses need to be conducted for
walls with each cross-sectional shape. To effectively consider the effects of design

Table 1 Levels of the design variables

Variable Low Intermediate High
Aspect ratio (AR) 0.5(-1) 1(0) 3()
Reinforcement ratio (RR) [%] 4(-1) 6 (0) 10 (1)
Slenderness ratio (SR) 15(—-1) 25 (0) 40 (1)
Axial load (AL) [%] 0(-1) 10 (0) 20 (1)
Yield strength of the steel faceplates (SS) [MPa] 235 (—1) 350 (0) 460 (1)
Concrete compressive strength (CS) [MPa] 275 (1) 42 (0) 55 (1)
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(a) (b) (c) (d)

Fig. 2 Four cross-section shapes: a Double skin plates SC wall (DS-SC wall), b Double skin plates
with end plates SC wall (DSE-SC wall), ¢ SC wall with boundary elements (BE-SC wall), d Flanged
SC wall (FBE-SC wall)

variables on the moment capacity of SC walls, a design of experiments (DOE) is
used, which reduces the number of analyses from 729 to 88. In the FE models, fixed
restraints are considered for the bottom of the SC walls, and lateral load is applied
at the top monotonically. Then, the moment capacity of each model is monitored as
the corresponding peak lateral load multiplied by its height.

Equations 1-3 are developed to calculate the moment capacity of SC walls consid-
ering six design variables and four configurations. Based on Eq. 1, moment capacity
of SC walls is based on plastic moment capacity introduced by AISC 341-16 formu-
lation and is modified to consider the effect of these design variables. To identify
the importance of each design variable on the moment capacity of SC walls, their
coefficient of variation (COV) is determined first. Then, the design variable with the
largest COV is eliminated, and the accuracy of the revised equation is evaluated.
Although design variables considered in equations significantly impact the accuracy
of proposed equations, their importance is different. For instance, the importance of
reinforcement ratio is less than other design variables for BE-SC Wall (see Table 2),
but it is not ignorable.

M, =AM, 1
PR ©)
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Table 2 Parameter values for Eqs. (1-3)

Shape c y o o o3 oy o5

DS-SC wall 6.63 0.83 0.15 0.17 0.08 0.13 0.82
DSE-SC wall 2.04 0.95 0.18 0.09 0.10 0.15 0.44
BE-SC wall 3.50 0.90 0.18 0.04 0.004 0.19 0.65
FBE-SC wall 3.99 0.84 0.54 0.09 0.10 0.14 0.35

3 Evaluation of the Proposed Equation

AISC 341-16 design method for SC walls does not consider the effects of design
variables including aspect ratio, slenderness ratio, reinforcement ratio, axial load
ratio, and cross-sectional shape on the moment capacity of SC walls. The simple
plastic stress distribution method might not lead to an accurate prediction of the
actual moment capacity of SC walls. To investigate whether and to what extent igno-
rant of these design variables changes the results, the moment capacity based on
the proposed equation and AISC 341-16 methodology is compared with all cross-
sectional shapes, as shown in Fig. 3. The black and red points in Fig. 3 depict the
moment capacity values based on the proposed equation and AISC 341-16 method,
respectively. The more the predicted values get closer to the bisector line, shown as
a dashed line, the more accurate that formulation is. The proposed equation in this
study predicts the actual moment capacity of all SC walls with high accuracy and
low dispersion. Among four studied cross-sectional shapes, the AISC 341-16 method
results in the minimum and maximum errors in DSE-SC and FBE-SC walls, respec-
tively. Figure 3a shows that the AISC 341-16 method underestimates the moment
capacity of rectangular SC walls without boundary elements. In particular, in the
models with a high aspect ratio, low reinforcement ratio, and high axial load ratio,
the moment capacity of the walls is much higher than M, and close to 2M, in
some cases. It is concluded that the use of M, in DS-SC walls leads to reasonable
results only for low aspect ratio walls, moderate values for slenderness ratio and
reinforcement ratio, and zero axial load value.

Figure 3b—d show that the AISC 341-16 method overestimates the moment
capacity of most SC walls with rectangular end plates and boundary elements and,
in particular, flanged walls, which leads to nonconservative results. As shown in
Fig. 3b, DSE-SC walls with low aspect ratios have the maximum errors, exhibiting
up to 50% overestimating the effects in DSE-SC walls with low aspect ratios and high
axial load ratios. Figure 3¢ shows that AISC 341-16 design equation overestimates
the capacity of BE-SC walls with low aspect ratios and underestimates that of walls
with a high axial load ratio.

Itis inferred that the use of M, in the walls with end plates and boundary elements
leads to reasonable results only for high aspect ratio walls, moderate values for
slenderness ratio and reinforcement ratio, and zero axial load value. In general,
AISC 341-16 method resulted in a less accurate prediction of the moment capacity
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Fig. 3 Calculated moment capacity based on the proposed equation and AISC 341-16

for the studied here, suggesting the importance of considering different key design
variables in the design of the moment capacity of SC walls.

4 Conclusions

A new equation was developed to predict the moment capacity of Steel-Concrete
(SC) shear walls using the results of extensive numerical analyses performed in LS-
DYNA. The proposed equation was then used to evaluate the current AISC 341-16
design equation. A perfect prediction of the SC wall moment capacity was obtained
using the proposed equation. It was also confirmed that the AISC 341-16 method
might underestimate the moment capacity of DS-SC walls, in particular when the
wall has a high aspect ratio and high axial load ratio, while it may overestimate the
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moment capacity of DSE-SC walls, BE-SC walls, and BE-SC walls, in particular
those with low aspect ratio. Further numerical simulations and experimental testing
are required to improve seismic design provisions used to design SC walls.
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Reliability Assessment of Concrete-Filled | M)
RHS Beam-Column Design Provisions L

Fatemeh Rahbarimanesh and Kyle Tousignant

Abstract Revisions were recently proposed to the way in which concrete-filled
hollow structural section members are handled in CSA S16. These revisions were
based on previous research, comparisons to experiments, and an approximate first-
order reliability method analysis of the new and existing provisions. Herein, this
topic is further expanded by using Monte Carlo simulations (MCS) to evaluate the
reliability of design rules for concrete-filled rectangular hollow section (RHS) beam-
columns. A representative set of ten concrete-filled RHS members is analysed with
variations in wall slenderness, effective length, and loading eccentricity. Using MCS,
reliability indices (8%) are determined over a range of live-to-dead load ratios. The
B* values are compared to the code-specified target of ¥ = 3.0 in Annex B of CSA
S16.

Keywords Concrete-filled RHS - Beam-column design

1 Introduction

Over the last two decades, American and European design provisions for concrete-
filled hollow structural sections (HSS) under static loading (in AISC 360 and
Eurocode 4, respectively) have evolved to permit the use of larger tube sizes, slen-
derer cross sections, and longitudinal steel reinforcing bars. In contrast, the design
provisions in Canada for concrete-filled HSS (in CSA S16 Clause 18.2) [8] have
remained relatively constant and limited in scope.

Recently, following the completion of CIDECT Design Guide No. 4, 2nd edition
(on concrete-filled HSS under static, impact, blast, seismic and fire loading) [21],
Tousignant and Packer [18, 19] conducted a review of the design rules in CSA
S16 Clause 18.2 [8], which led to proposed changes in its scope (i.e., material and
cross-sectional classification limitations) and several provisions (i.e., for compressive
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resistance, flexural resistance, and beam-columns). An overview of these proposed
changes is given in Tousignant and Packer [20].

The proposed changes by Tousignant and Packer [18, 19] to the CSA S16 design
formulae for the compressive resistance and bending resistance of concrete-filled
HSS were supported, in part, by approximate first-order reliability method analyses
that utilized data from over 450 tests to determine their inherent safety indices over
arange of design scenarios [18, 19]; however, the impact of these proposed changes
on the reliability of the beam-column interaction equation(s) (in Clause 18.2.4) was
not directly assessed.

In this paper, Monte Carlo simulations (MCS) are used to extend the above work
by re-analysing data from Tousignant and Packer [18, 19] and the corresponding
database [17] to determine inherent reliability indices (8*) for the concrete-filled rect-
angular hollow section (RHS) beam-column design provisions proposed by Tousig-
nant and Packer [19]. Section 2 presents an overview of the current rules and the
proposal; Sects. 3—5 discuss the MCS approach; and Sect. 5.2 summarizes the results.
The conclusions of this research study are presented in Sect. 6.

2 Design Provisions for Concrete-Filled RHS
Beam-Columns

2.1 CSA S16:19

The current design rules for concrete-filled RHS beam-columns (in CSA S16:19
Clause 18.2.4) apply to members with 20 MPa < concrete strength ( f.) < 40 MPa,
and sections with flat width-to-thickness ratios (be/t) that meet the limits in Table 1.
These limits are intended to ensure that the RHS can undergo complete plastification.

Provided that these limits are met, concrete-filled RHS beam-columns can be
proportioned according to Eq. (1):

C oM M
Cf +ﬂ1—fc <1.0 and Mf <1.0 )
re Mrc<1 — Cei) re
Table 1 Limits for . o
concrete-filled RHS elements Action Element | Limit(s)
in axial or flexural CSA S16:19 | Proposed
compression Axial compression Flanges | 1350//Fy 1350//F,

Webs 1350/\/F)y 1350/\/F),
Flexural compression | Flanges | 1350/\/F), 1010/\/F,
Webs | 1350/\/F, | 1340/F,
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where C; = factored compressive force; My = factored moment; C;. = compressive
resistance; M. = moment resistance; w; = coefficient to determine the equivalent
uniform bending effect (found in CSA S16:19 Clause 13.8.6); Ce. = Euler buckling
strength; and B = coefficient for bending.

In Eq. (1), Cy, is taken as

A F, ‘i pAcf .
Cpe = AR T Othlb fe with A= /== and Cec= —F3
(14 A2y Cec (KL)

where A; and A. = cross-sectional area of steel and concrete; ¢ and ¢, = resistance
factor for steel and concrete (= 0.9 and 0.65, respectively); T = confinement reduction
factor for steel (= 1.0 for concrete-filled RHS); v = confinement enhancement
factor for concrete (= 1.0, again, for concrete-filled RHS); oy = ratio of average
stress in rectangular stress block to f.” (= 0.85—0.0015f. > 0.73); n = column
curve parameter (= 1.80); A = non-dimensional slenderness parameter; C, = Cy
computed with ¢ = ¢. = 1.0 and \ = 0; and El, = effective elastic flexural stiffness
of the composite column, taken as:

El =L, + —20Ek 3)
«=Eh e

where /; and I, = moment of inertia of the steel and concrete areas, respectively,
as computed with respect to the centre of gravity of the cross section; E = modulus
of elasticity of steel; £, = modulus of elasticity of concrete (found in CSA S16:19
Clause 3); Cy, = sustained axial load on the column; and C; = total axial load on
the column.

M. in Eq. (1) is taken as

Mrc = Cre + C;e/ (4)
with (4)
A F, — C!
C = ¢3+ and C = 1.18a1ea(b — 21) f! (5)
C,+C. =T, = pAyF, (6)

where C, = compressive resistance of steel above the neutral axis (NA); C,’ =
compressive resistance of concrete above the NA (over the depth of the concrete
compression zone, a); e = lever arm between C, and T,; T, = tensile resistance of
steel below the NA (with an area of Ay); and ¢ = lever arm between C,” and T,
(Fig. 1).
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Fig. 1 Stress and force diagrams for concrete-filled RHS, simplified to a box section (CSA S16:19)

In the 2009 [6] and later editions of CSA S19, the depth of the concrete compres-
sion zone, a, relative to the depth of the neutral axis (c, in Fig. 1) was no longer spec-
ified. The value of c, however, is determined through the equilibrium of resistances
to satisfy Eq. (6).

The coefficient 8 in Eq. (1) is taken as

Crco - Crcm
p = Zreo — Crem (7)
Crco

where C,., = C,. calculated with A = 0 and Ccr, = 1.180(1¢L.A(fc/.

It is important to note that in the 2019 edition of the standard [8], changes were
made to the § values for unfilled HSS beam-columns in Clauses 13.8.3 and 13.8.4.
The rationale for the new values chosen was based on designing the members for
plastic behaviour [10, 14].

2.2 Tousignant and Packer [18, 19]

The study by Tousignant and Packer [18, 19] resulted in several proposed changes to
CSA S16 Clause 18.2 that cover its scope (i.e., material limitations), the classification
of cross sections, and provisions for compressive resistance, bending resistance, and
axial compression plus bending.

Tousignant and Packer [18] recommended to adopt rounded ranges of 20 MPa <
f¢ <70MPa for normal-weight concrete and 20 MPa < f.” < 40 MPa for lightweight
concrete in CSA S16. Although the former limit is slightly more restrictive than the
current limit in CSA S16 for concentrically loaded columns ( f. < 70 MPa versus f./
< 80 MPa), the validated wider range of application for beam-columns is valuable
considering that nearly all columns, in practice, are subjected to combined loading.

Tousignant and Packer [18] also recommended to replace the current b/t limit(s)
for plastic design in CSA S16 Clause 18.2.1 (see Sect. 2.1) with the proposed limits
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in Table 1 of this paper. Despite being more restrictive again (in some cases), these
limits are met by nearly all RHS in the CISC Handbook [4].

A modification to the Cy. equation (Eq. 2) was also proposed—to cater to the use
of longitudinal steel reinforcing bars; i.e.:

T AsF*+T/ L’AC [+ v Ay Fy
Co= WAL TNGAT A0 AT ®
(1+ 221y

where A, = cross-sectional area of longitudinal reinforcement and ¢, = resistance
factor for steel reinforcing bars. A new lower limit of 0.75 for oy was proposed as a
consequence of adopting the upper limit of f.” = 70 MPa discussed previously.

For consistency, it was also recommended that the expression for EI, (Eq. 3) be
modified to

El, = EI, + 06E 1. +EI 9)
e — s 1 + Cfs/Cf r

where I, = moment of inertia of the reinforcing bar areas, as computed with respect
to the centre of gravity of the cross section.

Tousignant and Packer [19] proposed a modification to the equation for M. in
CSA S16 (Eq. 4) which aimed to make it clearer, as well as to provide for the use of
longitudinal steel reinforcing bars; i.e.:

hi 5 Z. b; (h; :
M, = Z¢Fy - 21‘(3 —a) ¢Fy + 7¢L‘fc - E 3 —a) ¢ fe+ My (10)

where f. = 1.18«f.’; Z = plastic modulus of the steel section alone; and h; = d—2¢
(where d = overall depth of hollow section). The depth of the concrete compression
zone, a, was also explicitly defined:

a = ]2 _ (Ag - As)¢cfc - 2¢rFyr(Asrc + Asrb - Asrt(l - ¢cfc/¢rFyr)) (11)
) 8tpFy + 2b;P. fe

where A, = gross cross-sectional area of composite section; Agy, Agee, and Agy, =
area of reinforcing bars in the top, central, and bottom region, respectively, where
only the top region is located above the neutral axis; and Z. = plastic modulus of
the area inside the HSS (concrete plus reinforcing bars), taken as

bih? 5 5
Ze= =5 = 0.429r7h; +0.1927; (12)

where b; = b—2t (b = overall width of hollow section); r; = t; and:
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Fig. 2 Stress and approximate force diagrams for concrete-filled RHS (proposed)

M = ¢r Fyr [Asn(a - dc)(l - ¢cfc/¢rFyr) + Asrc<hzi - a) + Agb(hi —a — dc):|
(13)

where d,. = distance from the inside face of the RHS to the centre of the closest
adjacent reinforcing bar (Fig. 2). The term M., reflects the incremental contribution
to the moment resistance gained by adding steel reinforcing bars.

With respect to beam-columns, Tousignant and Packer [19] made several recom-
mendations for consistency. In addition to using the previously discussed C,. and
M . equations (Egs. (8) and (10), respectively) in Eq. (1), subject to the proposed f./
and bg/t limits (20 MPa < f./ < 70 MPa for normal-weight concrete, and Table 1,
respectively), they proposed two possible approaches to determine B:

1. Approach (i): using Eq. (7); and
2. Approach (ii): using “B = 0.85 for square and circular hollow structural sections,
and 1.0 for all other hollow structural sections”.

Approach (i) was shown to give similar statistics to the existing CSA S16 method,
and Approach (ii) was believed to be more conservative. Approach (ii) is in accord
with the changes made for unfilled HSS beam-columns in Clauses 13.8.3 and 13.8.4
of CSA S16:19 [8] (see Sect. 2.1).

3 Scope of Analysis

Herein, the two approaches proposed by Tousignant and Packer [19] for design of
concrete-filled RHS beam-columns [Approaches (i) and (ii), above] are evaluated by
using MCS to simulate various design scenarios for characteristic members, without
reinforcement, over a range of live-to-dead load (L/D) ratios. Reliability indices (i.e.,
B*-values) are then obtained and compared to the target value of 8* = 3.0 spelled
out in Annex B of CSA S16:19 [8].
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The reliability indices (8*) determined herein are based on comparisons of the
member resistance (R) and load effect (S) distributions, assuming perfect design (see
Sect. 5.1), whereby the safety margin (G) is given by Eq. (14):

G = In(R) — In(S) (14)

and, hence, a failure event occurs when G < 0.

The probabilistic method used by the Authors relates the probability of failure
(i.e., the probability that G < 0) to the mean and standard deviation of G (G,, and
o ¢, respectively) using a safety/reliability index (8"), defined as [15]:

pr="Sn (15)

oG

B* can be viewed simply as the number of standard deviations between Gy, and the
failure condition, for which targets are given in design codes (e.g., [1, 8]).

To account for uncertainty in design, R and S are modelled herein as random
variables with probability distributions obtained by randomly sampling from the
resistance and load effect parameter distributions in Tables 2 and 3.

For each design scenario, a possible resistance and load effect are determined, and
this process is repeated 1 x 10° times to approximate the distributions of R and S
(from which G, G,,, o g, and B* can then be determined). The basic random variables
in Tables 2 and 3 were taken from the literature and are assumed to be log-normally
distributed in general accordance with CSA S408-11 [5]. The symbols § and V in
Tables 2 and 3 denote the bias coefficients (i.e., the means of actual-to-nominal
values) and corresponding coefficients of variation (COVs), respectively.

The bias coefficient (§) and V for F, in Table 2 were taken from [22] which, in
turn, came from the database of [12]. The values for f.” are in accord with those
used by [3] which, in turn, are based on [2]. Since both F, and f.’ reflect minimum
specified strengths in CSA standards [8, 9], their distributions were truncated to

Table 2 Bias coefficients

and COVs for resistance Parameter d \" References
parameters (excluding the Fy 1.178 0.086 [22]
professional factors) 1! 1.270 0.122 [3]

E 1.00 0.019 [11]

borh 1.00 0.002 [11]

t 0.975 0.025 [11]
:;;)lé (;’VE;?; ;:g);({f;(;lfzrclts Parameter d v References
parameters Live load 0.78 0.32 [16]

Dead load 1.05 0.10 [16]
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limit the selection of bias coefficients (for F,, and f.’) to a minimum of 1.0. The bias
coefficients and COVs for E, b, h, and ¢ in Table 2 were obtained from Kennedy and
Gad Aly [11].

The additional parameters required to calculate the resistance of concrete-filled
RHS beam-columns (e.g., E., Ay, A¢, I, and I.) were calculated as required from the
values of ./, b, h, and t obtained after randomly sampling from the above distributions.
All other variables were assumed to be deterministic, including the outside RHS
corner radius (r = 2¢), concrete density (o, = 2400 kg/mz), and effective length
(KL). The bias coefficients and COVs for load effects in Table 3 were obtained from
[16].

In addition to the above, the probability distribution of R is a function of the
so-called “professional factor”, which accounts for imperfect nominal resistance
design equation(s). The § and V values for the professional factor(s) used herein
were derived from a large database of experiments on concrete-filled RHS column
and beam-column members (see Sect. 4).

4 Database of Tests

A database of tests was extracted from [17] and screened to include only specimens
that met the proposed new limits of validity (for b/t and f.) discussed in Sect. 2.2.
Further screening was performed to remove experiments with /', <300 MPa and F
> 450 MPa to reflect the range of typical measured HSS yield strengths available in
Canada.

For the remaining experiments with loading eccentricity (e) > 0, the nominal
predicted compressive strength in the presence of bending (C,,) was calculated for
Approaches (i) and (ii) by rearranging Eq. (1) with instances of C; and M/ replaced
by C, and C, X e, respectively. It was necessary in calculating C,, to assume that
r =2t and p, = 2400 kg/m? in accord with above. The bias coefficient(s) for the
professional factor was then taken as the average of the actual (experimental) strength
(C,) divided by C, over all tests. The results (3 and V values) are provided in Table
4, which shows that Approach (ii) produces higher C,/C,, values, on average, but is
less precise than Approach (i).

Figure 3a,b compares the ratios of C,/C,, for beam-column tests from the database
with values of e and KL from the corresponding experiments. It can be deduced from
these plots that the ratio of C,/C, decreases somewhat for both approaches as KL

Table 4 Bias coefficients and COVs for the professional factor(s)

n Approach (i) Approach (ii)
d v 3 A%
Beam-columns (e > 0 mm) 48 1.17 0.19 1.44 0.24
Columns (e = 0 mm) 181 1.27 0.16 1.27 0.16
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Fig. 3 Comparison of 48 concrete-filled RHS beam-column tests to predictions

goes up. Nonetheless, both approaches [(i) and (ii)] maintain a reasonable level of
accuracy over the full range(s) of each variable.

A similar re-analysis was performed of the [17] database to determine profes-
sional factor statistics for concentrically loaded RHS members with e = 0, which are
designed according to Eq. (8). The values of  and V determined as part of this study
are presented in Table 4, which agree with those given by Tousignant and Packer
[18].

5 Monte Carlo Simulations

5.1 Procedure

A representative set of ten concrete-filled RHS members was next formulated to
cover a range of KL/r and 8 < b/t < 44. (The maximum b/t was selected to be
within the proposed limits of Table 1). Each member was further analysed under
an axial load applied at three different values of e (= 0, 50, 100 mm) to produce
corresponding ratios of M;/Cy, as well as for a range of L/D ratios from O to 3. In
all analyses performed, the nominal strengths of steel and concrete were taken as Fy
= 350 MPa and f’, = 40 MPa, respectively (representative of CSA G40 HSS and
regular-strength concrete in Canada) [7], and the column length KL was varied to
produce KL/r between 40 and 90. Nominal properties of the representative members
are summarized in Table 5.

Reliability indices were determined using Eq. (15) for each of the ten concrete-
filled RHS members (times 3 eccentricities, 10 KL/r values, 18 L/D ratios, and two
approaches—for a total of 10,800 design scenarios) using the CSA S16 resistance
factors of ¢ = 0.9 and ¢, = 0.65, and load factors of «p = 1.25 and &y, = 1.50 when
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Table 5 Representative members for Monte Carlo simulation

Member ID h (mm) b (mm) t (mm) bellt
1 304.8 304.8 12.70 20
2 304.8 304.8 6.35 44
3 254.0 254.0 12.70 16
4 254.0 254.0 6.35 36
5 203.2 203.2 12.70 12
6 203.2 203.2 6.35 28
7 177.8 177.8 12.70 10
8 177.8 177.8 6.35 24
9 152.4 152.4 12.70 8
10 152.4 152.4 6.35 20

@

live plus dead load governs (i.e., when L/D > 0.135), and «pp = 1.40 when dead load
only governs (i.e., when L/D < 0.135) [13].

Hence, for each scenario:

The factored resistance of the member was determined using the nominal values
of material and geometrical properties discussed above.

Random samples were drawn from the probability distributions for resistance
parameters in Table 2.

The sampled values were multiplied by their nominal counterparts.

The nominal member resistance was computed using the corresponding param-
eter values.

A random sample was drawn from the probability distribution(s) for the
professional factor(s) in Table 4.

The nominal member resistance (Step 4) was multiplied by the professional factor
to obtain the final (unfactored) resistance.

The nominal dead and live loads required for perfect design (utilization ratio =
1.0) were determined for the governing load case.

Random samples were drawn from the probability distributions for load effect
parameters in Table 3.

The sampled values were multiplied by their nominal counterparts, and the results
were summed together, if necessary, to obtain the final (unfactored) load effect.

Steps 1-9 were repeated 1 x 10° times for each for the 10,800 design scenarios,

and the resulting distribution(s) of R and S, for each scenario, was used to determine
G, G, 0, and B*. Figure 4 shows typical plots of R and S distributions obtained by
completing 1 x 10 iterations of Steps 1-9 for Member 5 in Table 5, using Approach

with e = 50, KL/r = 65.0, and L/D = 1.0. It can be seen, therein, that both

distributions are approximately log-normal.
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Fig. 4 Resistance and load effect distributions for Member 5, using Approach (i) with e = 50, KL/
r=065.0,and L/D = 1.0

5.2 Results

The results of the MCS analysis (i.e. plots of 8* versus L/D) are shown in Fig. Sa—d.
Specifically, Fig. 5a,b illustrates the effect of e on ¥, and Fig. 5¢,d illustrates the
effect of KL/r. Each of the three curves in Fig. 5a,b and each of the six curves in
Fig. 5c¢,d have been calculated by taking the average 8* value over all ten connections
at a given L/D ratio.

For Approach (i), when e = 0 mm (Fig. 5a), §* ranges from 3.96 to 4.49 and
remains well above the target of % = 3.0 in Annex B of CSA S16:19 [8]. It is
important to note that, for these columns, the professional factor statistics in the
last row of Table 4 were used. When e > 0 mm (and hence, when axial load plus
moment interaction is considered), Approach (i) yields 8* values between 3.13 and
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Fig. 5 Effects of various parameters on reliability index

3.77, which are again greater than 3.0. There is very little difference in the f* values
obtained when ¢ = 50 mm and ¢ = 100 mm.
For Approach (ii), when e = 0 mm (Fig. 5b), 8* ranges from 3.96 to 4.49 [i.e., the

same as above—as expected—since the only difference between Approaches (i) and
(i1) is the method for calculating §, which is not required for concentrically loaded
columns]. When e > 0 mm, on the other hand, p* ranges from 2.76 to 3.46. This
is slightly lower than for Approach (i) because the increase in bias for Approach
(i1) (higher 4, in Table 4) is coupled with a decrease in precision (i.e., higher V).
Nonetheless, the resulting ranges of §* are still greater than 2.6, on average, for all
L/D ratios considered. This value of 2.6 is the minimum reliability index currently
expected in North American codes [1]. Over the practical range of 1 < L/D < 3 for
steel members [16], all B* values, for both approaches, exceed 3.0.
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Figure 5¢ shows (for concentrically loaded columns) that B* decreases as KL/r
increases in accord with the general trend illustrated in Fig. 3b. Figure 5d shows a
similar trend, but for beam-columns with ¢ = 100 mm.

An “overall” B* was computed at each L/D ratio by taking the average f* value
obtained across all members, eccentricities, and effective lengths. The results [i.e.,
3.20 < B* < 3.78 for Approach (i), and 3.06 < B* < 3.62 for Approach (ii)] are shown
in Fig. 6, which illustrates that * is always greater than 3.0. Based on the above, it
can be concluded that the approach(es) proposed by Tousignant and Packer [19] for
design of concrete-filled RHS beam-columns obtains a level of safety commensurate
with CSA S16 [8].

6 Conclusions

Reliability indices were determined for ten concrete-filled RHS beam-column
members over a range of KL/r and 8 < b/t < 44. Simulations (using MCS) were
performed for each member, considering three different loading eccentricities (e =
0, 50, and 100 mm), 10 KL/r values, 18 L/D ratios, and two design approaches [i.e.,
Approaches (i) and (ii), in Sect. 2.2, which were proposed by Tousignant and Packer
[19]. In total, 10,800 design scenarios were covered, and 10.8 x 10° simulations
were performed.
The following conclusions can be made from the results:

e For Approach (i), 8* ranges from 3.20 to 3.78, on average, with is greater than
the target value of 8* = 3.0 (CSA 2019). For some scenarios (i.e., some columns,
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with some values of e and KL/r), 8* falls below 3.0, but remains above 2.6, which
is the minimum value expected in North American codes [1];

For Approach (ii), 8* ranges from 3.06 to 3.62 on average, which is—again—
greater than the target value of 3.0. For some scenarios, B* falls (again) below 3.0,
but remains above 2.6.

When 1 < L/D < 3 is considered, which is the common range for steel members,
both approaches [(i) and (ii)] produce B* > 3.0 across all scenarios considered.

The findings of this research provide evidence to support the use of either approach

[@) or (ii)] for the design of concrete-filled RHS beam-columns within the above
parameter ranges in CSA S16.
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Reliability Assessment of Canadian
Design Provisions for Single-Sided Fillet L
Welds

Thomas Justin and Tousignant Kyle

Abstract An experimental program was conducted at Dalhousie University to test
single-sided fillet welds in cruciform connections subjected to branch axial tension.
The connections varied the fillet weld size and branch-plate thickness to investi-
gate the effects of these parameters on weld strength. Using the ultimate loads at
weld rupture, an approximate first-order reliability analysis was performed, and the
inherent safety index (8*) of current (CSA S16:19) design provisions for single-sided
fillet welds was determined. Results are compared to those from previous finite-
element analyses on single-sided fillet welds in hollow structural section connections.
The current provisions, which prohibit the use of the directional strength-increase
factor for single-sided fillet welds, are shown to meet the target safety index of 8*
= 4.0 across all tests.

Keywords Canadian design provisions * Single-sided fillet welds - Reliability
assessment

1 Introduction

In CSA S16 [9], fillet welds other than those that are single-sided and connected to
an element in tension can be designed using a directional strength-increase factor
(DSIF) (1.00 4+ 0.50sin'9). This factor is based principally on testing of lapped
splice and cruciform connections with fillet welds on both sides of a plate loaded in
tension (Fig. 1a, b) [3, 19, 21, 24, 25, 26, 11, 18].

However, unlike their two-sided counterparts, single-sided fillet welds are inher-
ently subjected to eccentric loading, and thus prone to local bending and rotation
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Fig. 1 Fillet-welded connections

about the weld toe (see Fig. 1c). When this occurs, it leads to opening of the root
notch, which can subject the weld to additional stress and reduce its capacity [2, 13].

Experiments and numerical finite-element (FE) analyses on single-sided fillet
welds around the ends of tension-loaded hollow structural sections (HSS) have
confirmed that bending about the weld axis occurs in such situations [29, 33]. This
is the rationale behind CSA S16’s ban of the DSIF for single-sided fillet welds.
However, the “single-sided weld effect” (i.e., the reduction in strength relative to
two-sided welds) was shown to be more severe for fillet welds to rectangular HSS
than fillet welds to round HSS, giving rise to other questions, such as the effect of
fillet weld size, connected element thickness, and restraint against rotation at the
weld root [which depends on the connected element shape (linear vs. curved)] on
fillet weld strength.

Herein, the results from 18 weld-critical tests on single-sided fillet weld connec-
tions (Fig. 1c) are presented and compared to previous finite-element analysis results
on fillet-weld-critical HSS-to-rigid plate connect-ions conducted by [33]. Inherent
reliability indices (8%) are then calculated using (i) an approximate first-order reli-
ability method (FORM) analysis and (ii) a so-called expanded separation factor
approach [20, 30]. The results are compared to one another and to the target value
of B* = 4.0 (for welded joints) specified in Annex B.4 of CSA S16 [10].

2 Background

2.1 Double-Sided Fillet Welds

Since the 1930s, extensive theoretical and experimental studies have been carried
out to investigate the effect of loading angle (9) on the strength and ductility of fillet
welds.

Butler and Kulak [3] tested 23 fillet-welded lap joints with 6 = 0°, 30°, 60°, and
90°, the results of which indicated that the ratio of the strength of transverse fillet
welds (6 = 90°) to longitudinal fillet welds (6 = 0°) equalled 1.44. A later study by
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Kato and Morita [19], which used a theoretical model for fillet weld strength, found
the DSIF to be 1.46. [16, 17] developed a simple formula that took both the weld
geometry and ultimate strength of the weld metal into consideration to determine
its strength for a given 6. The proposed formula was validated against experimental
results reported by [3], and the corresponding DSIF was found to be 1.41.

Miazga and Kennedy [24] tested an additional 42 fillet-welded lap joints with 6
varying in 15° increments from 0° to 90°. Their results showed that values of the
DSIF varied between 1.36 and 1.63, based on weld size. Miazga and Kennedy [24]
proposed an analytical model to predict fillet weld strength as a function of 6, where
for transverse fillet welds, the implied DSIF was 1.5. The model was extended by
[21], which gave birth to the modern DSIF: 1.00 + 0.50sin'~6.

Ng et al. (2002) and [22] extended the applicability of the 1.00 + 0.50sin'-8 factor
to fillet welds in both lap-splice and cruciform connections made using the flux-cored
arc welding (FCAW) process (previous research had been done on connections made
using a shielded-metal arc welding process). [18] then extended it to fillet welds in
cruciform connections with large, transverse root notches.

2.2 Single-Sided Fillet Welds

In the early 2000s, [5] carried out an experimental program on the performance of
single-sided fillet welds in “H-shape” steel members, testing two types of specimens:
shear specimens (with welds loaded at an angle of & = 0° to their axis) and tension
specimens (with welds loaded at & = 0° to their axis). [5] found that the tension
specimens exhibited reduced strength due to the inherent eccentricity of the applied
load with respect to centre of gravity of the weld in the connection.

Packer et al. [29] later reported the results of 33 tests on weld-critical HSS-to-
rigid end-plate connections, which varied tube size, tube profile (rectangular vs.
round), and fillet weld throat dimension (#,,). These tests were expanded by [33],
who added 73 FE results to the database with further variations in parameters. These
studies found, principally, that if the DSIF was used, the CSA S16 fillet weld design
provisions at the time (in Clause 13.13.2.2 of CSA S16-14) [6] did not meet the target
safety index of B* = 4.0 at failure. As discussed in Sect. 1, the “single-sided weld
effect” (i.e., the reduction in strength relative to two-sided welds) was shown to be
more severe for fillet welds to rectangular HSS than fillet welds to round HSS.

In a recent European study, [34] examined the effect of applied bending moments
due to loading eccentricity on the capacity of single-sided fillet welds in plate-to-
box section connections. [34] found that, in some cases, tensile stresses on the root
side of the weld due to bending plus tension (i.e., opening of the root notch) led
to unexpected failure. A simplified expression for the fillet weld resistance when
subjected to an eccentric load was derived based on the provisions of EN 1993—-1-8
[13].
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Other practical examples of single-sided fillet welds include restrained lap joints
and unstiffened seated connections (Figs. C-J2.3 and 10-7, respectively, of the AISC
Manual) [1].

3 Fillet Weld Design Provisions in CSA S16

The fillet weld design provisions in CSA S16:19 [10] are principally based on the
research by [3], Kato and Morita [19, 21, 24-26] on lapped splice and cruciform
connections, welded on both sides.

For connections made with a matching electrode, Clause 13.13.2.2 permits the
factored resistance for the direct shear and tension- or compression-induced shear of
a fillet weld (V) to be taken as:

V, = 0.67¢wAw X, (1)

where ¢,, = resistance factor for weld metal (= 0.67); A,, = weld effective throat
area (= t,, x l,,, where /,, = weld length); and X, = strength of matching electrode.

A new addition to Clause 13.13.2.2 in S16 [10] stated that, “for cases other than
single-sided fillet welds connected to an element in tension, the above resistance may
be multiplied by the following factor”:

(1.00 + 0.50 sin' 9) (@)

CSA S16-14 [6] and earlier editions of the standard did not distinguish between
single- and double-sided welds. On the other hand, CSA W59-18 [7] states that
“single fillet and single partial joint penetration groove welds shall not be subjected
to bending about the longitudinal axis of the weld if it produces tension at the root
of the weld”.

4 Recent Tests at Dalhousie University

Eighteen weld-critical cruciform connections with nominally concentric branches
and single-sided fillet welds were designed and tested at Dalhousie University. The
specimens varied in fillet weld throat and leg sizes (¢,, [,, and [;;) and connected
element (branch-plate) thickness (¢,) (see Fig. 2). The specimens were fabricated
from plate material conforming to CSA G40.21 Grade 350W [8] and welded, using
the FCAW process, with a matching flux-cored (E491T) electrode wire from a single
heat. The measured dimensions are summarized in Table 1, wherein the Specimen
ID (Column 1) is based on nominal dimensions #, and t,, (e.g., S6-S-0 denotes a
specimen with ¢, = 6.4 mm and a comparatively “small” weld throat). The trailing 0
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PL 19.1x75x120

305

Fig. 2 Schematic diagram of single-sided fillet weld connection specimens

denotes the nominal offset (S). Measured offsets (following fabrication) are reported
in Table 1.

As shown in Fig. 2, each specimen was comprised of two 305-mm long vertical
steel branch-plates welded to a rigid, 19.1-mm thick horizontal plate with a nominal
width of 75 mm. The top, vertical branch-plate in each specimen was connected to the
horizontal plate through a single-sided fillet weld that was designed to be “critical”
(i.e., to fail). The bottom, vertical branch-plate was connected through two, larger
fillet welds, one on each side, that were designed to remain intact during the testing.

4.1 Weld Geometric Properties

Geometric properties of the welds were carefully measured—after (as well as before)
testing—by cross-sectioning, polishing, macro-etching, and digitizing the broken
weldments at five locations along their length (5 x 18 = 90 cross sections in total),
and scaling off the digital weld profiles in AutoCAD. In Table 1, the dimensions /,
and [, are the average weld leg sizes based upon the smallest triangle that could be
inscribed into the weld. The dimension ¢,, is the average weld throat based on the
shortest distance from the root to the face of the diagrammatic fillet weld, in accord
with CSA W59 [7].
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Table 1 Measured cross-sectional properties of single-sided fillet weld connection specimens

Specimen ID tp (mm) S (mm) [, (mm) [, (mm) ty, (mm) I, (mm)
S6-S-0 6.41 + 1.1 4.43 4.03 3.17 75.0
S6-M-0 6.42 + 0.9 5.54 3.84 3.52 76.2
S6-L-0 6.35 + 1.1 6.10 4.68 4.04 73.8
S$9-XS-0 9.63 + 1.2 3.78 2.80 2.38 74.3
S9-S-0 9.57 + 1.2 4.98 3.26 2.76 75.8
S9-M-0 9.64 + 1.5 5.60 4.58 3.70 79.4
S9-L-0 9.62 + 0.9 5.82 6.30 4.82 72.1
S9-XL-0 9.62 + 1.1 8.16 6.78 5.68 75.2
S9-XXL-0 9.58 + 1.6 8.36 7.44 6.00 74.9
S14-XS-0 15.93 —-0.6 2.76 2.46 1.84 72.7
S14-S-0 15.90 —-0.4 4.90 3.22 2.72 74.7
S14-M-0 15.88 —-0.5 6.14 4.52 3.74 78.7
S14-L-0 15.90 +0.8 7.24 7.26 5.20 73.5
S14-XL-0 15.88 + 0.6 10.18 8.82 6.70 76.5
S14-XXL-0 15.90 + 1.5 12.16 11.08 8.42 71.5
S520-S-0 19.47 +2.8 9.76 8.76 6.86 71.5
S20-M-0 19.46 + 3.5 13.16 11.90 9.74 74.5
S20-L-0 19.41 + 3.0 14.66 13.06 10.00 75.5

4.2 Weld Metal Material Properties

To determine the material properties of the welds, three all-weld-metal tensile
coupons (TCs), made during fabrication (with the same electrode coil), were cut,
and tested in accordance with AWS D1.1 [2]. Stress versus strain curves for the all-
weld metal TCs are presented in Fig. 3. The average measured yield strength (F,
determined by the 0.2% strain offset method) and ultimate strength (X,,) are summa-
rized in Table 2. Additional parameters obtained from the tests (i.e., &, = yield strain;
&f = rupture strain; and £ = Young’s modulus) are also provided therein.

The rupture strains in Table 2 (which correspond to the x-ordinates of the “X”
symbols in Fig. 3) were measured by joining the fractured pieces of the TC back
together, remeasuring the gauge length, and dividing the difference between the
original and final gauge lengths by the original value.

4.3 Test Procedure and Instrumentation

The single-sided fillet weld connection specimens (Fig. 2) were tested in the Heavy
Structures Lab at Dalhousie University using a 2-MN Instron Universal Testing
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Table 2 Average measured material properties of the as-laid welds

Coupon ID Fy (MPa) X, (MPa) &y (mm/mm) &f (mm/mm) E (GPa)
(i) 502 558 0.00435 0.288 196.8
(ii) 497 554 0.00499 0.264 166.3
(iii) 514 571 0.00501 0.277 169.6
Average 504 561 0.00479 0.276 177.6

Machine. During testing, tension load on the branch-plate(s) and strain adjacent to
the single-sided fillet weld (on both sides of branch-plate) were measured. A digital
image correlation (DIC) technique was also used in conjunction with the strain gauges
to verify the uniformity of loading along the weld length. While not quantitively
addressed herein, the SGs and DIC showed that the welds were uniformly loaded
along their length and bending about/opening of the weld root notch occurred but
was minimal—similar to what was shown in the previous studies by [29] and [33].

4.4 Results

All 18 specimens failed by rupture along a plane through the weld. Figure 4a, b shows
typical weld failures overlaid with DIC results for specimens S14-L-0 and S20-S-
0. For use in the following section, Table 3 compares the actual strengths of the
welds (V,) with predicted nominal strengths (V,, = V,/¢,,) calculated according to
Eq. (1), with and without using the DSIF. In Table 3, V, is calculated according to both
methods by using the measured values of ¢,, and /,, (from Table 1) and X,, = 561 MPa
(from Table 2). The average actual-to-predicted weld strength (also known as the
bias coefficient for the professional factor §p) and the corresponding coefficient of
variation (Vp) are also presented. These statistics are used in the reliability analyses,
in Sect. 6.
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a

(a) S14-L-0 (b) $20-S-0

Fig. 4 Typical weld failures and DIC results for xy-axis (shear) strain

5 Previous Finite-Element Work

In addition to the above, FE analysis results from [33] on fillet-weld-critical HSS
connections are re-evaluated herein. This additional data comprises 21 “tests” on
single-sided fillet welds in rectangular HSS-to-rigid end-plate connections (denoted
RHS) and 20 “tests” on single-sided fillet welds in round HSS-to-rigid end-plate
connections (denoted CHS). The professional factor statistics (§p and Vp) from
these tests, extracted from [33], are summarized in Table 4. Those from the current
study (denoted CC) are also repeated there, for ease of comparison. It is interesting to
note that fillet welds in the CC-series connections have remarkably similar statistics
to those in the RHS-series connections.

6 Reliability Assessment

6.1 FORM Analysis

To determine the ranges of B* inherent in the forgoing CSA S16 design approach
(see Sect. 2), an approximate FORM analysis was conducted using Eq. (3) [27, 31]:

g = 1 ln[3_R<aD+aL(L/D) )] 3)

fvizve Lo \sp+a(L/D)

where 8§ = bias coefficient for the resistance; Vi = coefficient of variation (COV)
of §g; ap and oy, = load factors for dead and live loads, respectively [= 1.25 and 1.5,
per NRC [28]]; 8p and §; = bias coefficients for dead and live loads, respectively;
and V¢ = COV of the total load effect, taken as [8]:

_ V(6pVp)* + 3L VL(L/D))>
B dp + 8, (L/D)

Vs 4)



53

Reliability Assessment of Canadian Design Provisions for Single-Sided ...

cro cro ((dA) AOD

149! 9L0 :(dg) aeroAy
90°L 1'29¢T Lo I'eoe 08LC 0-1-0¢S 10°1 6891 89°0 1434 E€ILI 0"IXX-6S
S6°0 LTLT £€9°0 1'60v L'86¢T 0-IN-0TS LO'T S'091 1.0 8°0v¢ 8'ILI 0-IX-6S
I 8661 L0 L'66C e 0-S-0¢S 90°1 9°0¢l IL°0 6561 06cl 0-T1-6S
60 £9¢C 190 yoLe £80¢ 0"IXX-V1S 1Tl 14s! 18°0 9°¢91 Leel 0-IN-6S
90°L L'col 0L0 0'68¢ L€0¢ 0"IX-¥IS (2! 9'8L 68°0 08I ¥v01 0-S-6S
80°1 Levl Lo gelc 459! 0"I-¥IS 4! $'99 96°0 L'66 6'S6 0-SX-6S
()} 9°0l1 L8°0 6691 9evl 0-IN-vIS 60°L I'ert €L0 1891 £Cel 0195
LT 9L ¢80 9Vl 896 0-S-¥IS 0Tl 8°001 080 [any! (At 0-IN-9S
el'l £'0S SL0 ¥'SL 8'9¢ 0-SX-¥IS vl £68 80 6'cel Sort 0-S-9S

YAIPA (N?D °A YAIPA (N?D A (N?D °A YAIPA (ND A YALPA (N?D A (ND A

A1Sd o/m 41Sd /m dr uewadg 4ISq o/m d18d /& dr uewoadg

SINSAI IS, € J[qBL



54 T. Justin and T. Kyle

Table 4 Professional factor statistics for single-sided fillet weld connection specimens

Connection type n w/ DSIF w/o DSIF

3p Vp dp Vp
CC 18 0.76 0.12 1.14 0.12
RHS 21 0.76 0.09 1.14 0.09
CHS 20 0.85 0.06 1.28 0.06
All 59 0.79 0.10 1.19 0.10

where Vp and V;, = COV of the live and dead load, respectively.

Equation (3) incorporates the effects of live and dead load through the non-
dimensional live-to-dead load ratio, L/D, which is considered over the range of 1
< L/D < 3. This is the typical range for components in steel buildings [12, 31].

The bias coefficient, §g, and the corresponding COV, V, are derived by assuming
that the resistance is a multiplicative of four independent random variables with a
bias coefficient and COV given by [15, 31]:

5r = Scoudpds and Vg = \JVZ+ V3 +Vi+ V] 5)

where 86, 8y, 6p, and §, = bias coefficients of the geometric, material, professional,
and discretization factor, respectively, and Vg, Vyy, Vp, and V; = associated COVs.
In the context of this paper, §s incorporates variability in the weld throat size; &y,
incorporates variability in electrode strength; 6 p incorporates variability in the accu-
racy of Eq. (1) (used to calculate V,); and §, incorporates the effect of specifying
discreet/commonly used weld sizes that are generally in excess of the minimum
required for strength.

Bias coefficients and COVs for dead and live load used in this work were taken
as §p = 1.05,8;, =0.90, Vp =0.10, and V; = 0.27 [23], with a target of 87 = 4.0,
for connection design, in accordance with with Annex B.4 of CSA S16:19 [10]. A
resistance factor of ¢ = 0.67 was adopted for fillet welds per CSA S16:19 Clause
13.1.

The parameters 6y, and V), were taken as 1.12 and 0.077, respectively, based
on a large database of 672 tests performed on all-weld-metal TCs [21], and the
parameters §; and Vg were taken as 1.13 and 0.16, respectively, to reflect common
“fabrication errors” that result in the variability of weld geometry [4], as well as
errors in measurement [32]. The bias coefficient for the discretization factor, &, (=
1.09), and the associated COV (= 0.062), were adopted from the same work. The
resulting values of §g and Vg according to Eq. (5) are summarized in Table 5.

In the following section, inherent 8* values are calculated and compared to the
target value of B* = 4.0 for the current (CC-series) tests, as well as the RHS- and
CHS-series tests, over the range of 1 < L/D < 3. The results are shown graphically
in Fig. 5 and numerically in Table 6. It is worth noting that the discontinuities in the
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Table 5 Resistance statistics for single-sided fillet weld connection specimens

Connection type w/ DSIF w/o DSIF

SR VR SR VR
CC 1.06 0.22 1.59 0.22
RHS 1.06 0.21 1.59 0.21
CHS 1.18 0.20 1.78 0.20
All 1.10 0.22 1.65 0.22

curves in Fig. 5 are due to the intersection of the two factored load combinations that
in NRC [28] that were considered [i.e., 1.4D (dead load only) and 1.25D + 1.5L].
As shown in Table 6, for CC-series specimens with the DSIF applied, 8* ranges
from 2.97 to 3.06 (when ¢ = 0.67 and 1 < L/D < 3) which does not meet the target
value of 8% = 4.0. Without the DSIF, 8* ranges from 4.33 to 4.61, which exceeds
the target value of 8% = 4.0. For RHS-series specimens, with the DSIF applied, 8*
ranges from 3.08 to 3.21 < 4.0 (again, when ¢ = 0.67 and 1 < L/D < 3). Without the
DSIF, B* ranges from 4.49 to 4.84. These results are, again, remarkably similar to
those for the CC-series specimens. For CHS-series specimens, 8* ranges from 3.58

7.0 7.0
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Table 7 Summary of g*

values obtained using the ESF Connection type B
approach w/ DSIF w/o DSIF
CcC 341 5.35
RHS 3.54 5.56
CHS 4.22 6.38
All 3.67 5.67

to 3.81 < 4.0 when the DSIF is applied. Without the DSIF, 8* ranges from 5.03 to
5.50 > 4.0.

When observing all specimens combined, with the DSIF applied, 8* ranges from
3.17 to 3.30, which does not meet the target value of f* = 4.0. Without the DSIF,
B* ranges from 4.56 to 4.89 > 4.0. Hence, the current (CSA S16:19) provisions in
Clause 13.13.2.2 that prohibit the DSIF for single-sided fillet welds to elements in
tension can be considered to be appropriate.

6.2 Separation Factor Method

It may be interesting to compare the above results from the FORM analysis to another
largely utilized reliability analysis procedure termed the “expanded separation factor”
(or ESF) approach. In doing so, 8* and ¢ values are calculated according to Eq. (6),
which considers the statistical variation of the resistance independently of the load
effects [14, 30]:

NCTAZ (6)

¢
=]
B n(¢ﬂ+8R

where ¢4, = recursive adjustment factor = 0.0062(8%)*—0.1318* + 1.338, and
agr = coefficient of separation, taken as 0.55 [30]. The results (which are discrete
values of B* and ¢, rather than ranges) are shown in Table 7. By comparing Tables 6
and 7, one can see that the ESF method with the ¢4, adjustment factor yields less
conservative results than the FORM analysis. Regardless, the same conclusion—that
the current (CSA S16:19) provisions in Clause 13.13.2.2 that prohibit the DSIF for
single-sided fillet welds to elements in tension are appropriate—can be drawn.

7 Conclusions

This paper has presented the results of 18 tests on single-sided fillet welds in cruciform
connections. The results were compared to previous FE analysis results on fillet-weld-
critical HSS-to-rigid plate connections conducted by [33], and inherent reliability
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indices (8*%) were calculated using (i) an approximate FORM analysis and (ii) a
so-called expanded separation factor (ESF) approach [20, 30].
The following conclusions can be made:

e Single-sided fillet welds in cruciform connections exhibit similar strength(s) (on
average) to those in RHS connections. These welds are, in turn, weaker than those
in CHS connections. This can be attributed to the difference in restraint against
rotation at the weld root caused by the shape of the connected element (linear
versus curved).

e For concentrically loaded cruciform connections with single-sided welds, weld
strength and weld size are inversely proportional (see Tables 1 and 3). This can
be attributed to the so-called weld size effect [29].

According to the FORM analysis conducted herein, the current fillet weld design
provisions in CSA S16:19 Clause 13.13.2.2, which prohibit the use of the directional
strength-increase factor (DSIF) for single-sided fillet welds, meet/exceed the target
safety index of 8* = 4.0 specified in Annex B.4 of CSA S16 [10] for all tests
considered. This finding is further supported by the results of the ESF approach.
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Tousignant Kyle and Packer Jeffrey

Abstract This paper presents an overview of proposed changes to design provisions
for concrete-filled hollow structural section (HSS) members in CSA S16—“Design
of Steel Structures”. It contains background information on the general characteristics
of concrete-filled HSS, as used in Canada, justification for the proposed changes to
CSA S16, and references to the research on which the proposed changes are based.
Particular emphasis is given to material limitations, cross-section classifications, and
provisions for the design of concrete-filled HSS under axial compression, flexure, and
combined loading. The potential use of steel reinforcing bars has been introduced,
which brings CSA S16 Clause 18.2 more into line with peer standards such as AISC
360 and Eurocode 4.

Keywords Concrete-filled HSS - CSA

1 Introduction

Since the mid-1990s, there has been limited research in Canada on concrete-filled
hollow structural section (HSS) members under static loading, and revisions to Clause
18.2 (on concrete-filled HSS) of CSA S16—“Design of Steel Structures” [16] have
been minimal. Meanwhile, in peer standards, such as AISC 360 [2] and Eurocode 4
[9], provisions for concrete-filled HSS under static loading have evolved to accom-
modate the use of ever-increasing tube sizes, light-weight concrete, and longitudinal
steel reinforcing bars.

During the 2019 CSA S16 code cycle, Working Group 8 (responsible primarily
for Clause 15: Trusses and Clause 18: Composite columns) focused its efforts on
revisions to Clause 15; however, the shortcomings of Clause 18.2, particularly with
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regard to the exclusion of steel reinforcing bars, were made apparent. At the same
time, an international survey of design procedures for composite HSS columns and
beam-columns was being initiated, so modernization of Clause 18.2 was deferred
to the 2024 code cycle. The international survey resulted in CIDECT Design Guide
No. 4, 2nd edition [28], but only covered design recommendations to American,
European, Australian, and Chinese standards.

Tousignant and Packer [25, 26] hence reviewed the rules in CSA S16 for design
of concrete-filled HSS under static loading, compared them to peer standards (AISC
360 and Eurocode 4), and evaluated them against a database of over 450 tests. The
result of this study was a lengthy proposal for changes to CSA S16 Clause 18.2 that
cover its scope (i.e., material limitations), the classification of cross-sections, and
provisions for compressive resistance, bending resistance, and axial compression
and bending, as well as tension, and shear. This paper provides a commentary on
CSA S16:19 Clause 18.2 [16], which identifies its limitations, and discusses the
proposed changes.

2 Scope

Currently, CSA S16 Clause 18.2 applies to composite members consisting of steel
HSS completely filled with concrete, provided that the concrete strength is within
specified limits (see Sect. 2.2), and the flat width-to-thickness ratio (b¢/t) of rect-
angular hollow section (RHS) walls or outside diameter-to-thickness ratio (D/t) of
circular hollow sections (CHS) does not exceed the limits for plastic design (see
Sect. 3).

2.1 HSS

The intent of Clause 18.2 is for design using manufactured HSS made to CSA G40 (in
Class C or Class H) [15], ASTM A500 Grade B/C [5], or ASTM A1085 [4]. The rela-
tive availability of these alternatives varies around Canada, as described in Tables 6—8
of the CISC Handbook [10]. It is important to note that in the CISC Handbook [10],
as in design, section properties for ASTM A500 sections are computed using a design
wall thickness (t) of 0.90 times the nominal wall thickness. The yield stress (F,) for
all ASTM AS500 Grade C HSS shapes has been harmonized to 345 MPa [5].

2.2 Concrete

Currently, the scope of CSA S16 Clause 18.2 covers concrete strengths (f.") between
20 and 80 MPa for concentrically loaded columns and 20 MPa < f./ < 40 MPa
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for columns subjected to axial compression and bending [16]. AISC 360-16, on the
other hand, limits the application of their provisions to concrete-filled HSS having
21 MPa < f./ < 69 MPa for normal-weight concrete and 21 MPa < f./ < 41 MPa
for light-weight concrete. The lower limit of 21 MPa for all concrete densities and
the upper limit of 41 MPa for light-weight concrete are to encourage the use of good
quality, readily available, grades of structural concrete [2].

Given the consideration of different concrete densities by AISC, it has been
recommended to adopt rounded ranges of 20 MPa < f.” < 70 MPa for normal-
weight concrete and 20 MPa < f.” < 40 MPa for light-weight concrete in CSA S16.
Although the former limit is slightly more restrictive than the current limit in CSA
S16 for concentrically loaded columns ( f. < 70 MPa versus f./ < 80 MPa), the
validated wider range of application for beam-columns is valuable considering that
nearly all columns, in practice, will be subjected to combined loading. The upper
limit of 70 MPa for normal-weight concrete is also in accordance with CSA S16
Clause 18.3 for partially encased composite columns.

It is recommended that a higher sand and cement content can be used in concrete
mixes intended for composite columns to ensure adequate plasticity. Cementitious
grouts, plasticizers, and self-consolidating concretes are acceptable, but the use of
additives that can cause corrosion of steel (e.g., calcium chloride) should be avoided
[18]. The maximum aggregate size should also be reduced (especially, if reinforcing
bars are placed inside the HSS). Recommendations for this can be found in [18].
For manufactured HSS covered by Clause 18.2 (not very large tubular members),
mechanical shear connectors are not required between the HSS and the concrete.

2.3 Reinforcing Bars

Unlike other national standards in the USA [2], Europe [9], Australia (Standards [24],
and China [21]), CSA S16 does not cater to the use of longitudinal steel reinforcing
bars in concrete-filled HSS strength calculations. They are, however, catered to in
strength calculations for partially encased and encased composite columns (Clauses
18.3.2 and 18.4.2, respectively) [16]. For these members, there is no limit on the
specified yield stress of reinforcing steel (F'y,) that can be used for design calculations.

In AISC 360-16 [2], an upper limit of 550 MPa is set on F'y, to be in accordance
with ACI 318 (2014). Eurocode 4 [9], on the other hand, imposes no restrictions. The
Canadian concrete standard (CSA A23.3:19) [17] has an upper limit of 500 MPa on
Fy;, although the most common strength used in Canada is still 400 MPa. Accord-
ingly, it is recommended that F'y, not exceeds 500 MPa for design calculations in
accordance with the recommendations below.

The HSS size will also dictate the potential for inclusion of longitudinal steel
reinforcing bars. For concrete filling on site, a minimum outside HSS dimension of
200 mm is recommended. The gap between reinforcing bars/stirrups and the HSS
inside wall should also be at least 1.5-2 times the maximum aggregate size, with a
maximum concrete cover between 25 and 50 mm.
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3 Cross-Section Classification

CSA S16 Clause 18.2 covers concrete-filled HSS with Class 1 and 2 sections (i.e.,
cross-sections that can undergo complete plastification). These currently include
RHS with flat width-to-thickness ratios (be)/t) and CHS with outside diameter-to-
thickness ratio (D/t) defined in Tables 1 and 2 for elements under axial compression
and flexural compression, respectively. These limits date to at least the 1994 edition
of the CSA standard [11] and are larger than those for unfilled HSS because the
concrete delays inward buckling of the HSS wall.

Similar limits to those in CSA S16 exist in AISC 360-16 [2] for so-called non-
compact sections under axial compression and compact sections under flexural
compression. AISC’s limits, which are also defined in Tables 1 and 2, are based
on the more recent work of [7, 8].

For elements in concrete-filled RHS under axial compression, CSA’s current limit
of be/t = 1350/ /F is in good agreement with AISC’s (1340/,/F ). However, for
concrete-filled CHS, CSA’s current limit of D/t = 28,000/F, is considerably more
conservative than AISC’s (38,000/F).

For elements in concrete-filled RHS under flexural compression, AISC logically
considers two different local buckling cases (for flanges and webs), which CSA
does not. CSA’s sole limit (1350/,/F, according to Clause 19.2.1.1 or 700/\/F
according to the Commentary) is based on the scope of tests performed in the early
1990s by [22]. For concrete-filled CHS, CSA’s current limit of D/t = 28,000/F, is
unconservative.

It was recommended to replace the current limits in CSA S16 Clause 18.2.1
by extending Tables 1 and 2 of CSA S16 (which cover the similar limits for local
buckling of steel sections); i.e.:

Tablg 1 Limits fgr elements Shape Specification Limit
in axial compression
RHS CSA S16 1350//Fy
AISC 360 1340//Fy
CHS CSA S16 28,000/Fy
AISC 360 38,000/Fy
Table 2 Limits fo‘r‘(.elements Shape Specification Element Limit
in flexural compression
RHS CSA S16 Walls 1350/ /Fy
AISC 360 Flanges 1010//F,
Webs 1340//F,
CHS CSA S16 28,000/Fy
AISC 360 18,000/Fy
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For compression elements in members subject to axial compression (CSA S16
Table 1):

e Concrete-filled rectangular hollow sections: b/t < 1350/\/F,.
¢ Concrete-filled circular hollow sections: D/t < 38,000/F .

For compression elements in members subject to flexure or combined flexure and
compression (CSA S16 Table 2):

e Flanges of concrete-filled rectangular hollow sections: bei/t < 1010//Fy.
e Webs of concrete-filled rectangular hollow sections: he/f < 1340//F e
¢ Concrete-filled circular hollow sections: D/t < 18,000/F .

The above limits are met by nearly all HSSs in the CISC Handbook (CSA 2021)
to which Clause 18.2 applies, despite being more restrictive in some cases. Specific
HSS that does not meet the above-proposed limits is listed in Tousignant and Packer
[25] and should not be used in conjunction with the plastic design method in CSA
S16. However, the alternate methods given in AISC 360-16 Sections 12.2 and 13.4
(e.g., strain compatibility, elastic stress) could be applied.

4 Compressive Resistance

According to CSA S16:19 Clause 18.2.2, the factored compressive resistance of a
composite concrete-filled hollow structural section (Cy.) is taken as:

T¢AsFy + T/Ollff’cAch/

C =
r© (1 +A2n)%

(D

where A; and A. = cross-sectional area of steel and concrete; ¢ and ¢, = resistance
factor for steel and concrete (= 0.9 and 0.65, respectively); T = confinement reduction
factor for steel (due to tensile hoop stresses that develop to confine the concrete);
7/ = confinement enhancement factor for concrete; oy = ratio of average stress
in rectangular stress block to f./ (= 0.85—0.0015f.” > 0.73); n = column curve
parameter (= 1.80); and A = non-dimensional slenderness parameter:

A= | =L, ()

where C), = C,. computed with ¢ = ¢, = 1.0 and A = 0, and:
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where I; and I, = moment of inertia of the steel and concrete areas, respectively,
as computed with respect to the center of gravity of the cross-section; E = modulus
of elasticity of steel; £, = modulus of elasticity of concrete, as defined in CSA S16
Clause 3; Cg, = sustained axial load on the column; and Cy = total axial load on the
column.

In Eq. (1), T = t/ = 1.0, except for CHS with a height-to-diameter ratio (L/D) of
less than 25 for which:

1 2502 F
e — mdﬂ=1+< pt)( y)\mhp:OMQS—UD)

JItptp? D/t J\aif!
4)

The above expression for Cy. was first introduced in CSA S16-01 [12]. It is based
on simply superimposing the contributions of the concrete and HSS and applying
a reduction factor, based on \, using the same form of the column curve found
elsewhere in the code (e.g., Clause 13.3). The non-dimensional slenderness parameter
(1) of the composite section depends on the effective elastic flexural stiffness of the
composite column (EIL,) which in turn depends on the elastic flexural stiffness of
steel column (EIy) and a flexural stiffness of concrete modified to account for creep
under sustained loads. The value of the exponent n in Eq. (1) was taken as 1.80 to
provide the best fit with experimental results.

The triaxial load effect on the concrete due to the confining effect of the walls of
CHS is based on work by [27]. The triaxial effects increase the failure load of the
concrete (t° > 1.0) and decrease the capacity of the steel section (t < 1) because the
steel is in a biaxial stress state.

In S16-09 [13], the standard introduced a value of ¢, = 0.65 in place of the earlier
0.60 and o1 ¢.f . in place of 0.85¢.f .. Reasons for these changes are described by
[6]. In S16-14 [14], the lower limit for a; was changed to 0.73, which is currently
the lowest possible value because the scope of Clause 18.2 covers concrete strengths
up to .’ 80 MPa.

Unlike other national steel standards (see Sect. 2.3), as well as other parts of
the standard (i.e., Clauses 18.3.2 and 18.4.2), Clause 18.2.2 does not cater to the
use of longitudinal steel reinforcing bars, which are beneficial to strength and often
included to improve fire endurance. It was therefore recommended to revise the C;.
expression (Eq. 1) to:

T¢A5Fy + T/a](bcAch/ + ¢rArFyr

T 5)
(1+ 221y

c =

where A, = cross-sectional area of longitudinal reinforcement and ¢, = resistance
factor for steel reinforcing bars. A new lower limit of 0.75 for «; was also proposed
as a consequence of adopting the upper limit of . = 70 MPa for normal-weight
concrete discussed in Sect. 2.2.

For consistency, a modification to the expression for EI, in Eq. (3) is also required:
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El, = EI, + 08EL. +EJ (6)
e — s 1+Cf§/Cf I

where I, = moment of inertia of the reinforcing bar areas, as computed with respect
to the center of gravity of the cross-section.

These modifications were supported by a first-order reliability method (FORM)
analysis that utilized results from hundreds of tests on concrete-filled HSS columns
falling within the bei/t, D/t, and f.’ limits discussed previously. For concrete-filled
HSS members without longitudinal reinforcing, reliability indices obtained from the
FORM analysis using Eq. (5) and the revised limits are similar to those obtained
using the current (CSA S16:19) provisions.

5 Bending Resistance

According to CSA S16:19 Clause 18.2.3, the factored bending resistance of a
composite concrete-filled hollow structural section (M) is taken as:

My = Cre+Cle, 7

where C, = compressive resistance of steel above the neutral axis (NA); C,’ =
compressive resistance of concrete above the NA (over the depth of the concrete
compression zone, a); ¢ = lever arm between C; and T',, where T, = tensile resistance
of steel below the NA; and ¢’ = lever arm between C,’ and T, (Fig. 1).

The current model is based on the work of [22], who showed that fully plastic
stress blocks are developed in the steel and concrete when Class 1 and 2 sections are
used. In the proposed model, stress blocks in the steel had an intensity of F, and
stress blocks in the concrete had an intensity of f./. [22] noted that steel restrained
the concrete, increasing its compressive resistance to the full value of /.’ rather than
0.85 f./, as used in reinforced concrete theory.

Incremental

Steel Concrete Bar Steel Concrete Bar
I — Stress Stress Stress Forces Force Forces
‘r‘— b, —= oF, 1,180, f.

: NA

#F,

Fig. 1 Stress and force diagrams for concrete-filled RHS, simplified to a box section (CSA S16:19)
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Equations are given for C, and C,” in CSA S16:19 Clause 18.2.3 that are, generally,
the product of the stress intensities and geometries (of steel and concrete). CSA S16-
01 [12] and earlier editions of the standard noted (in Clause 18.2.3) that a was to
be taken as 0.85 times the concrete depth to the neutral axis (= 0.85¢); however, in
2009 and later editions, the definition of a was removed. Similarly, these more recent
editions reflect a concrete stress block intensity of o ¢.f.” versus f./ as originally
proposed by [22].

Tousignant and Packer [26] have shown that omitting the RHS rounded corners—
as done in the C,’ equation for RHS in CSA S16:19—is unconservative and, for
CHS, questioned the need for a recursive (or iterative) function to determine M. The
existing M, expression also does not cater to the use of longitudinal steel reinforcing
bars. Hence, new formulae, based on the integration of fully plastic stress blocks in
the steel, concrete, and rebar, if present—including rounded RHS corners, were
proposed.

These equations were derived by assuming that the concrete stress block extends
the full depth to the NA (i.e., @ = ¢), as is now common practice [2] (Figs. 2 and
3). The location of the NA and M. are determined by finding equilibrium of forces
and moments, respectively, that are generated by resistances, for consistency with
the approach used in CSA A23.3:19 [17] and elsewhere in CSA S16.

(a) For concrete-filled RHS:

hi Z. bi [ h; :
Mrc=Z¢Fy_2t(7_a) ¢Fy+7¢cfc_5 — —a) ¢ fe + My,

2
®)

where f. = 1.18af.'; Z = plastic modulus of the steel section alone; h; = d—2t
(where d = overall depth of hollow section); and:

Incremental
Steel Concrete Bar Steel Concrete Bar
-— h — Stress Stress Stress Forces Force Forces

b —x

btF, abhf. A (dF, -0.f)

b.f ¢7F)'
= =
az‘th, A, :¢rFy
Ayu¢rF\ﬂ i
¥ ':-’rFf

btoF, (h —a)2tF,

NA

F

Fig. 2 Stress and approximate force diagrams (after simplifying to a box section as in Fig. 1) for
concrete-filled RHS (proposed)
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Incremental
Steel Concrete Bar Steel Concrete Bar
Stress Stress Stress Forces Force Forces
oF, of, Fe (=21 tcf, A (0F, -
c a I
APy
oF, 0F, ro(m+2y,)thf 0*(x/2- r0—05$1n 7o) 9.1

Fig. 3 Stress and force diagrams for concrete-filled CHS (proposed)

a= E B (Ag - As)d’cfc 2¢r yr(Asrc + Asrb - ( ¢Lfc/¢r yr)) (9)
2 8tpFy + 2b;pc fe

where A, = gross cross-sectional area of composite section; Ag, Age, and Agp, =
area of reinforcing bars in the top, central, and bottom regions, respectively, where
only the top region is located above the neutral axis; and Z. = plastic modulus of
the area inside the HSS (concrete plus reinforcing bars):

bih? R
Zo = = = 0.429rh; +0.19277, (10)

where b; = b—2t, where b = overall width of hollow section; r; = ¢; and:

h .
My = ¢rFyr|:Asrt(a - dc)(l - ¢cfc/¢rFyr) + Asrc(?l - a) + Agb(hi —a — dc):|»
1D
where d,. = distance from the inside face of the hollow structural section to the center
of the closest adjacent reinforcing bar (Fig. 2). For concrete-filled RHS within the
scope of Clause 18.2, lateral torsional buckling is not a governing limit state.

For concrete-filled RHS members without longitudinal reinforcing, the above
approach provides a similar level of reliability to CSA S16 and AISC 360-16.

(b) For concrete-filled CHS:

2
M, = 4¢Fytr31 cos yp + §¢Cfcrf cos’ Yo + M, (12)

D—1t D — 2t
m = ( > and r. = < ), (13a)
2 2

where:
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where D = outside diameter of hollow section.

_ 7Trc2¢cfc + ¢rFyr(Asrc + Asrb - Asrt(] - ¢cfc/¢rFyr))
B 8trm¢ Fy + 3r2@. f.

Yo . (13b)

and

A n ne
M, = %(‘PrFyrZei — @ fe Zei)’ (14
i=1 i=1

where y( = angular location of the neutral axis; A, = total area of steel reinforcing
bars; n = number of steel reinforcing bars; and e; = absolute distance from the ith
steel reinforcing bar to the neutral axis (Fig. 3). The depth of the neutral axis from
the inside face of the CHS can be taken as r.(1—siny).

Equation 13b is similar in principle to the one used in the AISC Manual [3] to
determine the location of the NA, and the remaining expressions are based on work by
[19]. For concrete-filled CHS members without longitudinal reinforcing, the above
approach provides a similar level of reliability to CSA S16 while avoiding recursion.

6 Axial Compression and Bending

In CSA S16:19 Clause 18.2.4, composite concrete-filled HSS required to resist both
bending moments and axial compression is proportioned analogously to members
conforming to Clause 13.8.2, so that:

c M M
G PoaMy g M2, (15)
Cre Mrc(l — gf> M.

where Cy = factored axial load; My = factored moment; 8 = coefficient for bending in
beam-columns; and w; = coefficient to determine equivalent uniform bending effect
in beam-columns. Although not stated explicitly in CSA S16:19 Clause 18.2.4, w,
is found in Clause 13.8.6.

The rightmost inequality in Eq. (15) is intended to prevent a dangerous situa-
tion that can arise for beam-columns under low axial loads, in which the leftmost
inequality allows for an increase in M,.. In Eurocode 4, this increase is only permitted
when M results from an eccentricity in Cy.

B is taken as:

Crco - Crcm
p=—F77"7, (16)
Crco
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where C., = Cy calculated with A =0, and C.y = 1.18¢ 19 A f ./ (which is defined
as the factored compressive resistance that can coexist with M. when all the cross-
section is in compression).

In the 2019 edition of the standard [16], changes were made to the f values
for unfilled beam-columns in Clauses 13.8.3 and 13.8.4. The rationale for the new
values chosen was based on designing the members for plastic behavior [20, 23].
This philosophy was used previously, in CSA S16-14 for Class 1 and 2 I-shaped
members and in earlier editions of CSA S16 (e.g., CSA S16.1-94 Appendix F) [11]
for some HSS. The § values from Clauses 13.8.3 and 13.8.4 for Class 1 and 2 unfilled
RHS and CHS subjected to uniaxial bending are presented in Table 3.

Tousignant and Packer [26] made several recommendations for Clause 18.2.4
to: spell out the value (or location) of w; (recall, it is currently not noted); more
clearly state the need to check cross-sectional strength, overall member strength,
and/or lateral torsional buckling strength; adopt the previously discussed Cy. and M
expressions, which permit the use of longitudinal steel reinforcing bar; and adopt—
as an alternative—the S values in Table 3, for consistency with Clauses 13.8.3 and
13.8.4. It is important to note that the B8 values in Table 3 are almost universally
conservative for concrete-filled HSS [26].

With respect to the latter recommendation, two approaches were given:

e Approach (i): utilizing the recommended C, and M, expressions with f
calculated by using the current approach, i.e., Eq. (16).

e Approach (ii): utilizing the recommended C,. and M,. expressions with “8 =
0.85 for square and circular hollow structural sections, and 1.0 for all other hollow
structural sections”.

Considering the results of over 50 tests on concrete-filled RHS beam-columns and
25 tests on concrete-filled CHS beam-columns (all falling within the be/t, D/t, and
f¢ limits discussed previously), Approach (i) was shown to give similar statistics to
the existing CSA S16 method, and Approach (ii) was shown to be more conservative
but produce similar statistics to the interaction method described for beam-columns
in AISC 360 [2].

In addition, it was recommended to spell out that the value of w; is defined in
Clause 13.8.6 and to extend the analogy of unfilled steel beam-columns to concrete-
filled HSS by stating the manner in which cross-sectional strength and overall (in-
plane) member strength must be checked when using Eq. (15); i.e., that “the capacity
of the member shall be examined for cross-sectional strength (members in braced
frames only) and overall member strength, in the manner specified in Clause 13.8.2”.

Table 3 Coefficients for uniaxial bending in HSS beam-columns

Shape Reference Coefficient (§)
RHS Classes 1 and 2 square RHS (Clause 13.8.3) 0.85

All other RHS (Clause 13.8.4) 1.00
CHS Class 1 and 2 CHS (Clause 13.8.3) 0.85
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As discussed in Sect. 5, lateral torsional buckling strength need not be checked as it
is not a governing limit state for round, square, or rectangular concrete-filled HSS.

7 Tension Resistance

For the tensile resistance (7',) of concrete-filled HSS, it was proposed that 7', is taken,
conservatively, as that of the steel section alone in accordance with Clause 13.2. The
corresponding provisions in AISC 360-16 allow T, to be taken as the sum of the
resistance of the steel section plus reinforcing bars, in which case special detailing
may be required to reliably transfer tension force from the HSS to the reinforcement.
For T,, at present, CSA S16 is noticeably silent.

8 Shear Resistance

The shear resistance (V) of concrete-filled HSS is covered, at present, by Clause
13.4.1.3 [16]. Clause 13.4.1.3 was introduced in the 2009 edition of the standard and
is intended for CHS members only. A more general expression that applies to both
CHS and RHS members was hence proposed; i.e.:

V, = 0.66¢A,F,, (17)

where A, = A,/2 for CHS members and A;(d/(b 4+ d)) for RHS members, with
the applied shear force in the direction of d, and A; = area of hollow section. The
dimensions b and d are the overall width and depth of the rectangular hollow section,
respectively.

Equation 17 is based on the shear resistance of the HSS alone, ignoring any
contribution from concrete and/or reinforcing bars. The inelastic limit stress of 0.66F,
corresponds to shear deformations into the strain-hardening range, which will occur
in HSS webs that are internally supported by concrete.

While stirrups/ties are beneficial to allow for placement of the longitudinal
reinforcing bars, they are not required for shear capacity.

9 Summary

The foregoing paper has summarized the rationale for proposed changes to Clause
18.2 (on concrete-filled HSS) of CSA S16:19—Design of Steel Structures [16]. A
draft of CSA S16:24 will be available for public review in Spring 2023, finalized in
Fall 2023, and published in May 2024. The reader is referred to companion papers by



CSA S16:24—Changes to Concrete-Filled HSS 71

Tousignant and Packer [25, 26] for illustrative design examples covering concrete-
filled RHS and CHS under axial compression, flexure, and combined loading.
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Canadian Design Recommendations )
for Diagonally Reinforced Coupling L
Beams Using a New Comprehensive

Database

Amirhossein Amiri, Tobber Lisa, and Jeremy Atkinson

Abstract Diagonally reinforced concrete coupling beams used in coupled walls are
prevalent in the Canadian construction industry. In Canadian design, these beams act
as seismic fuse elements that dissipate a substantial amount of earthquake energy
exerted in core walls. The detailing of these beams is critical in ensuring high-energy
dissipation and sufficient ductility. The Canadian Concrete handbook (CSA A23.3—
14) provides engineers with guidelines to calculate the shear strength, stiffness, and
ductility capacity of coupling beams. This paper presents a new comprehensive
database of the hysteretic response of 51 diagonally reinforced coupled beams. With
this new database, we identified trends between detailing choices and the hysteretic
response and compared these trends with current Canadian codes. Specifically, the
shear strength, initial stiffness, and strength loss have been examined and discussed.
Overall, this study demonstrates that providing full beam confinement, as opposed
to only confining the diagonal reinforcing, is a suitable method for seismic design.

Keywords Reinforced coupling beams - New comprehensive database

1 Introduction

Reinforced concrete coupled wall systems (hereafter referred to as coupled walls) are
widely used structural systems to resist lateral loads in tall buildings. In this system,
a series of concrete wall segments are connected by coupling beams to form an inter-
connected wall assembly. The seismic response of coupled walls depends strongly
on the nonlinear behavior of the coupling beams joining adjacent wall segments.
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Coupling beams significantly enhance the structure’s overturning resistance, stiff-
ness, and energy dissipation compared with isolated wall piers. The construction
technique used for the beam varies, but the two most common schemes utilize either
diagonal reinforcing or longitudinal beam reinforcing.

Diagonal coupling beams, introduced by Paulay and Binney in 1974, are equipped
with a group of diagonal bars at both the top and the bottom of the beam’s section
forming an “x” shape over the length of the beam. Additional longitudinal bars are
provided in the corners and sides of the beams to anchor ties and provide crack control.
Based on previous experimental programs, the application of diagonal layouts in
coupling beams instead of conventional longitudinal reinforcing has led to higher
energy dissipation and ductility.

Several experimental programs regarding diagonally reinforced coupling beams
(DRCBs) with different test setups were conducted previously each of which included
a number of specimens with different geometry, reinforcement arrangement, and
detailing. Additionally, some databases about DRCBs have been collected concen-
trating on specific design parameters, i.e., [14] collected a comprehensive database
regarding the initial stiffness of diagonally reinforced coupling beams. However,
these databases either did not include an adequate number of studied specimens (for
instance [20] or they focused only on a specific designing parameter. In this study,
an up-to-date and comprehensive database is collected to derive empirical equations
for designing purposes based on Canadian design provisions and instructions.

In this paper, the Canadian detailing and design equations for coupling beams are
compared with experimental data from a newly developed database of 51 diagonally
coupling beams which is presented in Sect. 3. This analysis provides insights into the
coupling beam shear strength, stiffness, and ductility, which are presented in Sect. 4.

2 Design Provisions for Diagonally Reinforced Coupling
Beams

2.1 CSA A23.3 Design Provisions

In Canada, coupled walls are designed and detailed according to the CSA A23.3—
19 and the National Building Code (NBC) [23]. Figure 1 shows a typical layout
for diagonally reinforced coupling beams in Canada and some of the geometric
limitations of the design. According to the CSA A23.3, the width (by) and height
(h) of the coupling beam should not exceed the pier wall’s thickness (t,,) and two
times the clear length of the coupling beam (L), respectively. It is required that each
group of diagonal bars includes at least four bars. Moreover, CSA A23.3—19 requires
that the minimum embedment length of diagonal bars into the pier walls at each end
should be at least 1.5 Ly, where L4 is the development length of bars.

The design force and deformation demand in coupled wall systems are typically
determined using the linear dynamic method in the NBC. As the coupling beams
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Fig. 1 General CSA A23.3 provisions for diagonally reinforced coupling beams

deform in an earthquake, they will crack, and their stiffness will degrade. For the
purpose of linear dynamic analysis, an effective cracked section stiffness is accounted
for by applying stiffness modification factors to the finite elements used to model
the beams. The effective shear area and the effective moment of inertia are shown in
Egs. 1 and 2, respectively.

Ave = a, A, (1)

Ieff = OlfIg (2)

where A, is the beam’s gross area, and /, is the beam’s gross moment of inertia. The
CSA A23.3-19 recommends modifying coupling beams’ shear area and moment of
inertia by using oy = 0.45 and oy = 0.25, respectively.

Vi, =2A54 X fya X sina 3)

where Ag 4 is the total area of the diagonal bars at the top or bottom of the beam’s
section, f 4 is the yielding strength of diagonal bars, and a is the inclination angle
between the diagonal bars and the beam longitudinal axis.

To prevent the diagonal bars from buckling, the bundles of diagonal bars are
required to be tied by crossties and hoops. The spacing of these diagonal ties is
determined using Eq. 4 based on CSA A23.3-14 clause 21.5.8.2.4.

S, < min{6dy, 24d;e, 100mm} 4)

where S is the diagonal tie spacing, d}, is the diagonal bars’ diameter (mm), and dye
is the hoops or crossties’ diameter (mm).
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Fig. 2 Crew of five insert #11 (35 M) diagonal bars through wall boundary elements and into a
diagonal coupling beam

For most typical applications in tall buildings, beams will use 10 M ties and 20 M
or larger diagonal bars, so the 100 mm spacing governs.

It is worth noting that in American codes [21], (i.e., ACI 318—19) designers have
the option of either providing confinement around the diagonals or confining the
entire beam cross section. However, there are currently no clauses within the CSA
A23.3-19 that allow such a design [22]. Confining the entire beam cross section
was introduced in ACI 318-08 in light of the results from [14]. This option is
often preferred by fabricators because it can simplify the installation of diagonal
reinforcing, which is a considerable challenge in heavily reinforced walls (see Fig. 2).

2.2 ACI 318-19 Design Provisions

The ACI requirements for full beam confinement (clause 18.10.7.4d) include
minimum reinforcing ratio related to beam geometry and materials (Eq. 5), and
maximum spacing between tie legs (S;) in all three spatial directions (Eq. 6). Spacing
between tie legs perpendicular to the longitudinal axis must be less than 200 mm and
engage a longitudinal peripheral bar. The peripheral bars are not intended to embed
into the adjacent wall piers.
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Table 1 ACI 318-19 includes requirements for coupling beams with diagonal confinement

Diagonal requirements

N‘S

Diagonal bar group width

A%

v
3

Diagonal bar group height

Total cross-sectional area of transverse A > max{0.09s, be4<,0.35,b, ( A _ 1) Lc/}
reinforcement within the spacings f I

o

Beam requirements

Beam tie spacing S < min{ 00055, * 300 mm}

Longitudinal reinforcement As long = 0.002by,5&s < 300 mm

“where A, is the area of transverse reinforcement; Ay 1ong 18 the peripheral longitudinal reinforce-
ment total area, and s is the spacing between longitudinal bars.

Aq 4 '
p = >max{OO9L 03( 1)5} (5)
s, X b, fyt Ach fyt

where p is the minimum reinforcing ratio, b. is the confined beam width, Ay, is
the total cross-sectional area of transverse reinforcement (including crossties) within
spacing S; and perpendicular to b.; A, is the overall beam cross-section area; Ay, is
the confined beam cross-section area, and f'y is the yield strength of the transverse
bars.

S; < min{150mm, 6d,,} (6)

Itis also interesting to note that for beams with diagonal confinement, ACI 318-19
includes requirements on the size of the diagonal group of bars, minimum number
of confining ties, and minimum beam reinforcing in clause 18.10.7.4c. A minimum
area of ties around the diagonal often results in significantly more ties than A23.3
would require. These requirements provide more explicit detailing constraints than
A23.3 and are summarized below (Table 1).

3 Specimen Database

The experimental data from 51 diagonal coupling beam specimens were collected
and a database was developed. The studied specimens were tested between 1974
and 2020. Each specimen underwent cyclic loading until failure was observed, or
underwent cyclic loading then was loaded monotonically until failure (like Paulay
et al., 1974 and Adebar et al., 2001). Various factors were considered in selecting
each specimen, including aspect ratio (L/h); axial restraint (AR); embedment of
longitudinal bars (ELB); and diagonal ties.
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Aspect ratio (L/h) is considered an essential factor in coupling beams design. The
database considers specimens with aspect ratios between 1 and 5, as shown in Fig. 3a.
Based on the experimental testing, coupling beams with a low aspect ratio, (i.e., L/
h < 2) behave like stocky beams with high shear deformation and a dominant shear
failure mode. On the other hand, coupling beams with higher aspect ratios, (i.e., L/h
> = 2) act like slender beams, where higher flexural deformation and more flexural
yielding are observed.

The embedment of longitudinal bars (ELB) into the pier walls in coupling beams
is not recommended by Canadian design codes. However, numerous experiments
were completed where the longitudinal reinforcing extended significantly into the
wall. The embedment allows for this longitudinal reinforcing to develop strength
and, therefore, affects the cyclic response. Figure 3b shows the number of specimens
within the database with this embedded longitudinal reinforcing.

Axial restraint (AR) refers to tests that attempt to restrain the coupling beam from
any longitudinal movement. In this study, the inclusion of slabs is considered an axial
restraint, as slabs were included in numerous experiments, (i.e., [14], Ishikawa et al.
1996 [3]). In some studied experimental programs, the researchers used prestressed
or posttensioned bars to create axial forces prior to loading the specimens, acting like
axial restraints ([6], [14], Brian [17]). Another method of axial restraint considered

1 2 3 4 5 No Yes
Aspect ratio, L/h Embedded longitudinal bars (ELB)

40

30
2 ®
820 2
* 3t

10

0 0
& 3 o - ﬁa\\‘v‘ Full beam conf. Diagonal conf.

ad Confinement type

Axial restraint (AR)

Fig. 3 Characteristics of coupling beams in the database
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in the database, and the most rigid, is by preventing the testing setup from axial
movement (Kwan et al., 2002, [12, 13], Han et al. [19]). Figure 3c shows the different
types of axial constraints within the database.

The majority of tests utilized “beam confinement,” where ties are only provided
in the beam, and no ties are provided along the diagonal rebars. While the Canadian
code does not provide guidance for this type of detail, the data from these tests
are included in this analysis. Figure 3d shows the number of tests for each type of
confinement.

Table 2 summarizes the authors, specimen names, geometry, materials, and rein-
forcement details. In these Tables, S; and S, are the spacing of the diagonal ties and
the beam ties, respectively.

4 Analysis of the Normalized Experimental Data

To systemically study all of the data in the database, each critical parameter was
normalized to important Canadian design parameter. In this regard, the backbone
parameters shown in Fig. 4 were examined and compared with assumptions used in
Canadian design. Specifically, we looked at the initial stiffness (Kj), the maximum
shear strength (Vy,ax ), and the rotation corresponding to the shear strength of 0.8 Vmax
(680%)-

Inelastic rotational capacity is one of the most important factors in the seismic
design of reinforced concrete elements. It represents the ability of the element to
deform while maintaining strength. In this study, the degradation rotation (fgyg,) is
taken as the rotation when the force on the experimental backbone degrades to 80%
of the peak shear force. This parameter was used as an indicator of the inelastic
rotational capacity. Further loading beyond this point would exhibit a significantly
degraded shear capacity, and the beams would be in a severely damaged state.

The following sections compare the experimental response of each specimen
with Canadian design practice. In this study, the backbone in both the positive and
negative directions was assessed, and the maximum absolute values were selected in
the analysis.

4.1 Maximum Shear and Overstrength

The maximum observed shear force and overstrength of coupling beams are impor-
tant for capacity design and nonlinear modeling. Overstrength was determined as
the ratio between the maximum observed shear force (V,.¢) and the nominal shear
force (V) calculated per Eq. 3 using reported material strength. Figure 5 shows the
range of calculated overstrength for all specimens, axial restraint (AR), embedded
longitudinal bars (ELB), both AR and ELB, and neither AR nor ELB.
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Fig. 5 Range of overstrength for specimens with different characteristics: (i) All specimens, (ii)
Axial restrained (AR), (iii) Embedded longitudinal bars (ELB), (iv) Both AR and ELB, and (v)
Neither AR nor ELB

The median overstrength for all specimens was approximately 1.55. AR or ELBs
contribute to higher median overstrength, ranging from 1.6 for AR only (13 spec-
imens) to 1.8 for ELB only (19 specimens). For the four specimens with AR and
ELB, the median overstrength was 1.7, but the variability was large. For example,
some specimens had an overstrength exceeding 3.0. When neither AR nor ELB was
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present (15 specimens), the median overstrength was approximately 1.25. In short,
both AR and ELB are observed to increase the overstrength.

4.2 Effect of Embedded Longitudinal Bars

In order to investigate the effect of embedded longitudinal bars in the shear strength
of specimens, a new term of shear strength named “V,” is introduced. Based on Eq. 7,
V, equals the summation of nominal shear force calculated per Eq. 3 and the shear
force corresponding to the flexural resistance (V,.), calculated per Eq. 8. To obtain
V me, it is required to calculate the nominal moment capacity (M,,). Flexural capacity
of coupling beams (M) is obtained by using Eq. 9.

Vi= Ve + Vie (7)
L, _2M, &
me = I
M, = Agfu(d —d) )

where Ay is the total area of longitudinal bars, fy is the yield strength of longitu-
dinal bars, and d and d’ are the effective depths of longitudinal bars in tension and
compression zones, respectively.

Figure 6 illustrates the effect of embedded longitudinal bars on the shear strength
of specimens. In this figure, the ratio of V,x over V, is shown in the vertical axis.
Different types of specimens in terms of mechanical features were described in the
horizontal axis.

As was expected, the median overstrength of specimens without axial restraint
and without embedded longitudinal bars is the same as the one plotted in Fig. 5. On
the other hand, the median overstrength is equal to 1.25 and 1.3 for ELB and AR +
ELB, respectively. Hence, V, is a reasonable method of estimating the shear force
of coupling beams which have embedded longitudinal reinforcing.

4.3 Effect of Axial Restraint

The presence of axial restraint impacts the behavior of coupling beams significantly.
Generally, axial restraints would result in higher strength and lower elongation of
coupling beams. In this regard, Fig. 7 shows the overstrength of specimens equipped
with no axial restraint, and different types of axial restraints, namely prestressed rods
(PT), slab, and rigid walls.
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Fig. 7 Range of overstrength including the impact of embedded longitudinal bars for specimens
with different types of axial restraint: (i) No axial restraint, (ii) Prestressed rod, (iii) Slab, iv) Rigid
walls

According to Fig. 7, specimens without any axial restraints have median over-
strength of 1.25. The median overstrength in specimens with slabs is equal to 1.4.
This additional overstrength is attributed to the larger compression block provided
by the slab. Specimens restrained in the axial direction with PT rods had a median
overstrength of about 1.75. This PT overstrength is due to the additional compression
load induced by the PT which the calculation of V does not account for. Finally,
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Fig. 8 Range of degradation rotation (6o ), for specimens with different types of axial restraint:
i) No axial restraint, ii) Prestressed rods, iii) Slab, iv) Rigid walls

the overstrength provided by rigid walls is approximately 1.5. The cause of this
overstrength is likely due to contributions from the experimental setup.

Figure 8 depicts the value of degradation rotation (fgg¢) for specimens with
different types of axial restraint. According to this figure, the median 63y, for speci-
mens with PT rods and slabs is almost 8%, exceeding the median 6gy¢, of specimens
without axial restraint by about 30%. In the case of the PT, this additional ductility
is likely provided by the PT closing cracks and restricting excessive elongation.
Similarly, the slab specimens provide added resistance to degradations.

Specimens with rigid axial restraint has the lowest amount of median 634, which
is equal to 4.9%. It is anticipated that the rigid restraint provided by the test setup
does not permit the cracks to close effectively, resulting in early strength loss.

4.4 Effect of Diagonal Tie Spacing on 6gyq,

Figure 9a, b shows 6g94, of beams with diagonal ties compared with the ratio of
diagonal tie spacing (S;) to the spacing calculated according to the CSA A23.3
(Eq. 4) for L/h < 2 and L/h > 2, respectively. Figure 9 also exhibits the ductility
capacity provided by CSA A23.3, which is 0.04 radians (red line). CSA A23.3
requires designers to consider the minimum inelastic ductility demand of coupling
beams equal to this value through their design procedures.

Overall, Fig. 9 depicts that there is little correlation between diagonal tie spacing
and ductility. A number of specimens with L/h < 2 exhibited ductility’s which are
lower than the CSA A23.3 limit, even those where the Sq was less than the S4 csa-
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Fig. 9 Degradation rotation (6so9) versus diagonal tie spacing for specimens with a L/h < 2 and
bL/h=>2

On the other hand, all specimens are shown in Fig. 9b with L/h > 2 and diagonal ties
result in high g, , satisfying the CSA A23.3—-19 minimum acceptable value.

4.5 Effect of Beam Tie Spacing on 0gyq,

Figure 10a, ¢ show 639, of beams with full confinement compared with the ratio
of beam tie spacing (S,) to half of the beam depth (h/2) for L/h < 2 and L/h > 2,
respectively. Figure 10b, d illustrate of beams with diagonal confinement compared
with the ratio of beam tie spacing (S;) to half of the beam depth (h/2) for L/h < 2
and L/h > 2, respectively. For reference, the minimum ductility capacity provided
by CSA A23.3, which is 0.04 radians is shown in Fig. 10.

According to Figs. 10a, c, it can be observed that decreasing the beam tie spacing,
(i.e., increasing the confinement of the overall beam) increases gyq, . Furthermore,
it is visible that most of the specimens with full beam confinement layouts have an
amount of 6gpq, between 0.04 and 0.1.

Figure 10b shows that for specimens with L/h < 2, increasing the beam tie spacing
in beams that have diagonal ties results in a decrease of gq, . This result implies
that beam tie spacing is also a critical variable in the ductility capacity of diagonally
reinforced coupling beams, and guidance should be provided to designers.

4.6 Effect of the Transverse Reinforcement Ratio (py)

Transverse reinforcement ratio (p,), which is calculated by Eq. 10, is recognized as
an important design factor.

Ay

bw S[
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Figure 11a, ¢ show 6g9, of beams with full beam confinement compared with py
for L/h < 2 and L/h > 2, respectively. Figure 11b, d illustrates 6ggq, of beams with
diagonal confinement compared with p, for L/h <2 and L/h > = 2, respectively.
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Based on Figs. 11a, c, it could be concluded that the more amount of transverse
reinforcement ratio in the coupling beams with full beam confinement layout would
result in more Hgyq, . However, according to Figs. 11b, d, it seems that the amount
of transverse reinforcmenet ratio does not impact the degradation rotation of the
coupling beams with diagonal confinement layout.

4.7 Initial Stiffness (K;)

The initial stiffness of the coupling beam (K ;) is important when utilizing the dynamic
analysis to determine seismic demands on the structure. It is also a critical parameter
in determining structural period and developing appropriate models for performance-
based design.

The initial stiffness of a coupling beam can be determined by summing the flexural
deformation (Ar) and shear deformation (Ag). The total displacement of a coupling
beam (Ar) is calculated using Eq. 11.

V.
ATZEyi:AF—i-AS (11)
where V, is the applied shear force; K; is the initial stiffness; Ap is the flexural
deformation (shown in Eq. 12), and Ag is the shear deformation (shown in Eq. 13).

A _VxL? (12)
F_ECXIeff
Ac — V xL (13)
*7 G x A

where I is the effective moment of inertia (Eq. 2), Ay, is the effec-
tive shear area (Eq. 1); E. is the elastic modulus of reinforced concrete

(EL. = (3300\/7C’_ + 6900)(%)1'5); f/ is the compression strength of concrete;

Y. is the concrete density factor which is equal to 2300 kg/m? in this study; G. is the
shear modulus of reinforced concrete; G, = and v is Poisson ratio which has
been chosen to 0.25 in this study.

By substituting Eqgs. 12 and 13 into Eq. 11 the initial stiffness of the coupling
beam is determined and presented in Eq. 14.

_E.
200+v)°

Ki = by, x E. x Ck (14)

where Cy, is a unitless parameter shown in Eq. 15.

_ Qf.O
2(1 + v).af.(%) + Ols.(%)3

Ck (15)
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Using the unitless parameter Ckg, the experimental results were compared with
the effective cracking parameters used by the CSA A23.3-19. In this comparison,
the experimental Ck values were determined using Eq. 16.

_ K;, exp

Ck = 16
K= F (16)

where K o is the initial stiffness obtained from experiment’s results.

Figure 12 shows the effective stiffness parameters oy = 0.45 and oy = 0.25
recommended by CSA A23.3-19, the experimental values, and a new recommenda-
tion value of oy = 0.1 and ¢y = 0.25.

Based on the results shown in Fig. 12, the code equation appears to be an upper
bound of the stiffness of coupling beams. However, the proposed values exhibit
almost comprehensive coverage over the stiffness of coupling beams.

5 Conclusions

The behavior of diagonally reinforced coupling beams is a critical factor in the seismic
performance of coupled wall systems, commonly used in seismically active areas
worldwide. The coupling beam elements provide significant energy dissipation over
the structure’s height and induce large forces into the wall piers. With the increasing
use of nonlinear time-history analysis as an assessment and design tool, accurate
understanding of structural elements is an important research effort. The discussions
in this paper, as well as the empirical relations, can help inform engineers in both
performances-based design and assessment.
Some of the key conclusions from this paper are:

e Axial restraint and embedded longitudinal bars can considerably increase the
overstrength of the coupling beam. The median amount of overstrength varied
from 1.6 for axially restrained, 1.8 for embedded longitudinal bars, and 1.7 for
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beams with both axially restraint beams and embedded longitudinal bars. These
overstrengths will be significantly higher than those employed in typical capacity
design using A23.3-19 recommendations.

The effect of embedded longitudinal bars should not be neglected in calculating
the overstrength in specimens with this characteristic. The median overstrength of
specimens without axial restraint and without embedded longitudinal bars is equal
to 1.25. This ratio is equal to 1.25 and 1.3 for ELB and AR + ELB, respectively.
The median amount of overstrength in which the effect of embedded longitudinal
bars is considered to be around 1.75 for specimens with slab. This value was equal
to 1.4 and roughly 1.5 for specimens that were restrained in an axial direction with
PT rods and rigid walls, respectively.

The median value of (0g04) for specimens with PT rods or slabs is almost the
same and equal to 8%. This value equals 7% for specimens without any axial
restraint. In the specimens with rigid axial restraint, the median value of 6gyq, is
equal to 4.9%.

Full beam confinement is an effective approach that could be implemented for
diagonally reinforced coupling beams. It has been observed that by using this
type of confinement, the inelastic rotation capacity 6gp9, can meet the existing
A23.3 requirements and, in some cases, will outperform the diagonal confinement
approach.

6309, would increase by incrementing transverse reinforcement ratio (p,) in spec-
imens with full beam confinement layout. However, in specimens with diagonal
confinement layouts, the enhancement of p, would not significantly impact the
value of 6ggq, .

The suggested modification factors for decreasing the shear area and gross moment
of inertia of coupling beams by CSA A23.3-19 (; = 0.45and oy = 0.25) results
in a high initial stiffness which could be considered an upper bound of the studied
specimens. We found that oy = 0.1 and &y = 0.25 are reasonable estimates based
on the studied specimens.
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Behaviour of Beam—Column Connection )
of Modular Steel Buildings L

Elhadary Mostafa and Elshaer Ahmed

Abstract Prefabricated modular structures are becoming more popular in the
construction industry, where structural components are prepared off-site leading to
accelerating the construction phase. The prefabrication process can eliminate any
unpredicted variables, ensure high-quality control, and reduce environmental waste.
Modular steel structures have been widely adopted over the last few decades to
create structures consisting of repetitive units in houses, tall buildings, and bridges,
in addition to being useful for temporary structures. The lateral load (e.g., wind
or earthquake) performance of modular structures relies on the interconnections
between modules to ensure robustness and structural integrity, instead of the need
for an additional structural system. Although volumetric modular structures have
been widely used where the entire three-dimensional module is constructed off-
site, this type of module is not ideal for transportation. Moreover, the transportation
and lifting process of these units can lead to the risk of damaging structural and
non-structural members. Alternatively, panels (i.e., two-dimensional modules) can
be manufactured off-site and then assembled using bolted connections on-site to
avoid limitations of transportation. The current study aims to assess the mechanical
performance of beam—column connection for steel modular structures under mono-
tonic loading. Different pretensioning forces have been examined to investigate their
impact on connection performance.
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1 Introduction

Modular construction has become popular and promoted across the construction
industry. Recently, it has attracted significant attention from engineers because of
increasing labour costs in traditional construction methods and global environmental
problems. Modular construction permits the building to be manufactured in factory
conditions in a highly effective way, then be transported to the construction site and
to be an assembly to form a complete structure. Modular construction has more tech-
nical advantages over the traditional construction method, including faster construc-
tion, less environmental waste around on-site construction, fewer workers on-site,
and better-quality control [5, 7, 11]. Various materials can be used on modules units
such as timber, concrete, and steel. However, the steel modules are more suitable in
robust seismic and wind behaviour and premanufactured buildings due to their long
span, lightweight, more flexible architecture design, and more accessible assembly
on-site than timber- and concrete-framed modules [8]. Modular steel structures are
widely used for low-rise buildings as an alternative to traditional on-site construction
such as in residential structures, hotels, hospitals, and schools, as they are suitable
for architectural and structural layouts with repetitive modules [6]. This concept was
recently adopted in a post-disaster hospital that accommodates 1000 patients, which
was built in 10 days in Wuhan, China, as a response to the COVID-19 pandemic
[17, 18]. Their popularity has been extended to mid-to-high-rise buildings [13] in
high seismicity and wind regions to satisfy the urban construction demand. Modular
units are classified into two categories according to their load transferring mecha-
nism, which are (i) frame-supported modules where loads are transferred through
edge beam to corner columns and (ii) wall-bearing modules in which loads are trans-
ferred through the side walls. The compression resistance of the walls is crucial,
and the wall-bearing module is mainly limited to an approximately four-story-high
building [14]. The frame-supported module is more suitable for med-to-high-rise
building and commonly used in modular construction [2]. Despite several advan-
tages, most modular construction applications have a limitation due to the lack of
strong design guidelines for modular structural system joining techniques [19] and
installation considerations, including transportation, crane capacity, and connecting
access space at the site. The modules can be cracked during the lifting process by
cranes. In addition, the vibration of transportation can propagate the cracks and cause
damage to non-structural components; the intensity of the damage increases with the
roughness of the road [3]. Moreover, the transportation route and method can restrict
the weight and dimensions of large modules, and their transportation can be costly and
complex [15]. The space between modules units can represent a problem in assembly
because walls and floors of adjacent units reduce the space, so workers are an obstacle
to accessing the connection points [2, 20]. The structural system of modular steel
construction is crucial to ensure structural stability and integrity, which can be cate-
gorized into three types according to their lateral force-transferring mechanism,
which are (i) stacked module structure, (ii) module-concrete core hybrid structure,
and (iii) module-moment frame hybrid structure. Recently, studies focused on the
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stacked module structure, where the individual units are connected on-site to form an
entire building. In the stacked module structure, connections are classified into three
groups: module foundation, intra-module, and inter-module. In the latter connec-
tion, i.e., the connection between modules, lateral loads (e.g., wind and seismic) are
typically transferred through bolted connections. Intra-module connections, i.e., the
connection within the module, are typically beam-to-column welded connections.
Module-foundation connections are usually built (e.g., in-situ concrete footing, piles)
before modules are transported to the site, depending on the ground conditions and
construction site. Module-foundation connections are important because lateral loads
can cause overturning and slip failure.

Modular steel construction requires a high-performance inter-connection system
to ensure an efficient load transfer mechanism in both vertical and horizontal direc-
tions. However, it is challenging to resist gravity and lateral load forces efficiently due
to the discontinuities in the lateral force resisting structural components [2]. Many
studies have focused on the above challenge to enhance the structural performance
of modular steel construction. Chen et al. [1] proposed a plug-in device and a group
of long bolts to transfer load between modules units, which eliminates the need for
on-site welding or an opening in the structural element (i.e., columns and beams)
and provides enough workspace for multi-unit connections. Hwan et al. [4] devel-
oped a steel bracket, which allowed all modules units to be connected by hollow
cube through bolts. The study carried out an experimental programme to inves-
tigate the performance of steel brackets under different loading conditions such as
bending and shear loading. It was found that the connection failed in a ductile manner
without any evidence of plate failure. Lee et al. [9] proposed a ceiling-bracket-type
welded to the column in accordance with stiffener type and the bracket thickness.
The study carried out cyclic tests on full-scale specimens to investigate the seismic
performance of the inter-module steel connection. It was noted that the proposed
modular joint can maintain 80% of the seismic capacity of the beam, and the initial
stiffness was increased with a higher bracket thickness and number of stiffeners.
[16] developed a self-Interlocking modular connection to improve the integrity and
general stability of the module’s units. This study carried out numerical analysis
using two different loading approaches, the first approach applied horizontal loads,
and the second approach removed one module support and checked for redundancy.
This connection is considered a suitable solution for a limited workspace site during
the installation process. Ma et al. [12] proposed a novel modular connection using
in-build components and long tightening bolt groups, which pass through multi-
columns and connect modular units horizontally and vertically. This connection can
eliminate the four-unit workspace challenge, so an experimental study on the T-
joint was conducted to investigate its structure performance under monotonic static
loading. It was concluded that the bolted connection is preferred to inter-module
connection as it is less site work and the possibility of dismantling. However, the
connection encountered a brittle failure due to the failure of weld fracture in the intra-
module beam-to-column connection. The intra-module beam is typically welded to
the column directly in the factory, so special attention should be given to the weld
quality to limit the risk of weld fracture.
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It is well known that developing proposed inter-module connections is one of
the main challenges that obstruct the progress of modular steel construction. This
paper aims to investigate the load-bearing mechanism of inter-modular beam-to-
column connection under quasi-static monotonic load. A numerical analysis was
performed on a long-bolt modular connection using Implicit software LS-DYNA
and validated with [12] experimental results available in the literature review. A case
study is performed on specimen T1 using different pretension loads to investigate
their influence on the overall response and column continuity.

2 Numerical Model Description

A three-dimensional finite element model of modular beam-to-column connection is
developed using LS-DYNA software and validated with the experimental results of
[12]. Details of the connections including geometry, nonlinear contact, and material
properties are provided in this section. The exploded view of components of the T-
joint, extracted from the proposed FE model, is shown in Fig. 1. The experimental test
specimen T1 dimensions are summarized in Table 1. As shown in Fig. 2, boundary
conditions applied on the FE model replicate that from the experimental test, where
columns are restrained by fixed support, beams are laterally restrained in the x-
direction, and applied loading point in the Y-direction with a moment lever arm of
1.25 m. All components of the specimen are produced from Q345b mild steel, and
grade 12.9S M16 high-strength bolts are used to bolt the units [10]. The bolts had
a yield strength of 1080 MPa and are preloaded by 100 kN by a torque wrench.
Isotropic elastic—plastic material model is used for steel within the material library
to accommodate the large-strain behaviour in the post-failure region, where Poisson
ratio (v) for steel is defined as 0.3, and Young’s modulus (E) is defined through the
material property. The true stress—strain curve of both Q345b mild steel and grade
12.9S high-strength bolt is shown in Fig. 3. The von Mises yield surface is used
in the classical metal plasticity model. All model components are modelled using
eight-node 3D solid elements with a reduced integration, which contains hourglass
model control to avoid shear self-locking. As shown in Fig. 4, several mesh densities
are used in the FE model, where parts within the connection such as: (i) in-build
component, (ii) tightening bolts, (iii) side plate, (iv) endplate, and (v) columns near
the bolt holes are discretized using a fine mesh of 4 mm. Inflation layers are used
around the bolt holes to better capture the distribution of stresses. Cold-formed steel
(CFS) beams are discretized using a fine mesh of 5 mm, and two layers of smaller
mesh are used to model profiles thickness. Moreover, a coarse mesh of 10 mm is
used to discretize parts far away from the connection region. The contacts between
connection components (i.e., frictional components) are modelled by using surface-
to-surface-mortar contact, and penalty formulation with a friction coefficient of 0.4
is used to define all the tangential responses for all contact surfaces. The contacts
between end plates with columns (i.e., welded components) are modelled using
surface-to-surface-mortar-tied contact. The bolt clearance of 2 mm is modelled to
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Table 1 Experimental test specimen specification
Specimen No. Floor beam (mm) Ceiling beam (mm) Column (mm) Stiffener
T1 C250*140*10 C200*140*10 [O150*%150*8 None

capture the actual bolt behaviour mechanism after releasing bolt pretension load. In
the FE model, the load is applied through two time intervals; in the first time interval,
a pretension load of 100 kN is applied at the shank of the bolt using initial stress
of 490 MPa around the bolt shank. While in the second time interval, displacement
boundary motion is applied in Y-direction at the bottom of the floor beam as shown
in Fig. 2. The pretension phase is performed in the FE model by dynamic analysis
using Newmark time integration, while the loading phase is performed using implicit
analysis.

3 Numerical Model Validation

Figure 5 compares the moment—rotation curve between the FE model of the current
study and experimental results of [12], where rotation is calculated by subtracting
the rotation of the columns from the average beams rotations, while the moment is
calculated by multiplying the applied force a lever arm of 1.25 m. It can be noticed
from the moment-rotation curve of the proposed FE model that a good agreement is
achieved between the current FE model and the experimental results in the linear and
nonlinear regions. It is also noticed that many sudden drops and gain behaviour of the
moment capacity are captured by the proposed model similar to the experimental test.
The latter behaviour is caused by the gap between in build component and columns,
and bolt clearance. The specimen T1 failed in the experimental test due to a slip failure
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that happens between the upper and lower columns, and this failure is well captured
by the proposed FE model, as shown in Fig. 6. Figure 7 shows different deformation
phenomena at other components of the specimen T1, where local buckling occurs
at the tension flange of both columns that contribute to the overall rotation of the
beams. While the side plate fails by local buckling at the middle location because of
the horizontal movement of columns in the opposite direction related to each other at
the beginning of the loading process, as shown in Fig. 6. The rotation of the columns
leads to significant stress demand on in build component, especially at the middle
part because it restricts the joint movement between upper and lower columns. The
long tightening bolts are subjected to high deformation during the pretension phase
because of the over-pretension force of 100 kN. The stress magnitudes of different
bolts are not equal as bolts at the tension region are the critical ones, and they
are subjected to higher prying force and failed by twisting, as shown in Fig. 8. In
conclusion, the bolts, in-build component, and side plate have significant influence
to guarantee higher connection behaviour.

4 Study Case

Based on the validation of the FE model, a case study is performed on specimen T1
to highlight the influence of bolt pretension and snug tightening on the overall T-joint
response. Two different cases of bolt pretension are studied, where the first case is
bolt load of 90 kN, which is the minimum value mentioned by the Canadian code for
steel structures S16-14, and the second case is snug tightening, which is considered
0.1 of the applied pretension load. The bolt pretension causes the previous yielding
of the CFS beam endplate before applying load at the beam, as shown in Fig. 9. The
latter yielding causes weakness of the connection moment resistance at the initial
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loading stage. Even in nonlinear regions, the pretension bolt load does not affect the
plastic moment resistance, as shown in Fig. 10. However, the snug-tightening bolt
load achieves high moment resistance at the initial stages and does not cause excuses
rotation of the columns as the column rotation is restricted by the in-build component
and side plate rigidity.
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5 Conclusion

Modular steel construction has great potential in the construction industry such as
hospitals, hotels, and dormitories. Various inter-module connection types have been
examined for practices, and further research is required to understand the load trans-
ferring mechanism and satisfy the installation and transportation conditions. Upon
these challenges, a numerical analysis is performed to investigate the load-bearing
mechanism of beam-to-column long bolt connection in modular steel building and
validated with the experimental results available in the literature. A case study was
performed on the influence of bolt pretension on the connection capacity and rotation,
two different cases of bolt load were studied, where the first case is bolt load of 90 kN,
and the second case is snug-tightening bolt load of 10 kN. It was found the pretension
led to yield the beam endplate and weakness the connection moment resistance at
the initial stages, and it does not affect plastic connection capacity. It was also found
that large deformation happens at the middle part of the in-build component and side
plate where the upper and lower columns are connected. The tension flange of the
columns is deformed contributing to the overall rotation of the beams. Moreover, the
long tightening bolts in the tension region were deformed significantly. Therefore,
special attention should be given to the connection geometries.
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Strengthening Shear-Damaged )
Reinforced Concrete Beams Using L
Iron-Based Shape Memory Alloys

Miguel Gonzalez-Géez, Trevor D. Hrynyk, and Eugene Kim

Abstract Advanced steel reinforcement technologies are key to enabling more
durable and resilient concrete infrastructure in the face of rapidly growing demands,
accelerating climate change, and extreme hazards. However, solutions for improving
the performance of concrete elements in shear have historically relied on passive
means where the reinforcement is only engaged after diagonal or transverse concrete
cracking has occurred. This paper presents a numerical investigation on the use of
prestressed iron-based shape memory alloys (Fe-SMA) to strengthen shear-damaged
reinforced concrete (RC) members. Firstly, a numerical model based on test data from
the literature involving large-scale shear-critical RC beams is developed using the
program VecTor2. A parametric analysis is then conducted to determine the effects of
externally bonded prestressed Fe-SMA on the shear response by varying the Fe-SMA
and steel transverse reinforcement volume, the level of prestressing and the bidirec-
tionality of SMA. The main focus of the analysis is on ultimate capacity and crack
closing. The results of this study indicate that RC beams retrofitted using Fe-SMA
exhibit reduced shear cracking and increased shear capacities.

Keywords Shear-damaged reinforced concrete * Iron-based shape + Memory
alloys

1 Introduction

As a result of growing traffic demands and structural degradation accelerated by
climate change, there is a critical need for continued advancement of concrete repair
and strengthening technologies to enable extended bridge service life. The 2019
Canadian Infrastructure Report Card indicates that over 10% of the nation’s bridges
are in poor or very poor condition, and that number is forecast to grow in the coming
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decades. In response, several retrofit strategies involving externally bonded mate-
rials have been developed for reinforced concrete (RC) structures such as fibre-
reinforced polymers (FRPs) and near-surface mounted (NSM) steel components.
Although many techniques have been developed for enhancing the in-service flex-
ural performance and durability of RC members under flexure-dominated loading
scenarios (e.g., the application of prestressing to reduce concrete cracking), compar-
atively fewer practical options are available to mitigate transverse, or shear, crack
development in RC bridge elements. In addition to that, most transverse strength-
ening techniques are passive in nature and are only engaged after significant damage
development. Alternatively, active transverse reinforcement strategies could be used
to induce compressive stresses within the surrounding concrete and, as a by-product,
potentially close, or at least reduce the widths of, existing cracks and prevent further
shear-related concrete damage from occurring, thus enhancing member durability,
maintaining member stiffness, and potentially increasing member shear resisting
capacity.

The objective of this study is to numerically examine the effectiveness of Fe-SMA
as an active strengthening method in shear-damaged RC beams. An experimental
specimen presented in the literature and involving a full-scale conventional RC pier
cap element was modelled using the nonlinear finite element analysis (NLFEA)
software program VecTor2 [16]. Prestressed Fe-SMA elements were introduced in
the model to simulate the addition of transverse reinforcement strengthening, and a
parametric analysis was performed to investigate the influence of various SMA rein-
forcement parameters that are expected to play key roles on strengthened component
shear resisting performance: (i) the Fe-SMA reinforcement ratio, (ii) the level of
SMA prestressing, (iii) the orientation of the simulated SMA retrofit, and (iv) the
presence of conventional internal transverse reinforcement (i.e., steel stirrups). The
findings of this paper provide insight, generated by way of numerical modelling, into
the shear resisting performance of RC components employing novel active shear-
strengthening techniques and also illustrate cost-effective modelling strategies that
can be utilized to investigate other, or similar, shear retrofits.

2 Shape Memory Alloys

Shape memory alloys (SMAs) are a class of smart materials that undergo phase trans-
formations under mechanical and thermal loading. SMAs possess two unique ther-
momechanical properties: (1) superelasticity, which is the ability to recover its shape
after large nonlinear strains, and (2) shape memory effect, which allows prestrained
(i.e., predeformed) SMAs to fully recover plastic deformations and return to their
original shape by increasing their temperature. Use of the shape memory effect for
prestressing and active confinement has already been demonstrated in numerous
research studies using nickel-titanium (Ni—Ti) SMA, which is the most widely avail-
able commercially [4, 11]. However, the cost of Ni-Ti is arguably prohibitive for
most real-world structural engineering applications; thus, to date, it has primarily
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been heavily utilized in other fields (e.g., medical devices, aerospace materials), but
the exploration of its use for structural applications has generally been limited to
specialized, and highly localized, connection regions. In contrast, iron-based SMAs
(Fe-SMAs) are cheaper and easier to machine, opening the possibility of fabricating
low-cost structural devices. Although Fe-SMAs do not possess superelastic proper-
ties, their shape memory effect can produce high recovery stresses (>300 MPa) at
reasonable temperatures (~200°C) which can actively confine or prestress structural
members. By installing prestrained Fe-SMA strips in the transverse direction then
activating the shape memory effect, an active pressure can be introduced to help
close cracks and apply a confining stress in the concrete. Figure 1 illustrates the
shape memory effect and the SMA prestressing concept.

Previous research has evaluated the potential of Fe-SMAs for strengthening
RC structures. Soroushian et al. [12] first demonstrated the potential for Fe-SMA
shear strengthening by using externally mounted Fe-SMA rods to restore the load
carrying capacity of a shear-damaged RC beam. Rojob and El-Hacha [9] proposed
a prestressing technique with Fe-SMAs for enhancing the flexural behaviour of RC
beams and found significant increases in flexural capacity and ductility of the tested
beams. In recent years, several experiments have been conducted with addition of
Fe-SMA transverse reinforcement. Cladera et al. [2] presented a series of experi-
ments on real-scale RC beams strengthened with Fe-SMA strips that showed shear
strength increases on the order of 30% and delayed shear crack development as a
result of the active confining stress. Czaderski et al. [3] developed a shear retrofit
method using externally installed Fe-SMA stirrups and found that the transverse
prestressing increased the cracking load and reduced the widths of shear cracks.
The results obtained from both of these studies show that Fe-SMA prestressing is a
promising retrofit strategy for mitigating concrete damage and improving the perfor-
mance of shear-deficient RC components. However, the methods explored to date are
notoverly practical, requiring highly invasive installation procedures and anchorages,
as well as lacking generally protection against environmental deterioration.
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3 Preliminary Validation and Benchmark Analysis

VecTor2 [16] is a RC-dedicated NLFEA program. Cracked concrete material
modelling is based on the on the formulations of the Disturbed Stress Field Model
(DSFM) [14], which is an extension of the Modified Compression Field Theory
(MCFT) [15]. The program is suitable for the analysis of two-dimensional RC
membrane structures subjected to quasi-static or dynamic loading. A total load,
secant stiffness-based, solution procedure is used and provides stable solutions for
all stages of response, making VecTor2 particularly appealing for the analysis of
shear-sensitive structures that tend to exhibit abrupt changes in material stiffness and
response and are often governed by highly brittle failure mechanisms. Second-order
effects and other concrete and reinforcement-related mechanisms that are not inher-
ently accounted for in the formulations of the DSFM (e.g., concrete confinement and
dilatation, plain concrete tension softening, concrete and steel hysteretic responses)
are considered in the analysis, making the program suitable for a broad range of
RC elements and analysis scenarios. In this paper, NLFEA of large-scale beam-type
elements are carried-out using VecTor2. The geometry and reinforcement details of
the beams are based on those from the testing program reported in Jirsa et al. [7]
and [10], which entailed the testing of RC bridge pier cap girders strengthened with
carbon fibre-reinforced polymer shear retrofits. In the present study, an experimental
control test specimen referred to as D-U-VN-HN* was used as a benchmark for
assessing relative performance of Fe-SMA shear retrofitted components and also
for validating the overall suitability of the finite element meshing, material models
employed, and analysis strategy.

An illustration showing the control beam geometry and reinforcement detailing
is summarized in Fig. 2. The beam was constructed with a square cross section
measuring 813 by 813 mm, and a total length of roughly 8.4 m. The beam was
designed such that the test span region (see Fig. 2) would govern the capacity of the
member and would be controlled by shear failure mechanisms. Two-legged 16-mm
diameter stirrups were placed at a spacing of 457 mm, resulting in a shear reinforce-
ment ratio of 0.11% within the test span, which is on the order of recommended
minimum shear reinforcement requirements in modern North American provisions
[1]. 11 US No. 11 bars were provided as longitudinal flexural reinforcement on both
the tension and compression sides of the cross section resulting in a flexural tension
and compression reinforcement ratio of 1.9%. The beam was tested using a skew-
symmetric loading configuration that produced an inflection point at the midspan of
the test span region, thus resulting in a double-curvature bending scenario. Additional
details regarding the beam geometry and reinforcement, and the testing procedure
used in the experimental program, are available in Jirsa et al. [7].
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Fig. 2 Jirsa et al. [7] double-curvature control beam

3.1 Modelling Approach

Figure 3 presents the two-dimensional finite element mesh developed for the Jirsa
etal. [7] RC control beam. In total, the finite element mesh consisted of 1,266 rectan-
gular finite elements that were used to represent different reinforced concrete material
types, steel bearing plates, and load/support interface regions. Flexural longitudinal
reinforcement was modelled explicitly using 408 truss bar finite elements that were
assumed to be perfectly bonded with the surrounding concrete. All transverse rein-
forcement was modelled in a smeared sense, using different RC material types to
represent the different transverse reinforcement ratios provided over the length of
the beam. The analysis was performed in a displacement-controlled manner, with
equal and opposite displacements applied at the interior load bearing locations, and
aroller and pin support reaction were provided at the two exterior bearing locations.
Note that self-weight of the RC beam was neglected.

All user-definable material models and analysis parameters corresponded with
VecTor2’s default modelling options. More specifically, no effort was made to para-
metrically define models or refine analysis results, and user input was limited to the
definition of the concrete and steel reinforcement materials properties, which were
specified to match those reported in Jirsa et al. [ 7]. For reference, the concrete material

B Trussbars [C] 0.11% shear reinforcement RC
[ Steel bear plate [J 0.65% shear reinforcement RC

[ Interfacial bearing material

Fig. 3 VecTor2 two-dimensional model
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was defined with a cylinder strength of 31 MPa and a maximum nominal aggregate
size of 25 mm. Flexural reinforcement was assigned a yield strength of 420 MPa and
a modulus of elasticity of 200,000 MPa. Shear reinforcement was assigned a yield
strength of 400 MPa and a modulus of elasticity of 200,000 MPa.

3.2 Validation for Benchmark RC Beam

To validate the effectiveness of the meshing and behavioural models employed,
results in the form of applied shear versus loading point displacement are presented
in Fig. 4 and compared to the reported experimental data. From the figure, it can be
seen that the shear capacity is estimated within 5% of that reported. Further, it can be
seen that the finite element model developed was generally capable of capturing all
aspects of the reported response ranging from the post-cracking shear stiffness, the
capacity of the RC beam, and the brittle shear-governed failure mode encountered.

4 Parametric Study

In this section, a parametric study is performed to investigate the impacts of intro-
ducing externally bonded Fe-SMA retrofit to shear-damaged RC beams. The base
geometry is the based on the pier cap test beam described in Sect. 3. Parameters
selected to investigation include the amount of transverse Fe-SMA reinforcement
in the test span, the level of Fe-SMA prestressing, the presence of existing internal
transverse reinforcement, and addition of longitudinally oriented Fe-SMA within
the web region of the beam and in the amount of 0.10%. Table 1 summarizes the
parameters considered in the study.

= = = Jirsaetal ——FE model
1600 ]
1400 -
£ 200 4 4
® P %
2 1000 + L > Pl 2 ¢
= rd
g %00.1 L o reported damage (Jirsa et al., 2017)
- i = JAEEL
H 600 e ot s - I T
gaoo.'f P Veup =u HEH AL RR S i
P max it e
200 4 b H SBoaaRIRL e
o ’ R e
0 2 4 8 8 10
Displacement (mm)
observed damage (VecTor2)
2
(a) computed shear force-displacement response (b) reported and computed damage at ultimate

Fig. 4 Results for Shekarchi et al. RC control beam
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To simulate the presence of initial shear damage that would prompt the need for
shear retrofitting, and to subsequently estimate the effectiveness of the different Fe-
SMA retrofits, the NLFEA was performed in three phases: (1) initial loading: a seed
model of the RC beam was first loaded up to approximately 85% of the peak capacity
to induce shear damage/distress in the RC component (see Fig. 5a), (2) unloading: the
beam was then unloaded to 50% of the initially applied load (see Fig. 5b), (3) retrofit
and reloading: at this point, prestressed Fe-SMA reinforcement was added within
the previously defined test span region (see Fig. 2) as smeared reinforcement and
the analysis was resumed until failure was estimated to occur (see Fig. 5c). Figure 5
presents a schematic view of the three-phase progression of analyses performed.

The Fe-SMA was added to the model as smeared reinforcement in the test span of
the beam (see highlighted region in Fig. 6). Shape Memory Alloy (type 2) material
from the VecTor?2 library was used to define the constitutive models governing the
response of the Fe-SMA retrofit and its associated material properties were defined
to match those reported by [6] (yielding stress = 463 MPa, ultimate tensile strength
= 863 MPa, and modulus of elasticity = 133,000 MPa). The Fe-SMA behaviour is
shown in Fig. 7.
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=
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&
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= 0 + 0 + 0 +
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(a) initial loading (b) unloading (c) retrofit and reloading

Fig. 5 NLFEA loading phases



114 M. Gonzilez-Gdez et al.
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5 Results and Discussion

The analyses were performed using four different finite element seed models to
represent the varying levels of internal transverse reinforcement and the different
directions/orientations of external Fe-SMA reinforcement. The seed models were
denoted as VN, VT, BDN, and BDT where V = vertical Fe-SMA, BD = bidirec-
tional Fe-SMA, N = No transverse reinforcement, and T = minimum transverse
reinforcement.

5.1 Shear Response

Figure 8 presents the applied shear versus displacement results before and after Fe-
SMA retrofits were incorporated into the models. It can be observed that as the
external shear reinforcement ratio (p,) is increased, shear capacity and displace-
ment at peak shear resistance increased. A slight increase is also obtained by way of
the transverse prestressing applied via the Fe-SMA; however, when contrasted with
the impact of shear reinforcement ratio, increase the level of Fe-SMA prestressing
from 286 to 399 MPa is estimated to be less significant to shear capacity. The
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post-retrofit stiffness was found to follow the unloading curve of the seed models
and exhibited only marginal softening after reaching and exceeding previous load
levels. Results pertaining to shear capacity and corresponding shear strength gains
compared to seed model analyses without any form of shear retrofit are summa-
rized in Table 2. Maximum estimated shear strengths were 1135 kN for the models
without internal transverse reinforcement (VN, BDN) and 1293 kN for models with
transverse reinforcement (VT, BDT).

Additional models were developed to further investigate the impact of different
shear reinforcement prestressing levels on the shear response of the beam. Figure 9
presents computed shear force—displacement responses for the VN seed model with
a Fe-SMA shear retrofit of 0.10%, and Table 3 summarizes the shear capacities
obtained for the different retrofits. Five different Fe-SMA prestressing levels were
considered: 0, 133, 266, 333, and 399 MPa. From the data presented, it can be seen
that the prestressing level does indeed enhance the shear resisting performance of
the beam by way of delaying stiffness degradation and by increasing shear capacity.
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Fig. 8 Shear response
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Table 2 Peak shear capacities and retrofit strength gains

Seed model | Prestressing level | Fe-SMA reinforcement ratio
(MPa) 0.1% |02% [03% |0.4% [0.1% [02% |0.3% |0.4%
Peak shear (kN) Peak shear increase (%)
VN 266 1429 | 1736 | 1962 |2102 |26 53 73 85
399 1466 | 1716 | 1908 |2013 |29 51 68 77
VT 266 1509 | 1924 |2012 |2169 |17 49 56 68
399 1581 | 1943 |2012 |2190 |22 50 56 69
BDN 266 1459 | 1800 | 1873 |2078 |29 59 65 83
399 1516 | 1849 | 1893 |2134 |34 63 67 88
BDT 266 1583 | 1910 | 2070 |2204 |22 48 60 70
399 1601 | 1919 |2018 |2285 |24 48 56 77
1600 Prestressing (MPa)
€ 1400 1 o5
o —_—333
(v}
S 1200 4 —— 266
§ - 133
& 1000 1 0
o
o
& ®|T - = = Seed model
....... o
600 VN 100%
0 8
Displacement (mm)
Fig. 9 Influence of prestressing level (VN seed model)
Table 3 Peak shear capacity and influence of prestressing level
Prestressing (MPa) 0 66.5 133 199 |266 |333 399 |465 |532
Equivalent prestrain (x107) | 0 0.5 1.0 1.5 |20 (25 |3.0 |35 |40
Shear capacity (kN) 1370 | 1386 | 1406 | 1420 | 1429 | 1450 | 1466 | 1475 | 1475
Shear strength increase (%) |21 22 24 25 26 28 29 30 30

5.2 Crack Closing Potential

Figure 10 shows the computed crack closing response of a single finite element that
is estimated to occur as a result of clamping action developed by way of the active
prestressing. The selected element was located at one of the shear cracks of the seed
model before retrofit, as shown in Fig. 11.The effectiveness of the Fe-SMA retrofits
in closing shear cracks is clearly evident in even the lowest volume of external
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Fig. 11 Crack widths in test span before prestressed Fe-SMA addition

reinforcement. As the reinforcement ratio increases, shear crack widths are reduced
by up to 88%.

The influence of prestressing level on the cracking reduction is clearly apparent
in Fig. 11, with estimated shear crack widths being significantly smaller for retrofits
employing higher prestressing levels (e.g., 399 MPa). Moreover, a major benefit of
introducing transverse prestressing in the RC beams is the potential that cracking
may be better-controlled and mitigated such they are closed and remain small, under
routine service load levels. Overall, the findings of these numerical results indicate
that the presence of externally bonded Fe-SMA retrofits is able to provide significant
improvements in the shear resisting performance of large-scale RC beams. However,
further experimental research is required to establish the viability of the proposed
method and to explore different bonding techniques to incorporate Fe-SMA into the
surface of the concrete.
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6

Conclusions

A numerical study was conducted to evaluate the influence of several parameters on
the shear resisting performance of RC beams. The results of this investigation showed
that the presence of prestressed iron-based shape memory alloys on the surface of
the beams can provide several improvements, which are summarized as follows:

Iron-based shape memory alloy (Fe-SMA) retrofits were estimated to provide
stiffness and strength improvements in damaged RC components as a result of
the transverse prestressing induced by way of the active retrofit strategy.

In the same manner as expected with similar retrofit methods involving passive
techniques, the shear capacity of damaged shear-critical beams was estimated to
increase as more transverse reinforcement was provided. Combinations of large
shear reinforcement ratios with high levels of transverse prestressing provided the
largest shear strength gains.

The additional of prestressed Fe-SMA retrofits were estimated to reduce (i.e.,
close) shear crack widths and mitigate the development of subsequent shear crack
width growth.
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Steel Beam-To-Column Connection Fire )
Design i

Jeanneret Chloe, Martins-Robalino Austin, Gales John,
Genikomsou Aikaterini, and Kotsovinos Panagiotis

Abstract With architectural styles changing and the knowledge of fire behaviour
constantly evolving, it is important to continue advancing the field of fire safety engi-
neering to ensure that the existing and expanding infrastructure is safe and resilient.
Within the National Building Code of Canada and subsequent provincial and mate-
rial design standards, there exists flexibility for designers to consider more advanced
computational practices that can optimize the fire protection design. These clauses
permit alternative design solutions to be used when they can be proven to be equiv-
alent or superior to the prescriptive design. This, however, can be hard to implement
regarding structural fire designs as the Authorities Having Jurisdiction (AHJs) typi-
cally do not have the fire education and resources to evaluate and compare a design.
Alternative solutions, especially for structural fire design, allow for economic and
material savings. A performance-based solution is able to check for all possible
scenarios and optimize the fire protection, reducing the environmental impact of the
design by reducing the need for excess fire protection, which can be toxic and have
negative life cycle analysis impacts. The connections are known as the most vulner-
able part of a steel-framed building construction. A preliminary series of fire tests
were undertaken at York University’s Fire Resiliency Lab, with different methanol
pool fire durations, to understand the deformation behaviour of a simple steel post-
and-beam frame and how the forces and heat are dissipated into the connections. With
an accurate understanding of the thermal forces created by a localized fire, the design
of connections would be able to dissipate the large forces that occur through ductile
connections. The tests demonstrated how connections and the remaining structure
behave intrinsically when exposed to thermal forces, such as displacements and
rotations.
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1 Introduction

The current design methods for structures in fire in Canada are purely prescrip-
tive, which results in designs often being either underdesigned or overdesigned. The
current predominant method of fire design in Canada uses the CAN/ULC-S101-14
standard fire [30] in its prescriptive approach. This temperature—time curve assumes
uniform burning and homogeneous temperature conditions throughout the compart-
ment regardless of the compartment size, as well as other assumptions that are no
longer valid as the standard was first codified in 1917 and is unrepresentative of
contemporary fire dynamic theory [10]. Using such a curve can result in the building
response not being entirely representative of reality, resulting in potentially unconser-
vative or even overly conservative and wasteful designs. Within the National Building
Code of Canada [4] and subsequent provincial and material design standards, there
exists flexibility for a designer to consider more advanced computational practices
that can optimize the fire protection design. These clauses permit alternative design
solutions to be used when they can be proven to be equivalent or superior to the
prescriptive design. Alternative solutions in structural fire design can provide greater
architectural freedom due to alternative protection and design solutions which can
result in economic and material savings. Using performance-based design can also
help reduce the environmental impact of the design by optimizing the fire protec-
tion and reducing the need for excess fire protection, which can be toxic and have
high cradle-to-grave impact. They also have the ability to demonstrate to a practi-
tioner the life safety, economy and robustness benefits available with various fire
solutions, as multiple different fire scenarios would be considered. This ensures
that the designed structures are resilient. However, structural fire designs can be
computationally intensive, and training regarding fire design in Canada is limited.

Steel structures are very common, and the behaviour of their beams and columns
during fire events has been extensively studied. The behaviour of steel beam-to-
column connections within these structures under thermal loading, however, is not
well understood. When exposed to a fire, the members within steel structures expand
during heating and contract in cooling, inducing large forces upon the connections.
To ensure resiliency, steel connections, such as beam-to-column connections, must
be able to withstand the loading that would be induced due to fire. The behaviour
of beam-to-column connections under thermal loading is currently not well under-
stood, limiting the current design to being overly conservative rather than using a
performance-based solution [9].

There has been limited experimental studies into the behaviour of beam-to-column
connections under fire exposure, mainly due to the high cost of fire tests. The majority
of the research is focused on modelling, using the limited experiments as forms of
validation [18, 22, 24]. A large portion of the previous fire tests, dating early 2000s and
earlier, were focused on understanding moment-rotation characteristics of end-plate



Steel Beam-To-Column Connection Fire Design 123

connections [1, 2, 15, 16, 27, 28, 32, 34]. The largest, in compartment size, exper-
imental study utilized the Cardington steel structure to perform a large-scale test.
This experiment, reported by Wald et al. [31], examined the temperatures selected
structural elements, including the connections, would reach using a fuel load of 40
kg/m?2 of wooden cribs evenly distributed across the compartment. The structure did
not experience collapse; however, some local buckling and fractures occurred, some
during the cooling stage. Details about the connection forces or specific behaviours
were not discussed. An experimental programme examining semi-rigid steel moment
connections was undertaken by Mao et al. [17], leading to modelling. The National
Institute of Standards and Technology (NIST) in the United States conducted a series
of four experiments on long-span steel-concrete composite floor beam to measure the
axial loads created by the thermal exposures [5]. Two major experimental research
programmes were also undertaken at the University of Sheffield and the Univer-
sity of Manchester examining connection behaviour, summarized in [33]. The first
programme comprised of isolated connection tests at high temperatures [14, 35-37],
while the second programme undertook fire tests on structural subassemblies [8, 33].
The full research undertaken by this team until 2012 was summarized by Burgess
et al. [3].

Due to the limited knowledge regarding beam-to-column connections, an exper-
imental programme based on a case study building located in London, UK, known
as the Scalpel, was conducted. This building is a 38-storey skyscraper with a unique
layout causing many angled facades, shown in Fig. 1, designed in accordance with
the Eurocode (UK) building standards. This building was ideal for examining the
forces that are generated within connections since the uncommon geometry resulted
in the buildings having inclined columns. The Scalpel has become recognized for
its fire design, performed by ARUP UK, which has created a precedent in the UK
for using the travelling fire methodology. The case study provided a baseline of a
real, built structure and allowed for the investigation of similar physical responses
that could be expected within a similar building. The experiments planned as part of
this research project begin to address the need for large-scale experiments to validate
complex and detailed modelling of structures under thermal exposure.

2 Methodology

2.1 Experimental Setup

Through a collaboration with ARUP UK, a beam-to-column setup within the Scalpel
was identified to be used for a case study analysis. The original setup, however, had
dimensions much larger than could be tested and therefore needed to be scaled
down while ensuring that the scaled version would behave the same as the original
configuration. The sections were therefore scaled to a quarter scale while keeping
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Fig. 1 The Scalpel in
London, UK, with its angled
facades (photograph
captured by author)

the relative rotational stiffness constant. The relative rotational stiffness was defined
as the ratio of the stiffness of the beam to the stiffness of the column.

A series of three preliminary fire experiments of various thermal exposure dura-
tions were undertaken within York University’s Fire Resiliency Lab to produce a
conceptual framework. The focus within these experiments was on identifying the
thermal distribution into the connections when a steel beam was subjected to a local-
ized fire at its centre, as well as the deformations observed due to thermal expan-
sion within the beam and connections. Based upon the scaling to keep the same
behaviour, the experimental setup used a W410 x 85 beam and two HSS406 x 406
x 16 columns, conserving a representative connection stiffness. This setup is shown
in Fig. 2.

The connections between the beam and columns were designed by Benson Steel
Ltd, a steel manufacturer located near Toronto, ensuring that the connections would
be designed as is currently done in Canada. Due to their brittle behaviour, shear
tab connections were selected for this experimental series. Additional connections
will be examined in further studies. Since the beam-to-column setup was scaled
using relative stiffness, the connection forces could not be taken from the design
of the Scalpel. The scaling ratio from the relative stiffness was also not applicable
to the forces directly. Instead, the connection forces were assumed to be 95% of
the capacity of the beam member (the lesser of shear and moment capacities). The
connection forces were calculated using ambient conditions, unlike the connections
in the Scalpel, which would have considered the increased capacities induced by a fire
event. This was done since it is representative of design performed in Canada, where
a prescriptive design is used, and the connection fire capacities are not considered.
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Fig. 2 Beam-to-column connection experimental setup

2.2 Instrumentation

The deformations were recorded using digital image correlation, and narrow spectral
illumination was used on the images captured at the centre span to filter out the
flames from the photographs. This method is described in [13, 25] and allows visual
observation of strains and deflections within the flame area, such as the lower flange
at the centre of the span. Narrow-spectrum illumination is a technology developed
by NIST and refined at York University where high-intensity blue LEDs illuminate
a target and selective colour filters are used to filter light bands above blue. This then
allows see through fire measurement [13]. Three Canon EOS 5Ds (Mark IV) 30.4
MPx cameras were used to capture the movements within the experimental setup.
The connections which were far enough from the pool fire were painted black with
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Fig. 3 Thermocouple location on experimental setup

white speckles to provide a high-contrast pattern to facilitate DIC analysis. The DIC
analysis for multiple locations along the experimental setup was performed used the
GeoPIV RG software [29]. The procedure for measuring strains and deformations
is achieved through post-processing where pre-recorded imagery is compared and
contrasted using the software to discern minute changes that can then be calculated
manually as strain or deflections. Following best practices as defined by Gales et al.
[11], error is minimized. This DIC technique has been shown to be accurate for
monitoring displacements in [7, 20].

Six K-type thermocouples were used to record the steel temperatures at set
points within the experimental setup. Each thermocouple was attached to the steel
using ceramic fibre wool and aluminium tape padding, following the method-
ology described in [12]. This is to shield the thermocouple from the influences of
surrounding heat and allow it to record the actual temperature of the steel. The loca-
tion of each of the thermocouples is illustrated in Fig. 3. These locations allowed for
the understanding of the thermal gradients that would occur throughout the depth
and span of the beam during thermal exposures.

2.3 Thermal Exposures

To ensure that the experiment was realistic, a form of localized heating was needed.
A pool fire resembles as close as possible a pool fire where the connectors may not be
exposed to fire. It also inflicts both radiative and convective heating, which is more
similar to a real fire compared to other thermal exposures. The beam would also
be heated upon multiple faces, creating a realistic heat distribution within the steel
beam. It should be acknowledged that a pool fire is not a realistic exposure; however,
it does allow for a controlled observational study of the structural system under
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an exposure that can be repeated. This type of exposure, combined with narrow-
spectrum illumination, was previously used by Nicoletta et al. [21] and Chorlton
et al. [7]. These studies used similar setups consisting of methanol pool fires and
narrow-spectrum illumination to monitor material deformations and behaviours, and
this technique has allowed for repeatable results in creating a representative fire
exposure of near 700 °C.

Three different thermal exposures were used to identify the behaviour within the
experimental setup. These included a short, a medium and a long methanol pool fire,
which created temperatures in excess of 700 °C. Each exposure was then allowed to
cool, naturally, until all steel temperatures were measured to be below 100°C. Due
to the soot production of other fuels such as acetone or kerosene, it was decided
to use methanol, which produces the least soot. The research by Chorlton et al. [7]
describes the process used to determine the most suitable fuel type and volume used
in these experiments.

For each fire exposure, the specified amount of fuel was placedina 0.48 m x 0.6 m
pan, located 200 mm below the centre of the beam, to create the desired fire exposure.
This created an incident heat of the order of 700-800 °C, as characterized in [19].
For the short, medium and long experiments, 4, 8 and 16 L were used, respectively.
This resulted in overall exposure times of 12 min, 20 mi and 38 min, respectively. As
each experiment reached different steel temperatures, they required different cooling
periods, which were recorded as 39 min, 47 min and 106 min, respectively.

3 Results

3.1 Temperature Distribution

As shown in Fig. 3, the thermocouples were placed along the beam and connections
to obtain an understanding of the thermal distribution that would occur due to a
localized fire. Figure 4 plots the temperatures recorded with the thermocouples. Some
experimental errors occurred during testing, including a thermocouple detaching
(TCS in the long experiment after 80 min). The detached thermocouple recorded
the air temperature for approximately 30 min before it was noticed, after which it
was reattached to the web of the beam. The air temperature segment of the data was
omitted from the graph; however, it is assumed that the web would have cooled in a
similar fashion to the previous experiments, following the decrease in temperature
observed throughout the beam.

From Fig. 4, it can be observed that the temperature distribution within the beam
behaves as expected. The pool fire would have reached temperatures of around
700 °C, as demonstrated by previous pool fire studies using the same configura-
tion [7, 20]. This temperature is illustrated as the upper bounds of the figures and
indicates the degree of heat transfer observed. The bottom flange and web above the
pool fire saw rapid increases in temperatures as the pool fire reached steady state;
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however, the beam never reached the fire temperature, although this might have been
possible with a longer exposure. The top flange heats up at a slower rate, as it was
outside the reach of the flames, relying on heat transfer through the web and the hot
air convection to heat up.

The connections, located approximately 950 mm away from the centre of the
pool fire, experienced minimal temperature increases. The maximum connection
temperatures recorded were 33 °C, 37 °C and 43 °C for the short, medium and
long experiments, respectively. The peaks in the connection temperatures occurred
after the fire was already extinguished, illustrating the delay in the heating of the
connections due to heat transfer through the beam. The low connection temperatures
are related to the experimental setup and should not be utilized as proof of low
connection temperatures within real fire scenarios. The experimental setup applied a
short thermal exposure to the centre of the beam, which does not capture all possible
scenarios a structure may experience.

Rapid cooling is observed immediately after the thermal exposure, with the hot
steel rapidly losing heat to the surrounding cool air. The cooling rate reduces as
the temperature difference decreases. Within the short and medium graphs, some
abnormal temperature rates are observed which can be attributed to the water misting
applied to aid in cooling. The misting was not applied on the long test to prevent any
temperature disruption. The temperatures measured are what would be expected from
heating from one side and indicate that the connectors themselves are not fire exposed
taking only thermal loading from the beam itself as is intended in this experimental
procedure.

3.2 Centre Span Deflection

The deflections at the centre span of the beam were recorded using digital image
correlation (DIC) with narrowband illumination technologies. Using the GeoPIV
RG software [29], points were selected at the upper edge of the top flange and lower
edge of the bottom flange located along the centreline of the beam. No paint was
applied within this area due to the uncertainty of the behaviour of the paint at such
high temperatures—potentially releasing toxic fumes that may not be fully extracted
by the exhaust system without harming researchers. In future tests, different paint
configurations designed for high-temperature testing may be considered. Traditional
deflection measurements were not used as there was still a degree of substantial heat
above the beam which could have influenced the connecting cords. This would cause
the deflection metres themselves to thermally expand and give false measurements.
Errors occurred within the DIC tracking at the centre span due to the heat radiation
distorting the image. This haze induced some data static, resulting in the need to
splice the data. This was done using the methodology described and validated in
[19].

The recorded deflections are shown in Fig. 5 for all the three tests. It should be
noted that the time, shown on the x-axis, is different for the graphs of each test.
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The deflection, y-axis, however, was kept the same to allow comparison between
experiments. The deflections of both the top and bottom flanges of the beam were
recorded to capture the thermal bowing that would occur, as well as the thermal
expansion that would occur predominantly within the bottom flange. This can be
seen to occur within all the three tests, with a difference of approximately 1.5 mm
occurring.

The maximum deflections were seen to occur around the peak temperatures expe-
rienced within the beam. These were recorded in Table 1, for each test. As Fig. 5
illustrates, there was some noise in the data, which can be explained by the haze
distorting the image. The values included in Table 1 are therefore calculated using
a rolling average, with a period of 5, to remove overestimations of the deflection.
Figure 5 also illustrates that an upward camber is created within the beam as it cools
down. This upward is minimal, remaining below 2 mm at the centre of the span
for all tests. This type of behaviour occurs within the experiments as the beam was
unloaded. The maximum upward camber for each test is also included in Table 1.

4 Discussion

The experiments described herein were the first experiments to assume realistic
rigidity or restraint within the experimental setup. The majority of the limited
experiments in literature examined other behaviours experienced within connec-
tions without considering the restraint of a real structure. The experiments described
herein were based upon a real structure and, while they were scaled down, this was
done in a manner to ensure that the rigidity and restraint that would be demonstrated
within the case study structure would remain between the frame elements.

The recorded thermocouple data demonstrate the repeatability of a methanol pool
fire. From Fig. 4, it can be seen that the steel within the flaming region (on the
lower web) consistently followed the same increase between all the three tests. This
demonstrates the consistent thermal exposure generated by a methanol pool fire,
even when different volumes of fuel are used. The recorded temperatures were also
compared to a hand-calculation model, described within the Eurocodes for steel
temperatures during uniform thermal exposures. The comparison illustrated that the
hand calculations are conservative compared to the experimental results; however,
this may be due to the localized heating used.

The deflection measurements demonstrated that unloaded beams exposed to
temperatures below 700 °C for short durations experience no permanent thermal
degradation. Instead, a slight upward camber is observed due to the uneven cooling
that occurs within the assembly. This type of upward camber would not be expected
within a structure after a fire. Had the beam been loaded, which would be more likely
within a structure, there would have been creep (plastic) deformations that would
have occurred in addition to this upward camber, resulting in the camber not being
observable. It is therefore not possible for a typical structure to have a final upward
deflection after fire, and this camber is a result of the experimental setup.
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Table 1 Averaged maximum deflection and upward cambers for each thermal exposure and flange

Thermal exposure |Flange | Maximum deflection (mm) |Maximum upward camber (mm)
Short Top 2.6 0.8
Bottom | 3.1 0.5
Medium Top 33 0.7
Bottom |5.3 1.2
Long Top 4.5 1.0
Bottom |5.9 1.7

The outward deflections of the columns, as well as other movement within the
connections, were also recorded using DIC. These data were not discussed within this
paper as it is under development. The outward deflection of the columns will be used
to determine the restraining forces being generated within these experiments. There
has been limited experimental studies to date that validated the large connection
forces experienced due to thermal exposure [5, 6, 23]. To date, the scale of the
forces being generated into connections has largely relied on theoretical knowledge.
Typically, forces within the range of 1 MN are used for a steel frame building exposed
to standard, parametric and travelling fires [26]. The experimental results will be
a preliminary step to validate the forces currently used within design, identifying
representative forces that could possibly be generated within a steel frame structure.

Additional studies are needed to examine various different configurations of this
experimental setup, which would allow for the validation of computational modelling
and the forces currently used within fire connection design. This would include exper-
iments with different pool fire locations, different thermal exposures and different
connection types. Additional experiments using the current setup are currently
underway to ensure the repeatability of the results observed. Future works should
include the validation of a finite element analysis model using the experimental series,
which would then allow for the undertaking of a parametric study.

5 Conclusion

Practitioners are in need of tools which facilitate the improvement of connection
designin order to create resilient infrastructure that can resist thermal loading. When a
realistic experimental design is used, it allows for accurate forces and behaviours to be
generated. This generates greater understanding of this area which requires additional
research. In a fire scenario, the thermal expansion and contraction of beams inflict
large restraining forces horizontally on the connections. An experimental programme
of three pool fire experiments of various thermal exposures was undertaken to produce
preliminary validations of structural fire modelling. The realistic rigidity and stiffness
of the experimental setup allowed for accurate forces and behaviours to be generated,
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expanding the understanding of the forces and deformations that occur in steel beam-
to-column connections. The thermal distribution, centre span deflections and column
rotations were recorded during the experiments, using thermocouples and digital
image correlation combined with narrow-spectrum illumination. The experimental
program outlined above is a preliminary and conceptual research program, which is
needed to generate a framework for further testing which will lead to analytical tools
and guidance regarding steel connections in fire being developed.

The movement towards alternative solutions and performance-based design in
Canada requires more robust codes that include innovations and research progress
illustrative of Canadian and international design. The research herein has demon-
strated the need to further study the behaviour of steel beam-to-column connections,
to ensure safe and resilient infrastructure if exposed to fire.
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Behavioral Improvement of Steel Plate )
Shear Walls with Rectangular Openings L

Mohammad Sabouri-Ghomi, Anjan Bhowmick, and Saeid Sabouri-Ghomi

Abstract This research investigates the behavior of steel plate shear walls with
a rectangular opening. A rectangular opening on the infill plate is often required
to accommodate door or window or other utility system to pass through the shear
wall. However, steel plate shear walls with rectangular openings are not adequately
studied, and there are not many design provisions available for them. In this research,
finite-element analyses were carried out on unstiffened models with different sizes of
arectangular opening. A decrease in the shear strength of the panel was observed in
all models. Large out-of-plane deformations were also observed around the opening
due to the early buckling of the infill plate. As a solution to this problem, stiffeners
were attached to the models and the models were analyzed again. Various arrange-
ments of stiffeners were considered for the models and the effectiveness of each
arrangement on preventing the deformation of the opening was studied. The results
showed that attaching stiffeners to the plate is an effective method to prevent the
out-of-plane deformation of the opening as well as increase the shear strength of the
panel. Based on the obtained results, recommendations for the best stiffener arrange-
ment that is most effective in preventing the overall deformation around the opening
are presented.

1 Introduction

Steel plate shear wall (SPSW) is an effective lateral load resisting system used in
moderate-to-high seismic region. This system has been shown to have high strength
and stiffness and large energy dissipation capacity [3-5, 9, 10, 17]. Both American [1]
and Canadian steel design standard (CSA S16-14) have adopted SPSW system. One
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of the important advantages of a steel plate shear wall system (SPSW) is the option to
provide openings on the infill plate. Rectangular openings are regularly required by
architectural design for nonstructural elements such as windows or doors. Despite the
common need for such an option, this type of SPSW has not been studied thoroughly,
especially in the case of rectangular openings. The current Canadian standard [8] does
not provide any provisions for steel plate shear walls with openings. Studying this
option and providing structural engineers with the required guidelines can help the
SPSW system to reach its true potential as a reliable lateral load resisting system.

Studies on the effects of openings on SPSW systems began in 1992. Roberts and
Sabouri-Ghomi [14] conducted a series of experimental tests on steel plate shear walls
with a circular opening at the center of the plate. Their results showed a reduction
in shear stiffness and strength of the panels when openings are introduced to the
panel. Based on the results, a conservative linear reduction factor was suggested to
calculate the shear strength and stiffness of perforated panels.

Vop = V(1 = D/b) (1)

In this equation, V/, is the strength of the solid panel and V ,, is the strength of the
panel with opening, b is the length of the panel and D is the diameter of the opening.

Numerical studies also confirm the reduction of shear strength of SPSWs with
openings. Purba and Bruneau [13] studied a single-storey SPSW with a series of small
circular perforations. Their study showed the same effect on the shear strength of the
panel and they calibrated the linear reduction factor for the specific form of perfora-
tions. Numerical and experimental studies on this type of regularly placed perfora-
tions were also conducted by other researchers [2, 12, 18, 19]. Design recommenda-
tions were provided by the authors for this type of special perforation. Investigations
by [6] and [7] on a number of single-storey and multi-storey finite-element models
with circular perforations also proposed reduction factor that can approximately
predict the strength of the plate with circular perforations.

One of the known methods to improve the behavior of the system is using stiff-
eners. Stiffened steel plate shear walls are proven to have higher shear strength,
stiffness and energy dissipation capacity. Results from experimental studies by [15]
showed these effects. They also provided a design criteria for stiffeners to prevent
the global buckling of the plate and force it into local buckling mode [16]. This
mode occurs when the buckling takes place in the sub panels of the plate created by
stiffeners. Seismic performance of stiffened SPSWs was studied by [11], and their
results revealed that the currently used force modification factors in seismic design
for unstiffened plates can also be used for stiffened SPSWs.
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2 Finite-Element Model for Steel Plate Shear Walls

In this research, several finite-element models with different features were analyzed
using ABAQUS software. In order to make sure the modeling approach was correct,
a model was created based on a previous experimental study on stiffened SPSW
[15]. The length, height and thickness of the infill plate in the experiment were
1410 mm, 960 mm and 2 mm, respectively. Four stiffeners with a width of 60 mm
and a thickness of 4 mm were attached to the plate. The test model was subjected
to cyclic loading at the top. To model the frame, infill plate and stiffeners, 4-node
general-purpose shell (S4R) element was used. The top beam was restrained against
out-of-plane displacement and the base of the model was fixed to the ground. Similar
to the experiment, cyclic loading was applied to the two ends of the top beam. Since
the geometry of the model is not complex, a structured mesh control was assigned to
the model. A mesh sensitivity study was conducted and finally a global mesh size of
40 mm was selected for all elements (beams, columns and infill plates) of the SPSW
model. Figure 1 shows the model and the meshing and Fig. 2 shows the results. A
comparison of the results shows good agreement between the FEA and experiment.

Fig. 1 Finite-element model
and the mesh created for
validation
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Fig. 2 Cyclic shear force displacement plots for validation

3 Analysis of Unstiffened SPSWs with a Centrally Placed
Rectangular Opening

In order to understand the fundamental behavior of steel plate shear walls with
rectangular openings, five finite-element models with different opening sizes were
analyzed. The infill plate in these models is unstiffened and a rectangular opening is
placed in the center of the plate. The material properties for the plate and boundary
elements are shown in Table 1. All models have an identical plate and boundary
frame sizes that are presented in Table 2.

Nonlinear pushover analysis was conducted on each model with a target drift of
4%. A model without an opening was also analyzed for comparison purposes. Before
each analysis, eigenvalue buckling analysis was conducted on the model, and then
according to the results, an out-of-plane displacement was applied to the models as
an imperfection to initiate buckling in the plate.

Table 1 Material properties

for the FE models Element Yield stress (MPa)
Infill plate 250
Stiffeners 250
Columns 350
Beam 350

Table 2 Plate dimensions and frame sections for the finite-element models

Plate height (m) | Plate width (m) | Plate thickness (MM) | Column section | Beam section
3.8 6 3 W360 x 262 W460 x 193
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The results of the six FE analyses are shown in Table 3 and Fig. 3. Table 3 presents
the name of each model, opening dimensions and the maximum value of out-of-
plane displacement around the opening (U3) obtained from FE analysis. Figure 3
compares the obtained pushover curves for the models. As expected, decrease in
shear strength and initial stiffness can be observed in all models. As the opening
size increases, these parameters decrease more significantly. In the model with the
smallest opening, the shear strength is around 94% of the solid model. In the model
with the largest opening, shear strength drops to around 41% of the panel without
opening. Calculating the reduction factor in Eq. 1 for this model by assuming D as
the diameter of the rectangular opening will also result in a value equal to 0.41, which
shows that using the reduction factor will lead to correct results.

As shown in Table 3, large out-of-plane deformations take place around the
opening due to early buckling of the infill plate. Figure 4 shows model Unstf-Op40%
as an example. It is also observed that the amount of out-of-plane deformation is
increased as the size of the opening is increased.

Table 3 Opening dimensions and the obtained maximum value of out-of-plane displacement
around the opening of the unstiffened models

Model name Opening length (mm) | Opening height (mm) | Maximum U3 around the
opening (mm)

Unstf-Op10% | 600 380 120

Unstf-Op20% | 1200 760 115

Unstf-Op30% | 1800 1140 176

Unstf-Op40% | 2400 1520 191

Unstf-Op50% | 3000 1900 209

2500
2000 F
— Inetf- 10,
_ 1500 Unstf=Op10%
ﬁ =« Unstf-Op20%
3 1000 ===Unstf-Op30%
g seeee s Unstf-Op40%
- . = =Unstf-Op50%
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0
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Lateral displacement (mm)

Fig. 3 Comparison of pushover curves for the unstiffened FE models with different opening sizes
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Fig. 4 Deformed shape of
model Unstf-Op40%

4 Analysis of Stiffened SPSWs with a Centrally Placed
Rectangular Opening

The objective of this part of the study was to prevent the deformation around the
opening and improve the behavior of the system. As discussed before, using stiff-
eners can prevent the global buckling of the plate; therefore, adding stiffeners to the
infill plate was the selected solution for this purpose. The number of required stiff-
eners and their arrangement around the opening are investigated in this part. Four
different stiffener arrangements are considered for this purpose. These arrangements
are presented in Fig. 5. The goal of these arrangements was to use as few stiffeners
as possible and improve the behavior of the plate without heavily reinforcing it.
For all the arrangements, stiffeners were attached to both sides of the infill plate.
Similar to the unstiffened models, five FE models with different opening sizes were
analyzed for each type of arrangement. For all the models, the width and thickness

Type-2 Type-3 Type-4 |

Fig. 5 The four different types of stiffener arrangements considered for the study

Type-1 |

Y
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of the stiffeners on each side were, respectively, 120 and 7 mm. The dimensions for
stiffeners were acquired by selecting an initial size and then gradually increasing it
until the global buckling was prevented. The results of the analyses are presented in
Table 4.

It is evident from the results that adding stiffeners to the system has a significant
effect on the out-of-plane deformation around the opening. In all four of the consid-
ered arrangements, the out-of-plane deformation significantly decreased compared
to the unstiffened models. The results show that in almost all models the amount of
out-of-plane deformation is limited to under 10 mm. Figure 6 shows an example of
deformation for each of the considered types.

Although all the four types of arrangements are found to be very effective in
preventing the out-of-plane deformation around the opening, type-4 was found to
provide the best results. In addition to this, type-4 was also found to be most effec-
tive in limiting the in-plane deformation around the opening. Therefore, the type-
4 arrangement was selected as the best arrangement for this study. This arrange-
ment has two full vertical and two full horizontal stiffeners covering the four sides

Table 4 Opening dimensions and the obtained maximum out-of-plane displacement around the
opening of the stiffened models

Model name Opening length (mm) | Opening height (mm) | Maximum U3 around the
opening (mm)
Typel-Op10% | 600 380 4.6
Typel-Op20% | 1200 760 1.9
Typel-Op30% | 1800 1140 1.3
Typel-Op40% | 2400 1520 2.6
Typel-Op50% | 3000 1900 6.4
Type2-Opl0% | 600 380 1.1
Type2-Op20% | 1200 760 1.2
Type2-Op30% | 1800 1140 35
Type2-Op40% | 2400 1520 2.3
Type2-Op50% | 3000 1900 16.5
Type3-Op10% | 600 380 1.2
Type3-Op20% | 1200 760 0.4
Type3-Op30% | 1800 1140 5.1
Type3-Op40% | 2400 1520 0.2
Type3-Op50% | 3000 1900 3
Type4-Opl0% | 600 380 0.2
Type4-Op20% | 1200 760 2.7
Type4-Op30% | 1800 1140 2.3
Type4-Op40% | 2400 1520 0
Type4-Op50% | 3000 1900 42
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Type1-Op30% Type2-Op30% Typed-Op30%

Fig. 6 Examples of deformation for each of the considered arrangements

of the opening and four short stiffeners placed at the middle of each side of the
opening. Figure 7 shows the comparison between the pushover curves for the selected
arrangement, unstiffened plates and the plate without opening.

As it is observed in the figure, adding the stiffeners will improve the behavior of
the system significantly. Shear strength and stiffness are increased in stiffened plates;
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=== Typed-Oplote
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mmm Typed-Op20%
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2 g [ g ————-
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[
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é = Unstf-Op30%
2 —_——— =mn Typed-Opso%e
s |\f,”  TTTTmm—m———— — Without Opening
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Fig. 7 Comparison between the pushover curves for the stiffened and unstiffened plates with the
same opening size
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therefore, the negative effects due to having an opening are reduced when stiffeners
are installed on the infill plate. The positive effect of using stiffened plates becomes
much more apparent when the size of the opening increases. In the plate with the
largest opening, attaching stiffeners increased the shear strength of the plate from
41% to around 82% of the solid plate. It also limited the amount of out-of-plane
displacement around the opening from more than 200 mm to less than 5 mm.

5 Conclusions

A series of finite-element analyses were performed on unstiffened and stiffened steel
plate shear walls with rectangular openings. Five different sizes for openings were
considered. The results for unstiffened plates showed a decrease in shear strength
and stiffness especially in models with larger openings. In addition to this, large
out-of-plane deformations were observed around the openings due to the buckling
of the infill plates.

Attaching stiffeners to the infill plate is proposed as a solution to reduce the nega-
tive effects of rectangular openings. Four different configurations of stiffeners were
studied and the one providing the best results was found. This solution uses four full
stiffeners and four short stiffeners to prevent the buckling of the plate. It was observed
that using this type of stiffeners would limit the out-of-plane deformation around the
opening to lower than 5 mm. Additionally, using this arrangement increased the shear
strength and stiffness of infill plates with rectangular openings significantly.
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Design and Assessment of Steel Pipe m
Rack Moment Connections L
with Emphasis on Web Doubler Plates

Hana Chaya, Ali Imanpour, Robert Driver, and Brett Morgan

Abstract This paper illustrates design and detailing of steel moment connections
in pipe racks and evaluates the response of the connection under expected loading
scenarios, using the component-based finite element method with emphasis on the
web doubler plates. Several alternative designs with emphasis on web doubler plate
details are proposed with the objective of improving fabrication efficiency of pipe
rack moment connections in the shop. The alternatives focus mainly on using doubler
plates singly or in pairs, and the corresponding dimensions with different weld
types. The findings confirm that design and fabrication of modular pipe rack moment
connections can be enhanced using two-sided reduced doubler plates fillet-welded to
the column web, provided that a set of thresholds are defined to limit the application
of such detail based on the forces induced in the connection.

Keywords Steel pipe rack -+ Moment connections - Web doubler plates

1 Introduction

Pipe-supporting structures, commonly referred to as pipe racks, are heavy steel struc-
tures used extensively in refineries, chemical plants, and oil sands facilities in Canada.
Due to similar loading conditions along the network, they are often broken into repeti-
tive volumetric modules that can be prefabricated off-site and shipped to the construc-
tion site for assembly. Modularization can reduce the fabrication and construction
costs even though the tonnage typically increases by about 30% [6]. The beams
and columns of the modules are often made of wide-flange shapes. They carry the
anticipated loads using a gravity load-resisting system combined with concentri-
cally braced frames and moment-resisting frames [7, 8] to resist lateral loads. As
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opposed to building applications, beam-to-column moment connections in pipe rack
modules often involve multiple stiffeners designed to resist complex combinations of
torsion, axial forces, and both strong- and weak-axis moments, in addition to serving
as the connection points for attachments. This complexity tends to lead to expen-
sive connection details and labour-intensive tasks. Moreover, web doubler plates are
often required to transfer flexural bending from the beam to the column when the
thickness of the column web is not sufficient to carry the moments in the connection
through panel shear, which further complicates the connection detail and increases
the fabrication cost of already costly connections.

This paper first illustrates the design of a prototype beam-to-column moment
connection with emphasis on the web doubler plates typically used in steel pipe
racks in the province of Alberta. Potential alternative details are then illustrated.
The stress distributions in the doubler plates of the baseline detail plus four design
alternatives are finally evaluated using the component-based finite element approach
under loading scenarios expected in steel pipe rack structures.

2 Moment Connections in Steel Pipe Racks

The fabrication of steel pipe racks involves labor-intensive tasks, including cutting,
drilling, fitting, welding, crane operations, and assembly. Complex connections are
expected in such structures to resist permanent loads such as gravity plus other
potential loading scenarios such as hydraulic and wind that could arise during the
life of the structure. Other loads that factor into the design of pipe racks’ connections
include thermal loads resulting from contraction or expansion due to the changes in
ambient temperature during operation, anchor loads that arise from the restraints to
displacements or rotations imposed during operating conditions, friction loads which
can result from sliding pipes, erection loads, and impact loads [6]. As such, stiffeners
and complex welding details are used in the connection of modules, which leads to
substantial added costs to the fabrication of pipe racks. Beam-to-column moment
connections in pipe racks often involve multiple stiffeners designed to resist torsion,
weak-axis bending, and additional attachments, which lead to expensive connection
details since the complex connection details can significantly impact fabrication costs
and scheduling.

Despite the extensive use of heavy pipe-supporting structures in Canada, partic-
ularly in natural resource development regions such as Alberta, limited information
and guidelines are available in practice for design and detailing of their connections
given that pipe racks involve various complex loading conditions and design consid-
erations [9]. In lieu of a unified design procedure, steel fabricators typically develop
their own design methods and spreadsheets, which may lack technical justifications
or lead to uneconomical fabrication processes [6]. Additional and updated design
guides with the knowledge of all the parameters and design mechanisms are needed
so that consistent design methods can be used throughout the industry [9].
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Fig. 1 Typical pipe rack' Colirn . J‘
beam-to-column connection
detail L
> e
PJP Groove Beam
Weld

3 Current Design Practice

3.1 Connection Components

To transfer the demands, including bending, axial force and shear, from beams to
the column in pipe racks, welded end plate beam-to-column connections, as shown
in Fig. 1, are typically used. Web doubler plates are required when the thickness
of the column web is not sufficient to transfer the beam moment, which induces a
large shear in the column web. Groove welds are typically used to attach the web
doubler plates to the column radius in the connection region, as shown in Fig. 1.
The detail and type of weld can vary from fabricator to fabricator because of the
challenges associated with the implementation of such welds in the K-region of the
column section. The industry partner of this study (WF Steel & Crane) uses a detail
that can be treated as a PJP weld due to the welding position and the lack of surface
preparation and inspection.

3.2 Pipe Rack Moment Connection Design

The structural design of the pipe rack moment connection shown in Fig. 2 is illustrated
here. The design is performed in accordance with the provisions of the Canadian
steel design standard CSA S16, AISC 360-16, AISC Design Guides 4, 13, 16, and
Australian Steel Institute Design Guide (DG) 11. The beam and column consist
of wide-flange sections conforming to 350 W steel with the yield strength F, =
350 MPa. The selected sections for the beam and column are a W310 x 79 and a
W250 x 73, respectively.

Four load cases representing various loading conditions were evaluated and the
design steps under the most critical load case are presented. The load case includes a
strong-axis moment, a weak-axis moment, a shear force, and an axial force applied
at the face of the column. The connection design loads are presented in Table 1.
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End plate: 260x3/4"x510 Gr.300W
Flange weld: 8 FW/490 - Web weld: 6 FW/490
Bolts: 10 x 1 A325PT/N in 2 cols. at 130 gauge

/8 D
L | e
1 50
115
1—- | 153,
3r.350W
e i W310X79_
r— - - = =
& ! \ B1
115 ‘ \
Gr.350W 6 E
W250X73
b 8
Stiffeners: ‘IL
Top: 120x1/2°x224.6 Gr.300W - Weld=6 FW/490 Side=full End=full } Plates: 34.5 kg
Web doubler one side: 203x3/8°x260 Gr.300W CJPGW all around | Bolts: 9.2kg
Btm.: 120x1/2°x224.6 Gr.300W - Weld=6 FW/490 Side=full End=full Welds: 1.4 kg
Fig. 2 End plate moment connection used in pipe rack structure
Table 1 Connection design .
& Design loads
loads
Axial tension in the flanges Py 701.7 kN
Axial tension in the web P 48.7 kKN
Axial compression in the flanges Puse 550.4 kN
Axial compression in the web Puye 0 kN
Connection design moment M 17.6 KN m
Connection design shear Viw 250.0 kN
End plate design moment M yeq 229.1 kN m
Column web panel shear Vup 706.3 kN
Stiffener design tension P 267.5 kN

The design steps for the connection of Fig. 2 are as follows:

Step (1)  Design the beam web fillet following S16 Clause 13.13.2.2:

V, = 0.67¢,A,, X, (1.00 + 0.55sin'~ 0)
V, =931.7kN > P,;, = 701.7kN
V, =931L7kN > P, = 550.4kN (1)

where V, is the factored weld resistance for direct shear and tension- or
compression-induced shear. A,, is the area of the fillet weld, X,, is the
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Step (2)

Step (3)

Step (4)

Step (5)

weld ultimate tensile strength, and 6 is the angle of the weld segment axis
with respect to the line of action of the applied force [8].

Check the bolt tensile strength to carry the applied moment following
AISC DG4 2.7:

N
M., =nP, Y hi
i=1
M,, = 365.2kNm > M,., = 229.1kNm )

where M,,, is the nominal connection moment strength for the limit state
of bolt fracture with no prying action, n is the number of bolts in each
row, N is the number of bolt rows, A; is the distance from the centreline
of the compression flange to the centreline of the bolt row, and P is the
bolt tensile strength [2].

Check the bolt shear strength under the applied shear force following
AISC DG4 3.17:

R, = ¢anuAb
OR, = 561.8kN > V,, = 250kN 3)

where ¢ R, is the bolt shear strength, ¢ = 0.75, n;, is the number of bolts at
the compression flange (the bolt shear rupture strength of the connection
is conservatively assumed to be provided by the bolts at the compression
flange), and F), is the nominal shear strength of the bolts [1, 2].

Check the bolt bearing/tear-out failure at the end plate and column flange
under the applied shear following AISC DG4 3.18:

R, = (n;)¢ R, (Inner Bolts) + (n,)¢ R, (Outer Bolts)
¢R, =2090.3kN > V,,, = 250kN 4)

where ¢ R, is the end plate bolt bearing strength, n; is the number of
inner bolts (bolts between the beam flanges shown in Fig. 2), n, is the
number of outer bolts (bolts above and below the beam flanges shown in
Fig. 2), R, is equal to min[1.2L .t F,, 2.4dyt F,,] for each bolt, L. is the
clear distance in the direction of the force between the edge of the hole
and the edge of the adjacent hole or edge of the material, 7 is the end plate
or column flange thickness, F), is the specified minimum tensile strength
of the end plate or column flange material, and d,, is the diameter of the
bolt [2].

Check the end plate yield strength following the plastic mechanism
method specified in AISC DG4 Table 3.1 (Fig. 3):

OMy = Py Fypt, Y,
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Fig. 3 Plastic yield line analysis of unstiffened end plate moment connections (AISC Design Guide

16)

Step (6)

Step (7)

Step (8)

¢M, = 234.1kKNm > M., = 229.1kNm (5)

where ¢ M, is the nominal connection strength for the limit state of end
plate yielding, ¢, = 0.9, F,, is the end plate material yield strength, 7,
is the end plate thickness, and Y, is the yield line parameter as shown in
Fig. 3 [4].

Calculate the end plate no-prying thickness under the applied moment
following AISC DG4 3.7:

; _ [L11¢M,,
pRedd = ¢bepr
tpRegd = 25mm > t, = 19 mm, bolt prying occurs (6)

where #, regq 15 the required end plate thickness, ¢ = 0.75, ¢, = 0.9, and
M,,, is the no-prying moment for bolt strength [2].

Check bolt rupture following AISC DG16 [4] as given in Fig. 3 and Table
2:

oM, =281.8kN > M., = 229.1kN

where ¢ M,, is the nominal connection strength for the limit state of bolt
rupture with prying action, P, is the bolt tensile strength, 7T}, is the bolt
pretension force, Qmax,; is the maximum possible bolt prying force in
the tension bolts between the beam flanges, Q.x., 1S the maximum bolt
prying force in tension bolts outside the beam flanges, and w’ is the
effective width of the end plate per bolt minus the bolt hole diameter.
Check the horizontal shear yield strength of the extended portion of the
end plate under the applied shear force in accordance with AISC DG4
3.12:

OR, = ¢0.6F, b1,
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Table 2 Bolt rupture strength of unstiffened end plate moment connections (Adapted from AISC
Design Guide 16)

End plate yield OMy, = ppMp = Pp Fyp t;Z:Y

b, 1 1 1 1
Y =—-(h +ha| - ) +ho -5
2 Pri s Pfo 2

2
+ g[h] (pri +0.75py) + hals +0.25p,)] + %

5§ = %\/bpig Note:Use pyr,; = s,ifpyi > s
¢p = 0.90

Bolt rupture w/prying action oM, = oM,

B[2(Pr — Omax.0)do + 2(Pr — Omax.i)di + 2Tpdz]
B[2(P; — Omax.0)do + 2T (di + do)]
B[2(P; — Omax.i)d1 + 2T (do + da) ]

d[2Ty(do + di + d2)]

= max

¢ =05

Bolt rupture no prying action | ¢M, = ¢pM,; = ¢[2P,(dp +dy +d2)] ¢ =0.75

Step (9)

Step (10)

#R, = 802.4kN > V,, = 250kN 7)

where ¢ R, is the shear yielding resistance in kN, ¢ = 0.9, and b, is the
width of the end plate [2].

Check the shear rupture resistance of the extended portion of the end plate
under the applied shear force following AISC DG4 3.13:

GR, = $0.6F,, A,
®R, = 953.7kN > Vi, = 250kN (8)

where ¢ R, is the shear rupture resistance, ¢ = 0.75, F,,, is the minimum
tensile strength of the end plate, A, is the net area of the end plate [3].
Check the flexural yielding limit state of the column flange under the
applied bending moment as per AISC DG4 3.21:

d)ML'f = ¢b ch Yﬁ't_?'c
$Mes = 151.2kNm > M., = 229.1kN ©)

where ¢ M,y is the unstiffened column flange yielding strength, ¢, =
0.9, F,. is the specified yield stress of column flange material, Y is the
unstiffened column flange yield line mechanism parameter, and ¢, is the
column flange thickness [2].
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Step (11)

Step (12)

Step (13)

Step (14)

H. Chaya et al.

Check the unstiffened column web yielding at both beam tension and
compression flanges under the applied tension load in the flange following
AISC DG13 2.2-11:

¢R, = 1.0 x [C,(6k + 21,) + N|Fyt,
¢R, = 750.4kN > P,;, = 701.7kN
¢R, = 750.4kN > P, ;. = 550.4kN (10)

where ¢ R, is the local web yielding strength, 7,, is the column web thick-
ness, F, is column specified minimum yield strength, & is the distance
from the outside face of the column flange to the web toe of the flange-
to-web fillet, NV is the beam flange thickness plus 2w in mm for a directly
welded moment connection, w is the leg size of the fillet weld or groove
weld reinforcement used, and C, = 0.5 if the distance from the column
end to the closer face of the beam tension flange is less than the column
depth and C; = 1.0 otherwise [3].

Check the local web crippling strength under the applied compression
load in the flange as per AISC DG13 2.2-12:

ty Fyt
OR, = 0.75 x 135@:3,(1 + Nd<t—>> ;—f
f w

¢R, = 660.2kN > P,r. = 550.4kN an

where ¢ R, is the column web crippling strength, C; = 0.5 if the distance
from the column end to the closer face of the beam compression flange is
less than half the column depth and C; = 1.0 otherwise, ¢ is the column
flange thickness, and N; = 3N /d, if the distance from the column end
to the closer face of the beam tension flange is either (1) greater than or
equal to half the column depth or, (2) less than d./2 and N/d. is less than
or equal to 0.2, and N; = (4N /d. — 0.2) otherwise [3].

Check the column web buckling strength following AISC DG13 2.2-13:

4100C,13 /F,
R, = 0.9 x +
¢R, = 596.2kNm > P, = 550.4kN (12)

where ¢ R, is the column web buckling strength and & = d. — 2k (AISC
Design Guide 13 2003).

Check the unstiffened column web yielding at both beam tension and
compression flanges as per AISC DG13 2.2-1 and 2.2-2:
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® 0.9 x 0.6F,d.t, P, <0.4P,
PR =109« O.6Evdctw<l.4 _ %) P, > 0.4P,
#R, = 815.3kN > 706.3kN (13)

where ¢ R, is the panel zone shear strength, P, is the column required
axial strength, and P, is the column axial yield strength, which is equal
to the column yield strength multiplied by the area of the column web
[3].

Step (15) Check the transverse stiffener yielding at the beam tension flange
following ASIDG 11, 12.2:

¢Rf1s = 0'9Asfys
GR s =720.1 > Py = 267.5kN (14)

where ¢ R ;s the stiffener’s yield strength, Aj is the total cross-sectional
area of stiffeners, and f,; is the yield stress of the stiffener [5].

Step (16) Check the stiffened column flange bending strength at the beam tension
flange under the applied moment following AISC DG4 Table 3.4:

¢Mcf = ¢bect.?'Cch
oM s = 232.3kNm > M,.; = 229.1kNm (15)

where ¢ M. is the stiffened column flange bending strength, ¢, =0.9, F),
is the specified yield stress of column flange material, Y, is the stiffened
column flange yield line mechanism parameter, and ¢4, is the column
flange thickness [2].

The critical limit state among the 16 checks performed here was the stiffened
column flange strength, check 16, with a utilization ratio of 99%. Table 3 summarizes
the dimensions and weld sizes of the connection plates and stiffeners of the connection
of Fig. 2.

4 Alternative Designs

Several alternative connection designs with the focus on the column doubler plate
detail are proposed here to improve the economy of doubler plates in steel pipe racks.
These details are based on the proposed details in past studies, e.g. steel moment-
resisting frames under seismic loads, and the discussion with WF Steel & Crane. The
proposed details include (1) doubler plates fillet-welded to the column web (Fig. 4a);
(2) continuous doubler plates with fillet welds connecting the plate to the column
web (Fig. 4b); (3) doubler plates offset from the column web so that the doublers
can act both as transverse stiffeners and web plates (Fig. 4c); (4) diagonal stiffener
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Table 3. Sur.nmary' of the Dimensions Weld size Steel grade/
connection dimensions for the
(mm) (mm) electrode
bolted moment end plate
. (MPa)
connection
Flange weld 499 490
Web weld 277 490
Top stiffener 120 x 13 x 6 300
224.6
Bottom 120 x 13 x 6 300
stiffener 224.6
Web doubler 203 x 9.5 x | CIPGW 300
(x1) 260
End plate 260 x 19 x - 300
510
Bolts 10 25.4 mm-bolts in 2 825
columns

welded to the column web (Fig. 4d); and (5) reduced-size doubler plates welded to
the column web using fillet welds (Fig. 4e). In addition to these details, one potential
solution to eliminate the need for doubler plates is to use columns with high strength
steel. The proposed connection details in Fig. 4 are expected to offer a favourable
solution by avoiding PJP welds in the connection and improving productivity in the
shop, while maintaining the load-carrying capacity and stability of the connection.
It is significant to note that unlike moment-resisting frames in building applications,
where increasing the column section size to one with a thicker web can help avoid
the need for doubler plates, using a larger column size in pipe racks often results in a
less economical design because of the large number of similar or identical modules
in a project.

I | I
|
Fillet Weld Filet Weld FlletWeld
(o) o) ©
Column Column % . {|
L
— W e
Fillet Weld =
Fillet Weld
Fillet Weld
(d) (e}

Fig. 4 Proposed beam-to-column connection details
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5 Connection Response Evaluation

The Idea StatiCa programme [13], which is a structural design software package
developed to analyze and design connections, is used to evaluate the baseline web
panel zone detail (detail 1) shown in Fig. 1 and four design alternatives (detail 2-3) as
shown in Fig. 4a, e, and (detail 4-5) which are double-sided versions of Fig. 4a, e. In
these details, the web doubler plates were made using (1) complete joint penetration
groove welds (CJPGW) in lieu of PJP welds (Fig. 1); (2) fillet welds to the column,
stiffeners (Fig. 4a); and (3) fillet welds to the column web only via the application of
reduced-width doubler plates (Fig. 4e and a double-sided version of it). Table 4 gives
the dimensions of the doubler plates used in each of these designs. The alternative
designs are assessed to determine whether the complex PJP-welded doubler plate
can be replaced by a simpler and more efficient detail.

A tentative loading scenario representing those expected in a pipe rack connection
is applied to compare the responses of each connection relative with the others
using von Mises stress distributions. This comparison provides an insight into their
performance and, in particular, the local effects that may dominate the panel zone
response. The loading involves a 150 kN m moment, 150 kN shear, and 100 kN
axial load applied at the face of the column, as shown in Figs. 5, 6, 7, 8, and 9.
The numerical models of the connections representing details 1-5 developed in Idea
StatiCa are shown in Figs. 5, 6, 7, 8 and 9, respectively. The results of the analysis for
detail 1 show the occurrence of the largest von Mises stress of 315 MPa in the column
web in the corner of the panel zone. The equivalent stress distributions in the reduced
one-sided doubler plate and regular one-sided doubler plate connected using fillet
welds are shown in Figs. 6 and 7, respectively. Figure 8 shows the second alternative
design where a regular doubler plate is used on both sides of the column web using
PJP welds all around. Figure 9 presents the connection improved using two-sided
reduced doublers fillet-welded to the column web. Table 5 gives the parameters used
to reproduce details 1-5 in Idea StatiCa.

The material model used to define the stress—strain response of steel is an elastic—
plastic material model with a small strain hardening amplitude with respect to the
elastic stiffness of steel. The nonlinear behaviour of the material follows the von
Mises yield criterion [11]. Eight finite elements were used per cross-section height in
the analysis [11]. Denavit and Truman-Jarell [11] showed by comparing the response
of an extended end plate moment connection simulated using the component-based
finite element method with that obtained from the traditional methods that the

Table 4 Doubler plate dimensions for the studied connection design alternatives

Doubler plate Regular one-sided Reduced Regular Reduced
one-sided two-sided two-sided

Length (mm) 203 168 203 164

Thickness (mm) 10 10 5 5

Width (mm) 207 196 201 174
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Fig. 7 von Mises stress distributions of detail 3 (one-sided reduced doubler plate with fillet welds
all around)

capacity design capabilities of IDEA StatiCa provide conservative results and the
web panel-zone strength from IDEA StatiCa is similar to the strength from the
AISC Specification when the effect of inelastic panel-zone deformations on frame
stability is accounted for in the analysis to determine required strengths [11]. The
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Table 5 Summary of the
connection parameters and
dimensions for the welded
moment connection used in
Idea StatiCa models

Details 1,2, 3

Details 4, 5

Beam section W250 x 73 W250 x 73
Column section W250 x 73 W250 x 73
Steel grade (MPa) | 350 350

Flange weld size 8 12

(mm)

Web weld size 8 8

(mm)

Weld electrode 490 490

(MPa)

Top stiffener
dimensions (mm)

122 x 13 x 224.6

122 x 19 x 224.6

Bottom stiffener
dimensions (mm)

122 x 13 x 224.6

122 x 19 x 224.6

Stiffener weld 6 12
(mm)
Stiffener steel 300 300

grade (MPa)
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traditional calculation methods in this verification were based on recommendations
provided in AISC Design Guide 4 and requirements for load and resistance factor
design provided in the AISC Specification (2016), whereas the component based
finite element method (CBFEM) results were obtained from IDEA StatiCa Version
21.0[11].

The analysis results show that the maximum stress in the column web remained
fairly similar when reduced doubler plates or two-sided doubler plates are used (in
the order of 1% difference), but the distribution of the stresses in the web show
higher stress values around the doubler plate when reduced doublers are used. The
maximum stress in the doubler plates decreases from 242 to 223 MPa when using
two-sided web doublers with PJP welds and from 242 to 235 MPa when using fillet
welds, due to a more uniform distribution of resulting stresses in two plates compared
with a single one-sided doubler plate. The results show that reducing the dimension
of doubler plates can be considered as a viable solution to improve fabrication of
pipe rack moment connection provided that a set of thresholds are defined to limit
the application of such detail based on the forces induced in the connection.

6 Conclusion and Future Work

Steel moment connections in pipe rack modules are designed to transfer bending
moments, shear forces, and axial forces, which produce a complex stress condition
in the column web and often result in an expensive detail that makes the connection
fabrication a labour-intensive task in the shop. The use of doubler plates and stiffeners
is often required in such connections to improve panel zone strength and stability
[10]. The design of a welded end plate beam-to-column moment connection, part of
a pipe rack structure, is first illustrated. Three design alternatives with the focus on
the column doubler plate and weld types were introduced in addition to the baseline
detail (with PJP welds) currently used in practice. The results obtained from the
component-based finite element simulation of the baseline detail and four alternative
details confirmed that two-sided reduced doubler plates fillet-welded to the column
web can represent a viable alternative for modular pipe rack structure connections to
enhance fabrication efficiency in the shop provided that a set of thresholds are defined
to limit the application of such detail based on the forces induced in the connection.
However, further analyses, as well as a mechanics-based verification, are required.
Future studies should investigate the proposed design alternatives using a
continuum finite element model to track stresses and observe yielding in the connec-
tion, and in particular in the web panel zone. The selected connection detail to improve
the fabrication efficiency should be evaluated using full-scale laboratory testing.
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Development of Unique Test Bed )
for Assessing Stability Response of Steel L
Cantilevered Girders

Maha Essa, Vahab Esmaeili, Ali Imanpour, and Robert Driver

Abstract Cantilever-suspended-span construction, also known as the Gerber
system, is a popular framing scheme used for roofs of large single-storey buildings
in North America. Despite their advantages and widespread application, collapses of
Gerber roofs have made it clear that there are stability issues implicit in these systems
that are not reflected as part of a unified design method. It is, therefore, necessary
to understand the complex stability response of these systems—which can benefit
greatly from the results of full-scale physical testing of overhanging girders. This
paper outlines the development of a test bed for evaluating the stability response of
overhanging girders and an experimental plan for the stability assessment of Gerber
systems, which represents a part of an ongoing comprehensive research project at the
University of Alberta. The primary criteria for the selection of the test specimens are
first introduced. A finite-element model is then utilized to highlight the importance
of those criteria through several numerical simulations. The key considerations of
the test setup design, including the loading and lateral bracing conditions as well
as restraints at column locations, are discussed. Simulating proper boundary condi-
tions is of crucial importance in the experimental study of overhanging girders. The
results reveal that the existence or absence of bottom chord extensions for secondary
members, typically open-web steel joists, is a key design consideration for the test
setup and can be highly influential in the stability response of the Gerber system.

Keywords Test bed - Stability response - Steel cantilevered girders

1 Introduction

Cantilever-suspended-span construction, also known as the Gerber system, is a
common roof framing scheme for large single-storey buildings in North America.
This system, shown in Fig. 1, consists of a series of simply supported girders in
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Fig. 1 Gerber system in a
single-storey building in
Edmonton, AB

the principal framing direction that extend beyond the column as cantilevers, with
open-web steel joists (OWSIJs) as the secondary framing members. Drop-in spans
are supported in alternate bays at the cantilever ends. The continuity between adja-
cent bays results in lower magnitudes of positive moment by introducing negative
moments at the supports. As a result of the balanced moments, Gerber girders allow
for a more efficient design—where lighter and shallower girders are adequate to carry
the same loads as compared to simply supported spans. Furthermore, the system
avoids costly and complex moment connections, making it faster to erect, and results
in lower deflections than those seen in conventional roof girders [11].

Despite the advantages and widespread application of the Gerber system in steel
buildings in North America, current steel design standards in Canada and the United
States [1, 5] provide little guidance on the design of Gerber systems—especially with
regard to the effect of the interaction between the cantilever and the back span on
lateral-torsional buckling (LTB) of the system. The prediction of the LTB response
in this system relies on the consideration of a variety of parameters, including
loading and bracing conditions. The effects of these parameters can be realized from
the results of full-scale physical testing of overhanging girders subject to different
bracing and loading conditions. This paper outlines the development of a unique
test bed for evaluating the stability response of overhanging girders used in Gerber
systems. The experimental data obtained from these tests will be used to further
validate a comprehensive finite-element model for overhanging girders developed
as part of an ongoing research project at the University of Alberta [7]. The accurate
validation of this model will be instrumental in developing a practical design method
in the framework of the Canadian steel design standard for cantilevered girders.

2 Gerber Stability Database

As part of the larger research project, a comprehensive finite-element model [7] has
been developed in the Abaqus programme [6] for overhanging girders. In addition to
global buckling limit state, the possibility of distortional buckling—where the girder
cross-section undergoes distortion and deflection simultaneously—greatly influences
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the flexural capacity of overhanging girders [9]. The finite-element model is capable
of considering such buckling modes, as well as material and geometric nonlinearities,
initial geometric imperfections, and residual stresses.

Figure 2 shows the configuration of a typical overhanging girder considered in
this study. In this figure, P, refers to the point loads on the back span coming from
OWSIJs; Pnax and Py, represent the larger and smaller point loads at the cantilever
tips, respectively; L; denotes the length of the back span; L, is the length of the
cantilever; s represents the joist spacing; n equals the number of point loads on the
back span plus 1; M. is the local maximum bending moment along the back span;
My, and My, signify the bending moments at the two supports; and | and «, are

defined as AZ/IF‘I;“: and ;Z::“ , respectively.

A total of 266 overhanging girders, including 245 single-overhanging girders and
21 double-overhanging girders, are considered in the numerical simulation. These
include seven standard steel wide-flange sections (W-shapes), which conform to both
CSA G40.21 Grade 345WM [4] and ASTM A992 [2]. The cross-sectional properties
and class [5] of the selected cross-sections are presented in Table 1. For all the girders,
the length of the back span, L, is 9.0 m and the length of the cantilever, L., and joist
spacing, s, are both equal to 1.8 m.

In Table 1, b/2t represents the flange slenderness ratio, where b is the overall
width of the flange and ¢ denotes its thickness; i /w is the web slenderness ratio,
where h is the clear depth of the web and w denotes its thickness; I, /I, is an index of
the difference between the strong- and weak-axis geometric stiffnesses of the girder;
and d is the depth of the section.

Py Py Py | R

! L.=s ! Ly =ns Py =s !

(a) Configuration

(b) Bending moment diagram

Fig. 2 Typical overhanging girder (symbol red circle represents point of lateral support)
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Table 1 Geometrical properties of selected cross-sections

Cross-section Flange class Web class % % % %
W410 x 85 1 1 5.0 34.8 17.5 22
W460 x 52 1 1 7.0 56.4 334 20
W460 x 60 1 1 5.8 53.6 32.0 20
W460 x 97 1 1 5.1 375 19.5 19
W460 x 144 1 1 6.4 31.5 8.7 19
W530 x 66 1 1 7.2 56.4 41.0 17
W530 x 82 2 1 7.9 52.8 23.5 17
Qmax

q qi

min

Fig. 3 Typical roof framing under a schematic load pattern

Figure 3 shows a typical roof framing under a schematic load pattern. This high-
lights the importance of considering pattern loading in the study, which can occur
due to phenomena such as moving live loads or drifting snow.

In Fig. 3, g; refers to the distributed load on the back span bay; gmax and gmin
represent the larger and smaller distributed loads on the adjacent bays, respectively;
and x| and «; are defined as ¢;/gmax and gmin/gmax. respectively. To develop the
Gerber stability database, the following range is considered for «1':

Kk = {2.00, 1.60, 1.30, 1.00, 0.77, 0.63, 0.50} (1)

K3 is equal to zero for single-overhanging girders considered in this study.

While the finite-element model has been validated using available test results [7],
the experimental test programme outlined in this paper will evaluate experimentally
a wider range of Gerber girders by varying configuration (single or double overhang),
loading scheme, and cross-section to achieve a better representation of the stability
of such girders. The data from these tests will then be used to further validate the
numerical model.
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3 Test Specimen Selection Criteria and Matrix

The finite-element model described earlier is used to evaluate the influence of various
parameters on the lateral-torsional buckling capacity of steel cantilevered girders.
These parameters include configuration (single or double overhang), cross-sectional
properties, loading conditions, and lateral bracing conditions. The parameters with
the highest influence according to the numerical simulations [7] are to be considered
so as to select test specimens, which will expand on the existing cantilever test
database provided by [8].

The specimens are categorized into five distinct groups according to the restraint
conditions on the cantilever and back span, as shown in Fig. 4, with the following
identifiers:

Single-overhanging girders

Py o P Frnae
LRC 1: C(T) - B(T) : ko X ;
b3 T

Py Py P

LRC 2: C(U) - B(T) X N X x
Py, Py Py P

LRC 3: C(U) - B(TB) : X — X X ]
. Py Py, Py P

LRC 4: C(TB) — B(T) : S x 11

F‘.\I Py Py = R

LRC 5: C(TB) — B(TB) = x X 1

Frain Py Py [N P
LRC 1: C(T) - B(T) t x : X X %
Posin P i Py P
LRC 2: C(U) - B(T) z x = X X |
Frain Py P, P Puaas
LRC 3: C(U) — B(TB) E X : x X :
P Py | P Py ¥
| | |
LRC 4: C(TB) — B(T) : X ¥ ¥ 1
Pa Py, Py [N Poni
LRC 5: C(TB) - B(TB) X X 1o X ' )

Fig. 4 Test specimen loading and restraint conditions
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e (C(T) - B(T): cantilever tip is laterally restrained at the top flange and back span
is laterally restrained at the top flange;

e C(U)-B(T): cantilever tip is unbraced and back span is laterally restrained at the
top flange;

e C(U) — B(TB): cantilever tip is unbraced and back span is laterally restrained at
both the top and bottom flanges;

e C(TB) — B(T): cantilever tip is laterally restrained at both the top and bottom
flanges and back span is laterally restrained at the top flange; and

e (C(TB) — B(TB): cantilever tip is laterally restrained at both the top and bottom
flanges and back span is laterally restrained at both the top and bottom flanges.

3.1 Configuration

While the tests performed by [8] were limited to only single-overhanging girders, this
experimental study will incorporate both single and double-overhanging girders. In
practice, both configurations are used in the Gerber system depending on the location
of the cantilever segment in the structural layout. While end spans typically consist of
single-overhanging girders, interior spans typically consist of girders that run contin-
uously over two columns in a double-overhanging configuration then connecting to
drop-in segments on either end. It is therefore important to understand the stability
response of both configurations of overhanging girders.

The proposed test specimen configurations consisted of single-overhanging
girders with a total length of 10.8 m and double-overhanging girders having a total
length of 12.6 m. This length includes the lengths beyond the support centreline and
cantilever tip load centreline.

The numerical model was used to assess the effects of different L, /d ratios on the
nominal capacity of the girder, M,,, for both single and double-overhanging girders.
This was achieved by varying «| values, namely, 0.625, 1, and 1.6. The results of
the analyses for Group C(T") — B(T) are shown in Fig. 5.

The configuration is seen to have a significant impact on the capacity of the system,
with the additional cantilever on the double-overhanging girders having the ability to
either increase or decrease the moment capacity depending on the load pattern ratios.
The smaller capacities seen for double-overhanging girders are a result of smaller Ki
values for the same x|’ values as a single-overhanging girder. Furthermore, the peaks
in the chart correspond to the sections in Table 1 with smaller I, /1, values (W410
x 85, W460 x 97, and W460 x 144), and are consequently stronger than the rest of
the sections in terms of weak-axis bending. It is therefore crucial to investigate both
configurations to fully capture the stability response of Gerber systems.
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Kl =1

LJd Lo/d

(a) K, =0.625 (b) ki =1

#— Single Overha K" = 1.6

(c)i; =1.6

Fig. 5 Effect of configuration on nominal capacity for the C(T") — B(T') group

3.2 Cross-Sectional Properties

The experimental programme performed by [8] was limited to two cross-sections,
W360 x 39 and W310 x 39, both of which are considered in today’s Gerber construc-
tion practice as shallow and light, but were primarily selected to meet the laboratory
constraints. To expand on this, the proposed test matrix of this experimental study
includes three new cross-sections: W410 x 85, W310 x 44.5, and W460 x 113. The
W410 x 85 section complies with the Class 1 section width-to-thickness ratio limits,
and the W310 x 44.5 and W460 x 113 profiles meet Class 2 section requirements.

The selection of these three cross-sections was based on the results of the numer-
ical simulations [7] that show that dimensionless parameters b/2¢ (flange width-to-
thickness ratio or local slenderness ratio) and I, /I, (ratio of moments of inertia)
are particularly influential on the lateral—torsional buckling capacity of cantilever
girders. The nominal values of both parameters for each cross-section is presented
in Table 2.

Numerical simulation results can be used to realize the significance of cross-
sectional properties on the nominal flexural capacity, M,,, of overhanging girders.
Figure 6 shows the variation of the nominal capacity as I, /I, changes for the C(T') -
B(T) group.
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Table 2 Flange local Gerber aird b I
slenderness ratio and ratio of erber girder 2t 1,
moments Qf inertia for . W410 x 85 4.97 175
selected wide-flange sections

W310 x 44.5 7.41 11.6

W460 x 113 8.09 8.78

. x," = 0.625 ' el
(a) x, =0.625 (b) e =1
K"=16
(c)x; =16

Fig. 6 Effect of cross-sectional properties on the flexural capacity of cantilevered girders for the
C(T) - B(T) group

As seen in the numerical simulation results, the capacities of the sections are
greatly influenced by the cross-sectional properties. Increasing the % ratio indicates
that the moment of inertia about the weak-axis, I, is decreasing relative to the
moment of inertia about the strong axis, /. This causes the system to be more
susceptible to lateral—torsional buckling, which explains the decrease in capacity as
this ratio increases and highlights the importance of testing various cross-sections.

3.3 Loading Condition

Another parameter that was identified from the numerical simulations as having
a high impact on the stability of the system, particularly the stability of the back
span, is the shape of the bending moment diagram. This is quantified by the ratio
K, = M. /M, , where M. is the local maximum bending moment on the back

max
span, and My, is the bending moment at the support. Due to the continuity of the
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Table 3 Variation of x{” and P ,
, Ky Ky
i, considered in test 0.80 ~1.90
programme
0.50 —1.00
0.31 —0.44

girder over the column, the negative moment at the column causes the bottom flange of
the girder to go into compression. The length of the bottom flange under compression
and the location of inflection points depends on the bending moment gradient, and
therefore the loading condition. For this reason, it is important to evaluate the system
under pattern loading. This is reproduced in the proposed experimental study by
testing the girders under different load ratios. The loading of the test specimens
involve four point loads at 1.8-m intervals on the 9 m-long back span plus a point
load applied at the tip of the 1.8 m-long cantilever. A distinct load of Py, will be
applied on the cantilever tip in each of the tests of all test specimen groups. The load
on the back span, P, will then be varied in each of the tests with respect to Ppx
until a desired /c; ratio is achieved, as shown in Table 3. This is quantified by the
ratio k|’ = Pb/PmaxK; , which can take on three values: 0.80, 0.50, or 0.31. Table 3
summarizes the variation of «|” considered in the tests and their corresponding «
values.

Numerical simulation results showed the influence of different load patterns, quan-
tified by Klll in the context of the numerical simulations, on the nominal flexural
capacity of the girder. Figure 7 shows this effect for the three cross-sections in the
C(T)-B(T) group.

For a single-overhanging girder, increasing the Kf value represents increasing
the load on the back span compared to the load on the cantilever. Referring to the
numerical results, increasing Ki/ past a value of 1.00 (corresponding to a higher
load on the back span than on the cantilever) leads to a rapid decrease in the moment
capacity of the section. Therefore, loading conditions are of crucial significance when
investigating the capacity of an overhanging girder, and therefore various loading
conditions have been included in the selection criteria of the test matrix.

3.4 Lateral Bracing Condition

The cantilever portion of a Gerber system can be subject to various bracing conditions
in the real world, which is being simulated in this experimental study by including
the test specimen groups introduced earlier (Fig. 4). The Gerber stability database
confirmed that different bracing conditions at the cantilever tip, as well as the presence
of a bottom chord extension on secondary members off the column line, have a
significant impact on the capacity of the system.
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1 Wab0x144 Wa10x85

(a) W460x144 (b) W410x85

W530xB2

(c) W530x%82

Fig. 7 Effect of load pattern on nominal flexural capacity for the C(T)-B(T) group

The numerical model was used to analyse the effect of different L, /d ratios on the
nominal flexural capacity of the girder, M,, for the test specimen groups as shown
in Fig. 8. This was achieved by varying Ki’ values, namely, 0.625, 1, and 1.6.

The numerical results showed that the models with bottom chord extensions at the
bracing location off the column line exhibit a significantly higher capacity compared
to the models where only the top flange is braced along the entire back span. Due
to the variation in capacity with varying bracing conditions, the inclusion of various
lateral bracing conditions in the test matrix is essential.

4 Test Bed Design

The experimental test programme described in this paper consists of 15 W410 x 85
single-overhanging girders. The ongoing design of the test setup is being done by
paying consideration to minimizing incidental restraint, which can have a significant
impact on the results of large-scale experimental testing by resulting in capacities
higher than what would have been obtained under the intended restraint [15]. The
test setup design considerations are based largely on the recommendations of the
Structural Stability Research Council (SSRC) Technical Memorandum No. 9 on
flexural testing [15]. Models have been prepared in Revit [3] for each of the five test
specimen groups. Figure 9 shows the overall test setup for the C(T)—B(T) case. In this
figure, the blue member is the test specimen, and the load frame, bracing system and
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Fig. 8 Effect of lateral bracing condition on flexural capacity of single-overhanging girders

supports are shown in grey. This section describes the loading, support, and bracing
details of the test setup to simulate those anticipated in a typical Gerber system.

Fig. 9 Model of test setup
for C(T)-B(T) case (test
specimen shown in blue)
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4.1 Physical Simulation of Loading Conditions

The loading of the test specimens involve four point loads at 1.8-m intervals on the
9 m-long back span plus a point load applied at the tip of the 1.8 m-long cantilever. The
gravity load is applied using a hydraulic actuator, which generates the concentrated
load on test specimen. On one end, the hydraulic actuators are connected to a stiff
reaction frame composed of a distributing beam connected to 2.7 m-long MC 460 x
86 channels, which subsequently span across two 6 m-tall columns on either side of
the girder. At the opposite end, the actuator is connected to a semi-cylindrical bearing
with its axis aligned with the longitudinal axis of the girder, which accommodates
cross-section twist and sits on the top flange of the girder. This configuration is used
at the load application points on both the back span and the cantilever in the test
specimen groups where the cantilever tip is braced.

For the C(U)-B(T) and C(U)-B(TB) test specimen groups, where the cantilever
tip is unbraced, a different gravity load application mechanism is employed which is
composed of: (1) gravity load simulator (GLS), (2) hydraulic actuator, and (3) load
collar. This configuration is shown in Fig. 10.

The gravity load simulator (GLS) is a mechanism designed to allow an applied
load to remain vertical on a test specimen as the loaded structure undergoes sidesway
[14]. Under an applied load provided by a hydraulic actuator, the GLS is able to move
laterally by approximately 140-225 mm in either direction from its equilibrium
position while keeping the hydraulic actuator vertical [10]. Therefore, employing
the GLS at the cantilever tip when it is unbraced will effectively eliminate incidental
restraint in the lateral direction while continuing to apply a vertical gravity load.

Fig. 10 Gravity load mechanism at an unbraced cantilever tip
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The load collar, which surrounds the girder and is then connected to the hydraulic
actuator through a yoke and tension rod, applies the load generated by the hydraulic
actuator to the top flange of the girder. A semi-cylindrical bearing is also employed
as part of the load collar in order to accommodate twisting of the cross-section.

4.2 Physical Simulation of Column Locations

Column locations in a typical Gerber frame are simulated in this experimental test
setup at the supports. Identical configurations are used at the support fixtures at each
end of the back span, resulting in the girder being simply supported. This means
that the specimen is free to displace longitudinally and warp but is prevented from
twisting and displacing laterally or vertically. To achieve this support condition, the
specimen will rest on a set of rollers, a load cell, and a knife edge, as shown in
Fig. 11. The rollers allow the girder to undergo longitudinal displacement, the knife
edge allows the girder to pivot in-plane, and the load cell measures the reaction
forces. These elements are supported on a pair of MC 460 x 86 channels spanning
between two columns situated on either side of the girder.

Achieving a torsionally pinned boundary condition requires allowing the girder
to warp, while preventing it from twisting. This is done by bringing in four lateral
braces at each support, two which bear against the top flange and two against the
bottom flange, effectively preventing cross-section twist and lateral movement of
the girder. Furthermore, the girder is allowed to warp and displace longitudinally
by equipping the lateral braces with rollers. The strength and stiffness requirements

Knife edge
= g

I - <+— Load cell

«+«— PL508 x 508 x 82.6

00 -

«— PL508 x 508 x 82.6

Fig. 11 Conceptual support detail
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specified in Appendix 6 of AISC 360-16 [1] for girder point bracing are used to
design lateral and torsional braces.

4.3 Physical Simulation of Lateral Bracing Conditions

Lateral bracing is used in flexural testing of girders to prevent out-of-plane movement.
Since the girder is expected to deflect vertically along the back span and cantilever, in
order to avoid incidental restraint it is important to use a lateral bracing mechanism
that allows for free vertical movement while simultaneously restraining movement
in the direction perpendicular to the girder web. Therefore, a conventional threaded
rod, used at the supports as explained in Sect. 4.2, would not be appropriate for use at
the load points. The lateral bracing condition in the test setup makes use of a Watt’s
linkage (Fig. 12), a type of brace which restrains lateral displacement while allowing
for free translation in the longitudinal and vertical directions. The Watt’s linkage has
been used in previous lateral-torsional buckling tests [12—14]. As shown in Fig. 12,
the Watt’s linkage consists of two levers. One end of the lever is pin-connected to
a column on one side of the girder (points A and B in Fig. 12), while the other end
is pin-connected to a coupler (member CD in Fig. 12). The coupler includes a 1 %
in. diameter hole in the middle, through which the brace is pinned and welded to the
flange of the girder being restrained.

Depending on the test specimen group, lateral bracing at various points along
the back span may be provided to either the top flange only or both the top and
bottom flanges. In cases where only the top flange is laterally restrained, only a
single Watt’s linkage would be used at the brace point, with the coupler connected
to the top flange of the girder. For instance, a Watt’s linkage would be connected
to both the top and bottom flanges when simulating a bottom chord extension of a
joist, effectively restraining the lateral movement of both flanges while allowing the
girder to deflect vertically.

In the case of the cantilever tip, the load point may also be completely unbraced.
The use of a gravity load simulator at the cantilever tip allows for a continuous gravity

Lever
/

o =
[ r]}:d C
Coupler
A /

Lever

Fig. 12 Watt’s linkage for lateral bracing
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load application while allowing the specimen to undergo free lateral movement in
either direction of its equilibrium position. By using the gravity load simulator in the
C(U)-B(T) and C(U)-B(TB) groups, it is possible to apply an increasing point load
while allowing the girder to deflect vertically and laterally, producing an unbraced
cantilever tip. Meanwhile, Watt’s linkages are still used at the brace points on the
back span to restrain the top or bottom flange, as required.

5 Summary and Conclusions

An experimental test programme for evaluating the stability response of single-
overhanging girders that aims to minimize incidental restraints and properly simulate
the loading conditions, supports, and bracing conditions commonly used in Gerber
construction is presented. A numerical database of the Gerber system developed in
the companion study was used to select the test specimens and design the test setup.
The experimental data obtained from the physical tests will be used to validate a
comprehensive finite-element model which can predict the lateral-torsional buckling
capacity for any arbitrary overhanging girder. This will be instrumental in proposing
future design equations to be used in the design of Gerber girders.
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A Metaheuristic-Based Methodology )
to Minimize the Concentration of Lateral | <
Displacements in Low-Rise Steel

Concentrically Braced Frames Subjected

to Seismic Loading

Bardia Mahmoudi and Ali Imanpour

Abstract This paper proposes a new methodology to evaluate the seismic perfor-
mance of multi-storey Concentrically Braced Frames (CBFs) and to minimize the
concentration of frame nonlinear lateral displacements. A three-storey concentri-
cally braced frame with chevron bracing is first selected. An optimization tool is
then developed to study drift concentration under seismic loading. This tool lever-
ages a fully parametric design script interacting with the OpenSees programme to
generate a large number of potential frame designs analysed under ground motion
accelerations and to iteratively update the frame design using the PSO algorithm
until minimum drift concentration is achieved. Preliminary results of the proposed
methodology and future direction of the research are finally presented.

Keywords Lateral displacements + Low-rise steel concentrically braced frames -
Seismic response

1 Introduction

Steel Concentrically Braced Frames (CBFs) are widely used as the lateral load-
resisting system of multi-storey buildings. Under lateral seismic loads, the lateral
roof displacement may not be distributed evenly between the storeys as their braces
experience nonlinear response through tensile yielding and buckling, resulting in the
concentration of lateral inelastic displacements in one or some of the storeys. This
stems from a poor performance of CBFs in redistributing inelastic demands along
their height mainly due to inherent poor hysteretic response of diagonal braces when
buckling in compression, which significantly reduces storey shear resistance, thus
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discouraging yielding to develop in adjacent floors [20, 29, 32, 54, 60]. This response
is compared to an ideal uniform lateral displacement response in Fig. 1 for a three-
storey steel CBF with chevron bracing. As shown in Fig. 1a, a desirable response
involves brace tensile yielding and compression buckling in all the storeys, resulting
in auniform distribution of lateral displacements over the height of the frame, whereas
the frame in real-life under earthquake loading may experience concentration of
lateral deformation as shown in Fig. 1b (e.g. in the first storey) due to the elastic
response of tension-acting braces in some of the storeys (e.g. Storeys 2 and 3),
leading to soft or weak storey behaviour. The concentration of lateral deformations
become more critical in tall CBFs, those with heavy gravity loads imposing large
P-A effects, and the CBFs located in high seismic regions such as Vancouver or
Victoria, BC [28, 44, 53, 56].

Several design parameters can influence the distribution of the lateral frame
displacement under seismic loads. Past numerical studies have shown the number
of storeys, distribution of seismic mass along the frame height, column orientation
and splices, brace demand-to-capacity ratios, lateral stiffness offered by adjacent
gravity columns, bracing configuration (e.g. X-bracing, chevron, diagonal), bracing
system (e.g. tension—compression, tension-only), brace slenderness ratio within each
storey and its variation over the storeys can affect seismic behaviour of concentrically
braced frames [28, 52, 54].
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Fig. 1 Comparison of concentrically braced frames lateral deformation distributions: a uniform
lateral deformation distribution, b damage concentration in storey 1
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A number of mitigation techniques have been evaluated and proposed by various
researchers in the past to reduce the concentration of lateral deformations in steel
CBFs. These techniques include (1) rigid truss or strong-back systems tied to the CBF
where the CBF acts as the energy dissipation system and the rigid truss is intended to
remain essentially elastic forcing the CBF to undergo uniform lateral deformations
during inelastic response [14, 33-35, 43, 54-56, 62], (2) innovative bracing members
such as buckling-restrained braces (BRBs) instead of conventional braces [2, 3, 12,
19, 21, 26, 27, 38, 45-47, 51, 57, 59, 61], (3) moment-resisting frame (MRF) used
in addition to the CBF to engage frame action [13, 16, 25, 62], (4) zipper or vertical
tie bar systems [24, 49, 66], (5) two-storey X (split-X) system aiming at developing
a 2-storey collapse mechanism [54], (6) rocking systems [4, 18, 22, 37, 41, 48, 58,
63, 64, 7-9, 30, 42, 65].

An alternative design solution to tackle damage concentration in CBFs and achieve
a more uniform seismic response is to adjust brace selection, in particular, the brace
slenderness parameter A = KL/r(F,/n*E)"> where K is the effective length factor, L
is the brace length, r is the radius of gyration of the brace cross-section, Fy is the steel
yield stress, and E is Young’s modulus of steel. Lacerte and Tremblay [28] developed
amethod for the selection of braces in Split-X concentrically braced frames such that
they attain smooth variations of the post-buckling shear resistance over the frame
height. In this method, braces having relatively low slenderness and post-buckling
resistance were selected to help the propagation of inelastic deformations in several
storeys under major seismic events producing a large lateral displacement at the roof
level (in the order of 2% roof drift). This method was verified for systems up to
12 storeys and showed that it can avoid soft storey mechanisms and achieve more
stable global response. Drift concentration in 1-8 storey X-braced frames designed as
tension—compression or tension-only system was mitigated by limiting brace slen-
derness to 2.65 and designing the columns for an in-plane demand equal to 20%
of the plastic moment capacity of the section in addition to the axial compression
forces arising from brace axial resistances and gravity loads [52]. Imanpour et al. [20]
proposed a design method for multi-tiered concentrically braced frames experiencing
significant drift concentration in one of the braced tiers under seismic-induced defor-
mation demands, leading to column yielding and instability. The method involved
new strength and stiffness requirements for columns, which engage column flexural
stiffness to force tensile yielding in adjacent braces under seismic loading.

Although various approaches have been proposed in the past to tackle the poor
seismic performance of steel CBFs when it comes to the distribution of nonlinear
lateral deformations over the frame height and reducing CBF vulnerability to damage
concentration and dynamic instability, they lack taking into account inclusive design
parameters (e.g. number of storeys, brace slenderness ratio, column orientation, brace
demand-to-capacity ratios, bracing configuration and system) affecting the seismic
response of CBFs. To this end, this study proposes and implements a metaheuristic
optimization tool to overcome the challenges associated with investigating the influ-
ence of various design scenarios, which can become computationally intensive, and
to develop a design strategy to efficiently achieve a uniform distribution of lateral
inelastic deformations under seismic loading. The proposed optimization tool is
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developed by linking a fully parametric numerical model of multi-storey CBF, a
three-storey chevron braced frame presented in this paper, to the optimization algo-
rithm, which generates a large number of potential frames by varying the influential
parameters pertaining to brace design and then updates each frame’s members until
damage concentration is minimized. This results in a number of candidate frame
designs, which are subsequently classified into a small number of groups as final
design alternatives using clustering algorithms.

2 Research Methodology

To measure and evaluate concentration of lateral deformation in CBFs, the Drift
Concentration Ratio (DCR) is defined as the maximum standard deviation of storey
drifts recorded under a given ground motion record. The frame that possesses the
smallest DCR is then considered as the one achieving a nearly uniform distribution of
lateral displacements over the height. However, finding the frame with the minimum
DCR in a large set of frames generated to evaluate damage concentration would be
a challenging task if traditional mathematical methods, which require computing
derivatives of a function with respect to its variables, were to be used because the
DCR cannot be expressed as a continuous and differentiable function of the design
variables or the loading input, e.g. ground motion acceleration. Metaheuristic opti-
mization algorithms, which have been developed based on evolutionary behaviour of
species in nature, can be implemented instead [50]. The essence of such methods lies
on their capability to locate global optimum of a function just by evaluating its value
at different points over function’s domain, which in the context of this study can help
assess design parameter patterns in CBFs, contributing to a better understanding and
quantification of such parameters and their impact on minimizing the concentration
of frame lateral nonlinear deformations. The Particle Swarm Optimization (PSO)
algorithm [23], which is a single objective metaheuristic optimization algorithm
vastly used in various engineering disciplines, will be exploited in this study to over-
come the challenge of finding the CBF design with the minimum DCR by bypassing
a more complex assessment involving the combination of a large number of design
variables. The key steps of the iterative process adopted here to minimize the objec-
tive function, i.e. the DCR, with respect to its variables, i.e. brace cross-sections,
taking advantage of the PSO algorithm are summarized below:

1. Generate random population: A set of random particles with a population of N,
i.e. first generation, is created by assigning random values to variables associated
with the problem. Each particle returns a specific value for the objective function
defined for the optimization problem and by inspecting these values, different
particles can be ranked against each other.

2. Objective function evaluation: Particles defined in Step 1 are subject to various
constraints with a feasible space. The selected algorithm forces these constraints
to the particles using a penalty function. If a particle satisfies all the constraints,
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4.

the value of its objective function remains the same. Otherwise, the particle would
get penalized by a multiplier implicit in its objective function to increase its value
such that it cannot compete with feasible solutions of the generation when they
are ranked based on their objective function.

Particle updating by adjusting their velocity: Once the set is sorted in accordance
with the particle objective functions, the algorithm updates particles inside the
generation by adjusting their variables using a velocity term v leading to a new
set of solutions, i.e. the next generation. The algorithm then attempts to find the
objective function’s global minimum by generating a new set of particles and

guiding them towards the global optimum. To update the location of particle i in
r+1

generation ¢, x/, and obtain the adjusted location in generation 7 + 1, x; ", using
the velocity parameter vf“, Egs. 1 and 2 can be used as follows:
= 4 (1)
1
Vitl = wvl + eiri(x), — xf) + cara(xly, — x{) )

where inertia factor w and trust constants c; and c; are selected depending on the
optimization problem and determine whether the particle should move towards
its local best record or the global best record [40]. Factors r; and r; take random
values between 0 and 1 in each iteration, which helps formulate randomness
within the algorithm and search the entire feasible domain of the problem instead
of getting trapped in local optima zones. It is recommended to set w = 0.7298
and ¢; = ¢, = 1.4962 in order to improve the algorithm’s convergence rate [10].
It is worth noting that v} can be taken as zero in the first generation.

A particle’s velocity is a function of three parameters, (1) its velocity in the
previous generation, vi, (2) the location of personal best of that particle, x;,h,
representing the coordinate in which particle i has recorded the smallest value
it could obtain for the objective function after being modified for ¢ generations,
and (3) the location of global best, x; »» being the coordinate of the smallest value
achieved for the objective function by comparing the results of all particles after
t generations. Figure 2 shows the interaction between these three parameters.
Approaching optimum solution: As Steps 2 and 3 are repeated, the algorithm tries
to find the best solutions of each generation and improves them in subsequent
generations. This process eventually converges to the optimum solution provided
that a sufficient number of iterations are conducted. The algorithm should then
terminate creating new generations and bypass performing Steps 2 and 3 by either
setting a total number of generations before the algorithm started generating
solutions, or verifying the convergence at each iteration by comparing the best
solutions of the last two generations with each other (if the difference between
the objective function values corresponding to these two solutions is less than
the specified tolerance it means the algorithm can no longer find a more optimal
solution and it should stop generating new solutions). The drawback associated
with the latter is that the algorithm may get stuck around a local optimum and
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Fig. 2 Particle updating xt
through the adjustment of gb
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terminating the loop, which performs Steps 2 and 3, may not let the randomness
considered in velocity of particles help the algorithm discover new regions in the
domain that may contain more optimal solutions.

3 Model Building

A three-storey model building was used to illustrate the proposed methodology devel-
oped to assess and minimize damage concentration in steel CBFs under seismic
loading. The building selected is an office building located in Vancouver, BC on site
Class C. The building measures 45 m x 45 m in the plan as shown in Fig. 3a. Four
Moderately Ductile (Type MD) concentrically braced frames with chevron bracing
located on the perimeter of the building are considered to resist lateral seismic loads
in each direction of the building. One of the CBFs as shown in Fig. 3b is evaluated
in this study. Columns are continuous along the height and are pinned at their base.

The loading calculation was performed in accordance with 2015 National Building
Code of Canada [39]. The summary of gravity loads, including dead load, live load,
snow load, and exterior wall load, are given in Table 1.

Lateral seismic loads were calculated using the equivalent static force procedure.
The seismic-induced forces in the braces were then used to select brace cross-sections
from ASTM A1085 Hollow Structural Sections (HSSs) following the Canadian steel
design standard CSA S16:19 [5] provisions assuming a demand-to-capacity ratio
of 0.5 or higher, which are considered as candidate braces to be fed into the algo-
rithm as the optimization variables. An effective length factor K = 0.9 taking into
account the effect of end connections was used to obtain the brace factored axial
resistance. Braces with a broad range of demand-to-capacity and slenderness ratios
help thoroughly investigate design alternatives. The candidate brace cross-sections
are presented in Table 2.
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Fig. 3 a Plan view of building; b elevation view of frame

Table 1 Summary of gravity Location Source Load kPa
loads
Roof Dead 1.35
Snow 1.64
Floor Dead 4.6
Live 2.4
Exterior wall Dead 1.5

The column and beams of the CBF are then sized with W-shape sections selected
from ASTM A992 steel with the yield strength of 345 MPa following the capacity
design principles. The CSA S16:19 provision associated with the reduction of the
probable tensile resistance of the tension-acting braces in chevron braced frames
lower than 4 storeys is ignored in this study to isolate the effect of the brace
characteristics on the frame response.

Brace gusset plate connections were designed under probable axial tension and
compression loads of the braces following the recommendations by [11].

4 Numerical Model

A fibre-based model of the frame was developed in the OpenSees programme
[36]. The numerical model of the frame is shown in Fig. 4a. Columns, beams,
and braces were modelled using nonlinear force-based beam-column elements with
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Table 2 Candidate brace cross-sections for three-storey chevron CBF

Storey Brace section Area (mm?) KL/r A Demand/capacity
3 HSS5 x5 x 1/4 2961.28 111.19 1.47 0.73
HSS 5 x 5 x 5/16 3652.80 112.70 1.49 0.61
HSS 5 x 5 x 3/8 4245.15 114.97 1.52 0.54
HSS 4.5 x 4.5 x 1/4 2638.70 124.05 1.64 0.97
HSS 4.5 x 4.5 x 5/16 3219.35 126.32 1.67 0.82
HSS 4.5 x 4.5 x 3/8 3761.28 128.59 1.70 0.72
HSS 4 x4 x 12 4103.22 153.55 2.03 0.89
2 HSS7 x 7 x 3/8 6180.63 79.42 1.05 0.63
HSS7 x7 x 172 7999.98 81.69 1.08 0.50
HSS 6 x 6 x 3/8 5212.89 93.79 1.24 0.91
HSS6 x 6 x 172 6683.86 96.82 1.28 0.74
1 HSS 8 x 8 x 172 9290.30 74.88 0.99 0.56
HSS 7 x 7 x 3/8 6180.63 83.96 1.11 0.96
HSS7 x7 x 12 7999.98 86.23 1.14 0.77
HSS 7 x 7 x 5/8 9612.88 87.74 1.16 0.65

fibre discretization of the cross-section. Beams, columns, and braces were modelled
according to recommendations by [17].

Shear-tab connections connecting beams to columns were modelled as pin-ended
members. Relatively rigid elastic beam-column elements were used to model the
portions of beams, columns, and braces that intersect with each other as shown in
Fig. 4b. To reproduce brace out-of-plane buckling, assumed in design, gusset plate

a) b)

FAY P

Rigid elastic element
- Fibre-based gusset plate element
o Pin connection

Fig. 4 Fibre-based numerical model of the frame: a three-storey CBF; b gusset plate connection
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connections were modelled using a separate nonlinear beam-column element with
fibre discretization of the gusset plate within the theoretical plastic hinge area, DE,
shown in Fig. 4b, i.e. 2t offset where ¢ is the gusset plate thickness.

All members were modelled using the Stee/02 material with properties recom-
mended by [1]. The yield stress for brace cross-sections was set equal to 460 MPa,
while the yield stress of 345 MPa was used for the rest of frame members.

To perform NonLinear Response History Analysis (NLRHA), masses were
lumped at the mid-point and two ends of each beam. A leaning column, not shown
in Fig. 4a, was modelled to account for P-A effects. Viscous damping was created
using Rayleigh damping method consisting of initial stiffness of the frame CBF and
seismic mass; the damping ratio £ was set to 2% of critical damping.

5 CBF Design Optimization

5.1 Proposed Optimization Tool

An optimization tool was developed to improve the seismic response of steel CBFs
by encouraging a uniform distribution of lateral deformations along the frame height.
This tool was established by linking the PSO algorithm with the parametric OpenSees
model of the CBF and incorporating a parametric design script capable of automati-
cally designing beams, columns, and gusset plates. In the DCR minimization process
shown in Fig. 2, the numerical model of CBF design alternatives plays the role of
particles optimized by PSO algorithm, brace cross-sections are the optimization
variables, OpenSees is the function evaluator to obtain objective function values,
i.e. DCR, for each particle, and m is the total number of generations to be assessed
by the optimization tool. Figure 5 details the steps followed by the automated tool
developed to evaluate and minimize the drift distribution in steel CBFs. These steps
are as follows:

1. First generation of frames is created by randomly selecting three brace cross-
sections from the candidate brace list for each frame.

2. Beams and columns are sized using the lightest section available to carry brace
probable tensile and compressive resistances plus gravity loads. This process is
performed by a parametric design script.

3. Once beam, column, and brace sections are determined, gusset plate dimensions
are calculated using the design script. Since the design script is directly imple-
mented in the optimization tool, no penalty function is required for the PSO
algorithm as all generated particles (i.e. braced frames) already belong to the
feasible domain by satisfying all limit states addressed by design provisions.

4. Each frame is then modelled in OpenSees based on the selected beams, columns,
braces, and gusset plates generated by the design script.

5. The NLRHA is performed using the numerical model in OpenSees for each frame
and the respective DCR values are recorded.
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Fig. 5 Optimization workflow

At the end of each generation, the PSO algorithm modifies brace cross-sections
for each frame based on DCR values obtained and creates a new generation.
Steps 2 to 6 are repeated until the termination criteria is met (i.e. number of
generations analysed reaches m).

Last generation represents a potential set of design alternatives owing to the fact
that all its particles have evolved generation by generation and possess relatively
smaller DCR values compared to results obtained in previous generations. xg,
containing brace cross-sections of the frame with best performance (i.e. least
DCR value) among all frames is reported as the optimum design.

5.2 Clustering

In order to further investigate and gain better understanding of the correlation between
drift concentration and key attributes of brace cross-sections selected in the design
stage, frames with desirable seismic performance obtained from the optimization
tool can be classified into different groups based on the properties of their structural
members and their lateral response features. K-means algorithm [31] is utilized to
cluster the frames into k groups. The steps taken by this algorithm to partition the
optimized frames are demonstrated in Fig. 6 and detailed below:

1.

2.

k random points in the domain of clustering problem are selected as centroids of
clusters.

Euclidian distance between each particle (i.e. frame) and all centroids is
measured. Frames will be assigned to the nearest centroid and form a cluster
with it. Centroids remaining with no particles assigned to them are eliminated
and the algorithm attempts to cluster the data into k-n groups, n being the number
of centroids unable to attract any particles to their clusters.
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a) b) C)

M M

Fig. 6 K-means algorithm steps for clustering: a selection of random centroids, b particle
assignment to centroids, ¢ centroid adjustment

3. Eachcentroid’s location is adjusted by moving it to the mean point of the particles
inside the cluster it represents.

4. By repeating Steps 2 and 3, clusters are modified until particles assigned to each
centroid do not change anymore.

Final clusters’ shape is highly sensitive to the initial location of centroids. It is
therefore suggested that this algorithm is performed on optimized frames multiple
times until clusters with least variation between their particles are achieved. Finally,
the closest particle to the centroid in each cluster can be reported as its representative.

6 Conclusions

This paper introduced a new methodology to address damage concentration in three-
storey steel CBFs by implementing a metaheuristic optimization algorithm, namely
the drift concentration ratios under lateral seismic loads are minimized. The proposed
methodology is summarized as follows:

e A design script capable of sizing CBF braces, beams, columns, and gusset plates
was developed and linked to a fully parametric numerical model constructed in
the OpenSees programme.

e The PSO algorithm used in the proposed optimization tool generates numerous
CBFs and modifies them iteratively with the objective of minimizing their DCR
when the frame is subjected to earthquake ground motion accelerations.
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e Candidate frames obtained from the optimization process with the respective least
DCR value are finally grouped into different clusters using the K-means algorithm.

Although the current proposed methodology facilitates the seismic design of steel
CBFs and assists structural designers to select safer structures less prone to concen-
tration of lateral displacements under seismic loading, additional aspects of braced
frame optimization need to be analysed as described below:

¢ The numerical model of shear-tab connections can be improved using elements
with pinching material instead of assuming pin connections between beams
and columns to account for the additional lateral stiffness and flexural strength
provided by these connections towards the frame lateral response.

e Other steel CBF configurations such as Split-X (two-storey X) braced frames,
which offer a more favourable solution when compared to chevron or V-bracing
configuration, owing lesser unbalanced seismic load applied at the storey beam
mid-span.

e Currently the optimization tool only varies brace cross-sections and the influence
of beams and columns on the frame lateral response is evaluated indirectly. The
number of optimization variables can be increased by creating separate optimiza-
tion variables pertaining to beam and column sections to help take advantage of
beam and column selections on controlling drift concentration.

e Other optimization algorithms such as genetic algorithm [15] or jJEDE [6] can
be used to discover most suitable algorithms for structural applications and
achieve the algorithm with higher convergence rate and lesser function evaluation
compared to the one used in this study.

e Multi-objective optimization can be implemented to account for other design
parameters such as total weight of structure and its correlation with lateral
response.

e Unsupervised algorithms capable of partitioning optimization results to different
groups can be used to alleviate the need of determining the number of clusters k
beforehand.
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Influence of Open-Web Steel Joists )
on Stability of Gerber Girders oo

Zamir Datoo, Vahab Esmaeili, Robert Driver, and Ali Imanpour

Abstract In this chapter, the validity of the assumption that open-web steel joists
provide rigid lateral restraints, but negligible torsional restraints, to the main girder
is evaluated. With this end in view, the potential stiffness components at the ends of
joists are quantified through the linear elastic analysis of the 16K5 open-web steel
joist. The estimated joist stiffnesses are used to define the load response of equiva-
lent discrete rotational springs that are then incorporated into a high-fidelity numer-
ical model of the main girder, which considers initial out-of-straightness, residual
stresses, material and geometric non-linearities, and cross-sectional distortions. Non-
linear buckling analyses are then performed to account for the way restraints afforded
by the joists influence the buckling resistance of the main girder. The results reveal
that open-web steel joists tend to have sufficient axial stiffness and strength to restrain
the lateral movement of the main girder at the top-flange level. It can also be concluded
that the current design procedures may be conservative as a result of overlooking the
beneficial effect of torsional restraints due to open-web steel joists.

Keywords Open-web steel joists - Gerber girders - Stability

1 Introduction

Gerber framing, which is a cantilever-suspended-span system, is a popular choice of
structural system for roofs of large single-storey steel buildings in North America,
such as supermarkets, warehouses, and big-box stores. It is a type of cantilever-
suspended-span construction that consists of overhanging girders and drop-in
segments connected between the cantilever tips, as shown in Fig. 1. This system
has many benefits such as lighter girders as compared to framing using simple spans
in each bay, simple and repeatable connections, and reduced deflections due to the
continuity at the column locations [4]. However, the girders are complex to analyse
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accurately, which can make them difficult to design and detail properly and lead to
inconsistent application of design requirements by designers. Moreover, collapses
of this system have brought attention to the fact that there is little guidance provided
to designers by modern steel design standards. One aspect that influences the girder
behaviour is the benefits that the secondary framing members, usually Open-Web
Steel Joists (OWSJs), provide to the overall girder stability. It is generally assumed
that the OWSJs constitute a discrete lateral bracing system at the top flange of the
main girder, an assumption that implicitly neglects any torsional restraint that these
members may provide by means of the flexural stiffness of their top chords and the
semi-rigid connection to the girder flange at the OWSIJ shoe.

Essa and Kennedy [9] concluded that torsional restraints significantly enhance
the stability of the girder. Therefore, analysing the torsional restraint that the OWSJs
provide, as well as correctly applying that restraint to the girder, is very important
in design. Most design procedures currently neglect the effect of torsional restraint
provided by OWSIJs, which may be overly conservative given the stability benefit
they provide to the system.

(a) Configuration (CISC, 1989)

# ]

(b) Applicatn

Fig. 1 Gerber roof framing system
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When OWSIJs are welded to the top flange of a girder, the top flange is restrained
with respect to twist at these points. Essa and Kennedy [9] proposed a representation
of the effective continuous torsional restraint delivered to the bottom flange of the
girder, which can be in compression over much of the span, through its web using a
spring model with an equivalent stiffness, K,:

S S (1)
K. K., K; K, K,

where K,, represents the bending stiffness of the web; and K ¢ is the effective torsional
stiffness of the girder flange. The influence of these terms can readily be incorporated
directly into a finite-element model of the Gerber girder. K}, is the distribution of
the in-plane bending stiffness of the OWSJs along the girder; K ;, is the moment—
rotation stiffness of the joist-to-girder connection. Milner [10] suggests that K ; be
equal to infinity for welded connections, although this neglects any deformation of
the connection materials.

The importance of Eq. (1) is illustrated by considering a restrained girder under
uniform negative moment, M with lateral braces at the top flange along its length, L,
at a spacing s, as shown in Fig. 2. The critical elastic moment under these conditions
is [8]:

m. =G, 2n*n?EC, | K.L?
T d dL? n?n?d

2

The first term in Eq. (2) is associated with the Saint-Venant torsional resistance
of the cross-section, the second term represents the effect of warping, and the third
term is focused on the torsional restraints coming from the OWSJs. This shows
the role that these torsional restraints play in increasing the moment capacity of a
girder. Therefore, if the K, term is equal to zero, it means that the torsional restraints
provided by the bracing system are not being relied upon to stabilize the compression
flange and increase the moment capacity of the girder.

M ! - . . 1 M
PaN Pay
i L |
l |
Incomplete torsional g g
e Rigid lateral restraint

Fig. 2 Cantilevered system under uniform negative moment [8]
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Avci and Murray [2] investigated the effects of the addition of a bottom chord
extension on the flexural stiffness of OWSJs. Using analytical and experimental
studies, they found that the flexural stiffness of the OWSJ increased significantly
when a bottom chord extension was installed. Therefore, a bottom chord extension
can both increase the torsional restraint and provide full lateral restraint at the bottom
flange of the girder.

Previous research has shown that the bracing conditions provided by the OWSJs
are important for the overall stability of the Gerber system, as they may affect the
stability of the main girder. This chapter, therefore, aims to investigate the validity of
the current design procedures, which assume that the OWSJs provide lateral bracing
at the top flange and negligible torsional restraint. In order to do this, the stiffness
components at OWSJ ends are quantified through a linear elastic analysis. These
stiffnesses are then included as a pair of springs in the finite-element model of the
main girder. The influence of the OWSJ restraints is then assessed through non-linear
buckling analyses of the main girder with and without the torsional restraints. Finally,
the extent to which the inelastic domain needs to be considered in characterizing the
brace behaviour in future work is evaluated.

2 Numerical Simulation of OWSJ

In order to investigate the properties of the OWSJs, the two-dimensional (2D) finite-
element model of an OWSJ was constructed in the S-Frame program [11]. The
purpose of this model is to determine the lateral and flexural stiffnesses of different
OWSIJs under a variety of loading conditions. These stiffnesses can then be incorpo-
rated as a pair of springs into the finite-element model of the girder to examine its
effect on the entire system. A translational spring is used to represent flexible lateral
restraints and a rotational spring to represent flexible torsional restraints. As a means
of indirect validation of the model behaviour, a numerical model of the 16K5 OWSJ
specimen tested by [3] was developed. This OWSJ is shown in Fig. 3.

Web Members

Web Member Bottom Choed (Tension) Steel R@Els 19/32" Diam. cL
End-Tension Member /"Steel Rod 11/16" Diam 0T 54015 AT
Steel Rod 0.757 Diam. == r A B 1
B AN / A N /A \ &
W 9 V4 ) W/ 406 mm
g } /4 N, \ ) (16-inch)
bzt i AN X . B, i
S\ “._Top Chord (Compression)
Plywood Board Web Mefbers T b aes
483 12.7 mm (0.5-in) . i 5%x1.5%%0.155° cl
k. mm | : Steel Rods 11/16° Diam. 5 spaces @ 635 mm (25-inch) 4
16K5 Joist

Fig. 3 16K5 OWSJ used for model validation [3]
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2.1 Member Types, Releases, and Support Conditions

In order to create an accurate model, it is important to correctly define the member
types that make up the OWSJ. In a typical OWSJ, the role of the diagonal web
members is to resist shear. Since they do so mainly through axial force and not
moment, the web members were initially defined as truss members in the software.
In contrast, the continuous top and bottom chords of the OWSJ are designed to carry
the bending moment from the loads applied to the top chord, in addition to axial
force that develops to resist bending of the overall member. The induced axial force
in the top chord is typically compression arising from the uniformly-distributed loads,
whilst the bottom chord experiences tensile forces. To account for both axial force
and moment, the top and bottom chords were defined as beam elements. Another
important modelling assumption is the member releases to ensure the OWSJ transfers
the load as would be expected. Pin-pin connections were utilized between the web
members and chords to ensure no transfer of moment. Although this is the initial
definition of the members, a variety of cases were analysed to observe differences
when the definitions of these members were altered. The global support conditions
of the OWSIJ have been modelled as a simple pin-roller system.

2.2 Member Sizes and Definition

The web members of the OWSJ consist of circular steel rods, whereas the chords are
steel double angles, as shown in Fig. 3. For the web members, the software allows
the use of circular sections. For the 16K5 OWSJ, the slenderness ratios of the web
members increase towards the middle of the span, as can be seen by the decreasing
diameters identified in Fig. 3. For the top and bottom chords, the double angles were
simulated using equivalent tee sections.

2.3 Material Properties

The first phase of the assessment of the OWSJ behaviour considers only the linear
elastic domain, and the elastic modulus of steel was input as 200 GPa and Poisson’s
ratio was 0.3. All of the sections that make up the OWSJ were considered to meet
the requirements of CSA G40.21 Grade 345WM [5] and ASTM A992 [1] steel.
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3 Model Validation

The 16K5 OWSJ model is validated by comparing its load response to test results
reported by [3]. They conducted experimental tests on OWSJs and compared them
to an assumed elastic—perfectly plastic resistance function used for the design of
OWSIJs. The purpose of this test was to examine the failure mechanisms of OWSJs
under static loading conditions. The key assumptions of the 16K5 S-Frame model
are verified in the linear elastic range by comparing the load response to the elastic
component of the elastic—perfectly plastic resistance function. In order to calculate
the elastic stiffness under a uniformly-distributed load, the following relationships
were utilized [13]:

_ 3B4El,
513

3)

I; = 2.6953w0w L* 107> mm* 4)

where K is the elastic flexural stiffness of the OWS]J (total force, uniformly applied,
per unit of mid-span deflection); E is the elastic modulus of the OWSJ steel; I; is the
OWSJ moment of inertia; L is the span length, taken as the “design length” [12]; and
Wallow 18 the allowable uniformly-distributed load to meet the mid-span deflection
limit of 1/360 times the span length. The OWS]J allowable load as obtained from
the SJI data (2015) is used in Eq. (4) to find the moment of inertia of the OWSJ.
The elastic flexural stiffness value is then obtained using Eq. (3). Finally, the elastic
flexural stiffness, K, is reduced by 15% to account for shear deformation [12] and
divided by the span to determine the slope of the distributed load—displacement curve
in the linear elastic region, which is found to be 181 N/mm/m for a 16K5 OWSJ.

To validate the S-Frame model in the linear elastic range, the stiffness of the 16K5
OWSIJ model was found. This was done by applying a uniformly-distributed load
along the top chord of the OWSJ and observing the deflection at mid-span. Since a
normalized value was considered here using a linear elastic analysis, the exact value
of the distributed load was not important. Therefore, a linear elastic analysis was
run with a 100 kN/m uniformly-distributed load, as shown in Fig. 4. The vertical
mid-span deflection was then considered to compute the flexural stiffness value. The
deflection diagram is shown in Fig. 5.

To obtain the stiffness value, the uniformly-distributed load was divided by the
vertical mid-span deflection as shown in Eq. (5):

vvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvvv

Fig. 4 S-frame loading for model validation
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Fig. 5 Deflection under 100 kN/m uniformly-distributed load

W 100 N/mm

§=—=—"——
A, 0.546m

= 183 N/mm/m )

where S is the slope of the distributed load—displacement curve in the linear elastic
region; w is the uniformly-distributed load; and A, is the vertical mid-span deflection.
The value of 183 N/mm/m from the model is about 1% different from the value
obtained using Egs. (3) and (4). This provides confidence that the model is responding
accurately in the linear elastic range.

4 Stiffnesses of OWSJs as Applied to Main Girder

4.1 Axial Stiffness of OWSJ

The axial stiffness of the OWSJs indicates the degree of lateral restraint provided to
the Gerber girder. This is extremely important, as it indicates the level of translational
bracing at the girder top flange. If this restraint is effectively infinite, it means that
the girder is unable to move laterally at the locations of the OWSJs. By adding a
bottom chord extension, restraint can be applied to the bottom flange of the girder.
The OWSIJs are typically bolted or field-welded to the girders in the Gerber roof
framing system [4]. In order to determine this lateral stiffness, the finite-element
model of the Gerber girder [6] was utilized. From this analysis, the maximum force
experienced by any of the bracing members when assumed infinitely stiff was applied
to the OWSIJ model at the roller, as shown in Fig. 6.

From the linear elastic analysis, the horizontal deflection of the OWSJ was
determined, as shown in Fig. 7.

7 -

s Y
o Y

Fig. 6 Axial loading of OWSJ
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14004

Fig. 7 Horizontal deflection of 16K5 OWSJ under axial load

Under this loading, the OWSJ deflected 1.4 mm at the roller support. Dividing
the axial force by the deflection, a lateral stiffness value is obtained:

K P _ 22N s (6)
= — = = . mm
LT = A 7 1.4mm

where Kiar is the lateral stiffness; P is the axial load; and A, is the horizontal
deflection. Such a large value of K ar suggests that the initial assumption of rigid
lateral restraints is valid, but further analysis of the girders with braces modelled
with this numerically-derived stiffness may reveal that the brace forces increase
marginally from the original value used. It is important to note that the stiffness of
the roof diaphragm is neglected in the analysis, so it is likely that the girder deflection
will be smaller.

4.2 Flexural Stiffness of OWSJ

To establish the torsional restraint provided to the top flange of the girder, a linear
elastic analysis is run in order to find the flexural stiffness of the OWSJ. Three cases
were analysed to determine the most suitable modelling approach. The first case
consisted of the web members represented as truss members and the top and bottom
chords being beam members, as shown in Fig. 8. In addition, the truss members were
pin-connected between webs and chords, whilst the chords were rigidly connected
at the panel points. The effect of these conditions was such that the web members
could not carry any moment.

In the second case, shown in Fig. 9, the translational and rotational Degrees-
of-Freedom (DOFs) of the end diagonals, simulated using beam elements, were

Member Types

Inactive
Beam
Truss

Fig. 8 Restraint case 1
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Fig. 10 Restraint case 3

restrained to the top chord, whilst the other web elements were unchanged. This
allowed the end diagonals to resist moment, whilst the rest of the web members still
were pinned.

Finally, the third case consisted of all members defined as beam elements and
being restrained in all DOFs to each other, as shown in Fig. 10. This allowed the
consideration of a rigidly-connected OWSJ where any element was able to develop
moment.

In order to develop a flexural stiffness value, opposing unit moments were applied
at the two ends of the OWSJ, as shown in Fig. 11. The end rotation of the OWSJ was
then obtained at the same points for all of the cases.

Furthermore, the three cases shown in Figs. 8,9 and 10 were analysed by assuming
the moment acted at one end of the OWSJ only, as shown in Fig. 12. This produced
six cases in total.

By dividing the end moment by the rotation, a flexural stiffness value of the
OWSJ is obtained. This process is shown in Eq. (7) for Case 1 with moment applied
at both ends. The moment diagram for this scenario is shown in Fig. 13, and the
corresponding deformation diagram is shown in Fig. 14.

The flexural stiffness at the end of the OWSJ, Kg gx, iS:

Fig. 11 End moments applied at both ends

Fig. 12 End moments applied at one end
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Fig. 13 Moment diagram for case 1 under moments at both ends

Fig. 14 Deformations for case 1 with moment at both ends
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Table 1 Summary of results for flexural stiffness, Kp gx (kN m/rad) of 16KS OWSJ

Moment applied at both ends

Moment applied at one end

Case 1 Case 2 Case 3 Case 1 Case 2 Case 3
96 100 102 98 103 104
K M_ _1Nm o6 N mirad 7)
== —— = ra
X T T 0.01041ad

where M is the moment at the support; and 6 is the corresponding rotation. The
same process was used for the other cases, and the summary of the results is shown
in Table 1.

The values of rotational stiffness varied by less than 7% across all cases consid-
ered. For this reason, the value of 100 kN-m/rad was considered to be sufficiently
accurate, as it is close to the average of all results. This value was represented in
the finite-element model through the use of flexible torsional springs, as discussed
in Sect. 5.

5 Numerical Simulation of Main Girder

A total of 216 single-overhanging girders using 24 standard steel W-shapes, repre-
senting the most common cross-sections utilized in Gerber construction, were consid-
ered covering a broad range of geometric properties. All cross-sections, which
conform to both CSA G40.21 Grade 345WM [5] and ASTM A992 [1], are either
Class 1 or 2 so that the plastic moment represents the upper bound flexural capacity. In
order to numerically simulate the main girder, a finite-element model [6] capable of
considering material and geometric non-linearities, initial geometric imperfections,
and residual stresses were employed. An elastic—perfectly plastic stress—strain curve
was considered for the material with a yield stress of 345 MPa. Details of the selected
girders are described by [7]. With regard to the joist-to-girder connection, the top
flange of the girder was assumed to be full laterally restrained, whereas the torsional
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Table 2 Statistical indices . . .

B . . Normalized maximum | Normalized
associated with normalized @ . al
maximum effects in OWSJ at momen max1{’num axa
.. . . force
joist-to-girder connections of
cases with torsional restraints ~ Maximum 3.67 0.16

Minimum 0.12 0.00
Mean 1.20 0.06
Coefficient of 65% 67%
Variation (CoV)

2 With respect to the yield moment of the OWSJ
b With respect to the yield axial force of the OWSJ

restraint was simulated as a linear rotational spring with a stiffness of 100 kN-m/rad
for half of the cases and the torsional restraint is neglected for the other half.

The results obtained from the numerical simulations of the main girder reveal
that, amongst 216 girders, 139 cases undergo inelastic lateral-torsional buckling and
the other 77 cases reach their fully-plastic flexural capacity. Table 2 presents the
statistical indices associated with the normalized maximum effects in the OWSIJ at
the joist-to-girder connections of the cases with torsional restraints. The moments
are normalized by the yield moment of the OWSJ chord, 1.0 kN-m, and the axial
forces are normalized by the yield axial force, 198 kN. Furthermore, the finite-
element results show that the maximum moment resisted by the OWSJs exceeds the
yield moment of the top chord in 51 cases out of the 108 with torsional restraints,
indicating that elastic rotational springs may not provide a good representation of
the restraint afforded to the girders in all cases. Nevertheless, there is evidence of
a tangible benefit to accounting for the rotational stiffness at the OWSJ ends, and
further study is warranted. Table 3 summarizes the results associated with the 57
cases in which the maximum moments developed by the torsional restraints do not
exceed the yield moment of the OWSIJ top chord, along with the same girders without
torsional restraints.

Table 3 Effect of torsional restraints on the nominal moment resistance of overhanging girders

w/o torsional restraints | w/ torsional restraints®

Number of cases of inelastic lateral-torsional |33 25
buckling

Number of cases where girder becomes fully |24 32
plastic.

0.46 0.55

( Nominal Moment Resistance )
Plastic Moment of Section /mean

4 For cases in which the maximum moments developed by the rotational spring torsional restraints
do not exceed the yield moment of the top chord
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6 Conclusions and Future Work

OWSIJs play an important role in the stability response of the Gerber system. They
can benefit the girder by making them less vulnerable to lateral-torsional buckling.
This chapter focuses on the lateral and flexural stiffness components of the OWSJs
and how they can be used to examine the stability of the main girder.

Through the linear elastic analysis of the OWSJ and the inclusion of the stiffness
values in the finite-element model, the following conclusions are drawn:

e OWSIJs appear to provide full lateral restraint to the girder at the top flange owing
to their relatively high axial stiffness.

e Current design procedures for Gerber girders may be overly conservative by
neglecting the torsional restraint provided by the flexural stiffness of OWSJs.

The S-Frame model has been validated only in the linear elastic range, but the
results from the finite-element model of the girder indicate that—in some cases—the
loads experienced by the 16KS OWSJ will result in flexural yielding. Therefore, the
next step is to investigate the non-linear behaviour of the OWSJs. Once this has been
completed, the final output from the S-Frame model will be a bi-linear moment—
rotation curve characterizing the flexural stiffnesses in both the elastic and inelastic
regions. The backbone curve of the OWSJ will then be implemented in the finite-
element model of the Gerber girders using non-linear rotational and translational
springs and be used to evaluate the non-linear buckling response of Gerber system.
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Bora Pulatsu, Semih Gonen, Paulo B. Lourenco, and Kagan Tuncay

Abstract In the last several decades, computational modeling of unreinforced
masonry buildings has been a subject of interest in the field of structural and conser-
vation engineering. Different computational modeling techniques are being used by
researchers and practitioners at various levels of complexity. However, most studies
only focus on a single method, and they fail to compare different approaches. In this
context, the present study aims to discuss both practice-oriented simplified macro-
block analysis and advanced computational models based on the discrete element
method (DEM). They are utilized to predict the structural behavior of a pier—span-
drel system subjected to lateral forces. Moreover, the variability of the structural
behavior and capacity of the system is explored by explicitly addressing uncertainties
in the material properties. Probabilistic analyses considering the spatial variation of
the material parameters are carried out using Monte Carlo simulations. The results
show that considering spatial and non-spatial material properties in the advanced
model improves our understanding of their effect on structural behavior and capacity.
Specifically, two input parameters, joint tensile strength and friction angle, revealed
a considerable effect on the load-carrying capacity of the pier—spandrel system. The
results also indicate advantageous features of different approaches.
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1 Introduction

Accurate estimation of the structural performance of historic buildings plays a crucial
role in achieving sustainable conservation plans and preventing unexpected and
dangerous collapses. In this regard, both simplified and advanced computational
tools become important in seismic and damage assessments by providing valuable
information about the capacity and behavior of historic buildings. However, devel-
oping a systematic approach to capture the collapse mechanism of masonry structures
is challenging due to the complexity of the problem and inherited uncertainties in
the material properties.

Masonry structures can be built with various construction techniques and mate-
rials. Typically, clay bricks, stone, or adobe blocks are used as masonry units, and
cement or lime-based mortar is utilized as a binding material. The macro-behavior
of masonry constructions is directly influenced by its constituents (e.g., unit, mortar,
and unit—mortar interface) and the construction quality [3]. Hence, it is essential to
have a good understanding of its construction technique (workmanship), geomet-
rical features of structural elements (e.g., walls, arches, domes), and material char-
acteristics to provide accurate estimations about the structural behavior of masonry
buildings. It is expected that different unit and mortar combinations (such as weak
brick—strong joint or strong brick—weak joint) alter the damage progression and
crack pattern in masonry constructions, as noted in early studies [27, 30]; hence, it
influences the deformability and capacity of the overall structure [21, 26, 29]. In this
regard, computational models addressing these factors can provide valuable insights
in predicting the structural performance and determining the influence of proposed
interventions plans. As witnessed in the recent and past earthquakes, lack of knowl-
edge in the mechanics of masonry structures and erroneous interventions may cause
severe detrimental effects and failures in masonry buildings [1, 2].

This research aims to simulate the structural behavior of an unreinforced masonry
pier—spandrel system, which typically exists in many residential and historic build-
ings, by considering the effect of vertical stress and uncertainties in the material prop-
erties. Strong brick—weak joint combination is assumed throughout the analyses,
representing the general case for heritage structures. First, computational models
are validated by comparing to recent experimental findings presented by Howlader
etal. [7]. Then, probabilistic analyses are performed, considering the spatial and non-
spatial variation in the material properties of the structure. Furthermore, predefined
rigid macro-blocks, depicted from DEM-based simulations, are utilized to apply
upper-bound kinematic limit analysis. The results and computational procedures are
discussed in the following sections.
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2 Computational Procedure: Discrete Element Method

The advanced structural analysis of masonry constructions can be grouped as
continuum- and discontinuum-based approaches. In the former strategy (also referred
to as the macro-modeling approach), the composite masonry is represented as a
homogenous continuum, where no distinction is made about the constituents of
masonry (e.g., see [4, 20, 24, 32]). On the contrary, the latter replicates the discon-
tinuous nature of masonry explicitly in the numerical formulation to obtain failures
at the joints acting as weak planes in the structure. In this regard, the employed
modeling strategy, so-called discrete element method (DEM)), falls into the category
of discontinuum-based analysis, where the masonry units are described as distinct
rigid blocks (expanded up to the half-thickness of the mortar joints), and the influence
of mortar joints is considered via zero-thickness interfaces as illustrated in Fig. 1.
Hence, the brickwork assemblage is simulated using the group of rigid blocks that
interact along their boundaries, using the adopted point contact hypotheses (Fig. 1).

Briefly, DEM relies on integrating the equations of translational and rotational
motion for each rigid block center of mass, written in Eqs. 1 and 2, respectively. The
new translational (z2'") and rotational (o'™) velocities are obtained via the central
difference method, in which the block velocities are evaluated at the mid-intervals
of the time step (At, tT =t + At/2,t~ =t — At/2). The quasi-static solutions are
obtained adopting Cundall’s local damping formulation, proportional to the unbal-
anced force (X F) for translation motion and unbalanced moment (X M) for rotational
motion and controlled by a non-dimensional factor (\, the default value is 0.8). Note
that the unbalanced force includes the sum of the contact forces, self-weight, and
applied forces, whereas the unbalanced moment consists of the sum of moments
produced by contact and applied forces [5].

it =al + E(EF,-’ — M F/[sgn(ii7)) W
m
At -
of " =+ = (TM] — 2| M{[sen(w]")) .

Point contact

/le,
mortar = A %"n

| T =,

unit-mortar interface

Fig. 1 Representation of brickwork assemblage in DEM and point contact model (illustrated in
2D)
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Fig. 2 Contact constitutive laws in tension, compression, and shear

where m, I, and sgn(-) are block mass, the moment of inertia, and sign function
(sgn(y) = 1, if y > 0; else sgn(y) = —1). Then the new velocities are utilized
to update the position of each rigid block centroid (hence the block vertices) after
computing the displacement and rotation increments (Au; = i}" At, A6; = o} At,
respectively). The new block positions are further employed to compute associated
contact forces, which are the function of relative block displacements [12, 17]. It is
important to note that only the initial configuration of the contact points is utilized;
therefore, no new contact pairs are detected during the analysis. As shown in Fig. 1,
force transfer at the point contacts is controlled by the orthogonal springs, working
in the normal and shear directions. Through this research, fracture-energy-based
contact constitutive laws are utilized that are implemented to better capture the unit-
mortar-interface (bond) behavior in post-peak regime in tension, shear, and macro-
behavior of masonry in compression (readers are referred to the reference studies for
further details [28, 31]). The elastic response at the contact points is governed by the
normal (k,) and shear (ky) stiffnesses, whereas nonlinear behavior is described by
the tension (f;) and compression ( f.) strength in the normal direction, cohesion (¢)
and friction angle (¢) in the shear directions. Bi-linear contact stress—displacement
behaviors are adopted in tension, compression and shear regimes based on the defined
fracture energies (G}, Glfl ,and G, , respectively), as illustrated in Fig. 2. Therefore,
fundamental failure modes of brickwork assemblages are captured at the contact
points via the adopted contact stress—displacement laws.

The computed contact stresses are multiplied with the associated contact area
to get forces, later employed in the equations of motions as explained earlier. The
outlined explicit dynamic solution procedure is executed through the pseudo-time
domain by satisfying the critical time step criteria (Af < Afqiical) to oObtain stable
solutions simulating collective mechanics of discrete rigid blocks [11]. All compu-
tational models are solved using a commercial three-dimensional discrete element
code, 3DEC, developed by ITASCA. The adopted contact models are written in C++
and compiled as dynamic link library (DLL) into 3DEC. In the next section, a valida-
tion of the proposed modeling strategy is presented using the most recent test results
for the in-plane behavior of an unreinforced pier—spandrel system.
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3 Validation of Macro-Block and DEM-Based Solutions

A benchmark study presented by [14] is utilized to validate the proposed
discontinuum-based modeling strategy and the simplified macro-block analysis.
In addition, the results of deterministic discrete element models are discussed and
compared with simplified macro-block solutions.

3.1 Pier-Spandrel Test—[14]

The benchmark study was performed by [14] to better understand the in-plane
response of perforated unreinforced masonry walls under different vertical loads.
The designed test setup consists of two piers and an arch spandrel constructed as
double wythe thick masonry (thickness of 0.23 m). The height of the structure is
2.4 m, and the spanning distance is 0.97 m between two piers. For a detailed descrip-
tion of the specimen geometry, readers are referred to the reference study [14]. Low-
strength solid bricks with a lime-rich cement-lime mortar mix were used during the
construction.

Two different vertical precompression levels (0.2 and 0.5 MPa) were applied to the
piers before imposing lateral displacements to the loading beams, as demonstrated
in Fig. 3. The piers equally shared the vertical loads and kept constant during the test
(see Fig. 3).

Fig. 3 Illustration of the test V
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3.2 Discrete Element Modeling: Deterministic Analysis

In the DEM-based model, identical geometrical properties are used to generate rigid
blocks representing the pier-spandrel system and loading beams. The contact prop-
erties are defined based on the experimental findings reported in the benchmark
study and well-known empirical formulations given in the literature (if applicable).
The elastic modulus of masonry (consisting of low-strength bricks and lime-based
mortar) is predicted based on the mean compression strength of masonry prism, given
as 7 MPaby [14], using the empirical relationship of Enasonry & 225 f, which usually
varies between the lower bound of 200 f.. and upper bound of 350 f.. [33, 34]. Then, the
estimated elastic modulus is employed to compute contact stiffness, k, = Emasonry/ 1,
where & indicates the vertical joint spacing (0.086 m). Bond tensile strength, cohe-
sion and joint friction angle are directly taken from the experimental results [14]. The
related fracture energies are estimated based on the suggested ductility index values
and empirical relations available in the literature [19, 25]. The contact properties are
given in Table 1.

The nonlinear quasi-static analyses are performed, imposing lateral displacement
to the loading beam once the static equilibrium is reached under the vertical pressure
and self-weight. The sum of shear forces between the support block and the piers is
recorded during the analyses. The obtained force—displacement curves and associated
crack patterns, both for 0.2 and 0.5 MPa vertical pressures, are presented in Fig. 4.
An excellent agreement is observed between the numerical and experimental force—
displacement curves. As shown in Fig. 4a, b, the results undoubtedly exhibit the
positive impact of the vertical pressure on the lateral resistance of the pier—spandrel
system. The deformation starts as a pier rocking, followed by diagonal cracks at
the spandrel. It is noted that high vertical pressure (0.5 MPa) yields more cracks on
the arch spandrel than low vertical pressure (0.2 MPa), which can be observed in
Fig. 4c, d. However, both vertical pressures yield similar behavior in terms of global
mechanisms.

Notwithstanding, the force—displacement behaviors and corresponding failure
mechanisms are obtained through quasi-static analysis in discrete element models,
while cyclic loads were applied in testing. Therefore, the difference in the loading
conditions may yield variations in the crack pattern, as shown in Fig. 4d, where
damaged piers are not obtained in the numerical models. Overall, a good agreement
is found between discontinuum-based analysis and experiment.

Table 1 Contact properties defined in discrete element model
ky, ks (GPa/m) | f; (MPa) | f. (MPa) |c, ¢ (°) G’,. (N/m) Gf/ (N/m) | G, (N/m)
18, 0.4 ks 0.1 7 1.5 £;,36.5 |0.03 f; 85 1.6 f.
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Fig. 4 DEM versus experiment—comparisons of the force—displacement behavior and damage
state at the ultimate displacement (red color indicates cracks (openings and/or sliding) at the joints
in DEM)

3.3 Simplified Macro-Block Analysis

In this section, failure mechanisms, obtained from the discrete element model, are
employed to generate rigid macro-blocks, considering Heyman’s material model for
masonry, which assumes no tensile strength, no sliding failure, and infinite compres-
sion capacity [13]. Once the macro-blocks are depicted from discrete element models,
the lateral load multiplier (1) is computed through the use of the virtual work prin-
ciple. The workflow is illustrated in Fig. 5. De Luca et al. [6] presented a similar
workflow considering a continuum setting based on the finite element analysis and
post-processing the stress field to position the plastic hinges. Alternatively, the present
study interprets the explicit joint failures (in other words, cracks) to locate plastic
hinges and associated crack paths developing within the discontinuous medium.

The results obtained from DEM-mediated macro-blocks align with the experi-
mental findings and discrete element models, as shown in Fig. 6. However, it is
also noted that macro-block solutions may provide lower capacity, as obtained for
0.2 MPa vertical pressure since it considers no rotational restriction at the top of the
pier—spandrel system. This simplification may not be completely satisfied in testing
and can be addressed in discrete element modeling because both loading beams
sitting on top of the piers are connected.
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Discrete Element E> DEM-mediated I:> Macro-Block Analysis
Model Macro Blocks

Fig. 5 Discontinuum-based workflow to define macro-block mechanism
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Fig. 6 Comparison of the experimental findings and DEM-based solutions with macro-block
analysis (left: vertical pressure 0.2 MPa; right: vertical pressure 0.5 MPa)

4 Spatial and Non-spatial Probabilistic Analysis

Masonry properties are probabilistic due to the inherent variability in its constituents
and uneven material degradation [9]. Further uncertainties also appear in the numer-
ical modeling when considering the loading, boundary conditions, and geometry of
the analyzed structure. The research community has recognized this phenomenon,
and probabilistic assessment of masonry structures has recently been employed for
various structural typologies [7, 8, 10, 15, 22, 23]. While such studies showed the
importance of probabilistic modeling in predicting structural performance, they also
demonstrated a further need for quantifying the uncertainties included in the anal-
ysis. Therefore, this study considers the variability of the mechanical properties in
a pier—spandrel system to investigate the effect of these uncertainties on structural
behavior and capacity.
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4.1 Data Preparation

Two types of parameters (random and dependent) are considered in the probabilistic
analyses, in which joint tensile strength (f; ;), joint friction angle (¢;), masonry
compressive strength ( f..), and elasticity modulus (E) are taken as random variables.
Note that the mean values and the coefficient of variations (CoV) of the assigned
distributions are determined in agreement with the benchmark study, given in Table
2. On the other hand, the dependent parameters are fully correlated with the random
variables, and their mean and CoV are the multiples of the random variables. For
example, the cohesion is computed following relationship ¢; = 1.5 f; ; while the
fracture energies are calculated using simple formulations given in Table 2. A normal
distribution is defined for all parameters except the joint tensile strength, which has
a lognormal distribution following the pertinent literature [18, 23].

The statistical distributions and their parameters defined previously are used to
derive the sample values for Monte Carlo simulations (MCS). Sampling of the param-
eter values is done using the Latin Hypercube Sampling (LHS) method [35]. During
sampling, 70% correlation is defined between the elastic modulus and compressive
strength of masonry, according to a recent study [16]. For the non-spatial anal-
yses, where uniform material properties are considered throughout the structure, 150
samples of each parameter are generated. In other words, one value for each modeling
parameter is generated in each realization of the Monte Carlo simulations, and that
value is assigned to all the joints. In the spatial analyses, each one of the 948 joints
in the analyzed structure is assigned a different value in each of the 150 Monte Carlo
simulations. Therefore, the modeling parameters change throughout the structure in
a single MCS. The sufficient number of MCS is determined by tracking the variation
of the mean value of the maximum lateral force (F ). As shown in Fig. 7, Fpax
stabilizes after 70 simulations.

Table 2 Variables, their

. R Random Probability Mean Coefficient of
associated distributions, and . . .
variable distribution () variation (CoV)
parameters
fi (MPa) Lognormal 0.10 0.30
¢ (degrees) Normal 36.5 0.15
fe (MPa) Normal 7.0 0.07
E (GPa) Normal 1.5 0.10
Dependent Relationship
variable
c L5f,;
Gri 0.03 f;,;
Gc 1.6 f.
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Fig. 7 Variation of the
average maximum lateral
force against the total
number of simulations
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4.2 Results

The results of the stochastic analyses are presented in the form of lateral force—
displacement curves in Figs. 8 and 9 and summarized in Table 3. Note that Figs. 8 and
9 reveal both spatial and non-spatial analyses when the vertical pressure is 0.2 MPa
and 0.5 MPa, respectively. In both figures, it is evident that the variability of the results
decreases in the spatial analysis, leading to more consistent behavior. Ironically, the
results show more variability when the modeling properties are uniformly distributed
throughout the structure.

Furthermore, another salient feature of the graphs is the increase in the lateral
load capacity of the pier—spandrel system with the increasing vertical pressure.
Specifically, for the analyzed structure, increasing the vertical pressure from 0.2
to 0.5 MPa almost doubles the capacity. It can also be stated that the variability of

0 10 20 30 40 50 0 10 20 30 40 50
Displacement (mm) Displacement (mm)

Fig. 8 Force—displacement curves obtained from spatial (left) and non-spatial (right) probabilistic
analyses under 0.2 MPa vertical pressure
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Fig. 9 Force—displacement curves obtained from spatial (left) and non-spatial (right) probabilistic
analyses under 0.5 MPa vertical pressure

Table 3 Summary of the stochastic analyses in terms of the lateral force capacity

Non-spatial Spatial

Fmax (kN) Fmax (kN)
Vertical pressure (MPa) Mean CoV Mean CoV
0.2 40.32 0.084 39.93 0.027
0.5 74.97 0.028 74.20 0.014

the results decreases for both spatial and non-spatial analyses as the vertical pres-
sure increases. Finally, it should be noted that in both cases, the results yield similar
failure mechanisms to those shown in Fig. 4.

The correlation between the modeling parameters and the lateral force capacity of
the pier—spandrel system is also investigated. The Pearson product-moment corre-
lation coefficient, oy, ,, which quantifies a linear statistical correlation between two
random variables (x, y) is used. This correlation coefficient ranges between 0 and 1,
indicating zero and full correlation, respectively. Figure 10 indicates the change in
the lateral force capacity of the structure with respect to the change in the joint tensile
strength and friction angle for different vertical pressures. While a linear relationship
between the force capacity and joint tensile strength is found in Fig. 10a, it is not
possible to infer such a relationship for the joint friction angle. Indeed, the correla-
tion coefficients between the change in the lateral force capacity and the joint tensile
strength and friction angle are p = 0.90 and p = 0.30, respectively. Moreover,
as can be interpreted from Fig. 10b, the correlation coefficient for the joint tensile
strength decreases to 0.49 (p = 0.49) while it increases to 0.76 (p = 0.76) for the
joint friction angle. These outcomes are not only peculiar observations, but they also
comply with the physics of the structural system, where the shear behavior becomes
more dominant as the vertical pressure increases on the piers. As for the compres-
sive strength and elasticity modulus of the masonry, no significant linear correlation
between these parameters and the change in the lateral capacity is observed.

Another interesting observation is the limits of the change in the lateral capacity
of the system, which is & 20% when the vertical pressure is 0.2 MPa and £ 10%
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Fig. 10 Change in the mean value of the masonry parameters versus the change in the lateral force
capacity for a vertical stress = 0.2 MPa and b vertical stress = 0.5 MPa

when the vertical pressure is 0.5 MPa. This also confirms the previous observations
presented in Table 3.

5 Conclusions

This research investigates the in-plane behavior of a pier—spandrel system using
the discrete element method. A DEM-mediated simplified macro-block solution is
suggested to predict the lateral load-carrying capacity. Additionally, validated discon-
tinuum models are utilized to better understand the effect of the material properties on
the behavior and lateral load-carrying capacity of the structure. Specific conclusions
are drawn as follows.

1. Theresults suggest that discontinuum-based analysis of strong brick—weak joint
masonry assemblages can be accurately captured via the proposed approach,
which can also be utilized as a tool to predefine the macro-block mechanisms.

2. In unreinforced pier-spandrel systems, the damage mechanisms vary consider-
ably depending on the vertical pressure, in which a more spread crack pattern is
observed for higher vertical pressures. Moreover, it is observed that the lateral
load capacity increased by 90% when the vertical pressure is raised from 0.2 to
0.5 MPa.

3. Spatial and non-spatial stochastic analyses yielded similar results in terms of the
average maximum load; however, the spatial stochastic analysis resulted in less
variation in the lateral load capacity of the system.

4. TItis demonstrated that for higher vertical stresses, the shear behavior dominates
the response of the pier-spandrel system. This phenomenon is observed and
quantified using the correlation coefficients between the change in the mean
value of joint friction angle and tensile strength and the lateral force capacity of
the system.
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This research also shows that DEM-mediated macro-block solutions provide
close predictions with computational models and experimental findings, indi-
cating that they can be considered alternative preliminary solutions in practice
over computationally demanding numerical tools.
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Procedures for Overhanging Steel L
Girders

Vahab Esmaeili, Ali Imanpour, and Robert G. Driver

Abstract In the design of roof structures for large single-storey buildings, it is
common practice to extend the primary girders of alternate bays beyond the columns
to support the girders in the other bays, the span of which is adjusted to balance the
moment distribution along the girder line. This structural system, typically with open-
web steel joists constituting the secondary members, is commonly known as Gerber
construction. Despite the common use of the Gerber system, concerns have arisen
about how designers evaluate the stability of overhanging girders, as contemporary
steel design standards remain mostly silent on how to take into account the inter-
action between the back span and the cantilever. The main objective of this paper
is to provide new insights into the stability response and design of overhanging
girders. Commonly used design procedures for overhanging girders used to assess
the limit state of lateral-torsional buckling are first discussed. A finite-element model
capable of considering material and geometric nonlinearities, residual stresses, initial
out-of-straightness, and cross-sectional distortions is then utilised to obtain the buck-
ling resistances of a practical range of overhanging girders. It is assumed that the
back span is under top-flange loading, and open-web steel joists provide only lateral
restraints to the main girder. Three different restraint conditions are considered at
the cantilever tip: free, lateral restraint at the top flange, and lateral restraint at both
the top and bottom flanges. Finally, the results are compared to the predictions of
available design procedures. The results suggest that the current methods may lead
to overly conservative or unconservative predictions, as they either overlook the role
of interaction between the back span and the cantilever or miscalculate the beneficial
effect of top-flange bracing on the stability of the back span under reverse-curvature
bending.
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1 Introduction

Cantilever-suspended-span construction, with overhanging girders considered to
be the main components, is a popular roof framing scheme for large single-
storey buildings in North America. The beauty of this system is that it enjoys
more balanced moment distributions than its conventional counterpart with simply
supported girders, thereby reducing the peak positive moments by allowing negative
moments to develop at the column locations. In addition, simpler connections and
ease of erection are among the comparative merits of such a structural system [2].
Nevertheless, a lack of consensus on the appropriate means of stability design of
overhanging girders, considering the interaction between their individual segments,
has consistently been a matter of concern among structural designers. There have
also remained many unanswered questions on the way overhanging girders benefit
from the restraints provided by the secondary members such as open-web steel joists
(OWSIJs).

In an effort to develop a design method for overhanging girders, [11] proposed the
notional effective length concept, in which the back span and the cantilever segment
are of the same length. The cantilever tip is assumed to be laterally restrained at the
shear-centre level, whereas the back span is free of loads and restraints between the
supports. The proposed method neglects to account for the effect of the back span
bay dimension on the stability of the overhanging girder. In order to address this
issue, [10] recommended considering the length of the back span as the minimum
allowable effective length of the cantilever. However, the concept of effective length
was adopted by the Structural Stability Research Council (SSRC) guide [8] without
implementing the above-mentioned limitation.

An interaction method was proposed by [13] so as to obtain the elastic buckling
resistance of a double-overhanging girder with equal cantilevers. It was assumed
that the girder was unable to move laterally at the two supports. With regard to
the loading condition at the cantilever tips, top-flange and shear-centre loadings
were investigated. In this method, the buckling resistances of the back span and the
cantilever are first estimated separately. The back span is assumed to be under a
free-to-warp condition at the two ends, whereas the cantilever is considered built-in
at the support. Eventually, the overall capacity of the double-overhanging girder is
obtained considering the interaction between the adjacent segments. For the cases
with top-flange loading at the tip, this method tends to overestimate the buckling
resistance of the system [7].

Another interaction method was proposed by [7] in order to calculate the critical
elastic moment of overhanging girders when the cantilever segment is more critical
than the back span. It was assumed that no restraints were provided to the back
span between the column locations. Additionally, both top-flange and shear-centre
loadings were considered at the cantilever tip. In this method, the critical elastic
moments associated with the individual segments under a free-to-warp condition at
the supports are calculated. Interaction equations were provided for the cases with
two different restraint conditions at the cantilever tip: free and laterally restrained
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at the top-flange level. For the case where the cantilever tip is laterally restrained at
both the top- and bottom- flange levels, the design procedures presented in the SSRC
guide [8] or by [12] can be utilised. Furthermore, the overall buckling resistance of
the overhanging girder can be taken as the buckling resistance of the back span if the
back span is more critical [13].

The stability response of girders with reverse-curvature bending was investigated
by [14] with the aim of finding the actual unbraced length of the girder with top-
flange bracing under negative bending moments. It was recommended that the point
of contraflexure could not generally be considered a braced point. Several lateral—
torsional buckling (LTB) modification factors were also proposed to account for
special cases of girders with reverse-curvature bending, including cases free between
the supports and those with continuous bracing of the top flange. Furthermore, girders
restrained at one flange were scrutinised, focusing on lateral and torsional bracings
and composite construction.

Esmaeili et al. [6] further investigated the effect of top-flange bracing on the
stability of girders with reverse-curvature bending, which are representative of the
back span bay of a typical overhanging girder. The elastic buckling resistances
associated with the back spans of 19,200 different single-overhanging girders with
top-flange bracing under free-to-warp conditions were obtained through the finite-
element method and compared to the predictions of prevailing design methods.
The current LTB modification factors were found to be excessively either conser-
vative or unconservative. An artificial intelligence (Al)-based model was also
proposed for predicting the elastic buckling resistance of the back span of a typical
single-overhanging girder with top-flange bracing under free-to-warp conditions.

From the presented literature review, it can be deduced that crucial questions have
yet to be addressed in regard to the way current design methods account for the inter-
action buckling of overhanging girders and the actual effect of restraints afforded by
secondary members. This paper is aimed at the performance assessment of commonly
used design procedures for overhanging girders. To achieve this, a practical range of
single-overhanging girders is first numerically simulated and analysed considering
material and geometric nonlinearities as well as initial imperfections. The back span
is assumed to be under top-flange loading, and only lateral restraints are considered
to be provided to the girder by OWSJs. Also, three distinct restraint conditions are
considered at the cantilever tip: free, lateral restraint at the top flange, and lateral
restraint at both the top and bottom flanges. Finally, the results are compared to the
predictions by current design procedures.

2 Scope of Numerical Simulations

Figure 1 depicts the configuration of a typical single-overhanging girder, along with
its bending moment diagram, and presents the relevant load and geometric variables.
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Fig. 1 Typical single-overhanging girder (symbol red circle represents point of lateral support)

In Fig. 1,

P, refers to the point loads on the back span arising from the end reactions of
OWSls;

P represents the point load at the cantilever tip;

L, denotes the length of the back span;

L. is the length of the cantilever;

s represents the joist spacing;

n equals the number of point loads on the back span plus 1;

M_ . is the local maximum bending moment along the back span;

M signifies the (negative) bending moment at the fulcrum;

«' is defined as the ratio between M’ and Mr, including sign.

A total of 1699 single-overhanging girders using 24 standard steel W-shapes,

representing the most common cross-sections utilised in Gerber construction, are
considered. The selected sections conform to CSA G40.21 Grade 345WM [4], which
is aligned with ASTM A992 [1]. The W-shapes considered, along with the class of
each [5], are presented in Table 1.

Herein lies the main modelling features:

Lateral deflections and twisting are prevented at support locations (fork supports).
Warping deformation is allowed at support locations.

Torsional restraints afforded to the girder by OWSJs are neglected.

Restraints afforded and loads delivered to the girder by OWSJs are defined as
follows:

— For the back span, loads and lateral restraints are applied at the top-flange level.
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Table 1 W-shapes considered and classes of cross-sectional elements

Cross section | Class Cross section | Class Cross section | Class
Flange | Web Flange | Web Flange | Web

W410 x 39 |2 2 W530 x 82 |2 1 W690 x 152 |1 1
W410 x 60 1 1 W530 x 138 |1 1 W760 x 134 |2 2
W410 x 85 1 1 W610 x 92 1 1 W760 x 147 |1 1
W460 x 52 1 1 W610 x 125 |1 1 W760 x 161 |1 1
W460 x 60 1 1 W610 x 155 |2 1 W840 x 176 |1 1
W460 x 97 1 1 W610 x 241 |1 1 W840 x 193 |1 1
W460 x 144 |1 1 W690 x 125 |1 1 W920 x 201 |1 1
W530 x 66 1 1 W690 x 140 |1 1 W920 x 223 |1 1

— Three different restraint conditions are considered at the cantilever tip: (1)
free, (2) lateral restraint at the top flange—as shown in Fig. 1—and (3) lateral
restraint at both top and bottom flanges.

— For restraint condition (1), the point load at the cantilever tip comes from the
adjacent drop-in segment and is applied at the shear-centre level.

— Forrestraint conditions (2) and (3), the point load at the cantilever tip comprises
both joist and drop-in segment reactions and is conservatively applied at the
top-flange level.

Considering the above-mentioned criteria, Table 2 summarises all the possible
loading and restraint conditions (LRCs) considered, and Fig. 2 depicts the three
configurations.

To illuminate the inclusiveness and practicality of the set of girders considered,
the statistical indices associated with the contributing variables are reported in Table.
Figures 3 and 4 demonstrate the relative frequency distribution for the length of back
span and joist spacing, along with their mean values and coefficients of variation.

In Table 3,

L % signifies the flange slenderness ratio, where b is the overall width of the flange
and r denotes its thickness;
% is indicative of the web slenderness, where / denotes the clear depth of the web

and w is its thickness;

Table 2 Loading and

restraint conditions (LRCs) Cantilever tip

Restraint condition Loading condition
LRC 1 Condition (2) Top flange
LRC2 Condition (1) Shear centre
LRC3 Condition (3) Top flange
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Fig. 3 Relative frequency distribution for length of back span, L,

% represents the ratio of the strong- and weak-axis geometric stiffnesses of the
g)irder;

% is the overall cross-sectional aspect ratio of the girder, where d is the depth of
the section and b is the width of the flange;

X = le EGCJW is principally a torsional parameter reflective of the ratio between

the warping and St. Venant torsional stiffnesses;
% is the ratio between the length of the back span and the overall depth of the

section;
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Table 3 Statistical indices associated with the contributing variables
Ly(m) |som) | B | & | |§ |x |32
Maximum 18.0 2.00 |85 |604 [452 |34 |1.1 |22 |347
Minimum 8.0 1.60 |45 |315 |87 |17 |04 |15 |119
Mean 12.4 1.78 6.8 |49.7 |27.1 |2.7 |0.7 |19 |240
Coefficient of variation (CoV) (%) | 23 6 16 |18 33 15 |18 |10 |21

[ % is the ratio between the length of the back span and the radius of gyration of
Y
the section about its weak axis.

It is important that a broad variety of load patterns be considered in the evaluation
of the existing design procedures. To establish a criterion for measuring this factor,
a typical roof framing under a schematic load pattern is considered—as shown in

Fig. 5.

Fig. 5 Typical roof framing under a schematic load pattern

q
| 1111
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Fig. 6 Residual stress Ot
pattern proposed by
Galambos and Ketter [9]
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In Fig. 5, g, refers to the intensity of the uniformly distributed load on the back
span bay; g represents the uniformly distributed load on the adjacent bay; and «” is
defined as the ratio between g; and g. To ensure that the dataset includes the most
commonly used load patterns, the following range is considered for «”:

«” = {2.00, 1.60, 1.30, 1.00, 0.77, 0.63, 0.50} (1)

For the purpose of numerical simulation, the finite-element model developed by [6]—
which is capable of considering material and geometric nonlinearities and imperfec-
tions—is adopted. An elastic—perfectly plastic stress—strain curve is considered for
the material with an elastic modulus and a yield stress of 200 GPa and 345 MPa,
respectively. Moreover, a parabolic sweep with the maximum out-of-straightness of
L;/1000 along the back span is used to introduce initial geometric imperfections
into the numerical model. In order for the residual stresses to be incorporated, the
pattern proposed by Galambos and Ketter [9]—as shown in Fig. 6—is employed.
In Fig. 6,

® o. = 0.3F, represents the maximum compressive stress at the flange tips, where

F, signifies the specified minimum yield stress of steel;

* o, = m% is the maximum tensile stress throughout the web and at the
flange-web intersection.

To distinguish between various types of instability, the maximum internal bending
moment, the maximum compressive stress, and deformations throughout the girder
are monitored during analysis. Therefore, if no local instabilities are captured, three
different scenarios are possible:

e The girder becomes unstable as a result of plastic hinge formation as soon as the
maximum internal bending moment reaches the plastic moment of the section,

M,
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e The instability of the girder is classified as inelastic buckling if the compression
flange is partly yielded at the buckling stage.

e The instability of the girder is classified as elastic buckling if the compression
flange is not yielded at the buckling stage.

3 Existing Design Methods

For the design of overhanging girders, it is standard practice to first obtain the buck-
ling resistances of their individual segments, i.e. the back span and the cantilever
segment, separately. Afterwards, the buckling resistance of the entire system is
calculated either considering or neglecting the interaction between the individual
segments.

3.1 Back Span

The back span of overhanging girders typically experiences both positive and negative
bending moments. Considering the different bracing conditions at the top and bottom
flanges along the back span, its adequacy under these two moments needs to be
evaluated in different ways.

3.1.1 Under Maximum Positive Moment

The capacity of the back span under the maximum positive moment can be checked
based on the procedure CSA S16-19 (2019) proposes for the bending capacity of
laterally unsupported members. To do this, the critical elastic moment of the back
span at the point of maximum positive moment is calculated as:

o)

+ s rE 2
M, === ELGI+ (=) I,C. ©)

Crp

where E and G are the elastic modulus and shear modulus of steel, respectively; 1y
is the moment of inertia about the weak axis of the cross section; J and C,, represent
the St. Venant torsional constant and warping torsional constant, respectively; s is the
joist spacing representing the unbraced length as the top flange is under compression;
and w; is a coefficient to account for various moment gradients along the unbraced
segment and is calculated using the following equation:

4Mm21x
wy =
M2+ AM2 T 4 AM?

<25 3)




232 V. Esmaeili et al.

InEq. (3), M,, M}, and M, are the absolute values of moments at the quarter point,
centreline, and three-quarter point of the unbraced segment, respectively; Mpax 1S
the absolute value of the maximum moment in the unbraced segment.

3.1.2 Under Maximum Negative Moment

The capacity of the back span under the maximum negative moment can be evaluated
in two different ways. The first approach is to use the same procedure as for the back
span under the maximum positive moment, considering the full length of the back
span as the unbraced length. Therefore, the critical elastic moment of the back span
at the point of maximum negative moment is calculated as:

_ Wy TE\?
Mcrbz— EI,GJ + L_b 1,C, 4)

L,

where L, is the length of the back span. The reason that L, is considered to be the
unbraced length is that the bottom flange is partly under compression, but no lateral
restraints are provided to the bottom flange between the two supports. Additionally,
the point of contraflexure—where the bending moment is zero—could not generally
be considered a point of lateral support.

The second approach is to replace w, with an LTB modification factor proposed
by [14], which is calculated as:

_ 2(Mi\ _ 8  Mcr
Cb‘YH_3'O_3(M0) 3|:(M0+M1):| ©)

in which M, is the (negative) moment at the end of the back span that gives the
largest compressive stress in the bottom flange; M| is the moment at the other end
of the back span; Mcr is the moment at the centreline of the back span, including
sign; and (M, + M) is taken equal to M, if M is positive and causes tension on
the bottom flange.

3.2 Cantilever

In order to check the adequacy of the cantilever segment, the notional effective
length—as defined by [10]—is utilised. In this approach, the critical elastic moment
of the cantilever segment—under its actual loading and restraint conditions—is
assumed to be equal to that of a notional simply supported girder of identical
section under uniform moment. Thus, the critical elastic moment of the cantilever is
calculated as:
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M, = lercr+ (FEN 1o ©)
e kL ’ kL.) "

c c

where L. signifies the length of the cantilever; k is referred to as effective length factor
and is determined based on the loading and restraint conditions of the cantilever, as
presented in Table 4.

A different set of effective length factors was proposed by the Canadian Institute
of Steel Construction [2] as specified in Table 5.

Table 4 Effective length Restraint conditi Loadi dition at ti

factors, k, proposed by [10] estraint condition oading condition at tip
Top flange Others
2.5 1.0
2.5 0.9
1.2 0.7

Table 5 Effective length o a .

factors, k, proposed by the Condition Restraints k

CISC [2] 1.5-2.5

1.0-1.5

0.8-1.0

4 Lateral restraint is provided to bottom flange at the root of
cantilever by OWSJ bottom chord extension
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3.3 Interaction Method

For an overhanging girder, due to the interaction between its adjacent segments
during buckling, the less critically loaded segment restrains the more critically loaded
one [7]. When the back span is more critical, the overall buckling resistance of the
overhanging girder can be taken as the buckling resistance of the back span alone
[13]. However, when the cantilever is more critical and its tip is either free or laterally
restrained at the top-flange level only, the critical elastic moment of the overhanging
girder at the point of maximum negative moment is determined as [7]:

M, = My + F; (M;b - M.,) (7)

where

® M, refers to the critical elastic moment of the back span at the point of maximum
negative moment and can be calculated based on Eq. (4) through either w, (Eq. 3)
or Cp_vu (Eq. 5);

e M., denotes the critical elastic moment of the cantilever at the point of maximum
negative moment and is calculated as specified in Table 6;

e F; isreferred to as interaction factor and is calculated as specified in Table 7.

For the case where lateral restraints are provided to both the top and bottom flanges
at the cantilever tip, the following steps need to be taken [12]:

e The critical elastic moment of the cantilever is calculated as:

1.757 TE\?
M., = 3 ELL,GJ + 7 1,Cy ()

e The stiffness of the back span, the restraining segment, is defined as:

Table 6 Ceritical elastic

moment of cantilever Loading condition Mer,
segment, M, [7] Top flange 1.5%
Shear centre Li EI,GJ
c
Table 7 Interaction factors, . . .
Restraint condition Interaction factor (Fy)

Fy, proposed by [7]

2
L L
Z —0.08+0.18L—’: —0.009(L—f_>

0.064 4 0.162%2 — 0.009( £2 ’
— L L
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3E], M,
oy = S [ Q—— 9)
L;, M ‘;b
e The stiffness of the cantilever, the critical segment, is computed as:
3E1
a. = - (10)
L.
o The stiffness ratio for the root of the cantilever is calculated as:
o
GRoot = (1 1)
o

e Assuming infinity as the stiffness ratio for the cantilever tip, Grp, implying it
is free to rotate about the weak axis and warp, the effective length factor for
interaction method—+k;—is determined from Fig. 7.

e Using the following equation, the critical elastic moment of the overhanging girder
at the point of maximum negative moment is obtained:

Fig. 7 Nomograph for OOLE P ©
effective length factors of 50.075 |' > E‘ 50.0
columns in continuous 100 T:' d 4 3 10.0
frames with sidesway 5.0 — — 5.0
revented [3] 4.0 g & — 4.0
P 3.0— 0.9 — 3.0
2.0 — 4 — 2.0
-1 0.8

1.0— — 1.0

0.9 — — 09

0.8 — T — 0.8

0.7 — — 7

0.6— J iy — 0.6

0.5— — 0.5

0.4 —-] L— 0.4

0.3— — 0,3

- -
T 06
0.2 — — 0.2
01— T — 0.1
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1757 TE \?
M = ELGT + (¢ 1,C,, (12)

3.4 Ultimate Capacity

Having the critical elastic moments of the individual segments, the following steps
are taken to finalise the design:

e M, the critical elastic moment of the overhanging girder at the point of maximum
positive moment, is set to M:;b (Eq. 2).

e For methods considering the interaction between the back span and the cantilever,
M —the critical elastic moment of the overhanging girder at the point of
maximum negative moment—is obtained from Eqs. (7) or (12) based on the
restraint condition at the cantilever tip.

e For methods neglecting the interaction between the back span and the cantilever,
M, is taken as the lesser of M, and M.

e M, the nominal capacity of the overhanging girder at the point of maximum
positive moment, is determined as [5]:

M=

n

(13)

M M} <0.67M,
L1sM, |1 - S5 | < M, Mg > 0.67M,

e M, ", the nominal capacity of the overhanging girder at the point of maximum
negative moment, is calculated as [5]:

M M; <0.67M,
M; = (14)

LISM,[1 = S5 ] < M, Mg > 0.67M,

cr

e M,, the overall nominal capacity of the overhanging girder, is then computed as:

M; M s e
M, = {M_ "~ ||’;|| (15)
'l My

It is noteworthy that M, is nominally the maximum moment the overhanging
girder can resist at the location of maximum negative moment, that is, the fulcrum.
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4 Performance Assessment of Existing Design Procedures

Based on the design methods utilised for checking the adequacy of the individual
segments of the overhanging girder and the decision as to whether or not the interac-
tion between the individual segments is to be taken into account, the designer could
adopt any of the design procedures presented in Table 8.

In order to evaluate the performance of the above-mentioned design procedures,
for each girder from the 1,699 cases previously defined for the numerical simula-
tion, the nominal capacity—taken at the fulcrum—is obtained from a finite-element
analysis (FEA) and introduced as M,,_gga. The nominal capacity of each case is also
calculated based on the six design procedures specified in Table 8. Afterwards, the
performance of each design procedure is evaluated for each of the LRCs of single-
overhanging girders through the information summarised in Tables 9 and 10. In Table
9, the mean normalised moments for each of the LRCs of single-overhanging girders
obtained from the FEAs are presented. Additionally, the mean ratio between the
nominal capacities obtained from the FEAs and those calculated using each of the
six design procedures specified in Table 8 is reported in Table 10—along with the
associated coefficient of variation—for each type of instability separately.

From Tables 9 and 10, the following observations emerge:

e Under LRC 1,

— afew girders (4.4%) buckle elastically;
— the mean value of W is equal to 0.80—representing a quite inclusive
range of girders that undergo inelastic buckling;

Table 8 Existing design procedures for overhanging girders

Procedure Mg, Mg, My, or Mg

1 S16/S16/IM S16-19 (2019) S16-19 (2019) Interaction method
2 S16/YH/IM S16-19 (2019) [14] Interaction method
3 S16/S16/KN S$16-19 (2019) S16-19 (2019) [10]

4 S16/S16/CISC S$16-19 (2019) S16-19 (2019) CISC [2]

5 S16/YH/KN S16-19 (2019) [14] [10]

6 S16/YH/CISC S16-19 (2019) [14] CISC [2]

Table 9 Mean normalised

moments for different LRCs ( M’}JIFEA ) ( |« ’|1>’1Wu—FEA > (M)meana
based on FEAs 7/ mean 4 mean

LRC 1 | 0.49 0.73 0.80

LRC2 | 0.61 0.85 0.94

LRC3 |0.66 0.88 0.98

* Mmax—rEA = max(M,_pea, |«'|Mu—rea)
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Table 10 FEA/design ratios for existing design procedures

V. Esmaeili et al.

LRC 1

Instability type Elastic Inelastic Plastic

Number of cases 25 427 115

Procedure Mean CoV (%) Mean CoV (%) Mean CoV (%)

1 S16/S16/ 1.52 26 1.86 26 1.24 23
M

2 S16/YH/IM | 0.83 11 0.82 17 1.00 0
S16/S16/ 1.26 33 1.70 28 1.19 22
KN

4 S16/S16/ 1.26 33 1.70 28 1.19 22
CISC

5 S16/YH/ 0.81 15 0.82 19 1.00 0
KN

6 S16/YH/ 0.64 8 0.79 21 1.00 0
CISC

LRC 2

Instability type Elastic Inelastic Plastic

Number of cases 9 353 204

Procedure Mean CoV (%) Mean CoV (%) Mean CoV (%)

1 S16/S16/ 1.88 23 2.29 35 1.46 37
™M

2 S16/YH/IM | 1.01 5 0.98 4 1.01 3
S16/S16/ 1.88 23 2.29 35 1.46 37
KN

4 S16/S16/ 1.88 23 2.29 35 1.46 37
CISC

5 S16/YH/ 1.01 5 0.98 4 1.01 3
KN

6 S16/YH/ 1.02 4 0.98 5 1.01 3
CISC

LRC3

Instability type Elastic Inelastic Plastic

Number of cases 0 301 265

Procedure Mean CoV Mean CoV (%) Mean CoV (%)

1 S16/S16/IM | - - 2.48 43 1.76 45

2 S16/YH/IM | — - 1.05 14 1.04 7

3 S16/S16/ - - 2.48 43 1.76 45
KN

4 S16/S16/ - - 2.48 43 1.76 45
CISC

5 S16/YH/KN | — - 1.05 14 1.04 7

(continued)
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Table 10 (continued)

LRC3

Instability type Elastic Inelastic Plastic

Number of cases 0 301 265

Procedure Mean CoV Mean CoV (%) Mean CoV (%)

6 S16/YH/ - - 1.05 14 1.04 7

CISC

the accuracy of the considered design procedures mostly depends on the
method used for the calculation of Mc’rb;

the procedures using the S16 method to calculate M, tend to be overly
conservative;

in the procedures using the S16 method to calculate M, without considering
the interaction between the back span and the cantilever, M, can never affect
the ultimate capacity of the overhanging girder owing to the conservatism of
the S16 method;

the procedures using Cj,_yn to calculate M tend to be unconservative—yet
practically accurate for the cases reaching their fully plastic capacity;
considering the interaction between the back span and the cantilever could
make the design procedure even more conservative when the S16 method is
employed to calculate M ;

using the CISC’s effective length factors rather than Kirby and Nethercot’s
to calculate M., could make the design procedure even more unconservative
when Cj,_vyg is utilised to calculate Mc_rb‘

Under LRC 2,

only a very few girders (1.6%) experience elastic buckling;

the mean value of M"%:FEA is quite close to 1.0—which means, for the
cases going under inelastic buckling, very large portions of the most critical
compression flanges yielded;

the accuracy of the design procedures solely depends on the method used for
the calculation of Mc’rb;

the procedures using the S16 method to calculate M, tend to be overly
conservative—i.e. more conservative than those under LRC 1;

the procedures using Cp,_vyy to calculate M, are sometimes unconservative—
yet quite accurate.

e Under LRC 3,

none of the girders undergoes elastic buckling;

the mean value of W is practically equal to 1.0—which means even the
cases experiencing inelastic buckling tend to verge on plastic hinge formation;
the accuracy of the design procedures solely depends on the method used for
the calculation of Mc’rb;
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the procedures using the S16 method to calculate M, tend to be overly
conservative—i.e. more conservative than those under LRC 2;
the procedures using Cp_yp to calculate M, are mostly unconservative—yet
quite accurate.

5 Summary and Conclusions

A set of 1699 single-overhanging girders was analytically investigated considering
material and geometric nonlinearities, residual stresses, initial geometric imperfec-
tions, and cross-sectional distortions. As a result of open-web steel joists, the concen-
trated loads and lateral restraints were applied at the top-flange level—at discrete
locations along the back span. Three different restraint conditions were considered
at the cantilever tip: free, lateral restraint at the top flange, and lateral restraint at both
the top and bottom flanges. The results reveal that existing design procedures may
lead to overly conservative or unconservative predictions, as a result of neglecting the
interaction between the back span and the cantilever or miscalculating the effect of
top-flange bracing on the stability of the back span under reverse-curvature bending.
Furthermore, the level of conservatism could differ significantly for different loading
and restraint conditions at the cantilever tip, as well as different potential types of
instability. It can also be concluded that the method used for calculating the critical
elastic moment of the back span at the point of maximum negative moment could
dramatically affect the accuracy of the design procedure.
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Seismic Behaviour of Steel Wide-Flange m
Columns in Ductile Moment-Resisting L
Frames Considering Base Plate

Flexibility

Omid Moammer, Ali Imanpour, and Robert Tremblay

Abstract This paper aims to examine the seismic behaviour of steel wide-flange
columns in steel ductile moment-resisting frames considering the deformations of
the base plate and anchor rods. A prototype MRF is first designed in accordance with
the Canadian steel design standard (CSA S16-19) seismic provisions. A continuum
finite element model of the interior first-storey column isolated from the prototype
frame is then developed together with the base footing and connection. The flexibility
of the adjoining beams at the top end of the column is also considered in the numerical
model. The capability of the model components in reproducing the cyclic response of
the wide-flange column and its base conditions are then calibrated against available
experimental test data. Special attention is placed on the cyclic response of the anchor
rods and base plate. The seismic response of the columns of the prototype frame is
finally examined using the corroborating finite element model under realistic seismic
demands obtained from the two-dimensional concentrated plasticity-based numerical
model of the frame subjected to representative earthquake ground motions. The
results from the finite element analyses confirm that base flexibility can influence the
inelastic cyclic response and the stability of first-storey MRF columns. Furthermore,
the proposed numerical modelling technique can be used in future studies to properly
simulate the inelastic seismic response of the column base plate, anchor rods, and
footing for the purpose of MRF response evaluation.
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1 Introduction

Steel moment-resisting frames (MRFs) are used commonly as a lateral load-resisting
system of multi-storey buildings in high-seismic areas. MRFs, in particular those
part of low- and mid-rise buildings, are made of wide-flange beams and columns.
In Canadian design practice, the MRF column base connections include embedded
and exposed connections. Embedded base connections are ideally considered to
be fixed and are suitable for mid-rise and high-rise buildings with relatively large
columns. Exposed column base connections act as a suitable and economical solution
for low- and mid-rise buildings in which bending moments at the column bases
are relatively lower. Greater rotational flexibility is expected in exposed column
base connections compared to their embedded counterpart, which suggests that they
cannot be considered as fully restrained in analysis and design [30]. Past experimental
studies and post-earthquake observations confirmed that column base connections
can influence the seismic performance of MRF columns and, in turn, the system [2,
4,9, 13, 15, 28, 33, 34]. Furthermore, analytical studies performed on MRF base
connections showed that base flexibility can affect the plastic mechanism of the
structure, affecting ductility, strength, seismic demand, and stability [22, 36].
Exposed column base connections have been the subject of extensive research
in the past. References [9, 15, 33] studied experimentally the seismic response of
exposed base connections under axial load and strong axis bending. The observed
failure modes included plate yielding, anchor rod yielding, weld fracture, and
crushing of grout. Lee et al. [24] investigated the influence of weak axis bending
on the base connection response using numerical simulations and showed that ratio
between the strength of the column, base plate, anchor rods, and grout controls
the response of the connection. Lee et al. [25] tested four specimens under cyclic
loading history and reported cracks at the column flange tips after 1% drift, which
had unnoticeable influence on strength degradation, even up to 5% drift. Choi et al.
[7] studied the effect of biaxial bending on the seismic behaviour of column base
connections using six square hollow structural section (HSS) specimens. The results
confirmed the occurrence of pinching behaviour owing to anchor rod yielding when
thick base plate was used, and due to base plate yielding in the case of thin base plate.
Bajer et al. [3] studied experimentally and numerically four base connections under
biaxial and uniaxial bending conditions in the presence of a constant axial compres-
sion load. The observed failure modes for the specimens under biaxial bending and
axial load involved anchor rod rupture at around 10% drift. Seco et al. [31] inves-
tigated experimentally the effect of the base plate thickness and axis of bending on
the performance of column base connections and reported anchor rod and base plate
yielding as the observed failure modes. A total of 32 column base specimens were
tested under biaxial bending and axial compression to provide insight into the effect
of the base plate thickness, anchor rod diameter, and axial force level on the failure
modes as well as strength and stiffness of exposed base column connections [8]. Pan
etal. [30] studied six specimens with four internal anchor bolts representing a pinned
base column connection under strong and weak axis bending and showed that under
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strong axis bending punching shear failure of the column flanges and anchor rods
governed the behaviour, whereas anchor rod pullout dominated the response in the
specimens under weak axis bending.

Extensive research effort has been put in the past decade to study the cyclic
response of wide-flange steel columns located in the first storey of MRFs with base
plastic hinging [12, 35]. In these test programs, the flexibility of the base connection
was ignored, although some of these specimens were tested taking into account
the flexibility provided by the storey beam [11, 12, 35]. It was shown in other test
programs that the flexibility of the column base connection can affect the column
failure mode and the amplitude of column axial shortening, which in turn affects the
column seismic stability [ 10, 20]. The evaluation of the seismic response of embedded
base connections showed that they possess limited inherent flexibility although cracks
were observed in concrete base. The evaluation of the interaction between steel
wide-flange MRF columns and their embedded base connections showed that base
flexibility can lead to a more satisfactory seismic response by delaying the formation
of plastic hinges at the column bases [18-20].

Although the nonlinear response and stability of wide-flange steel columns under
seismic load effects have been investigated extensively in the past, the influence of the
deformations occurring in column base connections including the base plate, anchor
rods, and concrete footing were typically ignored in the past studies. This poses a
question about the influence of column base condition on the seismic performance
and stability of such columns, which has not been well comprehended yet. This paper
aims at examining the nonlinear response of the steel wide-flange columns including
the base connection under seismic-induced demands. Once the corroborated finite
element model of the column isolated from a five-storey steel MRF is developed
including its base connection, footing, and the flexibility of storey beams, the history
of the axial load, rotation and displacement demands obtained from a nonlinear
response time history analysis of the frame under a representative earthquake ground
motion acceleration are imposed to the column FE model. The results obtained from
the analysis of the column with base connections are then compared to those featuring
an identical column, but with fixed base and flexible top end condition to characterize
the effect of column base connection on the seismic response of MRFs with exposed
base plates.

2 Description of Experimental Database

In this study, the experimental program performed by Gomez et al. [15] who examined
the seismic performance of exposed column base connections under axial compres-
sion and flexure was selected to develop and verify the numerical model of the wide-
flange column with the base connection. The experimental test setup is presented
in Fig. 1. This test program involved testing seven large-scale column base connec-
tions with W8 x 48 columns with flange width-to-thickness ratio of 5.92 and web
width-to-thickness ratio of 21.25, welded to the centre of the base plate with partial
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Fig. 1 Experimental test setup by Gomez et al. [15]

joint penetration welds plus reinforcing fillet welds. The base plates measured 355
x 355 mm and three different thicknesses were studied: 25.4, 38.1, and 50.8 mm,
The anchor rods were ASTM F1554 Gr. 36 or Gr. 105 with a diameter of 20 mm.
The depth of the grout pad and concrete footing were 50.8 and 609.6 mm, respec-
tively, in all the tests. The column height was 2.35 m measured from the upper
side of the base plate, which approximately represents 2/3 of the height of a typical
first-storey column in steel MRFs. The column was oriented such that the applied
lateral displacement imposed strong axis bending. The top end of the column was
braced out of plane, and the maximum lateral displacement reached 246 mm, which
corresponded to 10.6% storey drift ratio.

In the current study, Test 1 and 2 specimens, which were geometrically identical,
were selected. Test 1 specimen was loaded monotically subjected to a maximum drift
ratio of 10.6%, while a linearly stepwise-incrementing cyclic displacement protocol
following the SAC loading protocol [23] was used for the second specimen. No axial
load was applied to the specimens. In Test 1, the response remained elastic up to a
storey drift of 1% drift, followed by yielding of the plate, as revealed by flaking of
the paint on the plate, and anchor rod yielding. Damage to the grout initiated at a
drift ratio of 3%, leading to a drop in the flexural strength of the connection at 8%
drift ratio. The weld connecting the corner of the column flange to the base plate
fractured at a drift ratio of approximately 4%. The response in Test 2 was dominated
by pinching due to the gap produced by yielding and cumulated permanent elongation
of the anchor rods under cyclic loading. Damage in grout initiated at 2% drift ratio,
leading to extensive crushing due to compressive action of base plate on grout at the
end of the experiment. The anchor rods and the base plate yielded at drift ratios of 1
and 3%, respectively. The test stopped after the rupture of one the anchor rods at a
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drift ratio of 7%, which led to a 56% drop in the flexural strength of the connection. It
is worth mentioning that no fracture in the column to base plate welds was reported
in this test. Refer to Gomez et al. [15] for additional details about the experiments.

3 Seismic-Induced Demands in Steel MRF's

3.1 MREF Design

A five-storey office building located on a Class C site (firm ground) in Vancouver,
British Columbia (Seismic Category 4) was selected in this study. The plan view
and elevation of the selected building are shown Fig. 2. The live and dead loads of
typical floors are 4.6 kPa and 2.4 kPa, respectively, and the dead load and snow load
at the roof level are 3.4 kPa and 1.64 kPa, respectively. The weight of the exterior
walls was set equal to 0.6 kPa. The seismic loading was performed in accordance
with the provisions of the upcoming 2020 National Building Code (NBC) of Canada
[29] using the modal response spectrum analysis method. The importance factor is
Ir = 1.0 and the higher mode factor M, = 1.0. The lateral load-resisting system
of the building consists of ductile MRFs in the long direction and ductile buckling-
restrained braced frames (BRBFs) in the short direction (Fig. 2). One of the two
MRFs was designed for this study. The ductility-related and overstrength-related
force modification factors of the ductile MRF are R; = 5.0 and R, = 1.5. The period
of the first mode of vibration of the MRF is 2.1 s. The seismic weight of the structure
is 18883 kN which led to a total lateral seismic load of 951 kN for strength design
and 632 kN for the lateral deflection check.

The MRF was designed in accordance with the seismic provisions of the Canadian
steel design standard S16-19 [5]. The beams and columns are made of ASTM A992
wide-flange sections with specified and expected yield strengths of F, 345 MPa and
RyF, 385 MPa, respectively. The modulus of elasticity of steel is £ = 200 GPa.
Further details about the design of steel MRFs can be found in [21].

3.2 Design of Column Base Plate

The exposed column base connection for the interior MRF column studied here
(Fig. 2a) was designed in accordance with AISC steel design Guide 1 [14] and CSA
S16-19 [5]. The detail of the base plate is shown in Fig. 3. The base plate is made
of ASTM A572 Gr. 50 steel and is 88.9 mm-thick. Washer plates are also made
of the same steel material with 12.7 mm thickness. In total, there are eight anchor
rods, 38.1 mm in diameter and made of F1554 Gr. 105 steel. It is assumed that a
shear lug welded underneath the base plate carries the shear force induced in the
base connection and anchor rods are only designed under tension. The embedment
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Fig. 3 Details of the column base plate (dimensions in mm)

length of the anchor rods is limited to one metre, benefitting supplemental shear
reinforcement for restraining concrete breakout.

3.3 Concentrated Plasticity-Based Model

A two-dimensional (2D) model of the selected MRF (Fig. 2b) was constructed in
OpenSees using nonlinear zero-length springs assigned at the ends of beams and
columns plus elasticBeamColumn elements joining their end springs. The nonlinear
cyclic properties of zero-length springs were based on the Ibarra Medina Krawin-
kler IMK) deterioration model [27]. The nonlinear response of the IMK springs
assigned to the column bases was modified as recommended by [26] to account for
the influence of the column axial force and end conditions on its cyclic response. The
panel zone was modelled using the parallelogram model with a nonlinear trilinear
flexural spring along with rigid elements [16]. The columns were assumed to be fixed
at their bases. A leaning column made of truss elements with relatively high axial
stiffness was included to impose P-Delta effects from the gravity columns tributary
to the selected MRF. That column was connected to the MRF at each storey using a
relatively rigid truss element to simulate a rigid floor diaphragm response. Lumped
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masses were assigned to the top nodes of the columns to reproduce the seismic
mass of the building associated with the MRF. The Rayleigh damping method with
mass and stiffness proportional damping corresponding to a critical damping ratio
of 2% in the first and second vibration modes was used to reproduce the classical
damping matrix of the structure [37]. Refer to [21] for additional details regarding
the concentrated plasticity-based model of the MRF.

In a well-designed MRF, out of plane bracing through floor slab or point bracing
is provided to the beam which ensures that the weak axis flexure remains almost
elastic. The modelling approach in which elastic properties are assumed for weak
axis flexure of MRF beams should not significantly influence the in-plane response
of the frame examined in this paper. In this context, 2D frame analysis is sufficient
to obtain displacement demands at top of the column which is subsequently imposed
in detailed 3D finite element analysis.

3.4 First-Storey Column Deformation Demands

Nonlinear Response History Analysis (NLRHA) of the MRF was performed under
the 2003 Tokachi-Oki, Kitami N-S, interface subduction earthquake record scaled to
match the design response spectrum for the site following the guidelines of the NBC
Commentary J. Under the selected ground motion record, no collapse was observed,
and the profile of the peak storey drifts over the frame height is shown in Fig. 4. In
the first-storey, the maximum inter-storey drift reached 2.7%. The time histories of
horizontal displacement and rotation at the top of the selected first-storey interior
column are presented in Fig. 5a, b, respectively. As indicated, these results were
obtained assuming fixed base conditions for the columns.
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Fig. 5 Seismic-induced demands at top of the interior first-storey column under the 2003 Tokachi-
Oki, Kitami N-S earthquake: a in-plane displacement history, b strong axis rotation history

4 Influence of MRF Column Base Conditions
on the Column Response

4.1 Finite Element Model Development

The detailed three-dimensional (3D) model of the exposed column base connection
was created in the ABAQUS program [1]. The finite element model of the column
is shown in Fig. 6. In the model, footing, base plate, anchor rods, and columns
were constructed using solid hexahedral (C3D8R) elements to explicitly simulate
the thickness of base plate, grout pad, concrete pedestal, and column flanges. A total
of almost 60,000 elements were used. The wide-flange column can also be made
of Shell S4R elements to reduce computational cost while properly capturing local
buckling. The base nodes of the column were tied in all degrees-of-freedom (DOFs)
to the base plate nodes at the intersection of the column and base plate. All nuts
we