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Preface 

The Fifth International Conference on New Developments in Soil Mechanics and 
Geotechnical Engineering (5. ICNDSMGE—ZM 2022) organized jointly by the 
Turkish Society of Soil Mechanics and Geotechnical Engineering and Near East 
University was held online due to COVID-19 pandemic from June 30 to July 2, 
2022. The conference is the fifth of the conference series started in 2003. This 
conference like the four previous conferences initially was organized to be held face 
to face at Near East University, Nicosia, North Cyprus on September 3 to 5, 2020. 
It had, however, needed to be postponed in the view of the continuing spread of the 
coronavirus (COVID-19). All conferences were participated by eminent ISSMGE 
members including five Presidents, Immediate Past Presidents, and Vice Presidents, 
renowned keynote speakers and collegues from all over the world. We would like to 
extent our deep appreciation to the attendees of the 5th conference for showing the 
same interest and involvement. 

The topics of the conference are Soil Properties and Characterization; Shallow 
and Deep Foundations; Environmental Preservation, Water and Energy; Modelling; 
Emerging Subjects in Geotechnical Engineering; Stability of Slopes and Land-
slides; Excavations, support systems, earth-retaining structures and underground 
systems; Earthquake Geotechnical Engineering and Associated Problems; and 
Special Subjects in Geotechnical Engineering and Soil Improvement. 

These proceedings would not have been possible but for the dedication, commit-
ment, and expertise of each of the papers’ authors. All papers submitted to the confer-
ence were carefully reviewed by the members of the International Advisory Board. 
The proceeding contains four of the keynote papers presented at the conference. 

We would like to thank the members of the Organizing Committee, the members of 
the International Advisory Board, Keynote Speakers, Session Chairs, and the authors 
of the papers included in these proceedings. We also offer our heartfelt gratitude to 
Springer Publishers that assembled the proceedings.
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x Preface

We are very grateful to the Founding President of Near East University Dr. Suat 
İ. Günsel and Chairman of the Board of Trustees of Near East University Prof. Dr. 
İrfan Suat Günsel for their support and assistance. 

North Cyprus, Turkey 
İstanbul, Turkey 

Cavit Atalar 
Feyza Çinicioğlu
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Bearing Capacity of Shallow Strip 
Foundation on Granular Soil Under 
Eccentric, Inclined and Eccentrically 
Inclined Loading—A Review 

B. M. Das, C. R. Patra, R. N. Behera, K. Sobhan, and C. Atalar 

Abstract Bearing capacity of shallow foundations is one of the most important areas 
of study in geotechnical engineering. Since the founding work of Karl Terzaghi 
in 1943, results of several theoretical and experimental investigations have been 
published. Most of these studies relate to the case where the foundation is subjected to 
centric vertical load. In the present paper, an attempt has been made to summarize the 
important developments related to the estimation of the ultimate bearing capacity of 
shallow foundations on granular soil subjected to eccentric vertical loading, inclined 
centric loading, and eccentrically inclined loading. Reduction factors to estimate the 
ultimate bearing capacity of foundations under eccentric, inclined, and eccentrically 
inclined loading from that subjected to vertical centric loading have been discussed. 

Keywords Eccentric vertical loading · Eccentrically inclined loading · Granular 
soil · Inclined loading · Reduction factor · Shallow foundation · Ultimate bearing 
capacity 

1 Introduction 

In 1943, Karl Terzaghi published the landmark theory for estimation of the ultimate 
bearing capacity of a shallow foundation subjected to vertical centric loading in a c–φ 
soil. Since that time numerous studies, both theoretical and experimental, have been 
published on this topic. These studies included some modifications to Terzaghi’s
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theory as well as extension of it for cases where the foundation is subjected to 
eccentric, inclined and eccentrically inclined loading. In this paper, an attempt has 
been made to summarize the results of some of those studies for the case of a shallow 
strip foundation supported by a granular soil (φ /= 0, c = 0). 

2 Ultimate Bearing Capacity of Strip Foundation—Centric 
Loading 

The failure surface in soil for a shallow strip foundation as assumed by Terzaghi [24] 
is shown in Fig. 1. According to this theory, a foundation is considered shallow if its 
depth Df is equal to or less than the width B. The soil located above the bottom of the 
foundation is replaced by an equivalent surcharge q (q = γ Df , where γ = unit weight 
of the soil). Also the angle bac = abc in the triangular elastic zone located below 
the foundation is equal to the soil friction angle φ. The ultimate bearing capacity qu 
is thus given by, 

qu = cNc + qNq + 
1 

2 
γ BNγ (1) 

where, c = cohesion of soil and Nc, Nq and Nγ = bearing capacity factors that are 
functions of the soil friction angle. The bearing capacity factors were determined by 
the method of superposition. For granular soil, c = 0, thus 

qu = qNq + 
1 

2 
γ BNγ (2) 

The next major study in the area of ultimate bearing capacity estimation was that 
developed by Meyerhof [13]. At ultimate load, the failure surface in soil under a

Fig. 1 Failure surface in soil at ultimate load for a rough rigid strip foundation as assumed by 
Terzaghi [24] 
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Fig. 2 Failure surface in soil under a rough rigid strip foundation—Meyerhof solution (1951) 

rough strip foundation as assumed by Meyerhof is shown in Fig. 2. According to this 
study, 

qu = cNc + po Nq + 
1 

2 
γ BNγ (3) 

It is important to note the following: 

1. po is the normal stress on the equivalent free surface be in soil. Also, 

so = m(c + po tan φ) (4) 

where, m = degree of mobilization of shear stress (0 ≤ m ≤ 1) 
2. The angle bac = abc in the triangular elastic zone is equal to 45 + φ/2 (in contrast 

to φ as assumed by Terzaghi and shown in Fig. 1). 
3. The bearing capacity factors Nc, Nq and Nγ are functions of φ, m and β (where 

β = angle the equivalent free surface be makes with the horizontal (Fig. 2). 

For granular soil, Eq. (3) becomes (c = 0), 

qu = po Nq + 
1 

2 
γ BNγ (5) 

Figures 3 and 4 show the variations of Nq and Nγ as developed by Meyerhof [13].



6 B. M. Das et al.

Fig. 3 Variation of Meyerhof’s bearing capacity factor Nq with β, φ and m

Figures 5 shows a special case of the failure surface shown in Fig. 2, which is 
a case for a surface foundation with a distributed load q = γ Df at the level of the 
bottom of the foundation (same as assumed by Terzaghi shown in Fig. 1). For this 
case, θ = π/2; m = 0; β = 0; η = 45 – φ/2; po = q = γDf .

Hence, Eq. (5) becomes 

qu = qNq + 
1 

2 
γ BNγ (6) 

where, 

Nq = eπ tan φ
(
1 + sin φ 
1 − sin φ

)
(7)
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Fig. 4 Variation of Meyerhof’s bearing capacity factor Nγ with β, φ and m

Fig. 5 Special case of Meyerhof’s [13] solution

Meyerhof [15] suggested that 

Nγ ≈ (Nq − 1) tan(1.4φ) (8) 

Several theoretical studies on bearing capacity evaluation followed Meyerhof’s 
work. For granular soil, the bearing capacity equation for shallow strip foundation
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Table 1 Nγ relationships Investigator Relationship 

Hansen [6] Nγ = 1.5(Nq − 1) tan φ 
Vesic [25] Nγ = 2(Nq − 1) tan φ 
Biarez et al. [2] Nγ = 1.8(Nq − 1) tan φ 
Booker [3] Nγ = 0.1045e9.6φ (φ is in radians) 
Kumar [10] Nγ = e(0.66+5.1 tan  φ) tan φ 

Hjiaj et al. [7] Nγ = e(1/6)(π +3π 2 tan φ) × (tan φ)2π/5 

Martin [12] Nγ = (Nq − 1) tan(1.32φ) 

and the relationship for Nq remained respectively the same as in Eqs. (6) and (7). 
The relationship for bearing capacity factor Nγ varied depending on the assumptions 
of study. Some of the relationships found in the literature are given in Table 1. 

In order to account for the approximation of replacing the soil located above the 
bottom of the foundation by a distributed load per unit area q = γDf , depth factors 
may be incorporated into Eq. (6). Or, 

qu = qNqdq + 
1 

2 
γ BNγ dγ (9) 

where, dq and dγ = depth factors. The depth factor generally used by geotechnical 
engineers are those recommended by Hansen [6] and Meyerhof [15]. They are given 
below: 

• Meyerhof [15] 

dq = dγ = 1 + 0.1
(
D f 
B

)
tan

(
45 + 

φ 
2

)
(φ ≥ 10◦) (10) 

• Hansen [6] 

dq = 1 + 2 tan  φ(1 − sin φ)2
(
D f 
B

) (
D f 
B 

≤ 1
)

(11) 

dγ = 1. (12)
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3 Foundation on Granular Soil Subjected to Vertical 
Eccentric Loading 

3.1 Meyerhof’s Solution 

Meyerhof [14] proposed that, for a strip foundation on granular soil subjected to a 
vertical eccentric loading, the ultimate load per unit length qu can be obtained as, 

Qu = q '
u B

' (13) 

where, 

B ' = B − 2e = effective width (Fig. 6) (14) 

e = load eccentricity 

q '
u = qNqdq + 

1 

2 
γ B 'Nγ dγ (15) 

Note that Eq. (15) is the  same  as  Eq. (9) where B is replaced by B'. Also the term B 
in depth factors (Eqs. 10 and 11) should be replaced by B'. This is generally referred 
to as the effective area method (Fig. 6). 

Fig. 6 Definition of effective width B' for a strip foundation
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It is important to recognize that q '
u is the hypothetical ultimate load per unit area 

on a strip foundation having a width of B ' = B − 2e. Hence the average ultimate 
load per unit area qu(e) for the strip foundation of width B is 

qu(e) =
(
B − 2e 

B

)
q '
u . (16) 

3.2 Analysis of Prakash and Saran [21] 

Prakash and Saran [21] provided a comprehensive mathematical formulation to esti-
mate the ultimate bearing capacity of a strip foundation under eccentric loading on 
a c−φ soil. 

Figure 7 shows the failure surface in soil assumed by Prakash and Saran [21]. Qu 

is the ultimate load per unit length of the foundation of width B with an eccentricity 
e. In Fig.  7, zone I is an elastic zone with wedge angles ѱ1 and ѱ2. Zones II and III are 
similar to those assumed by Terzaghi (that is, Zone 2 is a radial shear zone and zone 
III is a Rankine passive zone). The bearing capacity expression can be developed by 
considering the equilibrium of the elastic wedge abc located below the foundation 
(Fig. 7b). In Fig. 7b, the contact width of the foundation with the soil is equal to Bx1. 
The assumed variation of  x1 with e/B is shown in Fig. 7c. Neglecting the self-weight 
of the wedge, 

Qu = Pp cos(ψ1 − φ) + Pm cos(ψ2 − φm) + Ca sin ψ1 + C '
a sin ψ2 (17) 

where, Pp, Pm = passive forces per unit length of the wedge along the wedge faces 
bc and ac respectively; φ = soil friction angle; φm = mobilized soil friction angle 
(≤ φ); Ca = adhesive force along wedge face bc = (cBx1 sin ѱ2)/[sin(ѱ1 + ѱ2)]; 
C '
a = adhesive force along wedge face ac = (mcBx1 sin ѱ1)/[sin(ѱ1 + ѱ2)]; m = 

mobilization factor (≤1); c = unit cohesion
Equation (17) can be expressed in the form: 

qu(e) = Qu 

(B × 1) 
= 

1 

2 
γ BNγ (e) + γ D f Nq(e) + cNc(e) (18) 

where, Nγ(e), Nq(e) and Nc(e) = bearing capacity factors for an eccentrically loaded 
continuous foundation; qu(e) = average ultimate load per unit area. 

In granular soil, c = 0. Hence,
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Fig. 7 Derivation of the bearing capacity theory of Prakash and Saran [21] for eccentrically loaded 
rough strip foundation

qu(e) = γ D f Nq(e) + 
1 

2 
γ BNγ (e) (19) 

The variations of Nq(e) and Nγ(e) with e/B and φ are shown in Figs. 8 and 9. It  
is important to note that Eq. (18) does not have the depth factors, which makes it 
conservative, to some extent in the estimation of ultimate load Qu per unit length.
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Fig. 8 Prakash and Saran’s bearing capacity factor Nγ(e) 

Fig. 9 Prakash and Saran’s bearing capacity factor Nq(e)
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3.3 Reduction Factor Method 

Purkayastha and Char [22] carried out stability analyses of eccentrically loaded strip 
foundation supported by sand (c = 0) using the method of slices proposed by Janbu 
[8]. Based on that analysis, it was proposed that 

Rk = 1 − 
qu(e) 

qu 
(20) 

where Rk = reduction factor; qu = ultimate bearing capacity of a strip foundation 
with eccentricity e = 0. 

The magnitude of Rk can be expressed as 

Rk = a
( e 

B

)k 
(21) 

where a and k are functions of the embedment ratio Df /B (Table 2). 
For Df /B between zero and 1.0, the average values of a and k are about 1.81 and 

0.8 respectively. Hence, combining Eqs. (20) and (21), 

qu(e) = qu(1 − Rk) = qu
|
1 − a

( e 

B

)k
|

(22) 

where, 

qu = γ D f dq + 
1 

2 
γ BNγ dγ 

(Note: c = 0 for granular soil) (23) 

Figure 10 shows a comparison of Rk for surface foundations (Df /B = 0) as 
obtained from (a) Eq. (21) and Table 2; (b) some experimental observations; and 
(c) Meyerhof’s effective area theory. Referring to Fig. 10, the reduction factor Rk 

based on Meyerhof’s theory for Df /B = 0, can be obtained as,

Table 2 Variations of a and k 
(Eq. 21) 

Df /B a k 

0.00 1.862 0.73 

0.25 1.811 0.785 

0.50 1.754 0.80 

1.00 1.820 0.888 
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Rk = 1 − 
qu(e) 

qu 
= 1 −

(
q '
u 

qu

)(
B − 2e 

B

)

= 1 −
|
0.5γ (B − 2e)Nγ 

0.5γ BNγ

|(
B − 2e 

B

)

= 1 −
(
B − 2e 

B

)2 

= 1 −
(
1 − 

2e 

B

)2 

(24) 

Patra et al. [17] conducted several laboratory model tests in dense and medium 
sand with Df /B varying from zero to 1 and e/B varying from zero to 0.15. Based on 
those test results it was suggested that, at a given Df /B, 

qu(e) ≈ qu
(
1 − 

2e 

B

)
. (25)

Fig. 10 Comparison of Rk for Df /B = 0 [adapted after Purakyastha and Char 22] 
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4 Load-Settlement Relationship for Eccentrically Loaded 
Foundation 

Patra et al. [19] provided a procedure to estimate the average settlement (i.e. 
settlement along the center line of the foundation) of an eccentrically loaded strip 
foundation. According to this procedure, 

su 
B 

≈ 
s '
u 

B

|
1 + 0.6

(
D f 
B

)| |
1 − 2.15

( e 

B

)|
(26) 

where, su = average settlement along the center line of the foundation at a given 
Df /B, and s '

u = settlement of the foundation at Df /B = 0 and e/B = 0 
The magnitude of s '

u/B can be approximated from the work of [4] which is shown 
in Fig. 11. The figure shows a plot of γB/pa (pa = atmospheric pressure≈ 100 kN/m2) 
versus s '

u/B (for a circular foundation) for relative density Dr of sand varying from 
20 to 90%. Patra et al. [19] approximated these plots by the following relationship 

s '
u 

B 
(%) = 30e−0.9Dr + 1.67 ln

(
γ B 
pa

)
− 1

(
for 

γ B 
pa 

≤ 0.025
)

(27) 

where, Dr is expressed as a fraction. 
Figure 11 also shows the plots of s '

u/B (%) versus γB/pa for various values of Dr 

(%) based on Eq. (27). For γB/pa > 0.025, Eq. (27) may be approximated as, 

s '
u 

B 
(%) = 30e−0.9Dr − 7.16 (28)

Based on experimental load-settlement curves, Patra et al. [19] proposed that, 

β = α 
1.461 − 0.461α 

(29) 

where, at a given Df /B and e/B, 

α = 
q(e) 

qu(e) 
(30) 

and 

β = 
s 
B 
su 
B 

(31)
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Fig. 11 Plot of s’u/B versus γB/pa—comparison of [4] and  Eq. (27)

q(e) = average allowable load per unit area of the foundation = qu(e)/Fs; Fs  = factor 
of safety; s/B = settlement ratio corresponding to the allowable load per unit area 
q(e). The magnitudes of su/B and qu(e) can be estimated from Eqs. (26) and (25) 
respectively. It is important to point out that Eq. (29) should be used as a preliminary 
estimation only. 

5 Strip Foundation Subjected to Inclined Load 

5.1 Meyerhof’s Solution 

Meyerhof [14] extended his theory for ultimate bearing capacity under vertical 
loading to the case with inclined load. Figure 12 shows the plastic zones in the 
soil under a rough strip foundation with a small, inclined load. The inclined load 
makes an angle α with the vertical. It needs to be pointed out that Fig. 12 is an 
extension of Fig. 2. In Fig.  12, abc is an elastic zone, bcd is a radial shear zone and 
bde is a mixed shear zone. The normal and shear stresses on plane be are po and 
so respectively. The solution for the ultimate bearing capacity in granular soil was 
expressed by Meyerhof [14] as,  

qu(i )−v = qu(i ) cos α = po Nq + 
1 

2 
γ BNγ (32) 

where, Nq, Nγ = bearing capacity factors for inclined loading condition; γ = unit 
weight of soil; qu(i) = average ultimate inclined load per unit area of the foundation; 
qu(i)-v = vertical component of qu(i).
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Fig. 12 Plastic zones in soil near a foundation with an inclined load—Meyerhof [14] analysis 

The bearing factors can be expressed as, 

Nq = 
1 + sin φ sin(2ψ − φ) 
1 − sin φ sin(2η + φ) 

e2θ tan φ (33) 

and 

Nγ = 
2Ppγ (min) 

γ B2

|
sin2 ψ 

cos(ψ − φ) 
+ cos(ψ − φ)

|
− 

sin ψ cos(ψ − φ) 
cos φ 

(34) 

where Ppγ(min) = minimum passive force per unit length of the foundation acting on 
face bc (Fig. 12) and acts an angle φ with the normal drawn to bc. 

The relationship given by Eq. (32) can also be expressed as 

qu(i)−v = qu(i) cos α = 
1 

2 
γ BNγ q (35) 

Figure 13 shows the variation of bearing capacity factor Nγq with α for Df /B = 0 
and 1.

In 1963, Meyerhof proposed that Eq. (32) could be expressed in a similar form 
as Eq. (9). Or, for granular soils, 

qu(i )−v = qu(i) cos α = qNqdqiq + 
1 

2 
γ BNγ dγ iγ (36) 

where dq, dγ = depth factors (see Eqs. 10–12); iq, iγ = inclination factors. 
Meyerhof [15] provided the following inclination factor relationships, 

iq =
(
1 − 

α◦ 

90◦

)2 

(37)
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Fig. 13 Meyerhof’s bearing capacity factor Nγq for cohesionless soil (Eq. 35)

iγ =
(
1 − 

α◦ 

φ◦

)2 

. (38) 

5.2 Theoretical Solution of Dubrova 

Dubrova [5] developed a theoretical solution for the ultimate bearing capacity of a 
strip foundation with a centric inclined load and expressed it in the following form 
(for granular soil), 

qu(i )−v = qu(i) cos α = |
2qN  ∗ 

q + B γ N ∗ 
γ

|
cos α (39) 

where, Nq 
*, Nγ 

* = bearing capacity factors; q = γDf .
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Fig. 14 Variation of Nq 
* 

The variations of Nq 
* and Nγ 

* are given in Figs. 14 and 15. For given values of α, 
φ, Df /B, and B, the magnitudes of qu(i)−v obtained from Eq. (39) will be somewhat 
conservative compared to those obtained from Eq. (36).

5.3 Empirical Correlations 

Based on the results of several field tests, Muhs and Weiss [16] concluded that, 

qu(i )−v 

qu 
= 

qu(i) cos α 
qu 

= (1 − tan α)2 (40) 

where, qu = ultimate bearing capacity with centric vertical loading at similar values 
of Df /B. Based on several model tests, Patra et al. [17] suggested that, for any given 
Df /B, 

qu(i ) 

qu 
=

(
1 − 

α 
φ

)2−D f /B 

(41a) 

or



20 B. M. Das et al.

Fig. 15 Variation of Nγ *

qu(i)−v 

qu 
= cos α

(
1 − 

α 
φ

)2−D f /B 

(41b) 

Based on the experience of the authors, Eqs. (41a) and (41b) provide a closer 
agreement with Eq. (36) provided qu is estimated using Eqs. (7)–(10). 

6 Strip Foundation Subjected to Eccentrically Inclined 
Load 

Figure 16 shows two different modes of application of an eccentrically inclined load 
on a shallow strip foundation on granular soil. The ultimate eccentrically inclined 
load per unit length of the foundation is Qu(ei). In Fig.  16a, the line of load application 
of the foundation is inclined toward the center line of the foundation and was referred 
to as partially compensated by Perloff and Baron [20]. It is also possible for the line 
of load application on the foundation to be inclined away from the center line of the 
foundation as shown in Fig. 16b. Perloff and Baron [20] called this type of load as 
reinforced case. Practically all of the studies reported so far in the literature related
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Fig. 16 Eccentrically inclined load on shallow foundation: a partially compensated; b reinforced 

to the partially compensated type of load. Bearing capacity estimation for partially 
compensated and reinforced cases is separately discussed in the following sections. 

7 Eccentrically Inclinded Loading—Partially 
Compensated Case 

7.1 Effective Area Method [15] 

Based on Meyerhof’s [15] study, the vertical component of the ultimate bearing 
capacity [q’u (ei)-v] on the effective area (i.e. width B' = B–2e) of a strip foundation 
can be expressed as, 

q '
u(ei)−v = qNqdqiq + 

1 

2 
γ B 'Nγ dγ iγ (42) 

where, dq, dγ = depth factors (see Eqs. 10–12); iq, iγ = inclination factors (see Eqs. 
(37) and (38)); and B' = B – 2e. 

Thus, the vertical component of the average ultimate bearing capacity per unit 
area of the foundation of width B can be given as, 

qu(ei )−v = qu(ei) cos α = 
Qu(ei) cos α 

B 

=
(
B − 2e 

B

)|
qNqdqiq + 

1 

2 
γ (B − 2e)Nγ dγ iγ

|
. (43)
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7.2 Theoretical Analysis of Saran and Agarwal [23] 

Saran and Agarwal [23] performed a theoretical analysis for the average ultimate 
bearing capacity of a strip foundation qu(ei) subjected to eccentrically inclined load 
using limit equilibrium method. Based on this analysis, the vertical component of 
qu(ei)-v can be expressed as, 

qu(ei)−v = 
Qu(ei ) cos α 

B 

=
|
qNq(ei) + 

1 

2 
γ BNγ (ei )

|
cos α (44) 

where, Nq(ei) and Nγ(ei) = bearing capacity factors. [Note: With α = 0, Nq(ei) and 
Nγ(ei) are respectively equal to Nq(e) and Nγ(e) as developed by Prakash and Saran 
[21] and are shown in Figs. 8 and 9.] 

The variations of Nq(ei) and Nγ(ei) with soil friction angle φ and eccentricity ratio 
e/B for α = 0°, 10°, 20° and 30° are given in Figs. 17 and 18, respectively. Equa-
tion (44) does not provide any recommendations for depth factors dq and dγ). It is 
also difficult to interpolate values of the bearing capacity factors for α other than 0°, 
10°, 20° and 30°.

7.3 Numerical Analysis by Louikidis et al. [11] 

The vertical component of the limit load VL per unit length of surface strip foundation 
(Df /B = 0) resting on purely frictional soil and subjected to an eccentrically inclined 
load was calculated using finite element analysis by Louikidis et al. [11]. According 
to the research, 

qu (D f /B = 0, e/B, α/φ) = 
VL 

B cos α 
= 

1 
2 γ B2 Nγ fie  
B cos α 

= 
1 

2 
γ BNγ

(
fie  

cos α

)
(45) 

where f ie = combined inclination-eccentricity factor, given by 

fie  =
|
1 − 

/
3.7

( e 

B

)2 + 2.1(tan α)2 + 1.5
( e 

B

)
tan α

|2 

. (46)
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Fig. 17 Variation of Nq(ei)
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Fig. 18 Variation of Nγ(ei)
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7.4 Empirical Correlations 

Patra et al. [17] reported results of about 120 laboratory test results for the ultimate 
bearing capacity of a strip foundation on dense and medium sand subjected to eccen-
trically inclined loading. Based on these test results it was proposed that, for a given 
Df /B, 

RFP = 
qu(ei) 

qu 
= 

Qu(ei) 

Bqu 
≈

|
1 − 2

( e 

B

)| (
1 − 

α 
φ

)2−(D f /B) 
(47) 

where RFP = reduction factor; qu = ultimate bearing capacity for a given Df /B [same 
as for qu(ei)] and α = 0. 

Based on Meyerhof’s study, from Eqs. (43) and (9), the reduction factor RFM can 
be expressed as, 

RFM = 
qu(ei) 

qu 
= 

(B−2e) 
B cos α

|
qNqdqiq + 1 2 γ (B − 2e)Nγ dγ iγ

|
qNqdq + 1 2 γ (B − 2e)Nγ dγ(

for a given D f /B
)

(48) 

Substituting Eqs. (7), (8) and (10) for  Nq, Nγ, dq and dγ, respectively, into Eq. (46), 
the reduction factor RFM can be calculated. Table 3 shows a comparison of the 
reduction factors obtained from laboratory model tests by Patra et al. [17], RFP 

(Eq. 47), and RFM (Eq. 48). The comparison shows that Eqs. (47) and (48) reasonably 
predict the reduction factors with a maximum deviation of about ±10–15%. It needs 
to be pointed out that, at larger load eccentricity and larger load inclination, Eq. (48) 
yields a higher value as compared to Eq. (47) for surface foundation condition. 
Figure 19 shows the plots of the experimental reduction factors versus RFP and 
RFM. Also, Fig. 20 shows a plot of RFP versus RFM, according to which, 

RFP ≈ RFM + 0.03 (R2 = 0.95) (49)

7.5 Numerical Analysis of Krabbenhoft et al. [9] 

Krabbenhoft et al. [9] published lower-bound calculations based on finite element 
analysis to assess the bearing capacity of a strip foundation subjected to a positive load 
inclination on cohesionless soil, as shown in Fig. 16a (i.e., partially compensated). As 
a function of the friction angle, load eccentricity, load inclination, and surcharge, the 
bearing capacity was presented graphically. Smaller eccentricity ratios (e/B) result in
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Table 3 Reduction factor comparison—experimental results of Patra et al. [17]; RFP (Eq. 47); and 
RFM (Eq. 48) (Note B = 100 mm for laboratory tests) 

Sand type 
D f 
B α (deg) e 

B Experimental 
qu(ei) (kN/m2) 
[17] 

RFP RFM Experimental 

RF  = qu (ei) qu 

Dense 
γ = 14.36 kN/m3 

Dr = 69% 
φ = 40.8° 

0 0 0 166.77 1.000 1.000 1.000 

0 0 0.05 133.42 0.900 0.810 0.800 

0 0 0.1 109.87 0.800 0.640 0.659 

0 0 0.15 86.33 0.700 0.490 0.518 

0 5 0 128.51 0.770 0.773 0.771 

0 5 0.05 103.01 0.693 0.626 0.618 

0 5 0.1 86.33 0.616 0.495 0.518 

0 5 0.15 65.73 0.539 0.379 0.394 

0 10 0 96.14 0.570 0.579 0.576 

0 10 0.05 76.52 0.513 0.469 0.459 

0 10 0.1 62.78 0.456 0.370 0.376 

0 10 0.15 51.99 0.399 0.284 0.312 

0 15 0 66.71 0.400 0.414 0.400 

0 15 0.05 53.96 0.360 0.335 0.324 

0 15 0.1 44.15 0.320 0.265 0.265 

0 15 0.15 35.12 0.280 0.203 0.211 

0 20 0 43.16 0.260 0.277 0.259 

0 20 0.05 34.83 0.234 0.224 0.209 

0 20 0.1 29.43 0.208 0.177 0.176 

0 20 0.15 23.54 0.182 0.136 0.141 

0.5 0 0 264.87 1.000 1.000 1.000 

0.5 0 0.05 226.61 0.900 0.855 0.856 

0.5 0 0.1 195.22 0.800 0.721 0.737 

0.5 0 0.15 164.81 0.700 0.597 0.622 

0.5 5 0 223.67 0.822 0.821 0.844 

0.5 5 0.05 193.26 0.740 0.705 0.730 

0.5 5 0.1 165.79 0.658 0.597 0.626 

0.5 5 0.15 140.28 0.575 0.497 0.530 

0.5 10 0 186.39 0.656 0.667 0.704 

0.5 10 0.05 160.88 0.590 0.575 0.607 

0.5 10 0.1 137.34 0.525 0.489 0.519 

0.5 10 0.15 116.74 0.459 0.410 0.441 

0.5 15 0 151.07 0.503 0.535 0.570

(continued)
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Table 3 (continued)

Sand type
D f
B α (deg) e

B Experimental
qu(ei) (kN/m2)
[17]

RFP RFM Experimental

RF = qu (ei)
qu

0.5 15 0.05 129.49 0.453 0.464 0.489 

0.5 15 0.1 111.83 0.402 0.397 0.422 

0.5 15 0.15 94.18 0.352 0.335 0.356 

0.5 20 0 115.76 0.364 0.422 0.437 

0.5 20 0.05 98.1 0.328 0.369 0.370 

0.5 20 0.1 85.35 0.291 0.318 0.322 

0.5 20 0.15 72.59 0.255 0.271 0.274 

1 0 0 353.16 1.000 1.000 1.000 

1 0 0.05 313.92 0.900 0.878 0.889 

1 0 0.1 278.6 0.800 0.763 0.789 

1 0 0.15 245.25 0.700 0.656 0.694 

1 5 0 313.92 0.877 0.842 0.889 

1 5 0.05 277.62 0.790 0.742 0.786 

1 5 0.1 241.33 0.702 0.648 0.683 

1 5 0.15 215.82 0.614 0.559 0.611 

1 10 0 264.87 0.755 0.705 0.750 

1 10 0.05 239.36 0.679 0.625 0.678 

1 10 0.1 212.88 0.604 0.548 0.603 

1 10 0.15 188.35 0.528 0.475 0.533 

1 15 0 225.63 0.632 0.587 0.639 

1 15 0.05 206.01 0.569 0.522 0.583 

1 15 0.1 179.52 0.506 0.461 0.508 

1 15 0.15 155.98 0.443 0.402 0.442 

1 20 0 183.45 0.510 0.485 0.519 

1 20 0.05 166.77 0.459 0.434 0.472 

1 20 0.1 143.23 0.408 0.385 0.406 

1 20 0.15 126.55 0.357 0.338 0.358 

Medium dense 
γ = 13.97 kN/m3; 
Dr = 51% 
φ= 37.5° 

0 0 0 101.04 1.000 1.000 1.000 

0 0 0.05 84.37 0.900 0.810 0.835 

0 0 0.1 68.67 0.800 0.640 0.680 

0 0 0.15 54.94 0.700 0.490 0.544 

0 5 0 79.46 0.751 0.754 0.786 

0 5 0.05 63.77 0.676 0.611 0.631 

0 5 0.1 52.97 0.601 0.483 0.524 

0 5 0.15 42.18 0.526 0.369 0.417

(continued)
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Table 3 (continued)

Sand type
D f
B α (deg) e

B Experimental
qu(ei) (kN/m2)
[17]

RFP RFM Experimental

RF = qu (ei)
qu

0 10 0 55.92 0.538 0.546 0.553 

0 10 0.05 47.09 0.484 0.442 0.466 

0 10 0.1 38.46 0.430 0.349 0.381 

0 10 0.15 31.39 0.376 0.268 0.311 

0 15 0 38.26 0.360 0.373 0.379 

0 15 0.05 32.37 0.324 0.302 0.320 

0 15 0.1 26.98 0.288 0.239 0.267 

0 15 0.15 20.60 0.252 0.183 0.204 

0 20 0 24.03 0.218 0.232 0.238 

0 20 0.05 19.62 0.196 0.188 0.194 

0 20 0.1 16.68 0.174 0.148 0.165 

0 20 0.15 13.34 0.152 0.114 0.132 

0.5 0 0 143.23 1.000 1.000 1.000 

0.5 0 0.05 123.61 0.900 0.858 0.863 

0.5 0 0.1 103.99 0.800 0.727 0.726 

0.5 0 0.15 87.31 0.700 0.605 0.610 

0.5 5 0 120.66 0.807 0.816 0.842 

0.5 5 0.05 103.99 0.726 0.704 0.726 

0.5 5 0.1 90.25 0.645 0.599 0.630 

0.5 5 0.15 72.59 0.565 0.501 0.507 

0.5 10 0 98.10 0.628 0.659 0.685 

0.5 10 0.05 84.86 0.565 0.571 0.592 

0.5 10 0.1 72.59 0.502 0.489 0.507 

0.5 10 0.15 60.82 0.440 0.412 0.425 

0.5 15 0 79.46 0.465 0.525 0.555 

0.5 15 0.05 67.89 0.418 0.458 0.474 

0.5 15 0.1 56.90 0.372 0.395 0.397 

0.5 15 0.15 48.07 0.325 0.336 0.336 

0.5 20 0 58.27 0.319 0.413 0.407 

0.5 20 0.05 50.03 0.287 0.363 0.349 

0.5 20 0.1 43.16 0.255 0.316 0.301 

0.5 20 0.15 36.30 0.223 0.272 0.253 

1 0 0 208.95 1.000 1.000 1.000 

1 0 0.05 193.26 0.900 0.881 0.925 

1 0 0.1 175.60 0.800 0.769 0.840

(continued)
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Table 3 (continued)

Sand type
D f
B α (deg) e

B Experimental
qu(ei) (kN/m2)
[17 ]

RFP RFM Experimental

RF = qu (ei)
qu

1 0 0.15 156.96 0.700 0.663 0.751 

1 5 0 186.39 0.867 0.840 0.892 

1 5 0.05 168.73 0.780 0.743 0.808 

1 5 0.1 153.04 0.693 0.652 0.732 

1 5 0.15 137.34 0.607 0.564 0.657 

1 10 0 160.88 0.733 0.702 0.770 

1 10 0.05 144.21 0.660 0.625 0.690 

1 10 0.1 129.49 0.587 0.550 0.620 

1 10 0.15 112.82 0.513 0.479 0.54 

1 15 0 133.42 0.600 0.584 0.639 

1 15 0.05 118.7 0.540 0.522 0.568 

1 15 0.1 106.93 0.480 0.463 0.512 

1 15 0.15 94.18 0.420 0.406 0.451 

1 20 0 98.10 0.467 0.483 0.469 

1 20 0.05 92.21 0.420 0.435 0.441 

1 20 0.1 84.37 0.373 0.388 0.404 

1 20 0.15 75.54 0.327 0.342 0.362 

Fig. 19 Plot of RFM and 
RFP versus experimental 
reduction factor from Patra 
et al. [17]

a smaller drop in bearing capacity, while e/B in the range of 0.25–0.35 results in a large 
reduction in bearing capacity. For larger e/B ratios and, in particular, higher friction 
angles, the load inclination (α) has an inverse effect on bearing capacity. When 
compared to centric vertical foundations, the bearing capacity of inclinedly loaded 
strip foundations increases with eccentricity ratios (e/B) >0.35–0.40 and embedment 
depth (Df /B) >0.25.
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Fig. 20 Plot of RFP versus RFM (from Table 3)

8 Eccentrically Inclined Loading—Reinforced Case 

8.1 Numerical Analysis by Loukidis et al. [11] 

Loukidis et al. [11] used finite element analysis to calculate the collapse load of 
a rigid strip foundation placed on purely frictional soil subjected to eccentric and 
inclined loading as depicted in Fig. 16b, called the loading combination “negative.“ 
In order to account for the “negative” loading combination, f ie, Eq.  (46) was changed 
to 

f
'
ie  =

|
1 − 

/
3.7

( e 

B

)2 + 2.1(tan α)2 − 1.5
( e 

B

)
tan α

|2 

. (50) 

8.2 Empirical Correlations 

The only experimental study available at the present time for the reinforced type of 
eccentrically inclined loading (Fig. 16b) is that of Patra et al. [18]. Based on about 
72 laboratory model tests, Patra et al. provided the following empirical relationship 
for ultimate bearing capacity (at a given Df /B) and e/B > 0,  

qu(ei ) 

qu 
= 

Qu(ei) 

Bqu 
=

|
1 − 2

( e 

B

)| (
1 − 

α 
φ

)1.5−0.7(D f /B) 
(51) 

The definition of notations in the preceding equation is the same as in Eq. (47). 
Comparison of Eqs. (47) and (51) shows that, for similar Df /B and e/B, qu(ei) for
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Fig. 21 Plot of qu(ei)-reinforced/qu(ei)-partially compensated with α (dense sand; Dr = 69%; φ = 
40.8°) (after Patra et al. [18]) 

reinforced case is slightly higher than that for partially compensated case as demon-
strated in Figs. 21 and 22 for dense and medium dense sand. The study also showed 
that, for similar Df /B and α, the magnitude of the ratio of average settlement at 
ultimate load is 

su − reinforced 
su − partially compensated 

≈ 

⎧⎨ 

⎩ 

1 at  α = 5◦ 

to 
1.4 at  α = 20◦ 

(52)

This is shown in Figs. 23 and 24.

8.3 Numerical Analysis of Krabbenhoft et al. [9] 

Lower-bound calculations using FEM were also performed by Krabbenhoft et al. 
[9] to estimate the bearing capacity of a strip foundation subjected to reinforced
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Fig. 22 Plot of qu(ei)-
reinforced/qu(ei)-partially 
compensated with α 
(medium dense sand; Dr = 
51%; φ = 37.5°) (after Patra 
et al. [18])

Fig. 23 Plot of 
su-reinforced/su-partially 
Compensated with α (dense 
sand; Dr = 69%; φ = 40.8°) 
[18]



Bearing Capacity of Shallow Strip Foundation on Granular Soil Under … 33

Fig. 24 Plot of 
su-reinforced/su-partially 
compensated with α 
(medium dense sand; Dr = 
51%; φ = 37.5°) [18]

case type of loading (termed as negative load inclinations). The bearing capacity of 
negative load inclinations decreases significantly for higher eccentricity ratios (e/B) 
than positive load inclinations, according to this research. 

9 Eccentrically Inclined Loading—Combined Case 

Behera et al. [1] developed an empirical non-dimensional reduction factor for a strip 
foundation supported by sand and subjected to eccentrically inclined load using 192 
laboratory model test results from Patra et al. [17, 18] for both types of loading, i.e. 
line of load application inclined towards the centre line of the foundation (partially 
compensated case) and away from the centre line of the foundation (reinforced case). 
The reduction factor, RF, is given by 

RF  = qu(D f /B, e/B,α/φ, L A) 

qu(D f /B, e/B=0,α/φ=0, L A=0) 

=
|
1 − 1.7

( e 

B

)0.85
|(

1 − 
α 
φ

)(
1.65 −0.85 

D f 
B

)
e

(
0.2

(
D f 
B

)2 −0.3
(

D f 
B

)
+ 0.14

)
(L A) 

(53)
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where qu(D f /B, e/B, α/φ,  L A) = average ultimate inclined load per unit area with eccen-
tricity ratio e/B, inclination ratio α/φ, and load arrangement factor LA at an embed-
ment ratio Df /B; and qu(D f /B, e/B=0, α/φ=0, L A  = 0) = ultimate bearing capacity with 
centric vertical loading (e/B = 0, α/φ = 0 and LA = 0) at an embedment ratio Df /B. 
The load arrangement (LA) was assumed as 
LA = −1 (partially compensated condition as shown in Fig. 16a). 
LA = 0 (centric, centric inclined and eccentric vertical loading condition) 
LA = 1 (reinforced condition as shown in Fig. 16b) 

The developed reduction factor (Eq. 53) was compared to those similar earlier 
theories based on Meyerhof [15], Saran and Agarwal [23], Loukidis et al. [11], and 
Patra et al. [17, 18] and found reasonably good. 

10 Conclusions 

A review of the developments in the area of ultimate bearing capacity of shallow strip 
foundations supported by granular soil and subjected to vertical eccentric loading, 
centric inclined loading, and eccentrically inclined loading has been presented. Based 
on the review, it appears that Meyerhof’s bearing capacity theory incorporating the 
depth and inclination factors, and the effective area concept is still the best approach. 

For foundations subjected to vertical eccentric load, Eq. (25) as proposed by Patra 
et al. [17] provided a reasonably good estimate of the ultimate bearing capacity. A 
novel procedure has been presented by Patra et al. [19] for estimating the average 
settlement of a foundation under an allowable eccentric (vertical) load. However, 
this estimated settlement should be considered as a first approximation only. 

The empirical reduction factor (Eq. 47) proposed by Patra et al. n[17] for esti-
mating the bearing capacity of foundations subjected to eccentrically inclined load 
from the ultimate bearing capacity of centrally loaded (vertical load) foundations 
compares reasonably well with Meyerhof’s theory (Eq. 48). 

The empirical reduction factor (Eq. 53) proposed by Behera et al. [1] for estimating 
the bearing capacity of foundations subjected to eccentrically inclined load (either 
partially compensated or reinforced case) from the ultimate bearing capacity of 
centrally loaded (vertical load) foundations compares reasonably well with other 
similar existing theories. 
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Static and Dynamic Behavior of Shallow 
Foundation Reinforced by Honey Cell 
Modular Block 

Eun Chul Shin , Chul Hee Lee, and Jeong Ku Kang 

Abstract The construction of residential building and industrial complex in the soft 
ground is rather difficult to meet the requirement by the design code in terms of 
settlement as well as bearing capacity. There are a number of methods to improve 
the soft ground for shallow foundation with utilizing geosynthetics and chemical 
stabilizer as well as mechanical compaction. This paper presents the soft ground 
reinforcement method for shallow foundation by utilizing concrete hollow modular 
block (250× 250× 150 mm). The space of hollow in the modular block is 150× 150× 
150 mm. The theoretical formula for estimation of bearing capacity is developed with 
the modification of Based on the laboratory model tests results, the best combination 
of soil reinforcement method is proposed for practical use in the field. 

Keywords Hollow modular block · Honey comb structure · Ground 
reinforcement · Shallow foundation · Shaking table test 

1 Introduction 

Shallow foundation is more efficient than deep foundation when it applies to low 
weight of construction and improved ground that soft ground replaced by dense 
ground. The hollow modular block which forms an artificial layered ground can be 
effectively used for reinforcement of shallow foundation in soft ground. It is founda-
tion reinforcement method that reduces the amount of settlement and increases the 
bearing capacity. Meyerhof and Hanna [7] proposed the theory of shallow founda-
tion bearing capacity for the layered ground, and Lawton [5] proposed the theoretical
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(a) 3D View of Structure (b) Hollow Modular Block 

Fig. 1 Design of shallow foundation using hollow modular block 

equation of bearing capacity of the layered ground considering the ground improve-
ment and reinforcement effect [5, 7]. Hollow modular block is shaped like a hexag-
onal honeycomb structure as shown in Fig. 1. The honeycomb structure is generally 
known as the most economical and earthquake-proof structure and it is widely used 
as a stable structure that balances the power. Although the effects of hollow modular 
blocks have been partially verified by empirical construction and previous studies to 
increase the bearing capacity and reduce settlements, the mechanism of the hollow 
modular block method is still not fully understood. 

A geocell made of a three-dimensional geotextile form may be exemplified as an 
example similar to the shape of the hollow block. Although the geocell and hollow 
block shape are similar, the material of the geocell is membrane and the hollow block 
is made of concrete. In addition, the geocell has a thickness of about 1−2 mm, while 
the hollow block has a thickness of 50 mm and made of concrete. The mechanism 
of the geocell can be partially applied nevertheless differences. 

Bathurst and Karpurapu [1] evaluated the shear strength of geocell filled with sand 
and crushed stone. As a result, it was evaluated that the ground reinforcement mecha-
nism of the geocell suppresses the lateral movement of the soil particles filled inside 
the geocell and increases the shear strength by increasing the restraint stress [1]. 
Through a model test, Mhaiskar and Mandal [6] analyzed the bearing capacity and 
settlement amount according to the reinforced or non-reinforced of geocell construc-
tion in the sandy ground above the soft layer [6]. Dash et al. (2003) conducted a study 
on the effect of increasing the strength of the geocell reinforcement in the soft ground 
through a model test [3]. Yoon et al. [11] conducted research that was a model loading 
test based on the ratio (H/W) of the geocell, the relative density, the strength of the 
material, and different thicknesses [11]. 

As a result of the study, the geocell system showed a tendency that the ulti-
mate bearing capacity of the geocell increases as the ratio of width to height (H/W) 
increases when the cover soil thickness is the same. Shin et al. [10] reported the 
reinforcement efficiency of bearing capacity of geocell shape and filling materials 
through the large-scale model test [8, 10]. In the reinforced ground, the maximum 
earth pressure decreases by 50−60% in comparison to unreinforced ground.
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2 Methodology 

Experiment work was performed using laboratory model test by the means of 
the plate bearing test method. The results of sandy ground, hollow block instal-
lation/uninstallation and crushed rock ground were analyzed. 

The ultimate bearing capacity reinforcement rate, BCRu represent the rate 
of hollow block replacement ground about reinforced/unreinforced ground. The 
following Eq. (1) is used to estimate the reinforcement efficiency about reinforcement 
ground with comparison to the unreinforced sandy ground. 

BC Ru = qu(R)/qu (1) 

where, qu(R) represents the ultimate bearing capacity of the hollow block replacement 
ground, and qu represents the ultimate bearing capacity of unreinforced ground. The 
confining pressure build-up in vertical and lateral directions in the hollow modular 
block upon loading pressure is expressed as Eq. (2). The shear strength, τ between 
sand and inner concrete inside hollow modular block is expressed in Eq. (3) with 
considering the measured horizontal stress, ^σh. 

ρA = σcAc + σs,0.9As + τ An (2) 

τ = c' + (1/2σc)tanδ = c' + σhtanδ (3) 

where, ρ is loading pressure, A is plate area, σc is vertical earth pressure of hollow, 
Ac is area of hollow, σs,0.9 is vertical earth pressure of concrete, As is area of concrete, 
τ is shear strength, An is side area of hollow, δ is angle of shear resistance between 
sand and concrete. 

The shaking table test was performed using three types of seismic waves such as 
Ofunato, Hachinohe, and artificial seismic waves [4]. As seismic load occurs, the 
stability of each seismic waves was analyzed by measuring the acceleration ampli-
fication and measuring the horizontal displacement of the upper structure against 
the seismic load. The reinforcing effect was analyzed with considering of model 
test conditions under static loading. The lateral displacement of super-structure was 
measured with the reinforcement of foundation soil by using the shaking table test.
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3 Laboratory Model Tests 

3.1 Static Behavior of Reinforcement with Hollow Modular 
Block 

The laboratory model tests were conducted to investigate the behavior of static and 
dynamic loadings. For static load condition, the plate load test was performed for 
the ground reinforced by a single hollow modular block. For the static load test, the 
ground was compacted in the soil box which was assembled by steel plate with sand, 
crushed rock, and sand-concrete material as SP and GP [2]. Soil property tests were 
performed for sand and crushed rock, and the results are described in Table 1. 

The size of model box was 1,000 mm width, 1,200 mm height. Figure 2 shows the 
top and side view of cylindrical model box and hollow block with hexagonal steel 
plate of which the equivalent diameter was 250 mm. 

The bearing capacity tests were conducted by the Korean Industrial Standard. The 
applied load was terminated when the test load was at least three times of allowable 
load or the cumulative settlement exceeded 10% of the diameter of the loading plate. 
The conditions of the bearing capacity test are sandy ground (A), sandy ground with 
hollow concrete block (A-1), sandy ground with crushed stone (B), and crushed stone 
with hollow concrete block (B-1). The crushed stone replacement depth was 150 mm 
and the height of the hollow block was set at a ratio of 1:1. The replacement width was 
set to 400 mm that is wider than the plate. The relative density was 85% which is the 
normal level. Relative degree of compaction (R) is 95.9%. The hexagonal plate was 
used, and it is the same shape with hollow block. Figure 3 shows the test conditions.

Step-loadings were applied from initial loading pressure 92.4 kN/m2 to final 
loading pressure 738.5 kN/m2 as tabulated in Table 2. The measured vertical and

Table 1 Property test results of sand and crushed rock 

Types of soil Specific 
gravity (Gs) 

OMC 
(womc, %)  

γdmax (kN/m3) c' (kPa) O (°) USCS 

Sand 2.65 9.4 16.9 4.92 33.44 SP 

Crushed rock 2.31 15.2 20.7 20.79 43.56 GP 

Sand–Concrete − − − 15.92 26.34 − 

(a) Top view (b) Side view (c) Hollow modular block    (d) Hexagonal plate 

Fig. 2 View of cylindrical model box and hollow block 
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(a) Sand A (b) Sand + block A-1 Filled (c) Sand + Block A-1non-filled 

(d) Replaced crushed rock B (e) Crushed rock + 

Block B-1 non-filled 

(f) Crushed rock + 

Block B-1 filled 
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Fig. 3 Schematic diagram of bearing capacity test conditions (unit: mm)

horizontal earth pressures were obtained only for sandy ground because the contact 
area between load cell and crushed rock is significantly small. 

The density of filling material inside of hollow modular block increases upon 
loading on the surface of hollow modular block, and hence internal confining pressure 
is increased. Therefore, the shear strength between filling material in hollow block 
and modular block wall is also increased.

Table 2 Measured vertical and lateral pressure with filled hollow modular block (unit: kN/m2) 

Loading 
pressure, ρ 

Vertical earth 
pressure, ^σc 

Horizontal 
earth pressure,
^σh 

Shear strength 
τ = σhtanδ 

Vertical earth 
pressure
^σs 

Vertical earth 
pressure
^σs,0.9 

92.4 48.3 34.2 16.9 9.9 77.4 

184.7 87.7 60.0 29.7 19.0 169.6 

277.1 129.4 85.5 42.3 32.7 242.4 

369.4 171.0 109.8 54.4 54.5 320.4 

461.8 209.0 131.1 64.9 62.8 463.3 

554.1 250.4 153.6 76.0 73.3 531.6 

646.5 289.8 174 86.1 86.5 623.9 

738.5 336.7 196.8 97.4 99.7 716.1 
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(a)Installation hollow modular block (b) Side view (c) Plan view 

Fig. 4 Shaking test with instrumentation in the model box 

3.2 Dynamic Behavior of Reinforcement with Hollow 
Modular Block 

Depending on the relative density of foundation soil, 45% of loose ground, 65% of 
ordinary ground, and 85% of dense ground were formed. The ground reinforced with 
hollow modular block condition was set up by filling crushed stone to the interior 
of hollow modular block. The behavior of upper structure was not only checked by 
accelerations that 0.154 and 0.22 g were inputted in machine but also the maximum 
acceleration was measured. When the short and long period waves were applied, 
horizontal displacement, δh/h was measured and analyzed based on measurement 
results and relative density. According to KS design standard, the limit horizontal 
displacement, δ/h is specified as 0.015 when an earthquake occurs. The height of the 
model structure was set up 300 mm. Therefore, the result of horizontal displacement 
was expected 4.5 mm. LVDT and accelerometer were installed as shown in Fig. 4 b, 
c. The accelerometer measures acceleration based on one-axis vibration, and it can 
measure up to 20 m/s2, and the error range is about ±1%. 

4 Result and Analysis 

The P-S curve of the plate bearing test in sand or crushed rock replacement ground 
has been linearly increased up to certain load and after then sudden settlement is 
occurred. The load distribution ratio on concrete part of hollow modular block is 
increasing from 53 to 62% initially, which is similar to the tendency to gradually 
increase as the load increases in the A-1-F load-settlement graph of Fig. 5.

The results of test for bearing capacity on the hollow modular block reinforced 
loose sandy ground are tabulated in Table 3. The experimental condition of A-1 case 
does not have a basal reinforcement layer by crushed rock, while the test condition 
of B-1 case has a basal reinforced layer. The test condition A-1-N case gives the 
punching shear failure. However, the test condition B-1-N does not show punching 
shear failure by the hollow modular block due to the additional crushed rock layer 
under the concrete block. The B-1-F gives the highest allowable bearing capacity
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Fig. 5 Results of bearing capacity test

among experimental conditions. B-1-F and B-1-N bearing capacity test results of give 
the different ultimate and allowable bearing capacities at the time of final loading. 
However, the magnitude settlement for test B-1-N generated 2 times more than that 
of B-1-F case. 

Based on the experimental bearing capacity test, the bearing capacity increases by 
the combination force induced by the hollow modular block and filled crushed rock, 
as well as basal reinforcement layer. The estimated vertical and horizontal confined 
force inside hollow part using results of Table 3 and Eqs. (2) and (3) are tabulated in 
Table 4. The load distribution ratio is analyzed with the earth pressure measured by 
the load, and about 16% of the load is found to be shared by the vertical confined force 
due to the confined force generated inside the hollow part. The horizontal confined 
force inside hollow part tends to decrease with increasing load, and shares about 
18% of the load at 40kN.

Table 3 Comparison of effective reinforcement ratio for hollow modular block 

Test no Yield load 
(kPa) 

Bearing capacity Effective of reinforcement ratio 
BCRu 

Ultimate (kPa) Allow 
(kPa) 

A (Sand) B (Crushed rock) 

A (Sand) 253 300 100 1.0 − 
A-1 A-1-N 185 277 92 0.92 0.40 

A-1-F 730 924 308 3.08 1.32 

B (Crushed rock) 530 700 233 2.33 1.0 

B-1 B-1-N 1,080 1,200 400 4.0 1.71 

B-1-F − 1,293 431 4.31 1.85 
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Table 4 Results of calculating load sharing behavior of hollow modular block (unit: kN) 

Load 
Q = ρA 

Vertical confined 
force inside hollow 
part, σcAc 

Horizontal confined 
force inside hollow 
part, 
τAn 

Load of concrete 
part 
σs,0.9As 

Total load of hollow 
block by 
measurement 

5 0.94 (18.82%) 1.31 (26.15%) 2.68 (53.56%) 4.93 (98.52%) 

10 1.71 (19.09%) 2.30 (22.99%) 5.87 (58.71%) 9.88 (98.79%) 

15 2.52 (16.81%) 3.27 (21.82%) 8.39 (55.93%) 14.19 (94.57%) 

20 3.33 (16.66%) 4.21 (21.05%) 11.09 (55.46%) 18.63 (93.17%) 

25 4.07 (16.29%) 5.02 (20.09%) 16.04 (64.15%) 25.13 (100.53%) 

30 4.88 (16.27%) 5.88 (19.61%) 18.4 (61.34%) 29.16 (97.22%) 

35 5.65 (16.14%) 6.66 (19.04%) 21.6 (61.70%) 33.91 (96.88%) 

40 6.56 (16.41%) 7.54 (18.86%) 24.79 (62.00%) 38.89 (97.27%) 

The value of the horizontal displacement limit for the total height (h) of a structure 
was determined under the circumstances not given, but usually within h/300. Canada 
Code proposed a horizontal displacement limit of steel-frame factory buildings below 
h/500, while Germany limited them below h/400. The interlayer displacement can 
be calculated as the difference between the top of the given layer and the lateral 
displacement of the center of the lower mass on the Korea standard. The displacement 
of structure caused by earthquakes was limited to less than 0.015 h of seismic grade 
I. The height of the structure was set to 300 mm by applying the upper-floor ratio 
(1/100), and the resulting horizontal displacement was limited to within 4.5 mm. 
The results of the shaking model test analyzed the maximum displacement of three 
seismic waves according to relative density as shown in Table 5. It was established 
within 3 mm of relative displacement between top-floor and bottom floor, and can 
be evaluated as stable in the Korea building structure design standard (KDS 41 20 
00).

As a result of measuring the displacement of seismic waves, the horizontal 
displacement under the application of an artificial seismic waves was the highest. 
However, the limit horizontal displacement occurred within 4.5 mm, so it was 
determined to be stable according to the Korea structural design standard [9]. 

5 Conclusion 

The laboratory model tests were conducted for static and dynamic loads to evaluate 
the behavior characteristics of hollow modular block reinforced shallow foundation. 
Based on the static and dynamic test results the following conclusions are drawn.

1. The hollow modular block reinforced shallow foundation in soft ground is cost 
effective and easy to construct in the limited area with less vibration and noise-free 
technique.
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Table 5 Evaluation of maximum horizontal displacement based on relative density (unit: mm) 

Division 0.154 g 0.22 g Limit of δh 

Top Bottom Top Bottom 

Dr Ofunato wave 4.5 

45% 0.265 0.13 0.595 0.185 

65% 0.21 0.205 0.435 0.24 

85% 0.08 0.03 0.305 0.035 

Dr Hachinohe wave 

45% 0.42 0.38 1.52 0.94 

65% 0.485 0.385 0.495 0.405 

85% 0.21 0.055 0.265 0.065 

Dr Artificial seismic wave 

45% 3.38 2.0 3.87 2.535 

65% 2.055 0.975 2.93 1.905 

85% 1.425 0.655 1.98 1.86

2. Experimental bearing capacity test results indicated that the bearing capacity 
ratio increases 4.31 for sand and 1.85 for crushed rock by the combination 
force induced by the hollow modular block and filled materials as well as basal 
reinforcement layer. 

3. The confined force generated inside the hollow modular block was analyzed 
using the values derived from the instrument (earth pressure sensor), and the 
reduction effect of vertical earth pressure by the confined force was found to be 
about 40%. 

4. The hollow modular block reinforced shallow foundation is effective against 
dynamic horizontal loading. The horizontal displacement was decreased with 
relative density increases, all the measured values are fallen below the KDS limit 
of 4.5 mm. 
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The “Site Recognition Challenge” 
in Data-Driven Site Characterization 

Kok-Kwang Phoon and Jianye Ching 

Abstract One distinctive feature of geotechnical engineering is site uniqueness or 
site-specificity. However, there is no data-driven method to quantify site uniqueness. 
The corollary is that it is not possible to identify “similar” sites from big indirect 
data (BID) automatically and no method to combine sparse site-specific data with 
big indirect data to produce a quasi-site-specific model that is less biased compared 
to a generic model and less imprecise compared to a site-specific model. This “site 
recognition” challenge is difficult because site-specific data is MUSIC-X (Multi-
variate, Uncertain and Unique, Sparse, Incomplete, and potentially Corrupted with 
“X” denoting the spatial/temporal variability). This paper presents the application of 
4 methods (hybridization, hierarchical Bayesian model, record similarity method, site 
similarity method) to construct a quasi-site-specific transformation model between 
the undrained shear strength and normalized cone tip resistance. The similarity 
methods are “explainable”, because a list of “similar” sites can be generated explicitly 
for inspection. 

Keywords Site recognition · Big indirect data · MUSIC-X · Hybridization ·
Hierarchical Bayesian model · Record similarity method · Site similarity method 

1 Introduction 

Site characterization is a cornerstone of geotechnical and rock engineering. “Data-
driven site characterization” (DDSC) refers to any site characterization methodology 
that relies solely on measured data, both site-specific data collected for the current 
project and existing data of any type collected from past stages of the same project 
or past projects at the same site, neighboring sites, or beyond. DDSC is one key
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application under an emerging field called data-centric geotechnics [20]. Phoon et al. 
[18] highlighted three challenges in DDSC: (1) ugly data, (2) site recognition, and (3) 
stratification. The purpose of this paper is to explain the site recognition challenge 
and to present recent research outcomes. 

2 Site Recognition Challenge 

The challenge is to quantify “site uniqueness”, directly or indirectly, so that sparse 
site-specific data can be supplemented by big indirect data (BID) to produce a 
quasi-site-specific model. This idea is not new as geotechnical and rock engineers 
have been relying on data from similar sites to inform their understanding of a current 
site. One example is the development of a correlation to estimate a design parameter 
from a field test parameter, say to estimate the undrained shear strength from the cone 
tip resistance. A more generic name is a transformation model [14]. In practice, site 
effects are broadly appreciated based on geology, soil mechanics, and experiences at 
similar sites, rather than characterized quantitatively through a detailed multivariate 
analysis of the site data. For the undrained shear strength versus cone tip resistance 
transformation model, the cone factor is expected to be similar at similar sites. 

The typical caveat included in design guides would include a general statement 
such as “caution must always be exercised when using broad, generalized corre-
lations of index parameters or in-situ test results with soil properties. The source, 
extent, limitations of each correlation should be examined carefully before use to 
ensure that extrapolation is not being done beyond the original boundary conditions. 
‘Local’ calibrations, where available, are to be preferred over the broad, generalized 
correlations” [11]. Notwithstanding this sensible caveat, the engineer is typically 
left with no recourse but to use these generalized correlations/transformation models 
in the absence of “local” versions and lack of knowledge of the “source, extent, 
limitations”. A local or site-specific transformation model is commonly unavailable, 
because there is insufficient data to construct a model of sufficient precision to be 
useful for decision making (estimate design parameter). 

The development of a purely data-driven approach that can construct a quasi-site-
specific model from site-specific data and similar sites in BID remains an outstanding 
and difficult challenge, because real site data is “ugly”. Phoon et al. [16] presented a 
useful mnemonic, MUSIC-X (Multivariate, Uncertain and Unique, Sparse, Incom-
plete, and potentially Corrupted with “X” denoting the spatial/temporal variability) to 
highlight seven common “ugly” attributes in real site data. Phoon et al. [18] extended 
MUSIC-X to MUSIC-3X to cover 3D spatial variability that is more typically exhib-
ited in a real site. “M” and “X” are two distinct types of correlations commonly 
termed as “cross correlations” and “auto correlations”, respectively.
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3 Big Indirect Data (BID) 

Phoon et al. [16] referred to big data as indirect to emphasize the point that big 
data exists in geotechnical engineering, but it is not directly relevant to one specific 
project at one specific site. Generic soil property databases [5, 15] and load test 
databases [17, 22] are examples of Big Indirect Data (BID). These databases have 
been made available by ISSMGE TC304 for research: http://140.112.12.21/issmge/ 
tc304.htm?=6. A clay property BID consists of multivariate data from many sites. 
Table 1 shows a typical example of multivariate data at a single site. It is “Sparse” as it 
has 9 records, and it is “Incomplete” as it has empty cells highlighted in grey. The data 
from many clay sites can be combined into a BID. One example is CLAY/10/7490 
[2]. It contains 7490 records from 251 studies carried out in 30 countries, clearly 
much larger than Table 1. Each record contains 10 clay properties: 

1. Y 1 = liquid limit (LL) 
2. Y 2 = plasticity index (PI) 
3. Y 3 = liquidity index (LI) 
4. Y 4 = normalized vertical effective stress (σ ′

v/Pa) 
5. Y 5 = sensitivity (St) 
6. Y 6 = pore pressure ratio (Bq) 
7. Y 7 = normalized preconsolidation stress (σ ′

p/Pa) 
8. Y 8 = undrained strength ratio (su/σ ′

v) 
9. Y 9 = normalized cone tip resistance [(qt − σ v)/σ ′

v] 
10. Y 10 = effective cone tip resistance [(qt − u2)/σ ′

v]

If a record is full, i.e. there are no missing values (or missing test results), this 
record is complete. A BID is defined as complete only if every record is complete. 
Such a complete BID is rare in geotechnical engineering. It is not unusual for an entire 
column to be empty as shown in Table 2 (rock mass properties). The percentage of 
BID completeness is defined as (number of filled values)/[(number of properties) × 
(number of rows)]. The percentage completeness for CLAY/10/7490 is 34%. For a 
BID containing rock mass properties, ROCKMass/9/5876, the percentage complete-
ness is 29%. A list of soil/rock property BIDs and percentage completeness is given 
in Ching et al. [7]. 

Classical frequentist methods cannot be applied to the MUSIC-X data in Table 1, 
because it is sparse, incomplete, and there are spatial correlations between records 
measured at different depths. BID is not sparse, but it remains incomplete and it 
is not homogeneous due to inter-site variability (“U” or “Unique” attribute). For 
example, it is tempting to model the data at each site using a multivariate probability 
density function (PDF) and to quantify site uniqueness using a statistical distance 
between two site PDFs. A variety of statistical distances such as the Kullback–Leibler 
divergence, Bhattacharyya distance, and Mahalanobis distance are available, but they 
do not apply to MUSIC-X or MUSIC-3X data. There is no frequentist method to 
construct a site PDF from MUSIC-X data in the first place. It is rarely appreciated 
that the conventional approach to calculate a correlation coefficient from a bivariate

http://140.112.12.21/issmge/tc304.htm?=6
http://140.112.12.21/issmge/tc304.htm?=6
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Table 1 Site data for a Taipei site [13] 

No. 

Depth 

(m) 

su 

(kN/m2 ) 

su(mob) 

(kN/m2 ) 

Test results 

LL PI LI σ'v/Pa σ'p/Pa 
su(mob)/ 

σ'v 
qt1 

1 12.8 UU 55.2 46.9 30.1 9.1 1.20 1.26 1.71 0.37 5.17 

2 14.8 VST 50.7 52.9 32.8 12.8 1.43 1.43 0.36 4.22 

3 16.1 UU 61.9 51.7 36.4 14.5 1.24 1.54 0.33 4.12 

4 17.8 UU 54.2 42.8 41.9 18.9 0.90 1.68 1.79 0.25 4.03 

5 18.3 VST 59.5 59.3 1.72 0.34 5.27 

6 20.2 UU 73.1 60.5 38.1 17.3 0.70 1.88 0.32 4.53 

7 22.7 VST 63.3 64.4 37.0 16.0 0.58 2.08 0.31 4.76 

8 24.0 UU 82.2 67.5 38.0 16.2 0.75 2.19 2.19 0.30 5.12 

9 26.6 UU 98.1 82.1 34.8 13.8 0.80 2.41 0.34 5.32 

Note LL= liquid limit; PI = plasticity index; LI= liquidity index; σ ′
v = vertical effective stress; σ ′

p 
= preconsolidation stress; Pa = atmospheric pressure = 101.3 kPa; su = undrained shear strength; 
su(mob) = the in-situ undrained shear strength mobilized in embankment and slope failures [12]; 
qt1 = (qt − σ v)/σ ′

v, where  qt = (corrected) cone tip resistance and σ ′
v = vertical total stress 

Training dataset 

Validation dataset

dataset cannot be extended to an incomplete multivariate dataset. A necessary positive 
definite property of the correlation matrix cannot be guaranteed [3]. The only practical 
approach available thus far is Bayesian, because of the additional support from prior 
distributions [4]. 

4 Quasi-Site-Specific Transformation Model 

This section presents recent research progress in addressing the site recognition 
challenge. The objective is to improve the generic transformation model shown in 
Fig. 1 so that it is less biased and more precise for a specific site (Table 1). This 
generic model is widely used in practice [11]. Figure 1a, b show the data points in 
CLAY/10/7490 without and with site differentiation, respectively. It is clear from 
Fig. 1b that site effects are not easy to distinguish visually, because the marker for 
each site do not form distinct non-overlapping clusters. Using the BID in Fig. 1 
and five site-specific records at row 1, 3, 5, 7, 9 in Table 1 (training dataset), a 
quasi-site-specific model can be developed using different methods to predict the 
median and 95% confidence interval (CI) for the undrained strength ratio at row 
2, 4, 6, 8 in Table 1 (validation dataset). These 95% CI can be compared with the 
measured undrained strength ratios, which are available but assumed to be unknown 
at the model training/calibration stage. For illustration, only the bivariate subset [qt1, 
(su/σ ′

v)] is used in this study. The methods presented below are not restricted to
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Fig. 1 Generic transformation model for undrained strength ratio (su/σ ′
v) versus normalized cone 

tip resistance qt1 = [(qt − σ v)/σ ′
v] based on CLAY/10/7490: a no site differentiation and b sites 

differentiated by distinct markers 

bivariate datasets. However, they are restricted by a common assumption that all soil 
properties that are typically non-normal in marginal distributions can be transformed 
to standard normal random variables and these variables constitute a multivariate 
normal vector [3]. 

Five methods are discussed below: (1) probabilistic multiple regression, (2) 
hybridization, (3) hierarchical Bayesian model, (4) record similarity method, and (5) 
site similarity method. The first method is generic. The rest are quasi-site-specific. 
The last two methods are “explainable” in the sense that an engineer can inspect the 
“similar” sites supporting the construction of the quasi-site-specific (su/σ ′

v) versus  
qt1 model. 

4.1 Probabilistic Multiple Regression 

The probabilistic multiple regression (PMR) was first proposed by Ching and Phoon 
[1] for an actual multivariate soil property database CLAY/5/345. The basic idea is 
to first convert the physical (Y 8, Y 9) = [qt1, (su/σ ′

v)] database into a standard normal 
(X8, X9) database and then construct the bivariate normal probability density function 
(PDF) of (X8, X9) based on this standard normal database. For PMR, the training 
dataset (row 1, 3, 5, 7, 9 in Table 1) is simply added to Figs. 1a and 2a new regression 
model is calculated (Fig. 2a). However, Fig. 2a is almost the same as Fig. 1a, because 
the effect of adding five records (red markers) to BID [716 records from 72 sites in 
CLAY/10/7490 contain both qt1, (su/σ ′

v)] is negligible. Prediction is carried out by 
reading the values of the 95% CI from Fig. 2a at the four different values of Y 9 in the 
validation dataset (Fig. 2b). It can be seen that the actual measured values (yellow 
markers) fall within the predicted 95% CI. On the average, one expects 1 measured 
value out of 20 values to fall outside a 95% CI. PMR is the standard approach widely
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Fig. 2 Generic model using probabilistic multiple regression: a “training” (direct combination of 
site-specific and generic data) and b validation. Taipei training dataset in red circular marker. Taipei 
validation dataset in yellow circular marker 

adopted in practice, typically in a bivariate form Kulhawy and Mayne [11]. It produces 
a generic model, not a quasi-site-specific model. The authors are not aware of any 
method that can modify PMR for site effects, short of an engineer manually selecting 
“similar” sites before applying PMR. Figure 2 presents a baseline for comparison 
with the quasi-site-specific models discussed below. 

4.2 Hybridization 

The hybridization method (HYB) was proposed by Ching and Phoon [4]. The basic 
idea is to first construct the generic PDF model in a standard normal (X8, X9) space as 
done in PMR. A site-specific PDF model is next constructed based on the site-specific 
training dataset using Bayesian machine learning (also in standard normal space). As 
noted above, there is no classical frequentist approach that can do this for the type of 
data shown in Table 1 or Table 2. The “trained” quasi-site-specific model is a hybrid 
PDF that is proportional to the product of the generic PDF and site-specific PDF. 
There is no theoretical basis for this “product” hybridization step. The hybrid PDF so 
produced by Taipei data (Table 1) and the generic data (CLAY/10/7490) is shown in 
Fig. 3a. To assess the ability of hybridization to extrapolate beyond the narrow range 
of 4.03 < qt1 < 5.32 in Table 1, additional values covering a much wider range of 1 < 
qt1 < 100 are added. However, the corresponding values of (su/σ ′

v) are missing, since 
they are not measured and more fundamentally, the full range may not be exhibited 
by Taipei clay. This is termed as an “extrapolated” training dataset in this study. For 
this Taipei example, hybridization does not appear to extrapolate well if one takes 
the position that the generic transformation model (Fig. 1a) should be used outside 
the range of Table 1. It is clear that the median and 95% CI from hybridization differ 
significantly from the corresponding generic solutions presented in the background.
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However, hybridization works better than PMR within the range of 4.03 < qt1 < 5.32  
as shown by the narrower 95% CI in Fig. 3b. 

Table 2 Site data for the İzmir subway site, Turkey (10 out of 32 records shown for illustration) 
[10] 

No. RQD RMR* Q GSI
Em 

(GPa) 

Eem 

(GPa) 

Edm 

(GPa) 

Ei 

(GPa)
σci (MPa) 

1 5 25.5 0.11 4.2 26.0 

2 18  35 0.238 7.0 39.5 

3 32 41.5 0.83 10.8 72.0 

4 35  41 0.564 9.0 62.0 

5 37.4 41 0.72 10.7 65.2 

6 24  36 0.46 10.0 50.0 

7 40  39 0.51 8.0 61.0 

8 18  35 0.47 8.5 48.5 

9 34  35 0.39 7.5 51.2 

10 42.5 44.5 1.17 12.3 86.4 

Note RQD = rock quality designation; RMR = rock mass rating; Q = Q-system; GSI = geological 
strength index; Em = deformation modulus of rock mass; Eem = elasticity modulus of rock mass; 
Edm = dynamic modulus of rock mass; Ei = Young’s modulus of intact rock; σ ci = uniaxial 
compressive strength of intact rock 
* Average of the lower and upper bounds of RMRs reported in Kıncal and Koca [10] 

Fig. 3 Quasi-site-specific model using the hybridization method: a “training” (product of site-
specific and generic PDF) and b validation. Taipei training dataset in red circular marker. Taipei 
validation dataset in yellow circular marker
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Fig. 4 Quasi-site-specific model using the HBM: a training (compute Taipei site PDF based on 
HBM hyper-parameters calibrated from CLAY/10/7490) and b validation. Taipei training dataset 
in red circular marker. Taipei validation dataset in yellow circular marker 

4.3 Hierarchical Bayesian Model 

The records for each site can be grouped by a distinct marker as shown in Fig. 1b. 
The scatter within one group is called intra-site variability. The scatter between 
groups is called inter-site variability. If CLAY/10/7490 is structured in this way, a 
natural approach to construct the quasi-site-specific transformation is the hierarchical 
Bayesian model (HBM) [9]. However, there are two practical problems in applying 
HBM to site data. First, it can be computationally tedious. Second, HBM has not been 
applied to MUSIC-X or MUSIC-3X data. Ching et al. [8] proposed an analytical 
HBM for MUSIC data (assuming no spatial variability) based on conjugate priors 
that is computationally efficient. In comparison to hybridization, HBM has a sound 
theoretical basis. Although the underlying data structure in CLAY/10/7490 may not 
follow HBM, particularly an analytical one based on conjugate priors, it is arguably a 
reasonable first step to study site uniqueness under an established theoretical frame-
work. The quasi-site-specific transformation model based on the extrapolated Taipei 
training dataset is shown in Fig. 4a. The behaviour of the quasi-site-specific model 
beyond the range of 4.03 < qt1 < 5.32 seems to be more reasonable than that shown 
in Fig. 3a. However, the 95% CI for the validation dataset is similar to that shown in 
Fig. 3b. 

4.4 Record Similarity Method 

Phoon and Zhang [19] opined that decision making is the responsibility of an engi-
neer (not the operation) and this is ideally carried out if the engineer can understand 
the inference produced by the operation (“explainable” inference). The key limita-
tion of hybridization and HBM is that they are not “explainable” in the sense that
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“similar” sites are not identified and the engineer is thus deprived of an opportu-
nity to inspect the list of “similar” sites against his/her experience and knowledge 
of regional geology (“reality check”). An engineer cannot engage meaningfully in 
the decision loop without understanding how an inference is arrived at. This is the 
well-known “black box” problem in machine learning. 

Ching and Phoon [6] proposed the first approach to address this “explainable 
site recognition” challenge. The basic idea is to construct a site-specific PDF using 
Bayesian machine learning as presented in Ching and Phoon [4]. The degree of 
“similarity” of a record in CLAY/10/7490 to the Taipei training dataset is proportional 
to the value of PDF corresponding to the record. The constant of proportionality 
changes according to the incompleteness of the record. Based on this adjustment, the 
similarity of two records with different missing variables (different incompleteness 
structure) can be compared. A record with “similarity” >1 means it is more “similar” 
to the Taipei training dataset compared to an average record in CLAY/10/7490. These 
records are highlighted by a triangular marker in Fig. 5 In contrast to HBM, “similar” 
records are made known to the engineer for inspection. For example, an engineer can 
compare the Taipei data (training and validation) with records with “similarity” >1 in 
the Casagrande plasticity chart (Fig. 6a). The “similar” records do not cluster around 
the Taipei data in the Casagrande plasticity chart. This does not imply that the record 
similarity method is incorrect, because “similarity” in this example is measured by 
(Y 8, Y 9). The Casagrande plasticity chart measures “similarity” in (PI, LL) or (Y 1, 
Y 2). Using classical face recognition problem as an analogue, this means similarity 
between eyes and nose does not imply similarity between ears and mouth. The results 
in Fig. 6 seem to hint that similarity should be measured by more than two properties. 
However, it is also known that all sites become distinct if too many properties are 
included. The research question on whether an optimum number and/or optimum list 
of properties exist for explainable site recognition analysis has not been answered.

Finally, a quasi-site-specific transformation model is constructed by performing a 
weighted regression with the Taipei training dataset and all records in CLAY/10/7490 
as shown in Fig. 5a. The weights for the Taipei training dataset are equal to 1. The 
weight for record in CLAY/10/7490 is close to 1 if it is similar to the Taipei training 
dataset and close to 0 if it is dissimilar. In this way, it is not necessary to prescribe an 
arbitrary threshold to divide between “similar” and “dissimilar” sites. The difference 
between Fig. 5a and Fig. 2a is the use of weights in regression. Figure 2a is based 
on regression with a weight of 1 for all records regardless of similarity. 

The extrapolated quasi-site-specific transformation model appears to be less 
reasonable than that produced by hybridization (Fig. 3a) and HBM (Fig. 4a). 
However, in the absence of extrapolation, the 95% CIs for the validation dataset 
shown in Fig. 3b (hybridization), Fig. 4b (HBM), and Fig. 5b (record similarity) 
look similar.
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Fig. 5 Quasi-site-specific model using the record similarity method: a training (weighted regres-
sion with Taipei data carrying a weight of 1 and each record in CLAY/10/7490 carrying a weight 
proportional to its record “similarity”) and b validation. Record similarity index >1 shown in green 
triangular markers. Taipei training dataset in red circular marker. Taipei validation dataset in yellow 
circular marker 

Fig. 6 Comparison between Taipei site (red circular marker) and “similar” sites (green triangular 
marker) in CLAY/10/7490 using the Casagrande plasticity chart: a record similarity index >1 and 
b site similarity index >0.1

4.5 Site Similarity Method 

The record similarity method [6] can only compare one record in CLAY/10/7490 with 
the records in the Taipei site. In other words, it can consider site grouping at the target 
site (Taipei) but it cannot consider site grouping in CLAY/10/7490. Sharma et al. 
[21] proposed a site similarity method based on HBM to address this limitation. The 
site similarity measure is essentially the joint density of the Taipei data based on the 
PDF of one comparison site in CLAY/10/7490. The PDF is evaluated approximately 
using HBM. This measure is normalized so that it is unity when the Taipei data is 
compared with its own PDF (self-similarity). This site similarity measure elegantly 
reduces to the classical Kullback–Leibler divergence for complete multivariate data.
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Fig. 7 Quasi-site-specific model using the site similarity method: a training and b validation. Site 
similarity index >0.1 shown in green triangular markers. Taipei training dataset in red circular marker. 
Taipei validation dataset in yellow circular marker 

Figure 7a shows the quasi-site-specific model and sites with similarity >0.1 (trian-
gular markers). The quasi-site-specific model is obtained by weighted regression with 
weights given by the site similarity method (<1). The site similarity method seems to 
behave reasonably well beyond the range of 4.03 < qt1 < 5.32. However, the 95% CI 
for the validation dataset is larger than those produced by hybridization, HBM, and 
record similarity method (Fig. 7b). It is smaller than the one produced by PMR though 
(Fig. 2b). As shown in Fig. 6b, the “similar” records do not cluster around the Taipei 
data in the Casagrande plasticity chart as well. The preliminary conclusion is that two 
soil properties may not be sufficient to establish a robust site similarity measure. 

5 Conclusions 

In the absence of site-specific data, an engineer is compelled to rely on a generic 
transformation model to estimate a design parameter, such as the correlation between 
the undrained shear strength and the normalized cone tip resistance. There is rarely 
sufficient data to establish a site-specific or local correlation. The engineer under-
stands that a generic transformation model is biased when applied to a specific site. 
He/she relies on engineering judgment to correct this bias approximately. However, 
there is no judgment possible to correct the generic transformation uncertainty which 
is too large for a specific site. Alternately, an engineer may combine site data with 
data from other similar sites to construct a quasi-site-specific model based on experi-
ence and knowledge of geology. No data-driven method is available to construct such 
a model. This is called the “site recognition” challenge in the data-driven site char-
acterization (DDSC) research agenda. It is a difficult challenge primarily because 
the attributes of actual site data are MUSIC-3X.



60 K.-K. Phoon and J. Ching

This paper presents four methods to construct a quasi-site-specific model to 
estimate the undrained shear strength from the normalized cone tip resistance: (1) 
hybridization, (2) hierarchical Bayesian model, (3) record similarity method, and (4) 
site similarity method. The last two methods are “explainable” in the sense that the list 
of “similar” records or sites supporting the quasi-site-specific model is made known 
to the engineer. In this way, the engineer can delete records/sites deemed unreason-
able, thus fostering a meaningful engagement in the decision making (estimation 
of the undrained shear strength). The effect of extrapolating the quasi-site-specific 
model beyond the range of the training dataset is also studied. 

More research is needed to: (1) ascertain the number and/or type of soil properties 
needed to identify “similar” sites more robustly in the sense of producing more clus-
tered results in existing soil classification charts (e.g., Casagrande plasticity chart) 
and (2) understand the bias and precision of making inferences beyond the range of 
the training dataset. 
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line. Bull Eng Geol Env 78:5281–5299 

11. Kulhawy FH, Mayne PW (1990) Manual on estimating soil properties for foundation design. 
Report EL-6800, Electric Power Research Institute, Palo Alto, California 

12. Mesri G, Huvaj N (2007) Shear strength mobilized in undrained failure of soft clay and silt 
deposits. In: DeGroot DJ et al (eds) Advances in measurement and modeling of soil behavior 
(GSP 173). ASCE, pp 1–22



The “Site Recognition Challenge” in Data-Driven Site Characterization 61

13. Ou CY, Liao JT (1987) Geotechnical engineering research report. GT96008, National Taiwan 
University of Science and Technology, Taipei 

14. Phoon KK, Kulhawy FH (1999) Characterization of geotechnical variability. Can Geotech J 
36(4):612–624 

15. Phoon KK, Prakoso WA, Wang Y, Ching J (2016) Uncertainty representation of geotech-
nical design parameters, Chapter 3. Reliability of geotechnical structures in ISO2394. CRC 
Press/Balkema, London, pp 49–87 

16. Phoon KK, Ching J, Wang Y (2019) Managing risk in geotechnical engineering–from data to 
digitalization. In: 7th International symposium on geotechnical safety and risk, Taipei, Taiwan, 
pp 13–34 

17. Phoon KK, Tang C (2019) Characterization of geotechnical model uncertainty. Georisk Assess 
Manag Risk Eng Syst Geohazards 13(2):101–130 

18. Phoon KK, Ching J, Shuku T (2022) Challenges in data-driven site characterization. Georisk 
Assess Manag Risk Eng Syst Geohazards 16(1):114–126 

19. Phoon KK, Zhang W (2023) Future of machine learning in geotechnics. Georisk Assess Manag 
Risk Eng Syst Geohazards. https://doi.org/10.1080/17499518.2022.2087884 

20. Phoon KK, Ching J, Cao Z (2022) Unpacking data-centric geotechnics. Underground space 
7(6):967–989 

21. Sharma A, Ching J, Phoon KK (2022) A hierarchical Bayesian similarity measure for 
geotechnical site retrieval. J Eng Mech ASCE 148(10):04022062 

22. Tang C, Phoon KK (2021) Model uncertainties in foundation design. CRC Press, Boca Raton 

Kok-Kwang Phoon is Cheng Tsang Man Chair Professor 
and Provost, Singapore University of Technology and Design 
(SUTD). He obtained his BEng and MEng from the National 
University of Singapore (NUS) and his PhD from Cornell 
University. Prior to joining SUTD, Prof Phoon was Senior 
Vice-Provost (Academic Affairs) and Interim Director of the 
Lloyd’s Register Foundation Institute for Public Understanding 
of Risk at NUS. He is a Professional Engineer in Singapore, an 
ASEAN Chartered Professional Engineer, and past President of 
the Geotechnical Society of Singapore. He is currently serving 
as the Deputy Chief Scientific Advisor (DCSA) of the National 
Research Foundation Singapore. He was elected as a Fellow of 
the Academy of Engineering Singapore in 2012. 

Prof Phoon is particularly interested in developing statistical 
and other data-driven methods to support decision making in 
geotechnical engineering. He has edited 3 books and authored 
1 book: Model Uncertainties in Foundation Design (CRC Press, 
2021). He was bestowed the ASCE Norman Medal twice in 
2005 and 2020 and the Humboldt Research Award in 2017, 
among many others. He is the founding editor of Georisk 
(Taylor & Francis) and presently serving on the editorial board 
for premium journals such as Structural Safety and Probabilistic 
Engineering Mechanics. He has delivered the inaugural S.L. Lee 
Lecture in Singapore, 11th J.E. Jennings Memorial Lecture in 
South Africa, 10th Sun Jun Lecture in China, 4th Wilson Tang 
Lecture in the Netherlands, 10th Lumb Lecture in Hong Kong, 
4th Suzanne Lacasse Lecture in Taiwan, and 2nd Alfredo Ang 
Lecture in China.

https://doi.org/10.1080/17499518.2022.2087884


New Tool for the Measurement of Soils’ 
Shear Strength 

Mounir Bouassida and Dalel Azaiez 

Abstract Disturbance encountered when testing soft soils both in laboratory and 
in-situ conditions makes the determination of undrained shear strength, Su, very  
challenging. This paper introduces a new tool called “Cylindrical Shear Tool” (CST) 
to measure the undrained shear strength, Su, of soft soils. Description of this tool is 
given and the related shear test procedure is detailed. The proposed tool offers the 
advantage to avoid the disturbance of soft soils prior to the measurement of shear 
strength. From recorded measurements, and based on considerations of the existing 
shear tests, a specific method of determination of Su is proposed. Recorded results 
by the CST on a reconstituted Tunis soft clay revealed in fair agreement with those 
obtained from direct shear tests and from a triaxial test. Using the CST a series of 
tests was also performed from which the friction angle of the interface between the 
CST and a compacted sand is determined. First, characterization of the chosen quarry 
sand comprised identification tests, Proctor tests and the direct shear test (DST). Then 
follows the preparation of sand samples compacted, in Proctor molds, at the optimum 
modified and normal Proctor water contents. Those remolded sand specimens were 
subject to the CST tests for which the failure shear strength is captured. Then the 
method of determination of the sand specimens’ friction angle is detailed. 

Keywords Cohesion · Testing · Disturbance · Cylindrical tool · Friction angle ·
Undrained cohesion 

1 Introduction 

The determination of soil shear strength relies on producing failure within the soil 
when subjected to a given loading path. Then, after the measurement of the ultimate 
load, follows the identification of the soil strength parameters using a specific method
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that depends on the used test procedure. Testing methods to produce a soil failure 
mostly comprises laboratory tests and in-situ tests. 

For laboratory tests, all performed under a prescribed loading rate, one can impose 
the surface failure as for the direct shear test. In turn, the surface failure is unknown 
and sometimes non-visible as observed when conducting classical triaxial tests. 
Instead, for in-situ tests other failure scenarios are considered. For the cone penetra-
tion test (CPT) a localized static failure results from the penetration of the tip of cone 
apparatus into the soil, then the tip resistance is measured. Using well-established 
correlations, one can deduce the deformation and strength parameters: the Young 
modulus, friction angle, and the undrained cohesion from the measured tip resis-
tance, etc. For the pressuremeter test, a lateral expansion under a monotonic applied 
pressure induces a shear deformation up to failure of the surrounding soil [2]. From 
the measured limit net pressure and pressuremeter modulus, using a specific method, 
one can proceed for the design of foundations. 

In a different way, the vane test, performed both in laboratory and in-situ condi-
tions, is restricted to the measurement of a unique strength parameter that is the 
undrained cohesion of soft soils. This set of soil investigation methods also includes 
the dynamic penetration tests, in particular the Standard Penetration Test (SPT) and 
the dynamic cone device during which a number of blow counts corresponding to a 
prescribed penetration depth, permits to derive specific strength parameters based on 
well-established correlations. In case of sands, one can determine the friction angle 
using the well-know Terzaghi and Peck correlation, Das [8]. In a quite different 
manner, from the dynamic cone penetration, from the recorded soil resistance, an 
estimate of the admissible bearing capacity of a shallow foundation is obtained [7]. 

From the above flashback related to soil testing methods, e.g. tools, for deter-
mining in particular shear strength characteristics, there is no limitation, in terms of 
test procedure, to produce the soil failure, and also to choose the suitable method for 
determining strength parameters. However, one can outline an important detail that is 
soil disturbance that can happen into the soil, or not, for the performed testing proce-
dure. Based on this, one can proceed for a classification concerning the preparation 
for the shear strength measurement. In this regard, one can notice for the vane test 
that, prior to the commencement of the loading (applied torque), the vane penetrates 
into the specimen (in laboratory) or the in-situ ground, then, there is a disturbance 
which may affect the test results [1]. As for the pressuremeter test, the boring of the 
soil significantly disturbes the vertical edge of the created hole where the measure-
ments cell is mounted to start the lateral expansion. In addition, after discussing the 
estimation of the undrained cohesion of soft soils, [9] reported the overestimation 
the Su value from the recorded limit net pressure during the pressumeter test. 

In a different way, concerning the static cone penetration test (CPT) and the 
standard penetration test (SPT), the measurement of soil shear strength occurs at the 
bottom of a created hole, and precisely, after an initial penetration of the apparatus 
where no measurement is taken. As such, one can endorse the fact that soil disturbance 
will not affect the measurement of soil resistance beyond the initial penetration. 
Further, especially for the CPT and SPT, note that from the measured resistance, there 
is a need to use recommended correlations that essentially depend on the soil type
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to derive the foreseen strength soil parameters. Therefore, results from the existing 
is-situ tests do not provide a direct measurement of the basic failure parameters i.e. 
cohesion and friction angle. Figure 1 schematizes the differences between four in-
situ tests, as described in the above, to show where the soil disturbance affects, or 
rather not, the measurement of soil failure parameters. 

Worth mentioning to date there is a lack for determining a reliable undrained 
cohesion for soft soils. In fact, dependent less of the existing testing tool the distur-
bance of soft soil in inevitable. Hence, there is a real need to seek for a tool avoiding 
the soft soil disturbance to assure a reliable Su determination. 

The present work, first, suggests the new Cylindrical Shear Tool for the measure-
ment of soil shear strength recently introduced and patented [4]. This tool enables a 
direct determination of the undrained cohesion of soft soils without the occurrence 
of disturbance. Second, this paper presents, a step further, to detail how the use of 
the cylindrical shear tool (CST), enables the determination of the friction angle of 
cohesion less soils. The main outcome of the CST relies on the direct and reliable 
determination of cohesion and/or friction angle without being affected by the soil 
disturbance.

Fig. 1 Schematized preparation for in-situ tests illustrating the occurrence of soil disturbance 
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Fig. 2 a. Initial penetration of the cylindrical tool into the test soil prior to the measurement; b. 
Penetration of the cylindrical tool into the test soil during the measurement of the soil resistance 

For each soil type’s this paper details the method of determination of its shear 
strength parameter from the recorded load displacement curves. The validation of the 
CST test results is discussed after comparison with results obtained by the current 
testing methods. 

2 The Cylindrical Shear Tool (CST) 

2.1 Tool Design 

The proposed tool is a thin hollow cylindrical tube with a sharpened tip over a short 
distance d0 = 5 mm. Such a shape facilitates the penetration of the CST into the soft 
soil, at a prescribed vertical displacement rate, over the distance d0 (Fig. 2a and b). 

The recently published CST test procedure enables the measurement of the soil 
resistance developed along the circumferential shaft of the penetrated hollow cylinder 
over the recorded penetration d in the range d0 to df. Therefore, the CST enables a 
direct measurement of the soil resistance over the imposed soil-tool interface. 

Bouassida and Azaiez [3] provided a detailed presentation of the components of 
the CST for which two sizes, small and big, served for the determination, as a first 
investigation, of the undrained cohesion of a remolded Tunisian soft clay. 

Figure 3 illustrates the two sizes of the manufactured CST for the determination 
of the soil shear strength parameters.

2.2 Testing Procedure 

As experienced during the first investigation [3], the CST test and measurement-
assessing transducers are mounted to the loading frame of the triaxial apparatus. The
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Fig. 3 Proposed cylindrical 
shear tool designed in two 
different sizes

CST fixed in the current position of the conventional loading frame of the triaxial 
test, penetrates the sample at a uniform vertical displacement rate applied by the 
moving base platen fixed to the motor drive of the triaxial apparatus. 

An s-type load cell, of 2 kN capacity, records the induced vertical force P balancing 
the soil resistance when the CST penetrates the soil sample. 

Besides, using a displacement transducer “4”, VJT0271 of 25 mm travel distance, 
one records the displacement of the CST when pushed upward to the sample. 

Prior to the commencement of the test, one checks, on the motor drive the 
prescribed displacement rate satisfying either the undrained shear condition or the 
drained one. 

A GDS lab software controls all data acquisition. After checking the GDS lab 
connection, the first stage of the CST test starts by the penetration of the sharpened 
tip of the CST into the sample. Then, the re-initialization of all transducers reading 
to zero to start the second phase corresponding to the CST test that is the shearing of 
the tested sample. Such a procedure appeals to derive along the soil-tool interface, 
either the cohesion, in case of soft soils, or the frictional angle governing the contact 
between the CST and a granular soil. 

2.3 Determination of Soil Shear Strength Parameters 

Main experimental output from the CST test is the recorded load-penetration curve. 
After the first investigation, for determining the undrained cohesion of soft soils, 
Bouassida and Azaiez [3] reasoning’s considered the similarity between the direct 
shear test (DST), and the CST test by concluding the need to mark a limitation of 
the CST penetration to capture the ultimate vertical force Pult. 

As such, one can determine, comprehensively, the soil shear strength parameters. 
In fact, earlier, Bouassida, [6] explained that the mobilized soil shear strength does 
not always correspond to the peak of stress–strain (or force–displacement) curve
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recorded from any shear test. Worth noted that the limitation of the penetration, d, 
of the CST into the soft soil also applies for the soil-CST contact area. 

3 Determination of Soft Soils’ Undrained Cohesion: 
An Update 

Figure 4 shows the variation of the axial force versus the CST penetration as recorded 
during several tests carried out on reconstituted Tunis soft clay samples. 

For each load-penetration curve, the starred point corresponds to the value of 
the ultimate load determined after the method proposed by Bouassida and Azaiez, 
[3]. Using the recorded ultimate load, Pult, and the corresponding penetration dult, 
illustrated by Fig. 4, one determines the undrained cohesion, Su, of the tested samples 
from Eq. (1) 

Su = Pult 
π(Dint  + Dout )dult 

(1) 

Din and Dout denote the inner diameter and the outer diameter of the CST.

Fig. 4 Variation of the axial force versus the CST penetration in reconstituted Tunis soft clay 
samples under 30 kPa consolidation stress 
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Assessment of obtained Su values from the CST tests showed a fair agreement with 
values determined for the direct shear test (DST) and a classical triaxial test [3]. 

4 Determination of Cohesion Less Soils’ Friction Angle: 
First Investigation 

The experimental program comprised two steps. First step considered the charac-
terization of a selected quarry sand, including a grain size distribution, Proctor tests 
and the direct shear test. Second step focused on performing shear tests using the 
recently patented CST for the determination of the friction angle, by assuming zero 
cohesion for the tested sand. 

4.1 Characterization of the Granular Soil 

Bulk sample retrieved from a fill sand, of current use in concrete production, was 
subject to a sieve analysis with a mesh opening less or equal to 2 mm. Dry sieve 
analysis was performed after preparing one kilogram of the selected sand. Figure 5 
shows, after the particles size distribution, that dimensions corresponding to 60% 
finer (D60), 30% finer (D30) and 10% finer (D10) approximately take the values 
0.55 mm, 0.3 mm and 0.15 mm, respectively. Those data allowed obtaining the 
coefficient of uniformity: Cu = D60 

D10 
= 0.55 0.15 = 3.67 and the coefficient of gradation 

Cc = D2 
30 

D10 D60 
= 0.32 

0.15×0.55 = 1.09. After the USCS, the tested sand is classified well 
graded sand.

The characterization of the tested sand using the pycnometer test, led to the specific 
gravity value in the range: 2.608 < Gs < 2.615; Gs = 2.643. 

From the direct shear test carried out on a specimen of the fill sand, the shear 
strength is characterized by a friction angle ϕ = 28.9° and negligible cohesion. 
Those characteristics are typical of a loose sand. 

Further, after the preparation of compacted samples of the tested sand in stan-
dard Proctor molds the modified and normal Proctor procedures were carried out. 
Figure 6 shows the two Proctor curves as recorded from the modified Proctor and 
normal Proctor tests. The recorded modified Proctor parameters are: optimum water 
content ωop = 8.64% and a maximum dry unit weight: γd (max) = 18.47kN/m3 . 
Whilst, from the normal Proctor test, the maximum dry unit weight is γd (max) = 
17.99kN/m3 and the corresponding optimum water content is:. ωop = 10.38%. Table 
1 summarizes the recorded data from the performed Proctor tests and the calculated 
void ratios using the identification test results. From those data, the influence of an 
intense energy of compaction leads to a decrease in the void ratio and an increased 
maximum dry density.
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Fig. 5 Grain size distribution of tested sand

w (%)  

(ʏ (max), ) 

(ʏ (max), ) 

Fig. 6 Proctor test curves of the tested compacted sand
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Table 1 Proctor tests results 
of the compacted sand 

Parameters Modified Proctor 
test 

Normal Proctor test 

Optimum water 
content (%) 

8.64 10.38 

Max γd (kN/m3) 18.47 17.99 

Calculated void 
ratio 

0.552 0.622 

4.2 Determination of the Friction Angle of Cohesion Less 
Soil from the DST and CST Results 

Preparation of the sand samples to be subject to the DST and CST test consisted of 
the compaction of sand specimens in the CBR mold to assure controlled parameters 
corresponding to the referenced normal Proctor and modified Proctor compactions 
at related optimum water contents. Opposite extremities sides of the CBR mold 
specimens served for performing the direct shear tests on the compacted sand 
specimens. 

Those specimens were, then, subject to three CST tests for which the characteriza-
tion of shear strength parameters were obtained. Then, the method of determination 
of the friction angles of sand specimens is detailed. 

Figure 7 presents the intrinsic curves from recorded results of the DST performed 
on compacted sand specimens for the normal and the modified Proctor tests.

Table 3 summarizes the obtained shear strength showing a substantial increase of 
the compacted soil specimen’s failure characteristics compared to the friction angle 
of the dry loose sand (Table 2). The sand compaction significantly enhanced the 
friction angle, with respect to the performed compaction energy. In addition, the 
compaction also induced a non- negligible cohesion.

Figure 8 shows the variation of the axial force P versus the CST penetration into 
the tested compacted sand sample. Noted that during the CST penetration there are 
fluctuations of the recorded values by the force sensor as illustrated by the dotted band 
(cloud points). Equation (2) predicts the average of recorded force P (in Newton), 
during the second CST test performed on the modified Proctor compacted sand 
sample, as a function of the CST penetration d (in mm), with a linear regression 
coefficient R2 = 0.76. 

P = 2.43387dult (2)

By assuming the tested sand as a cohesionless material, the determination of the 
friction angle resulting from the CST penetration is owed to the developed shear 
strength along the interface soil-CST. The mobilized shear strength at depth “z” is 
given by Eq. (3): 

τ f = σh tan δ f = K P (γ z) tan δ f (3)
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Fig. 7 Intrinsic curves from direct shear tests on the compacted dry sand and specimens at optimum 
Proctor water content

Table 2 Result of the direct 
shear test carried out on 
quarry sand 

σh (kPa) τ (kPa) Horizontal 
displacement (mm) 

Friction angle ϕ 

233 127.2 5.03 28.6° 

Table 3 Results of direct 
shear tests carried out on 
compacted sand specimens 

C (kPa) ϕ (°) 
Compacted sand 5.6 39.8 

Remolded dry sand 2.6 33.0

σh denotes the horizontal stress applied to the CST shaft area. 
KP denotes the passive pressure coefficient which essentially depends of the 

friction angle of the tested sand (and the roughness of the CST-soil interface). 
δf denotes the friction angle of the interface between the CST shaft and the tested 

sand. 
Over the increment of the CST penetration dz: d0 < dz < df, the vertical force 

balances the mobilized shear strength, corresponding to the soil failure, over the 
elementary area, dAsh; of the CST shaft given by Eq. (4) 

d Ash = π (Dint  + Dout )dz (4)
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Fig. 8 Recorded axial force P versus the penetration of the CST into the compacted sand sample 
at the optimum modified Proctor

Using Eqs. (3) and (4), the integration of the shear strength over the total shaft 
area of the CST leads to the resultant ultimate axial force given by Eq. (5) 

Pult = 
d f∫

d0 

KP(γ z) tan δ f π (Dint  + Dout )dz (5) 

Integrating Eq. (5), one obtains the ultimate vertical force expressed by Eq. (6) 

Pult = 
1 

2 
γ (d2 

f − d2 
0 )KP tan δ f π (Dint  + Dext ) (6) 

As a first basic assumption, in this work, the passive pressure coefficient is given 
by the well-known formula of Rankine’s theory, i.e. 

KP = (1 + sin ϕ)/(1 − sin ϕ) (7) 

The effective measurement of the axial load starts after the initial penetration d0, 
and the value of the ultimate axial force, Pult, corresponds to a given value dult in the 
range: d0 < dult < df; hence, the friction angle of the interface between the CST and 
the cohesion less soil is determined from Eq. (8):
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tanδ f = 2Pult 
γ d2 

ult KPπ (Dint  + Dext ) 
(8) 

The friction angle of the CST-soil interface, δ f , is proportional to the one of the 
tested sand, ϕ as: 

δ f = αϕ (9) 

From the literature, in case of a positive frictional soil resistance, as for driven 
piles, it is common, that coefficient “α” introduced by Eq. (9) is the range: 

0.5 ≤ α ≤ 0.67 (10) 

Solution of Eq. (8), in terms of the friction angle of the assumed cohesion less 
soil, ϕ, cannot be obtained by performing direct resolution methods. There is a need 
to perform an iterative procedure for solving such an implicit equation. Plausible 
solutions should be targeted in the interval ϕ = 25−40°. This investigation is in 
progress to deliver the suitable determination of the friction angle of purely frictional 
material from the result obtained by the CST. 

5 Conclusions 

This paper presented the cylindrical shear tool for testing soils to determine shear 
strength characteristics. Main benefit of the tool is to avoid the soil disturbance prior 
to the measurement of shear strength resistance. First investigation considered the 
determination of the undrained cohesion of purely cohesive soils for which a specific 
method of determination has been introduced. Thanks to existing direct shear test 
and a triaxial test results the estimated cohesion using the CST reveals satisfactory 
[5]. However, more investigation are yet needed for the validation of the proposed 
method of Su determination. 

Second investigation focused the determination of the friction angle of assumed 
purely frictional sand. After characterization of a chosen quarry sand including 
Proctor tests and direct shear test, the influence of compaction has been evidenced by 
comparing the cohesion and friction angle recorded for compacted sand specimens 
using the normal and modified Proctor procedures. 

After carried out shear tests using the CST, the method of determination of the 
friction angle of tested sand specimens (assumed of negligible cohesion) is formu-
lated. This investigation is yet in progress to propose a suitable determination of the 
friction angle of cohesion less soils. 

It is also viewed that performing the CST test makes possible the determination of 
the overall shear resistance of cohesive frictional soils. This third possibility applies 
for the compacted sand specimens at two different compaction energies.
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Apparatus Design and Measuring 
of Apparent Swelling Pressure 
of Compacted Bentonite 

Hailong Wang, Takumi Shirakawabe, and Daichi Ito 

Abstract Apparent swelling pressure of compacted bentonite (ps) is a basic param-
eter for structure design for the geological disposal projects of high-level radioactive 
waste (HLW). The equilibrium apparent swelling pressure (peq) observed by wetting 
compacted bentonite have been reported extensively in past studies, however, peq vari-
ation, i.e. difference between peq measurements under similar conditions, may signif-
icantly large equilibrium swelling pressure. This variation was sometimes attributed 
to swelling deformation of specimens during testing, however, few studies discussed 
this issue in detail. In this study, a swelling pressure apparatus was newly devel-
oped with aim of obtaining good repeatable peq measurements. Efforts are made on 
apparatus design to achieve simple configuration, low cost and low system compli-
ance. A series of tests were conducted to find a proper way of obtaining peq with 
less variation for identical specimens. It was found that slight deformation of might 
not be the fundamental reason for peq variation, however, slight deformation may 
introduce difficulties of dry density measurement, which may result in apparent peq 
variation. With the new apparatus, good repeatability of ps measured on identical 
specimens was obtained. The apparatus may provide an inexpensive tool for further 
understanding the behaviours of compacted bentonite. 

Keywords Apparent swelling pressure · Compacted bentonite · Apparatus ·
Geological disposal · High-level radioactive waste 

1 Introduction 

As a candidate material for geological disposal of high-level radioactive waste, highly 
compacted bentonite has been studied extensively for its swelling properties. One
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of the important swelling properties is the pressure produced by wetting compacted 
bentonite under a fully confined state. Herein, this pressure and its final equilib-
rium state were designated apparent swelling pressure ps and apparent equilibrium 
swelling pressure peq, respectively following [13]. There are generally four methods 
to measure peq [6, 9], while two of them: constant volume and zero-swell methods 
were employed extensively for compacted bentonites. In the former method, vertical 
swelling deformation of compacted bentonite is limited to a narrow range by adjust-
ment of vertical loading during wetting until no further adjustment is necessary. 
And peq is equal to vertical load finally applied. The latter method restricts swelling 
deformation using rigid walls. Equilibrated pressure measured using a load cell or a 
pressure transducer connected to the rigid wall is regarded as peq. A literature survey 
was conducted on peq measured by these two methods to find measurement variation 
of peq. Some representative results are presented in Fig. 1, in which testing conditions, 
such as testing temperature, specimen wetting liquids, initial water condition, testing 
apparatus for each dataset are technically the same. Figure 1a shows case of Ca-type 
bentonites and Fig. 1b is that for Kunigel V1 (hereafter, K_V1), a Na-type bentonite 
candidate for Japanese geological disposal project. It can be seen from Fig. 1 that 
peq variation under the same specimen dry density (ρd) for each dataset might be 
several hundred kilopascals or several megapascals in some cases, although it might 
also be negligible in other cases. This variation seems also to be larger for higher 
ρd. Villar and Lloret [10] attributed peq variation to high sensitivity of peq to certain 
specimen deformation during tests. Tanaka and Watanabe [8] stated that insufficient 
stiffness of tested apparatuses would be a source for slight deformation of specimens 
and result in peq variation. However, it was not clear how slight deformation could 
cause peq variation fundamentally and why peq variation would occur for specimens 
with technically the same testing conditions. In this paper, design details of a new 
apparatus for swell pressure measurement are presented and experiments on identical 
specimens attempting to obtain peq values with less variation were conducted. Based 
on the experimental results, it is implied that slight deformation may not necessarily 
cause peq variation. 
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Fig. 1 Typical equilibrium apparent swelling pressure measurements: a Ca-type bentonites, and b 
Kunigel V1 (Na-type bentonite)
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2 Apparatus Design 

Figure 2 presents the apparatus recently developed in this study. A specimen with 
dimensions of 10 mm in height (H) and 28 mm in diameter (φ) is confined radially in 
a mould ring. The specimen is sandwiched between the top cap and the loading plate 
to restrain vertical deformation. There is a load cell, a bearing, a supporting plate and 
a loading screw, respectively beneath the loading plate, so that the loading plate can 
be raised vertically by rotating the loading screw without introducing torque. Water 
is designed to be supplied from the opening at the middle ring, where a cylindrical, 
0.3-mm-wide gap exists between the loading plate and middle ring, from which water 
flows into the specimen through a stainless steel mesh and a filter paper. Air escapes 
from the air exit opening at the top cap. This apparatus measures the averaged ps of 
the specimen, though the authors also developed other types to measure local ps [13, 
14]. 

To restrict specimen deformation, it is natural to apply a confining stress to the 
mould ring by rotating the bottom loading screw before supplying water. However, 
it was found that this confining stress drops due to compressibility of filter paper. 
Two tests with configurations shown in Fig. 3a were conducted, where a load was 
applied to an empty mould ring in case 1 and a filter paper was added to the mould 
ring bottom in case 2. Results were plotted to Fig. 3a, where load cell measurements 
were converted to a stress (σ vt) respecting to the specimen area. Also, given the initial 
value of σ vt, σ vt0 is the initial applied confining stress. It is shown that σ vt decreases 
significantly larger in case 2 comparing to case 1 and after supplying water in case 2 
σ vt drops again. Reduction of σ vt is expected to be mainly induced by deformation 
creep of the filter paper and change of filter paper compressibility after being wetted. 
More tests were conducted with the configuration of case 2 under different σ vt0. 
The results, as shown in Fig. 3b, indicate that the stress drop might vanish only 
when σ vt0 is sufficiently small: 0.05 MPa or less. If initiation of specimen swelling 
could be artificially controlled, measurement of a bentonite specimen schematically

Fig. 2 Apparent swelling 
pressure apparatus 
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Fig. 3 a Three testing configurations with similar σvt0, b For configuration case 3 under different 
σvt0, and  c σvt development by variation of ps and σvt0 

illustrated in insert of Fig. 3b can be expected. Measurements first stabilize at a 
stress σ vts before water supply and again approach to a constant stress σ vtc after 
water supply. If specimen swelling was initiated from σ vtc, the measurement would 
increase slowly until it exceeds a stress σ vtp, from which the measurements reflect 
really behaviours of ps. 

Since measurement could not be observed clearly between σ vtc and σ vtp for a 
bentonite specimen because swelling will be triggered at the moment of water supply, 
a test was design with the configuration in the insert of Fig. 3c. In the test, air pressure 
applied to the inner space of the mould ring was increased stepwise to simulate 
development of ps under different σ vt0. Because filter paper was not used in these 
tests so that approximately σ vt0 = σ vts = σ vtc. Air pressure is simply converted to ps 
based on the mould ring and loading plate diameters, as shown in the X-axis legend 
in Fig. 3c. It is apparent that the relation between σ vt and ps almost follows a 1:1 
line for the case of σvt0 = 0 MPa. For other cases, σvt increment is smaller than that 
of ps till converging to the 1:1 line. It can be roughly estimated that σ vts = ~1.6 σ vtc 
form Fig. 3b and σ vtp = ~1.5 σ vtc from Fig. 3c so that approximately σ vtp = σ vts. 
This result suggests that σ vt0 should not be too large to observe ps behaviours. In the 
following contents, σ vt are approximately regarded as ps when σ vt > σ vts. 

3 Test Program 

A series of tests was conducted on K_V1 with the new apparatus. Specific gravity 
of K_V1 is 2.80, water content in laboratory environment (23 °C, 50% relative 
humidity) is about 7%. The montmorillonite content is about 53% measured by 
Methylene blue absorption test [15]. Other details on K_V1 are given in Wang et al. 
[12]. Table 1 shows test conditions. Two experimenters, denoted respectively as WH 
and ST in the test names, were involved in the experimental works. All specimens 
were statically compacted to target dry densities using a jack. In this study, the term 
“identical specimens” is used for specimens with the same target dry density (ρdt) 
and initial water contents (wi), which were also prepared on the same day. Note 
that ρd in Table 1 was calculated by assuming that volume of specimens was the
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same as the inter space of the mould ring, where compression of filter papers was 
not considered. “Pre-sp” expresses whether a pre-reserved space was set or not. The 
reason of keeping pre-reserved space is discussed in the next section, while to make 
such a space 5 following steps were done: (1) Trim two surfaces of a specimen after 
specimen compaction. (2) Install the specimen in the apparatus. Put filter paper at 
the top end of the specimen (surface 1 in Fig. 4a). Then tighten the top cap screws. 
(3) Release top cap screws and trim the bottom surface of the specimen (surface 2 
in Fig. 4a). (4) Turn the specimen over. Put a normal filter paper beneath surface 1 
and a pre-compressed filter paper upon surface 2. Tighten the top cap (Fig. 4b). (5) 
Apply σvt0, wait for stress stabilization. Supply water for ps measurement. 

The thickness of the filter paper can be pre-compressed to about 0.13–0.14 mm 
in the manner shown in Fig. 4c by tightening the top cap screws. In step (2), the 
edge area of a normal filter paper might normally be compressed to about 0.1 mm

Table 1 Summary of testing specimen conditions 

wi 
% 

ρdt 
Mg/m3 

Test name ρd 
Mg/m3 

wf 
% 

σ vt0 
MPa 

Pre-sp 

7.44 1.6 WH_1 1.54 28.7 1.65 No 

WH_2 1.55 28.5 1.67 

7.94 1.6 WH_3 1.53 29.6 0.22 Yes 

WH_4 1.51 29.8 0.06 

WH_5 1.53 28.7 0.06 

6.77 1.6 ST_1 1.57 28.1 1.63 No 

ST_2 1.58 26.2 1.12 

ST_3 1.58 28.3 0.6 

ST_4 1.58 26.7 0.27 

ST_5 1.58 28.8 0.11 

6.47 1.6 ST_6 1.56 28.4 1.11 Yes 

ST_7 1.57 28.4 0.54 

ST_8 1.57 28.4 0.27 

ST_9 1.58 28.5 0.15 

6.73 1.6 ST_10 1.53 29.4 0.24 

ST_11 1.53 29.2 0.23 

ST_12 1.54 29.1 0.24 

1.66 ST_13 1.6 27 0.3 

1.68 ST_14 1.65 25.4 0.25 

1.7 ST_15 1.71 22.9 0.24 

ST_16 1.72 22.6 0.25 

Notes wi and wf: initial and final water contents, respectively. ρdt and ρd: target dry density and 
dry density after trimming. Pre-sp: whether a pre-reserved space between bottom specimen surface 
and bottom filter paper was set or not
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Fig. 4 Depiction of the proposed specimen setup procedure: a initial installation of a specimen, b 
installation of a specimen before water supply, and c preparation of pre-compressed filter paper

in thickness. In step (4), the edge area of a pre-compressed filter paper might be 
compressed further to about 0.08–0.09 mm. Consequently, a pre-reserved space of 
about 50 μm can be made with the above steps. 

4 Test Results and Discussions 

For two identical specimens (WH_1 and WH_2), 2 h was set for σ vt stabilization 
after applying σ vt0 but before supplying water. As shown in Fig. 5a, very good 
overall agreement was obtained. After supplying water, σ vt first immediately drops 
to certain level as shown in the inset, and increases to a peak, reduce to a valley, and 
increase again to an equilibrium state. These behaviours are consistent with those of 
ps commonly observed for compacted bentonite (e.g. Pusch 1980) except the first 
drops. The σ vt reduction from the peak to the valley at about 50 h is expected to be 
induced by soil skeleton collapse during wetting (e.g. Wang et al. [13]). The σ vt drop 
at the beginning is expected to be induced by change of filter paper compressibility as 
explained in Fig. 3. Five additional tests were conducted using identical specimens 
(ST_1-ST_5) by differing σ vt0. Results, as shown in Fig. 5b, indicate that the stress 
drop diminishes and vanishes as σ vt0 decreases. In addition, the equilibrium σ vt 
increases with increased somehow σ vt0 when σ vt0 exceeds ~0.25 MPa. Another four 
identical specimens (ST_6-ST_9) were further prepared with a pre-reserved space. 
Test results obtained from the four specimens under different σ vt0 are shown in 
Fig. 5c, which reveals very good overall agreement. Final parts of results in Fig. 5b 
(ST_1-ST_5) were also plotted to Fig. 5c, which indicates that though the variation of 
equilibrium σ vt of ST_1-ST_5 is larger, their equilibrium σ vt is consistent with those 
of ST_6-ST_9 except ST_1 with σ vt0 of 1.63 MPa. Results in Fig. 5 imply that: 
without a pre-reserved space, initially applied σ vt0 may also stress the specimens 
and induces monotonic increase of equilibrium σ vt with σ vt0 and this stress may be 
introduced by compression of bottom filter paper edge; and small deformation during 
tests may not be a fundamental reason for peq variation since with the pre-reserved 
space, specimen deformation of ST_6-ST_9 should be larger than that of ST_1-ST_5, 
but their equilibrium σ vt values are consistent. For the effect of σ vt0, finding a much 
thinner or less compressible filter paper would be another solution instead of making 
a pre-reserved space (e.g. membrane filter with thickness of ~0.1 mm in Wang et al.
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Fig. 5 Time history of ps on identical specimens a with similar σvt0, b with different σvt0, and  c 
with different σvt0, but a pre-reserved space was made 

[11]). For peq variation shown in past studies (i.e. Fig. 1), if the small deformation 
was not the fundamental reason, difference of measured ρd and true ρd would be a  
possible reason causing apparent peq variation and undetectable slight deformation 
would be a source for this difference. 

Tests were conducted on identical specimens by two experimenters (WH_3-
WH_5 and ST_10-ST_12), in which σ vt0 was kept small (i.e. 0.06 MPa for WH_4 
and WH_5, and 0.22–0.30 MPa for the rest). As shown in Fig. 6, overall agreement 
of ps is very good for specimens except WH_5 with higher peq of about 0.1 MPa. 
And for WH_5, some abnormal behaviours also observed at the beginning (inset 
figure). Nevertheless, it may be said peq with very small variation can be achieved 
with the new apparatus and pre-reserved space specimen. Some specimens were also 
prepared with target dry density (ρdt) ranging from 1.60 to 1.70 Mg/m3 for specimen 
ST_10-ST_16 to see effect of dry density. Figure 6b shows  ps time histories of these 
tests, in which ρd is labelled. Effect of dry density on ps, i.e. higher dry density results 
in higher peq, can be clearly observed in the tested range. 
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Fig. 6 Time history of a ps for identical specimens prepared by two experimenters, and b ps for 
specimens with different ρd
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5 Conclusion 

This study developed a new swelling pressure apparatus for compacted bentonite 
specimens with features of simple design, low cost and system compliance. As a 
key issue in this study, a series of tests were conducted to confirm the test proce-
dures of obtaining peq values with less variation for identical specimens. It was found 
that higher confining stress results in a higher peq, which implies that the confining 
stress might be partially applied to specimens due to filter paper compression. With 
this observation, identical specimens were prepared with pre-reserved spaces at the 
bottom surface, by which peq values with very small variation were obtained. For 
specimen specimens without pre-reserved space, though peq values were somehow 
affected by the confining stress, the average value is consistent with peq of specimen 
with pre-reserved space. These observations indicate that slight deformation (e.g. 
induced by pre-reserved space or system compliance) during tests might not neces-
sarily introduce peq variation by using the apparatus proposed. If this statement can 
be applied to past studies, peq variation observed in past studies may not certainly 
and fundamentally induced by slight deformation, however, slight deformation might 
introduce difficulties of measuring true dry density of a specimen which would be 
one reason resulting in peq variation. 
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Volume Change Behavior of Natural 
Sands with the Addition of Mica Particles 

Furkan Egemen Kahya and Tugba Eskisar 

Abstract The volume change behavior of sands is affected by the grain size, shape, 
mineralogical origin, initial void ratio, effective stress level, and the existence of 
pore water inside the soil medium. The presence of mica minerals changes the inter-
particle force chain and causes the re-arrangement of sand particles under varying 
stress conditions. The intergranular void ratio concept is a useful approach to evaluate 
the grain size range that is in control of the soil behavior. Two different natural sand 
samples were mixed with varying mica contents to perform oedometer tests. The 
volume change behavior was evaluated with the intergranular void ratio concept. 
The triaxial test results were used to support the findings of the oedometer test 
results. The test results indicated that the volume change behavior depending on the 
mica content differed with the effective stress level and the mineralogical origin of 
the sand. There was a certain range of mica content, a transition zone, that changed 
the soil behavior. The behavior was controlled by the fine particles when the soil 
contained approximately 20% or more mica. 

Keywords Sand · Oedometer test · Triaxial test · Intergranular void ratio concept ·
Volume change behavior 

1 Introduction 

The volume change behavior of fine-grained soils under varying stress conditions is 
a time-dependent phenomenon. However, the volume change of sandy soils occurs 
immediately and it is affected by the grain size and shape, permeability, effective 
stress condition, initial void ratio, and mineralogical differences in the soil medium. 
Many natural sands contain different sizes, shapes and they possess different origins. 
Particularly, the mineralogical origin determines the grain shape due to the cleavage 
plane. Gilboy [1] conducted a series of tests on sand-mica mixtures and indicated that 
the volume change behavior of sands is affected by the presence of platy-like particles,
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e.g. mica. Datta et al. [2] reported that calcareous sands formed from the remains 
of marine organisms had platy-like shape grains, the inter-particle voids of this soil 
made it vulnerable to crushing. Harris et al. [3] indicated that the platy morphology 
of mica particles made them behave much differently under stress compared to more 
equidimensional grains of quartz, feldspar, etc. They also showed that the relative 
effect of mica content on the soil strength, bearing capacity, and compressibility were 
most obvious at lower percentages of mica and declined about a range of 10 and 15%. 
Meshida [4] investigated a highway failure in Nigeria and reported that the flaky 
structures of micaceous soils resulted in inadequate field compaction. The platy-like 
grains increased the inter-granular voids in the granular environment [2]. Golightly 
[5] pointed out that, calcareous sands which contain platy-like, marine animal skeletal 
remains had high void ratio and inter-particle porosity. Colliat-Dangus et al. [6] 
indicated that the calcareous sands had very high compressibility due to the inter-
particle porosity and the brittleness of their grains. 

It is very important to understand inter-granular or inter-particle relations to 
understand the volume change behavior of sands. When the sand grains experi-
ence a loading they transfer loads to each other from inter-granular contact points, 
at the same time, this creates a fictive force chain in the granular media. Hence, 
the volume change behavior is controlled by inter-granular relations. The volume 
change behavior of natural sands is affected by the amount of fines. The intergran-
ular void ratio concept is a useful approach to estimate whether the behavior of sand 
is controlled by the fine particles or granular particles of the soil matrix. 

Thevanayagam [7] investigated silty sands known as sensitive sands based on 
the inter-granular void ratio concept and showed that when the fines content was 
greater than about 30%, the behavior of silty sand or sandy silts were were similar 
to that of silts. Salgado et al. [8] pointed out that, sands with 5–20% silt content 
showed more compressibility than the clean sands. Monkul and Özden [9] made an 
attempt to understand the effect of intergranular void ratio through one-dimensional 
compression tests. Reconstituted sand and kaolinite mixtures indicated a transition 
fines content, below which the compressional behavior was mainly controlled by 
the coarser grain matrix, and above which was governed by the finer grain matrix. 
Çabalar [10] mentioned that the mica content leading to the transition zone of the 
sand-mica mixtures increased with increasing effective stress. The triaxial test results 
indicated a close relationship between the transition fines content and the mechanical 
properties of the soil. 

This study aimed to determine the one-dimensional volume change behavior and 
the relationship between the fines content and the mechanical properties of two 
different natural sands of İzmir, Turkey. The oedometer tests were conducted with 
varying mica contents (i.e. 0–50% of mica by the dry weight of the soil) to evaluate 
the effect of mica content on the granular medium and the inter-particle relations. 
The triaxial tests were conducted to confirm the findings of the odometer test results.
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2 Materials and Methods 

Natural sand specimens were taken from Kemalpaşa (Nazarköy) and Yamanlar 
in İzmir, Turkey. Kemalpaşa sand is a part of Quaternary alluvium deposits of 
Kemalpaşa Basin. Tepe and Sözbilir [11] stated that the lithostratigraphic units in 
and around Kemalpaşa Basin are in an age range from Paleozoic to Quaternary [11]. 
Sözbilir et al. [12] investigated the rock units of area in two different groups as pre-
basin-fill and basin-fill respectively. The pre-basin-fill contains metamorphic rocks 
of Menderes Massif, Bornova Flysch Zone rocks, and two unconformity-bounded 
Miocene aged units: the Kemalpaşa Group and the Kızılca Formation. The basin-fill 
units are the Görece - Sütçüler Formation and alluvium [11, 12]. Yamanlar sand is a 
part of Quaternary alluvium deposits of Miocene aged Yuntdağı andesitic rocks and 
lavas [13]. 

The soil classifications were made based on the Unified Soil Classification System 
(USCS) following ASTM D2487 [14]. Nazarköy and Yamanlar sands were classified 
as poor graded sands (SP). Mica particles of this study were in the range of silty sand 
and classified as SM. The particle size distribution curves were plotted according to 
ASTM D6913 [15] (Fig. 1). The specific gravity of Nazarköy and Yamanlar samples 
were obtained according to ASTM D854 [16] and calculated as 2.60 and 2.44 g/cm3, 
respectively. Also, the maximum void ratio (emax) of Nazarköy and Tire samples 
were determined as 1.03 and 1.23, respectively. Within the scope of the experimental 
study, the grain sizes of natural sand samples were limited between No:10 (2 mm) to 
No:40 (0.425 mm) sieves. Six different mixtures were prepared with mica contents 
of 5, 10, 15, 20, 30, 40, 50% to perform oedometer test. Different mixtures which 
contained 0, 10, 30, and 50% mica were prepared to perform the triaxial tests.

Oedometer tests were conducted following ASTM D2435/D2435M [17]. The 
sand–mica mixtures were placed in the oedometer ring apparatus layer by layer in a 
fully saturated condition; apart from that, the top of each layer was flattened with a 
smooth tamping technique. The incremental loadings were applied in nine stages as 
12.5 kPa, 25.0 kPa, 49.9 kPa, 99.9 kPa, 199.8 kPa, 399.6 kPa, 799.1 kPa, 1598.2 kPa, 
and 3196.5 kPa, respectively. The next loading stage was applied one hour after the 
end of the primary consolidation settlement of the previous stage as noted in the 
B method of ASTM D2435 [17]. Eight sets of consolidated undrained triaxial tests 
were conducted based on ASTM D4767-11 [18]. Four different sand–mica mixtures: 
0, 10, 30, and 50% were prepared in congruence with the oedometer test results. The 
specimens were 50 mm in diameter and 100 mm in height. All samples were placed 
in five layers and each layer was tamped down using a rod to maintain a relative 
density of 55−65%. The specimens were saturated until the B-value was greater 
than 0.95. The effective cell pressures for the consolidation stage were 50, 100 and 
200 kPa, respectively.
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Fig. 1 Particle size distribution of Nazarköy and Yamanlar sands and mica

3 Results and Discussion 

3.1 Oedometer Tests 

The volume change behavior of natural sand samples was affected by the platy mica 
particles. The platy-like shape of mica particles routed the sand grains and led to 
changes in the rearrangement of the granular medium. The intergranular void ratio 
concept was used to evaluate the effects of mica particles on natural sands. For this 
purpose, the equation proposed by Thevanyangam was preferred (Eq. 1). 

e(s ) = (e + FC/100)/(1 − FC/100) (1) 

In Eq. (1), es refers to intergranular void ratio, and FC refers to fines content. The 
one-dimensional volume change behavior of the samples has been plotted in terms 
of intergranular void ratio (es) and the effective oedometer stress (log σ) (Figs. 2 
and 3). According to the intergranular void ratio concept, when es approximates 
or equals to the emax, this point denotes the transition zone. The transition zone is 
accepted as the zone, where the volume change behavior transfers from the granular 
part of the soil to the fine part of the soil [7–10, 20]. The granular materials transfer 
loads to each other from contact points. Hence, a fictive force chain occurs in the 
granular media. Also, the volume change behavior of granular materials is controlled 
by the intergranular friction forces and tensile strength of the particles. When the 
fines content increases in the granular medium, fine particles tend to place between 
the voids and on the contact points of grains. Thus, the intergranular force chains are
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broken and the rearrangement mechanism known as sliding and rolling takes action; 
therefore, the volume change behavior of the sands are converged to the transition 
zone. 

Figure 2a shows that Nazarköy samples converged to the emax line approximately 
at 10−15% mica contents. Beyond 15% mica content, the volume change curves 
passed over the emax line. On the other side, Yamanlar samples converged to the emax 

line approximately at 15−20% mica content (Fig. 2b). The behavioral differences 
between these two different natural sand samples were attributed to the differences 
of their geological and mineralogical origins, the unit weight, and the gradation. The 
natural unit weights of Nazarköy and Yamanlar samples were 2.60 and 2.44 g/cm3, 
respectively. The median grain sizes of samples were 0.3 and 0.92, respectively.

Fig. 2 es−log (σ) curves:  a Nazarköy sand, b Yamanlar sand; Relation between es−FC as a function 
of effective stress: c Nazarköy sand, d Yamanlar sand 

Fig. 3 Deviatoric stress (σd)—axial strain (ε) curves:  a Nazarköy sand under 100 kPa stress, b 
Yamanlar sand under 200 kPa stress 
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Nakata et al. [19] emphasized that the stresses at the yield point and the compres-
sion index reduced with increasing median particle size. From this point of view 
compression indices (Cc) of Nazarköy and Yamanlar samples were found as 0.333 
and 0.216, respectively. Besides, specific gravity (Gs) and median grain size (D50) 
could be attributed as important variables. 

The transition zone was evident in terms of the fines content (FC) where es curves 
converged to the emax of the mother soil as denoted by the emax line in Fig. 2a–d. 
Monkul and Özden [9] highlighted that there was a transition at certain fines content 
depending on the applied stress. From this point of view, the es-FC curves which 
were plotted as a function of applied stress also declared the transition. Therefore, 
the intersection of es-FC curves and the emax line defined the transition. Figure 2c 
shows the intersection of the emax line of Nazarköy sand with es-FC curves of 99.9 
and 3196.5 kPa at 12.5 to 35% FC, respectively. Figure 2d shows the intersection 
of the emax line of Yamanlar sand with es-FC curves of 99.9 and 3196.5 kPa at 17.5 
to 39% FC, respectively. The transition values which were obtained from Fig. 2a 
and b showed approximate values. The transition fines content increased with the 
applied effective stress in Fig. 2c and d confirming the findings of the previous studies 
[9, 10, 20]. 

3.2 Triaxial Tests 

The volume changes in sands are not only important in terms of settlements, but 
also important in terms of shear stress distribution. Moreover, the volume changes 
influence the strength and the deformation properties. Deviatoric stress (σd)–axial 
strain (ε%) curves were used with the oedometer tests results to evaluate the effects 
of mica particles on shear strength. Figure 3a and b show σd –ε% curves of Nazarköy 
and Yamanlar sands with varying the mica contents. 

Belkhatir et al. [21] indicated that the undrained shear strength can be correlated 
to the fines content, intergranular void ratio and hydraulic conductivity. Further, 
they found that undrained shear strength decreased linearly with the increase of fines 
content. Similar to the findings of Belkhatir et al. [21], the shear strength of Nazarköy 
sand reduced with increasing mica content. The shear strength reduction was at its 
maximum at 30% mica content (Fig. 3a). At 50% mica content, the shear strength 
increased again. This time, the mica content completely controlled the volume change 
behavior of the soil. The strength of Yamanlar sand increased at 10% mica content 
in contrast to Nazarköy sand in Fig. 3b. The initial value of the intergranular void 
ratio of Yamanlar sand with 10% mica was lower than the natural Yamanlar sand as 
the mica particles filled the voids of the granular medium passively creating a better 
packing of the soil particles. In addition to this, the shear strength of Yamanlar sand 
reduced between 10 and 50% mica contents. This reduction also shows the effects 
of increasing mica content on shear strength in Fig. 3b. 

The internal friction angle (.°) and cohesion (c) values of samples were calculated 
with Mohr–Coulomb criterion (Table 1). Table 1 shows that the internal friction
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Table 1 c and . values of samples 

Nazarköy Yamanlar 

FC% 0% 10% 30% 50% 0% 10% 30% 50% 

c (kPa) 0 0 0 8 15 20 5 7

. (°) 25 25.4 23 18.6 25 33 23 15 

angle (.°) of Nazarköy samples reduced with the increasing mica content. Also at 
50% mica content there was a cohesion of 8 kPa. This cohesion was considered as 
apparent cohesion due to the capillarity in the specimens. The internal friction angle 
(.°) of Yamanlar sand increased at 10%. From Fig. 2b, the initial intergranular void 
ratio (es) value at 10% mica content was found lower than Yamanlar sand. Hence, 
this increment might be another explanation for the lower initial intergranular void 
ratio (es) value. However, in the range of 10–50% mica content, the internal friction 
reduced with the increasing mica content. 

4 Conclusions 

In this paper, a series of oedometer and triaxial tests were conducted on two different 
natural sands with mica particles to investigate the effects of mica content on the gran-
ular medium. The volume change behavior was evaluated based on the oedometer 
test data in terms of the intergranular void ratio concept. Also, the triaxial test results 
were used to support oedometer test findings and used to investigate the effects of 
mica content on the shear strength. The es curves of Nazarköy sand and Yamanlar 
sand converged to the emax line approximately at the threshold zone of 12.5 and 
17.5%mica contents, respectively. The es-FC curves showed that the transition zone 
of Nazarköy sand varied in the range of 12.5–35% of mica content and the transi-
tion zone of Yamanlar sand varied in the range of 17.5–39% of mica content. The 
es-FC curves clearly showed that the transition zone increased with the increasing 
applied stress confiming the works of [9, 10, 20]. The shear strength of Nazarköy 
sand decreased with increasing applied stress in triaxial tests. The shear strength 
of Yamanlar sand increased at 10% mica content as the initial void ratio of 10% 
mica content was lower than the natural Yamanlar sand. The shear strength of both 
Nazarköy and Yamanlar sands generally decreased with the increasing fines content 
similar to the findings of [21, 22]. Nazarköy and Yamanlar sands showed certain 
differences in terms of the volume change behavior and the shear strength due to the 
median grain size, specific gravity, and geological origin of the sands. The effects of 
grain mineralogy and microstructural properties would be the next step of this study 
to determine the behavior of mica added sands.
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horsts, southwestern part of the Gediz Graben. Western Anatolia Geodin Acta 29:70–90 
12. Sözbilir H, Sari B, Uzel B, Sümer Ö, Akkiraz S (2011) Tectonic implications of transtensional 

supradetachment basin development in an extension-parallel transfer zone: The Kocaçay Basin, 
western Anatolia. Turkey Basin Res. 23:423–448 

13. Akay E, Erdogan B (2004) Evolution of Neogene calc-alkaline to alkaline volcanism in the 
Aliaga-Foça region (Western Anatolia, Turkey). J Asian Earth Sci 24:367–387 

14. ASTM D2487(2011) Standard practice for classification of soils for engineering purposes 
(Unified Soil Classification System)-D2487, ASTM Int. West Conshohocken, PA, USA ,p 12 

15. ASTM D6913 (2009) standard test methods for particle-size distribution (gradation) of soils 
using sieve analysis. ASTM International, vol 4. West Conshohocken, PA, pp 1–35 

16. ASTM D854 (2014) standard test methods for specific gravity of soil solids by water 
pycnometer, ASTM International. West Conshohocken, PA, USA 

17. ASTM (2020) D2435/D2435M-11, Test methods for one-dimensional consolidation properties 
of soils using incremental lsoading, pp 1–14 ASTM Int. West Conshohocken, PA, USA 

18. ASTM D4767-11 (2021), Standard test method for consolidated undrained triaxial compression 
test for cohesive soils, ASTM Int. West Conshohocken, PA, USA pp 1–14 

19. Nakata Y, Kato Y, Hyodo M, Hyde AFL, Murata H (2001) One-dimensional compression 
behaviour of uniformly graded sand related to single particle crushing strength. Soils Found 
41:39–51 

20. Cabalar AF, Hasan A (2013) Compressional behaviour of various size/shape sand-clay mixtures 
with different pore fluids. Eng Geol 164:36–49 

21. Belkhatir M, Schanz T, Arab A (2013) Effect of fines content and void ratio on the saturated 
hydraulic conductivity and undrained shear strength of sand-silt mixture. Environ. Earth Sci 
70(6): 2469–2479 

22. Hsiao DH, Phan VTA, Hsieh YT, Kuo HY (2015) Engineering behavior and correlated 
parameters from obtained results of sand-silt mixtures. Soil Dyn Earthq Eng 77:137–151

https://doi.org/10.1016/j.enggeo.2010.01.004


Estimation of Compression Index 
of Lightly Overconsolidated Soils 
from In-Situ Time-Settlement Plots 

T. Lenin, M. R. Madhav, and V. Padmavathi 

Abstract Compression index is an important parameter in the determination of 
settlement response of soft soils under preloading with PVDs. Compression index 
typically estimated using oedometer tests on samples with the assumption that the 
result represents the entire deposit in the field. Most of the soils in in-situ condition 
are lightly overconsolidated, with Over Consolidation Ratio (OCR) ranging from 1.0 
to 2.0 due to glaciation, ground water level fluctuation, aging, isostatic uplift, cyclic 
loading, creep, erosion, cementation, etc. The effect of overconsolidation ratio on the 
estimation of compression index is analyzed in this study. The in-situ time-settlement 
plots at different depths for sites, Suvarnabhumi International Airport [2] and Mukasa 
Express Way [4], are analysed to estimate compression index of in-situ ground, which 
truly represents the deposit’s overall behavior unlike the values obtained from ‘so 
called’ extremely small undisturbed samples tested in the laboratory. The variation 
of compression index with depth of the deposit are also presented for different OCR 
values considered. 

Keywords Compression Index · Time-Settlement plots · Lightly overconsolidated 
soil · Over Consolidation Ratio 

1 Introduction 

Many soils are lightly overconsolidated due to cementation, glaciation, isostatic 
uplift, creep, excavations, erosions, ground water level fluctuations etc. Bjerrum [3] 
demonstrated that delayed consolidation and aging leads to lightly overconsolidated 
state. Consolidation parameters estimated from the ‘so called’ undisturbed samples 
laboratory tests may not be reliable nor applicable to the entire soil in the field.
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Madhav et al. [6] developed a method to estimate compression index and coeffi-
cient of consolidation radial and vertical flows of soft clays assuming the deposit as 
normally consolidated by back analysis of in-situ time-settlement plots. In the present 
study, time-settlement plots obtained from the field are re-analyzed to estimate the 
compression index, Cc, by back analysis assuming the deposit as lightly overconsol-
idated. By using Asaoka [1] method the final primary consolidation settlements are 
estimated. 

2 Methodology 

2.1 Estimation of Compression Index 

A uniform soft soil layer of thickness, H, initial void ratio, e0, subjected to a surcharge 
of . σ

'
at the surface is shown in Fig. 1. Primary consolidation settlements, (S) for 

normally and overconsolidated conditions are estimated at the center of the layer 
using Eqs. (1) and (2) respectively [5]. These equations are strictly valid for thin 
deposits only. 

Settlement of normally consolidated soil: 

S = 
Cc ∗ H 
1 + e0 

∗ log

[
σ

'
0 + .σ

'

σ
'
0

]
(1) 

Settlement of overconsolidated soil: 

S = 
Cc ∗ H 
1 + e0 

∗ log

[
σ

'
0 + .σ

'

σ
'
c

]
+ 

Cs ∗ H 
1 + e0 

∗ log(OCR) (2) 

where Cc—compression index, σ
'
0—effective overburden pressure at the center of the 

layer (H/2 depth), σ
'
c − maximumpastpressure Cs—swell index and OCR = σ '

c/σ
'
0.

Fig. 1 Soft soil 
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Fig. 2 Compressible layer 
divided into sub-layers 

In the present study Eqs. (1) and (2) are modified with thin sublayers, i = 1 to n  
of thickness .H1 to .Hn as shown in Fig. 2. 

For normally consolidated soil:

.Si = 
Cci × .H 

1 + eo 
∗ log  

σ
'
oi + .σ

'
i 

σ
'
oi 

(3) 

For overconsolidated soils:

.Si = 
Csi × .H 

1 + eo 
∗ log(OC R) + 

Cci × .H 

1 + eo 
∗ log  

σ
'
oi + .σ

'
i 

σ
'
ci 

(4) 

where.Si—settlement,.Hi—thickness, σ
'
oi -effective overburden pressure of soil at 

the middle of the sub-layer, OCR-overconsolidation ratio, Cci—compression index, 
Csi—swell index of ith sub-layer. 

Rearranging the terms in Eqs. (3) and (4), compression index, Cci, of each sub-
layer is estimated as 

For normally consolidated soil: 

Cci = .Si ∗ (1 + e0)

.Hlog
(

σ
'
oi+.σ

'
i 

σ
'
oi

) (5) 

For overconsolidated soils and at a certain OCR value: 

Cci = .Si ∗ (1 + e0)

.H
[
cs 
cc 

∗ log
(

σ
'
ci 

σ
'
oi

)
+ log

(
σ

'
oi+.σ

'
i 

σ
'
ci

)] (6)
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3 Results and Discussion 

3.1 Case Study 1 (Suvarnabhumi International Airport) 

The case study on construction of Suvarnabhumi International Airport (SBIA), 
Bangkok, Balasubramaniam et al. [2] is considered for the estimation of in-situ 
compression indices. Geotechnical parameters such as water content, specific gravity 
and total unit weight are taken from the case study (Fig. 3). The profile encountered 
at this site is weathered crust from 0 to 1.8 m depth from the ground surface, followed 
by very soft clay from 1.8 to 8 m, soft clay from 8 to 11 m depth, soft to medium 
clay from 11 to 15 m depth and stiff clay from 15 to 20 m depth. The water table 
is at the ground level. The void ratio and the submerged unit weight estimated from 
the data are shown in Table 1. 

Preloading and vertical drains were used to accelerate the consolidation process in 
the site. The in-situ time-settlements obtained from instrumentation installed at the 
site is shown in Fig. 4. The final settlements at surface and at depths of 2, 8 and 12 m 
are also estimated using Asaoka plots and given in Table 1. The compression indices

Fig. 3 Soil profile of 
bangkok plain [2] 

Table 1 Properties of each sublayer 

Depth 
(m)

.H 
(m) 

e S 
(m)

.S 
(m) 

z 
(m) 

G ' σ
'
0 

(kPa)
.σ

'
(kPa) Cc 

0 1.65 

2 2.48 0.25 1.0 4.90 4.9 84 0.3457 

2 1.40 

6 3.00 0.8 5.0 4.20 22.5 84 0.7891 

8 0.60 

4 2.15 0.41 10.0 5.30 45.8 84 0.7131 

12 0.19 

3 1.65 0.19 13.5 6.30 66.0 84 0.4714 

15 0 
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of the sublayers are estimated considering the strata to be normally consolidated 
(Eq. (5)) and listed in Table 1. 

The compression index for each sublayer is then estimated considering the soil to 
be lightly overconsolidated with OCR varying from 1.25 to 2.0 (Eq. (6)) and for Cs/Cc 

= 0.1. Variations of Cc with depth for different OCRs is depicted in Fig. 5. Compres-
sion index of top layer (0–2.0 m) is relatively small (Cc = 0.346) possibly due to 
desiccation (alternate heating and cooling and wetting and drying). The compression 
index, for NC soil (OCR = 1.0), decreases from 0.79 at 5 m depth to 0.47 at 13.5 m 
depth. The compression index increases with the increase in OCR as the settlement 
kept constant for all OCR values in the analysis. The percentage increase in compres-
sion index is 27% as OCR increases from 1.0 to 2.0 for sub layer 0–2 m. Similarly 
for sublayer 12–15 m the increases in compression index is 315%. 

Fig. 4 Time versus settlements at different depths [2] 

Fig. 5 Variation of Cc with 
OCR and depth at SBIA test 
site
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3.2 Case Study 2 (Mukasa Express Way) 

Chai et al. [4] studied the Maizuru-Wakasa expressway in the Mukasa area, Fukui 
Prefecture, Japan, which has a thick soft organic deposit with natural water content 
ranging from 100 to 250%. Vacuum consolidation with embankment construction 
(preload) was adopted for this project. The estimated maximum embankment load is 
348 kPa. The details of soil profile, variation of vacuum pressure and embankment 
load with depth are illustrated in Fig. 6. Settlements measured under embankment 
centreline at different depths in response to the applied pressures are shown in Fig. 7. 

The soil properties are taken from the case study (Table 2). Compression index 
of each sublayer is estimated considering the deposit to be normally consolidated 
(Eq. (5)) and presented in Table 3.

The compression index for each sublayer is also estimated considering the soil 
to be lightly overconsolidated with OCR varying from 1.25 to 2.0 and with Cs/Cc = 
0.1 (Eq. (6)). Variations of Cc with depth for different OCRs are presented in Fig. 8. 
Compression index of top layer (0–3.8 m) is relatively high (Cc = 1.46), possibly

Fig. 6 Estimated vacuum 
pressure and preload on the 
ground [4] 

Fig. 7 Time versus 
settlements at different 
depths [4] 
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Table 2 Soil properties [4] 

Soil layer Thickness: m Unit weight: kN/m3 Void ratio e0 

Clay-1 3.8 13.8 3 

Peat-1 6.0 14.1 2.38 

Peat-2 7.2 13.4 3 

Sand-1 0.7 16.3 1.5 

Peat-3 8.0 14.1 2.38 

Sand-2 0.5 16.3 1.5 

Clay-2 4.8 16.3 1.5 

Peat-4 8.0 11.9 5.85 

Table 3 Compression index of sub layers 

Depth 
(m)

.H 
(m) 

e S 
(m)

.S 
(m) 

z 
(m) 

G ' σ
'
0 

(kPa)
.σ

'
(kPa) Cc 

0 10.00 

3.8 3.00 2.38 1.90 3.99 7.6 396.9 1.456 

3.8 7.61 

6.0 2.38 2.47 6.80 4.29 28.0 369.5 1.209 

9.8 5.14 

7.9 2.94 2.61 13.75 3.85 56.1 340.1 1.534 

17.7 2.53 

8.00 2.38 1.50 21.70 4.29 88.5 298.5 0.991 

25.7 1.03 

5.3 1.50 0.68 28.35 6.49 122.8 258.0 0.650 

31.0 0.35 

8.0 3.00 0.35 35.00 2.09 148.4 191.6 0.486 

39.0 0

due to presence of recent fill material. Compression index increases with increase 
in OCR. The percentage increase in compression index is 46% for OCR increasing 
from 1.0 to 2.0 at a depth of 13.75 m.

4 Conclusions 

Most natural deposits get lightly overconsolidated over time because of creep 
or secondary compression. Bjerrum [3] termed this phenomenon as pseudo-
preconsolidation. The in-situ compression index is therefore estimated by back-
analysis of time-settlement plots available at various depths considering the ground
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Fig. 8 Variation of Cc with 
OCR and depth at Mukasa 
express way

to be lightly over-consolidated for OCR values ranging between 1.0 and 2.0 and with 
Cs/Cc = 0.1. Compression index increases with increase in OCR. Settlements esti-
mated considering the deposit to be LOC would be relatively less than those based 
assuming the deposit to be normally consolidated. 
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Granular Soil Relationship Between 
Angle of Internal Friction 
and Uniformity Coefficient 

Mindaugas Zakarka and Šarūnas Skuodis 

Abstract The strength characteristics of the sand and gravel are influenced by the 
size of the grains, their distribution and packaging. The theoretical approach states 
that the sand angle of internal friction decreases if the uniformity coefficient increases. 
There are insufficient data for gravel correlation between the uniformity coefficient 
and the angle of internal friction. Consolidated drained triaxial compression tests 
(CD) were conducted to determine the strength parameters of remolded sand and 
gravel samples. These samples were classified as sands and gravels. The optimal 
water content and density were determined by standard Proctor compaction test 
and used for these samples. Consolidated drained triaxial compression test gives 
more reliable data that idealize the soil behavior in the real situation. Three different 
confining pressures of 20, 50 and 70 kPa were applied to restore horizontal stresses 
for the soil specimens imitating embankment behavior affected with traffic load. The 
results indicate that the sand angle of internal friction decreases if the uniformity 
coefficient is increased. The gravel angle of internal friction does not correlate with 
the uniformity coefficient. 

Keywords Angle of internal friction · Particle size · Uniformity coefficient ·
Sand · Gravel · Triaxial compression test 

1 Introduction 

Due to their strength, compressibility and permeability properties, cohesionless soils 
are widely used for the installation of road structures [14]. Shear strength param-
eters are very important for the design of a safe and economical road structure. It 
was observed that the shear strength parameters are affected by the relative density, 
gradation, particle strength, size, shape, and degree of saturation of the specimen
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[19, 20]. Particle size has been identified as an important factor in shear strength, 
and its effects have been studied for the last few decades [2, 14, 15]. 

The angle of internal friction is specifically emphasized as the most important 
parameter of sandy soils. The shear strength can be determined using Mohr’s circle 
failure criterion [4]. A soil’s angle of internal friction describes the shear resistance 
of a soil with presence of normal effective stress at which shear failure occurs [13]. 
Different methods were used to determine the relation of particles size with angle 
of internal friction: direct shear test [1, 7], triaxial test [8], 2D and 3D discrete 
element method analysis [6]. Sufficiently contradictory conclusions were obtained. 
At low sandy soil densities, the angle of internal friction decreases with increasing 
effective diameter (d10) [5]. Sandy soils have a direct relationship between the angle of 
friction and the coefficient of uniformity [14]. The grain size distribution can greatly 
affect shear strength characteristics in sandy soils [17]. Although the investigations 
concluded that there is a relationship between size of the particles and angle of 
internal friction, the further investigations are needed. 

Consolidated drained triaxial compression tests were applied to restore hori-
zontal stresses for the soil specimens, imitating embankment behavior affected with 
traffic load. This research is oriented to road constructions, therefore three different 
confining pressures of 20, 50 and 70 kPa were applied [21]. For this study, three 
sand and three gravel types were analysed, differing from each other in terms of both 
the mean grain size and uniformity. The objective of this study is to assess granular 
materials relationship between the size of particle and the angle of internal friction. 

2 Sample Preparation and Testing 

For this investigation, three different types of sandy and gravelly soils were selected 
from different locations in Lithuania. A detailed laboratory investigation was carried 
out to determine the physical properties of the soil samples. Determination of parti-
cles size distribution was conducted according to LST EN ISO 17892-4:2017, Proctor 
compaction was conducted according to LST EN 13,286-2:2015. The physical prop-
erties of the soils are presented in Table 1, particle size distribution is presented in 
Fig. 1. Samples symbols given in Table 1 correspond LST 1331:2015.

Soil specimens for triaxial test apparatus were remolded with water content deter-
mined by standard Proctor compaction test. To each different soil, three sets of 
cylinder samples were prepared, the diameter of which 10.0 cm, height–20.0 cm. 
The tests were chosen to run under unsaturated conditions. Samples were prepared 
at Proctor water content without additional saturation. Three different cell pressures 
were used for consolidation: 20, 50, 70 kPa. The water can drain during the test. 
All of these conditions were selected according to LST EN ISO 17892-9:2017. All 
samples were consolidated for 30 min. The vertical strain velocity 0.950 %/min was 
accepted, based on consolidation time according to LST EN ISO 17892-9:2017. The 
tests were conducted by deforming the specimen until 15% of the vertical deforma-
tion. This research is oriented to road constructions, therefore the experiments used
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Table 1 Physical properties of the soils 

Sample no. Sample 
symbol 

Soil type Water content 
determined by standard 
proctor compaction test 
w, %  

Density of specimen 
determined by standard 
proctor compaction test 
ρ, g/cm3 

1 GrP Poorly grated gravel 3.0 1.90 

2 GrP Poorly grated gravel 3.5 1.83 

3 GrM Medium grated gravel 7.5 2.08 

4 SaP Poorly grated sand 14.3 1.65 

5 SaP Poorly grated sand 8.0 1.75 

6 SaM Medium grated sand 8.8 1.98 
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Fig. 1 Particle size distribution curves

the following cell pressures: σ3 = 20, 50, 70 kPa. The Mohr–Coulomb criterion τ = 
σ´ tanφ´ + c  ́ was applied for results interpretation [3]. 

3 Results 

Triaxial compression test results of different soil samples are presented in Table 2. 
The samples failure shape presented in Fig. 2. For samples Nos. 1–2, it is impossible 
to take photographs after the test without a membrane because the soils are too 
sensitive and collapse immediately. To make the results comparable, gravels (Nos. 
1–3) and sands (Nos. 4–6) were separated.

As observed from test results, sands angle of internal friction ranges from 41.92° 
to 43.93°. The angle of internal friction of the sandy soil increases as the coefficient 
of uniformity of the samples decreases (Fig. 3). The same dependency was obtained
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Table 2 Physical and mechanical properties of the soils 

Sample no. Sample 
symbol 

d10 d30 d50 d60 CU CC ϕ’, 
° 

c’, 
kPa 

1 GrP 1.95 3.62 6.13 7.94 4.08 0.85 44.95 10.7 

2 GrP 1.54 2.64 4.31 5.37 3.48 0.84 43.16 3.1 

3 GrM 0.17 0.51 1.23 2.10 12.35 0.73 42.35 14.5 

4 SaP 0.09 0.15 0.19 0.21 2.25 1.08 43.93 0 

5 SaP 0.14 0.21 0.28 0.35 2.45 0.85 43.88 0 

6 SaM 0.23 0.44 1.05 1.86 8.17 0.46 41.92 0 

Fig. 2 The shape of failure from the left: sample No. 1; sample No. 2; sample No. 3; sample No. 
4; sample No. 5; sample No. 6

with the average particles size d50, which is the opposite of what is found in the 
literature [16, 18].

Gravels’ angle of internal friction varies from 42.35° to 44.95°. Figure 4 shows that 
angle of internal friction increased with the increasing average size of the particles d50.
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Fig. 3 The relationship 
between the coefficient of 
uniformity and the angle of 
internal friction for sands

y = -0.3406x + 44.704 

41.5 

42.0 

42.5 

43.0 

43.5 

44.0 

44.5 

0 2 4 6 8  10
A

n
g

le
 o

f 
in

te
rn

al
 f

ri
ct

io
n

 φ
', 

° 
Coefficient of uniformity CU 

Sample No. 4 

Sample No. 5 

Sample No. 6 

 

Fig. 4 The relationship 
between the average size of 
particles and the angle of 
internal friction for gravels 
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For investigated gravels there is no relationship between friction angle and coefficient 
of uniformity. 

Correlation that can be established between coefficient of uniformity and angle of 
internal friction in sandy soils is graphically presented in Fig. 3. Another correlation 
established between average particle size d50 and angle of internal friction in gravelly 
soils is graphically presented in Fig. 4. 

4 Conclusion 

Since all the specimens were tested under the same experimental conditions (optimal 
water content, cell pressure, etc.), grain size distribution was the only physical param-
eter varying from one test to another. After the tests and analysis of tests results such 
conclusions can be made: 

1. Increasing the coefficient of uniformity in sandy soil decreases the angle of 
internal friction; 

2. Increasing the average particles size d50 in gravelly soil increases the angle of 
internal friction;
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3. There is no direct relationship between the size of particles d50 and the angle of 
internal friction in investigated sandy soils; 

4. There is no direct relationship between the coefficient of uniformity and the angle 
of internal friction in investigated gravelly soils. 

The relationship between the particle size distribution and the angle of internal 
friction for granular materials is still debatable. 
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Mechanical Strength Tests of Building 
Blocks of the Historical British 
Government Building in Famagusta, 
North Cyprus 

Salih Saner and Hasan Okaygun 

Abstract Damage assessments and strength tests of building blocks of the British 
Government Building in Famagusta have been carried out. A total of 40 core samples, 
three or four-inches in diameter, were drilled from different spots, and mechan-
ical strength tests were performed applying standard laboratory procedures. The 
building in question is made of Pliocene–Pleistocene age calcarenite (granular lime-
stone) blocks whose trade name is Saritas, which means yellow stone. As a result 
of a fire, ceilings and roofs of the building collapsed, steel beams bent, wooden 
beams and other wooden elements burned, interior plasters fell. The compressive 
strengths of overall core samples varied between 1.01 and 21.85 MPa. The mean 
value for the formation is 6.86 MPa. The porosity of the samples varies between 
16.74 and 50.44%. Porosity versus compressive strength revealed an inverse corre-
lation between the two parameters. Collected samples were grouped into three facies 
based on their petrographic analysis. These are 1. Fine-grained calcarenite, 2. Coarse-
grained calcarenite, and 3. Vuggy calcarenite. Compressional strength dependency 
on lithology type has been studied and the coarser the rock texture the weaker the 
rock strength is concluded. 

Keywords Building blocks · North Cyprus · Calcarenite · Compressive strength 

1 Introduction 

The British Government Building was constructed in 1937 by British colonial admin-
istration and was ruined by a fire in 1974 (Fig. 1a). Damage assessments and strength 
tests of building blocks were the objectives of this study. The site was visited several 
times for damage inspection and core sampling for laboratory testing.
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(e) 

(d)(c) 

(f) 

(a) (b) 

Fig. 1 Various views of the British Government building: a Present view; b Bended steel beams 
due to heat expansion; c Oblique cracks in the Northeastern corner extending along joints without 
cross-cutting the blocks; d All wooden beams, ceilings and flammable materials were burned, 
interior gypsum plasters were unwrapped; e Rectangular building blocks used for exteriors are in 
good conditions; f On the southern front of the building 5–10 cm deep carvings formed by alteration 
in the 75–80 cm interval above the ground 

1.1 Extent of Devastation 

The building has been left uncontrolled without any repair work since 1974. In the 
fire, the wooden floor sections and ceilings burned down, steel beams bended due to 
thermal expansion (Fig. 1b). All wooden beams, ceilings and flammable materials 
burned except beams in the main entrance of the building. The status of walls which 
built of stones and foundation were the concerns of this study in order to initiate a 
restoration work for the building. 

The northeast round corner is the most severely damaged wall. Here oblique cracks 
are continuous from ceiling to floor (Fig. 1c). Three parallel cracks are extending 
along the joints without cross-cutting the blocks. 

Gypsum plasters on the walls are fallen but stone walls are in good condition 
(Fig. 1d). In an earlier restoration of the building, the arched doors and window 
heads reshaped into an angular geometry were damaged as a result of burning of the 
supporting wooden beams under arch fillings. No damage is observed to the arches 
and walls at the main entrance.
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1.2 Foundation and Bed Rock 

Hand excavations in four locations around the building validated that the building 
is sitting on a consolidated bedrock. A tough shell called caliche has developed on 
the upper surface of this rock. Soil overlying the bedrock in the area is 30 to 50 cm 
in thickness. In a pit opened inside the building, soil is overlain by wood coals and 
ceiling debris at the top. The thickness of this bedrock in nearby outcrops is 20 to 
40 m. In the building site no foundation or ground failure was observed. 

1.3 Status of Building Blocks 

The British Government Building is made of calcarenitic limestone of Pliocene– 
Pleistocene age. This rock is extensively found and was historically widely used in 
constructing walls surrounding old cities, castles, churches, mosques, bridges and 
houses. Geologically they are also called grainstone, whose structure consists of the 
sand-size calcite particles (CaCO3) being attached with natural calcite cement. Most 
often, due to granular texture, mistakenly they are called sandstone. Here, major 
grains are skeletal particles or small shells of organisms called Foraminifera. 

This limestone is geologically very young and has not been buried deeply. Hence, 
its porosity is high due to negligible compaction. Some samples are hard and durable 
whereas some others are friable. The strength of the rock depends on inter-grain 
cementation degree. 

Because of its yellow color, it is known as Sarıtaş (yellow stone) in the market. 
Saritas is easy to cut and shape in rectangular blocks. The wall thickness of the 
British Government Building is about 50 cm. Rectangular blocks were used for 
exterior decorations whereas irregular stones were used for the interiors to increase 
the wall thickness to 50–60 cm. (Fig. 1e). 

1.4 Atmospheric Decomposition 

Some building-blocks on the exteriors of the building have undergone environmental 
decomposition. This alteration effect is only up to 75–80 cm height above the ground 
(Fig. 1f). It is also noted that the decomposition is effective on the southern face where 
an asphalt road is passing along the wall. Weathered surfaces of the stones crumbled 
and carved to form up to 5–10 cm deep cavities. Two important dynamics can most 
likely be assumed for these occurrences: 1. Reaction of carbonate rock with acidic 
water, and 2. Splash of water on the walls due to passing vehicles and winds. There is 
no severe alteration at upper levels of the walls and the walls which are not adjacent 
to an asphalt road.
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2 Laboratory Methods 

In this research work, drilling core samples from altered and unaltered different 
lithology types was targeted. A total of 40 horizontal cores in 3 and 4-inch diameter 
were drilled. 

2.1 Sample Preparation 

After delivery of samples to the laboratory, photographs were taken, geological 
descriptions and lithofacies definitions were conducted, and those suitable for testing 
were designated. The diameters, lengths, bulk volumes (Vb) and weights (W) of all 
specimens were routinely measured and recorded. 

Since most samples are composed of pure calcite, their matrix volumes (Vm) 
and pore volumes (Vp) have been calculated assuming the matrix density (ρm) is 
2.71 g/cm3. Pore volume (Vp) was determined using Eqs. (1 ) and (2). 

Vm = W/ρm (1)  

Vp = Vb−Vm (2) 

The samples deemed suitable for the test were dried in a vacuum oven at 90 °C 
for 48 h. Plug sizes and numbers are as follows: 

a. 3-in diameter 14 plug samples 
b. 4-in diameter 9 plug samples 
c. 1.5-in diameter 7 dry plug samples 
d. 1.5-in diameter 7 wet plug samples. 

Tests were performed complying with to ASTM standards [2, 3]. Length/diameter 
ratio was considered accordingly. 

2.2 Test Equipment 

UTEST brand UTM-8300 Electronic Universal Material Tester was used for mechan-
ical tests. The device is fully automated with a capacity of 300 kN adjustable loading 
speed, instant (real time) graphics display, and computerized control features. 

By compressing cylindrical samples from two circular surfaces, strain was 
recorded until the failure point and the strength (σ) in MPa was calculated by dividing 
the force (F) in kN to the circular surface area (A) in m2, as seen in Eq. (3) [3, 4]. 

σ = (F/A)10−3 (3)
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3 Rock Typing 

The building blocks of the British Government Building are highly porous carbonate 
grainstones and their physical properties vary depending on textural changes. In this 
study, the samples were grouped into three distinctive textural lithofacies (Fig. 2). 

1. Coarse grained homogeneous calcarenite: Consists predominantly of 2–4 mm 
size Mollusc shell fragments and Foraminifera shells. This rock is commercially 
known as Sarıtas which means yellow stone. They are easily cut and shaped. 
Rectangular blocks are used in giving a decorative appearance at the exteriors 
of the building. Although this facies is typically light yellow in color, it also has 
brownish yellow and white colors with the same texture as well. 

2. Fine-grained homogeneous calcarenite: This litho facies is formed of fine bioclast 
particles. Unlikely, fine grains are subjected to compaction that reduced porosity, 
increased bulk density, and thus increased rock strength. 

3. Vuggy-sandy calcarenite: In this facies, Mollusc shells and Foraminifera grains 
are dominant, but it contains sand size quartz and rock fragments in changing 
ratios. Rarely sand ratio increases over 50%. Due to bioturbation, primary depo-
sitional structures and texture have completely disappeared leaving behind a 
heterogeneous texture. Over the time, moldic or vug-type cavities (pores) were 
developed by dissolution of some particles with groundwater. 

Compressive-strength versus porosity plots and linear trendline parameters of 
sample groups are seen in Fig. 3. Because of limited number of samples Correlation 
coefficients are low, but distinctive clustering is seen for the each sample group.

Fig. 2 Typical examples of three differentiated litho-facies groups 
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Fig. 3 Compressive strength 
versus porosity distributions 
for the three lithofacies 

4 Test Results 

According to ASTM standards [2, 3] it is recommended that the length to diameter 
ratio of cylindrical samples to be 2. If this ratio is lower than 2, it is recommended 
to correct the value found by multiplying it by a coefficient corresponding to the 
length-diameter ratio. 

The tested samples are notable for their high porosity. Calculations showed that 
the porosity ranged from 16.74 to 50.44% and the average was 37.07% (Table 1). The 
compressive strengths of the tested overall samples ranged from 1.01 to 21.85 MPa. 
The mean value is 6.86 MPa. It is observed that the compressive strength values (σ) 
are directly proportional to the bulk density. However, there is an inverse linear corre-
lation with the porosity (φ) as shown in Fig. 3. Using parameters for overall samples, 
if porosity approaches zero compressive strength could be 24.9 MPa. However, 1.5% 
porosity means no strength or almost disintegrated sample. 

The highest compressive strength was 21.85 MPa which was measured against 
16.74% porosity. All other measurements were below 14 MPa. Compressive strength 
is related not only to porosity percentage, but pore geometry, rock texture and compo-
sition as well. In Fig. 3 fine-grained calcarenite and the coarse-grained calcarenite

Table 1 Porosity and compressive strength averages of the three defined lithofacies groups 

Porosity (%) Compressive strength (MPa) 

Fine 
calcarenite 

Coarse 
calcarenite 

Vuggy 
calcarenite 

Overall Fine 
calcarenite 

Coarse 
calcarenite 

Vuggy 
calcarenite 

Overall 

AVG 27,53 43,41 37,50 37,07 11,98 4,98 4,15 6,86 

MAX 31,89 50,44 44,67 50,44 21,85 9,60 7,30 21,85 

MIN 16,74 33,55 29,46 16,74 8,43 1,30 1,01 1,01 
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porosities are within the same porosity range, but compressive strengths of the two 
groups are different due to the pore geometries. The mean, maximum and minimum 
values for the three facies groups are presented in Table 1. 

Compressive Strength Results of Fine Grained Calcarenite Samples. This rock 
type has experienced more compaction than other groups. The average porosity is 
27.53% and ranges from 16.74% minimum to 31.89% maximum. On the other hand, 
the compressive strength ranged from 8.43 to 21.85 MPa, averaging 11.98 MPa. 

Photographs of cores are recorded before and after each mechanical test. After 
test, longitudinal tensional cracks appeared in the cores (Fig. 4). Diagonal shear 
fractures occurred in two cores and in some cores small edge-fractures under the 
circular upper surface have been observed. In some samples, longitudinal but radial 
fractures are interpreted as an indicator of partial barreling type plastic deformation 
[6]. 

Compressive Strength Results of Coarse-Grained Calcarenite Samples. These 
coarse-textured rocks have a spongy appearance with visible porosity. Porosity is 
between 33.55 and 50.44% and the average is 43.41%. Pressure strength tests ranged 
between 1.30 and 9.6 MPa with an average value of 4.98 MPa. 

In some cores, deformation types at the termination of test could not be 
observed because deformation was completed with the collapse of some thin-walled 
shell cavities. Characteristically, there were edge fractures occurred where grain 
disintegrations were observed. 

Compressive Strength Results of Vuggy Samples. The Compressive strength of 
samples from this facies is low like in the previous coarse-grained facies. Pores are 
usually inter-granular, but some pores form cavities up to 2–3 cm in diameter causing 
weakness zones in the rock.

Fig. 4 Various fracture 
geometries observed after 
compressive strength tests 

a b

d e f 

c  
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Despite the oversized pores, the porosity is slightly lower than the coarse calcarenit 
facies. An average of 37.50% was achieved at a range of 29.46–44.67%. The 
measured compressive strength distribution trend is very parallel to that of coarse 
calcarenit facies in a lower position in Fig. 3. Compressive strength for vuggy facies 
ranges from 1.01 to 7.30 MPa. The average is 4.15 MPa. 

Vertical and diagonal fracturings are commonly recorded. During the compression 
test of some samples, transversal fractures were developed due to the collapse of 
large-diameter vugs and as a result, edge fractures and disintegration occurred. 

5 Conclusions 

In order to interpret the compressive strength of the building, a calculation based on 
the overall average strength of the building stones can be misleading. It would be 
more realistic to take into the account three rock groups that have been defined. The 
load of the building consists of the weight of the building stones, weight of ceiling 
plates and the live load during usage. The average bulk density of building stones 
is 1.695 g/cm3 and the unit weight of the wall is 1.700 ton/m3. If the wall height 
is assumed to be 15 m, a load of 25.5 tons/m2 will be applied on the foundation. If 
the roof load and live load are added to this a load of 50 tons/m2 can be estimated. 
The compressive strength of the stones that will meet this load should be 0.5 MPa. 
However, the compressive strength values presented in Table 1 are 4.15 MPa  even  
for the weakest vuggy calcarenite. Hence no strength problem is expected. 

A disregarded issue is the damage that might occur due to beams sitting directly 
on some stones without base plates. Tensional fractures can occur if the beam load 
exceeds the tensional strength of the stone. Tensile Strength tests are recommended. 
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and laboratory experiments. 
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Using Compression and Swelling Indices 
to Characterize Expansive Soils 

Sergio Andrew Manigniavy, Yosra Bouassida, Dalel Azaiez, 
and Mounir Bouassida 

Abstract Expansive soils are a worldwide problem. The volume variation of this 
soil is depended on its moisture content. A new approach to characterize this kind 
of soil is based on the oedometer test results, performed on compressible soils, 
either expansive or non-expansive. The Cc/Cs ratio is determined, where Cc is the 
compression index and Cs is the swelling index. Zones delimited by a Cc/Cs value 
and a swelling pressure (σs) value are identified to differentiate expansive soils from 
non-expansive soils. When Cc/Cs ratio is higher or equal to 15, the swelling pressure 
is practically equal to zero. 

Keywords Expansive soils · Characterization · Oedometer test · Compression 
index · Swelling index 

1 Introduction 

Expansive soils are globally widespread geological and natural hazard. This type of 
soil is currently found in arid or semi-arid areas. It can cause several damages to 
constructions. Clays, in particular the montmorillonite, are belong to the expansive 
soils. The shrink-swell behavior of this latter develops according to the variation 
of water content. Therefore, the expansive soils topic is of high interest for the six 
continents: Africa, Asia, Europe, Oceania, North and South America. 

To understand the behavior of this category of soils, researchers are looking to 
suitable approaches to characterize it and to mitigate the swelling phenomenon. 

The change in volume of expansive soils depends on the water content. The clay 
structure and the saturation of soils take a major place in this phenomenon. The 
liaison between montmorillonite clay particles is weak. During the swelling process, 
the water molecules and other cations carried by the water force the passage between
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clay particles by pushing them apart. This leads to an increase in swelling pressure 
[6]. 

Several buildings are constructed on swelling clays and represent damages that 
are due to the swelling phenomenon in the North of Africa, in particular in Tunisia 
and Algeria. Therefore, a research program to characterize expansive soils suitably 
and to formulate countermeasures and construction methods is needed to help civil 
engineers in the safe design and construction of foundations on the swelling soils 
[1]. 

2 About Expansive Soils 

The shrink-swell behavior of clays is an extremely destructive phenomenon and leads 
to huge repair costs. Therefore, it is crucial to find methods to characterize expansive 
soils. 

First, expansive soils are one of the most hazardous natural disaster [2]. Slope 
instability, tunnel collapse, differential heavy and buckling of building, fissures on 
structures and destruction of hydraulic structures can result from the presence of 
swelling soils [6]. 

Second, around the world, a lot of money is wasted due to extensive damage to 
buildings caused by the effect of swelling phenomenon every year. In many coun-
tries, financial assessment of the extra-costs, like repairing and maintenance, due to 
swelling soil problems has not yet been carried out. In Sudan, the cost of damage to 
buildings and light structures due to swelling soils is estimated more than 6 million 
dollars [14]. Many countries are affected by the damage of this problematic soil: in 
United States, losses due to expansive soils are about 13 billion dollars in damage to 
buildings, roads, airports and other infrastructures each year [15]. In United Kingdom 
and Saudi Arabia, this cost varies in the range of 300 to 450 million dollars [5, 16]. 

Third, to deal with this type of soil, there are some improvements proposed, like 
the use of granular materials, chemical and soil mixture treatments. The granular 
piles technique is a practical and promising technique. Their installation is possible 
at any season. The reduction in swelling provided by the use of a granular piles varied 
from 10 to 45% [10]. The use of a granular material as a separation layer between the 
foundation and an expansive soil revealed a potential solution to reduce the swelling 
effect [1]. In addition, noted also that chemical treatments revealed of interest as 
well. According to Mahamedi and Khemissa [12], mixture of swelling clay with 
respectively cement and lime in an amount of 10% reduces the swelling potential 
and decreases liquid limit by 41 and 43% respectively. Soil sensitivity to water has 
been reduced by the lime treatment. This is due to decrease of moisture content 
after lime hydration [11]. As cement contains about 60% lime, mixing with cement 
gives approximately the same result as mixing with lime. Moreover, according to 
Gueddouda et al. [7], about the soil mixture, the addition of dune sand leads to an 
important reduction of the swelling parameters. With 45% sand, for the swelling 
potential, this reduction is about 65% and for the swelling pressure exceeds 85%.
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This addition is involved in the increase of the pore size in the swelling soil mass 
that is owed to the reduction of these expansion effects. The evolution of suction is 
proportional to that of shear strength. Further, Tiwari et al. [18] recommended the use 
of coir geotextile which reduces the swelling pressure by about 27% and also reduces 
the speed of swelling. It is noted that, approximately, the same results are found with 
a silica fume treated coir geotextile. A reduction of 55% for the swelling pressure 
and 79% for the percentage of expansion are observed when using a coir geotextile 
treated with lime. Finally, according to Kalantari [9], the three most commonly used 
techniques are the soil substitution, use of enough strong structures and the separation 
between the structure and the swelling clay. 

3 Characterization Methods 

Due to damages caused by expansive soils, several researchers made an effort to 
develop approaches to characterize this type of soil in order to know it better and to 
prevent the problems it can cause. Sridharan and Prakash [17] proposed two kinds 
of characterization methods:

. by identifying the soil mineralogy using X-ray diffraction analysis, differen-
tial thermal analysis, dye adsorption, chemical analysis and scanning electron 
microscopy;

. by inferential testing using indirect or direct methods. 

There are some indirect methods: clay fraction method, Atterberg limits tests 
and activity Ac method. Some classifications are referred to direct methods like the 
oedometer swell test, free swell tests and suction method. 

4 Approach to Characterize Expansive Soils 
from Oedometer Test Results 

Compression index (Cc) and swelling index (Cs) are currently determined from 
oedometer tests, which performed with submerged specimens to ensure a full satu-
ration during the experiments. By an oedometer test, both indices Cc and Cs, can be 
measured for any compressible soil, either expansive or non-expansive. 

The data used for this study are oedometer test results provided by specialized 
geotechnical engineering offices or published by researchers in technical papers. The 
method to characterize expansive soils using the Cc/Cs ratio relied on data collected 
from four case studies, comprising twenty-nine specimens from Tunisia, Algeria, 
Canada and United States. These data are presented in Table 1. The  Cc/Cs ratio is an 
indicator of the change in volume quantifying the degree of soil compression versus 
swelling [1]. This volume variation is linked the swelling pressure (σs).
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The variation of swelling pressure with respect to the Cc/Cs ratio from the data, 
given by Table 1, is shown in Fig. 1. From this figure, non-expansive soils are in the 
side where Cc/Cs ratio is above 10 and the swelling pressure is under 50 kPa. The 
swelling pressure of expansive soils belong to the side where Cc/Cs ratio is under 10, 
is higher than 50 kPa. This approach is approved by Chen [3] and Coduto [4] who  
affirmed that when the swelling pressure is under 50 kPa, the swell potential is low, 
hence insignificant. Furthermore, when Cc/Cs ratio is higher than 15, the swelling 
pressure is practically equal to zero. A classification between expansive and non-
expansive soils is shown in Table 2. If the compression index (Cc) is about 10 times 
larger than the swelling index (Cs), then the swelling potential of this soil is low. For 
Tunisian non-expansive soils, the swelling index is around or lower than 0.010. So, 
this value represents the low degree of soil to swell in North Tunisia. Note that all 
non-expansive Tunisian soils in Table 1 or in Fig. 1 are sandy or silty clays which 
may approve that the mixture of sand or silt with a swelling clay can reduce the soil 
swelling potential. 

Fig. 1 Swelling pressure versus Cc/Cs ratio (updated from Bouassida et al. [1]) 

Table 2 Classification of 
expansive soils using 
oedometer test results [1] 

Type of soil Cc/Cs σs (kPa) 

Expansive <10 >50 

Non-expansive >10 <50
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5 Conclusion 

The objective of this work is to characterize expansive soils using oedometer test 
results. This method is related to compression and swelling indices and carried out 
with thirty-nine (39) data from two continents, North America and Africa. The soil 
is considered to be non-expansive when the swelling pressure is under 50 kPa. If 
the Cc/Cs ratio is less than 10, Civil engineer should not underestimate the swelling 
pressure of the soil and should take it into their calculations. And, they should not 
forget the shrink—swell behavior of the soil. 

The perspective of this work is to collect a lot of oedometer test results to have 
more precision in this characterization method and also to estimate the swelling 
pressure of a soil from these data. 
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Probabilistic Interpretation 
of CPTu-DMT Data for Soil Profiling 

Stefano Collico, Marcos Arroyo, and Amadeu Deu 

Abstract Cone Penetration Test (CPTu) and flat Dilatometer Test (DMT) are widely 
employed in-situ tests for ground unit profiling in terms of Soil Behavior Type Index 
IC and Material Index ID. CPTu provides a nearly continuous data profile with respect 
to DMT, making it more appealing for soil unit identification, leaving DMT data for 
qualitative comparison. This work proposes a first attempt of integrating CPTu-DMT 
data within soil profiling task, aiming to probabilistic assess congruence and discrep-
ancy between the two sets of data. A semi-automated CPTu-DMT bivariate data inter-
pretation tool is here presented aiming to facilitate communication of layer delimita-
tion while eliciting the heuristics that designers apply in this process. Conventional 
classification class boundaries –here taken from (Robertson, 2009) and Marchetti, 
(2001) chart– are applied with user-specified refinements. The proposed algorithm is 
applied to CPTu and DMT sounding records performed at Barcelona harbor (Spain). 

Keywords Probabilistic soil profiling · Semi-automated tool · CPTu-DMT · Soil 
behavior type index · Material index ID 

1 Introduction 

Cone Penetration tests (CPTu) and Dilatometer Tests (DMT) have become methods 
of choice for soil delineation. The cone penetration test can be conceived as a model 
of a pile mainly providing accurate predictions of the vertical capacity of a pile [1] 
lateral resistance (i.e., sleeve friction) and pore pressure due cone probe insertion are
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also measured, making such tool a three-independent parameter test. The flat-plat 
dilatometer test (DMT) is recognized as a deformation test [2] allowing to predict 
accurate estimate of settlement [3, 4], and horizontal capacity of a pile. DMT is 
recognized as two-parameters test both related to soil characteristics as stiffness and 
stress history. 

Each test has its own advantages [2, 5] and both tests do not allow to recover soil 
samples and use measured test responses to classify soils. This is most frequently done 
using Soil Behaviour Type, SBT charts where empirically pre-established boundaries 
separate different soil types [2, 6]. When both tests are performed at the same location, 
it is a common practice to compute soil profiling from each in-situ test independently. 
The CPTu-based profile is usually taken by practitioners as a final soil profiling 
leaving DMT-based one for qualitative comparison. 

However, in the last decades, different works exploit and highlight the effective-
ness of multi-test and multivariate analysis for site characterization [7]. Following 
the same line of thinking, a bivariate approach is here applied to derive in-situ tests-
based soil profiling, exploiting the joint dependence of Soil Behaviour Type Index 
IC, (CPTu) and Material Index ID (DMT) parameters. Previous works on the topic 
using only CPTu data were made [8, 9]. This study provides an extension of such 
works for CPT-DMT data application. 

2 Methodology 

As a first step, due to the different amount of recorded data during these two 
tests (CPTu each 2–5 cm, DTM each 20–50 cm), the assessment of CPTu-DMT 
dependence requires the reconstruction of DMT profile to obtain paired ID and IC 
data. Several approaches could be applied. The simplest one concern a polynomial 
interpolation of DMT measurements. For facilitate the illustration of the proposed 
methodology such approach is applied in this study (i.e., spline interpolation). 

Concerning CPTu, one of the most popular SBT charts is the [7] one. Class 
boundaries are approximated by a concentric circle whose radius is quantified by the 
unified parameter IC (Soil Behavior Class): 

IC =
[
(3.47 − log (Qtn))

2 + (log (FR) + 1.22)2
]0.5 

(1) 

with: 

Qtn =
[
Qt − σV0)/pa] (pa/σ

'
v0)]n (2) 

n = 0.381IC + 0.05] (σ '
v0/pa

) − 0.15 (3) 

where n ≤ 1 is a soil-type dependent exponent which normalizes for the effect of 
stress level on resistance.
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The DMT allows to compute soil profiling in terms material index ID and 
dilatometer modulus ED, [2], (Fig. 1b). ID and ED are computed from the two 
measured parameters p0, p1 as: 

ID = p1 − p0/
(
p0 − u0

)
(4) 

ED = 34.7
(
p1 − p0

)
(5) 

with po = lift-off pressure, p1 = pressure to move the center of the membrane of 
1.1 mm and u0 pre-insertion in-situ pore pressure. 

The IC and ID-based chart can then be combined generating the chart reported in 
Fig. 1c (see [6]). Such chart distinguishes between Sand-Like (SL), (i.e., drained soil 
response), Clay-Like CL (i.e., undrained response) and Soil Mixture SM (partially 
drained soil response). The red areas of Fig. 1c are representative of same soil classes 
predicted by both CPTu and DMT (i.e., matched classes). The remaining soil types 
highlight the discrepancy between CPT and DMT soil classification (i.e., mismatched 
classes). It is worth noticing that the mud and/or Peats class is not considered since 
this would require to account for the parameter ED. The chart is here considered
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chart based on Material Index ID. c Combined IC-ID chart. d) Soil Behavior Type chart based on IC 
and ID, Level 1 
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in terms of natural logarithm, since the joint dependence of IC, ID is assumed to be 
lognormally distributed (Fig. 1c). 

In some circumstances simpler classifications might appear more suitable to the 
analyst. This possibility has been enabled in this work introducing a staged classifi-
cation procedure, in which SBT-based classifications of progressive refinement are 
introduced sequentially. 

The coarser level uses a dual classification (Fig. 1d), distinguishing only between 
Clay-like behavior (CL) and Sand-like behavior (SL). These two soil classes, repre-
sentative of undrained and drained response for CL and SL respectively, are iden-
tified by the IC boundary value 2.6, and ID = 1, (Fig. 1a, b). That boundaries are 
here onwards designed as a primary boundary. The second, more refined, level of 
classification is reported in Fig. 1c. The analyst might choose directly a particular 
classification level or might run sequentially through all levels. 

When plotting CPTu-DMT observations classified by SBT, inherent variability 
and measurements errors, generate some data scatter (Fig. 2b). In this study a bivariate 
normal distribution is fitted to SBT data of a given stretch of CPTu-DMT (Fig. 2c): 

f (ln  IC , ln  ID ) = 1 

2πσ ln  IC σ ln  ID 
.
1 − ρ2 

exp

(

− 1 

2
(
1 − ρ2

)

)[
ln  IC − μln  IC 

σ 2 I n  IC 
+ 

(ln  ID − μln  ID ) 
σ 2 I n  ID 

− 
2ρ(ln IC − μln IC )(ln  ID − μln ID ) 

σ I n  IC σ I n  ID

]
(6)

with μln  IC , μln  ID , σln  I  C , σln  ID mean and standard deviation of ln(IC ) and ln(ID) data 
sample respectively and ρ = linear Pearson’s correlation coefficient. 

The interplay between this interval and SBT class boundaries is exploited to obtain 
a systematic procedure for layer identification. 

Once the CPTu-DMT SBT values corresponding to a particular stretch are fitted 
to a bivariate normal distribution, the fitted data will be assigned to the soil class in 
which the bivariate mean is found. Two user-specified acceptance thresholds (i.e., 
model parameters) are used to divide the CPTu-DMT records into different stretches: 
Noise-threshold parameter, P and class-mixture tolerance parameter, m. 

The P parameter (Fig. 2c) is introduced to account for extreme values of IC − ID 
within the dataset. As an example, P = 0.25 contains 75% of the underlying data 
and 25% will be considered as noise. The class-mixture tolerance parameter m 
(Fig. 2d) explicit how strictly adhered to are pre-established class boundaries when 
the CPTu-DMT is subdivided into layers (see [8, 9]). 

The CPTu cone is only able to unambiguously identify layers above a 
minimum layer resolution of 150–200 mm. A simplified practical approach to deal 
with this difficulty is to merge layers below the minimum thickness (here taken 
equal to 200 mm) with adjacent ones of similar soil behavior type [10]. This strategy 
is also adopted here, by merging thin layers based on the closeness on mean value 
of IC–ID [9]. 

The output soil profiling will likely have layers assigned to mismatched classes, 
say SL-CL at Level 1 (i.e., SL from CPTu and CL from DMT) or CL-SL (i.e., CL 
from CPTu and SL from DMT). As a final step, to derive a soil profiling coherent with
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(a) (b) 

(c) (d) 

Fig. 2 a Synthetic IC , ID records. b data scatter on IC − ID chart at Level 1. c Corresponding 
isoline 0.25 of fitted bivariate normal distribution. d Example of class assignment criterion for m 
= 0.1 and P = 0.2

analyst desire (i.e., each layer exclusively assigned to SL or CL class) a Bayesian 
perspective is introduced. Let consider a soil unit classified as SL-CL. The analyst 
might belief that CPTu assignment is more trustable due to the higher amount of 
data collected. To account for that, probabilities P (soil unitCPT = SL) and P (soil 
unitDMT = CL) such that P (soil unitCPTu) + P (soil unitDMT) = 1 are introduced. This 
allows analyst to explicit their belief on CPT-based and DMT-based classification. 
The exclusively assignment is performed by computing the Bayes factor: 

B = 
P(soil unitCPTu|xIc) 
P(soil unitDMT|xI D) 

(7) 

with P (soil unitCPTu|xIc), P (soil unitDMT|xI D) = posterior probability of soil unit to 
be assigned as SL or CL given the xIc  = ln(IC) and xI D  = ln(ID) data within the 
soil unit: 

P
(
soil unitCPT|xIG

)
= K · P(|xIG  |soil unitCPT, μxIC, σxIC ) · P

(
soil unitCPTu

) · P(μxIC) · P(σxIC) 
(8) 

with K normalizing constant that does not depend on soil unitCPTu, μxIC, σxIC, which 
normalize the posterior probability to one: K = .

P (xIc | soil unitCPTu, μxIC,σxIC)
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· P (soil unitCPTu) ·P (μxIC) ·P(σxIC) d  μxIC,d σxIC; P (IC| soil unitCPT, μxIC, σxIC), 
likelihood expressed by Eq. (6); P (soil unitCPT) · P (μxIC) ·P (σxIC) prior knowledge, 
which express the analyst’s belief on soil profiling from CPTu. 

In this work the assumption that P (μxIC) · P (σxIC) = P (μxID) · P (σxID) = constant 
is made (equal uninformative knowledge). B ≥ 1 will assign the identified layer to 
CPTu classification, to DMT one otherwise. 

2.1 Single CPTu Analysis Workflow 

The analysist has to feed in a CPTu record to analyze and select the level of classi-
fication, minimum layer resolution and the P and m values. The code can then start 
analyzing the CPTu-DMT input records by selecting a segment of CPTu-DMT data 
pairs long enough to fit an initial PDF (ln(IC), ln(ID)). The bivariate is then updated 
by adding the next IC–ID data points, moving downwards through the record. Such 
updating allows the joint bivariate density to move on the SBT space until the repre-
sentative P surpasses any class boundaries by a larger proportion than that allowed 
by m. At that time, data that fed the bivariate density are assigned to the identi-
fied layer, whose soil class is assigned depending on location of the mean value of 
bivariate distribution. The procedure resumes by analyzing the next segment in the 
CPTu record until all the record is analyzed (see [9]). 

3 Illustrative Example: Llobregat Delta Site 

The proposed methodology is tested on CPTu and DMT records obtained at 
Barcelona harbor (Spain). The CPTu and DMT sounding profiles (CPTu95, 
DMT164), each up to 40 m depth from seabed surface (Fig. 3a) are analyzed. An 
independently established soil layer profile was available for the site, which was 
derived from cores retrieved at the same location where CPTu95 was performed. 
Laboratory samples were retrieved each 5 m depth and core description followed 
UNE-EN ISO 14688–1 from which a detailed soil profile was derived (Fig. 3a). The 
boundaries identified carried significant uncertainty due to the complex structure and 
strong heterogeneity of the site.

The procedure previously described is applied to the CPTu95 record. The P and 
m model parameters were varied to try to match the blunter core-based delineation 
(Level 1, Fig. 3a). By considering P = 0.2 and 0.05% threshold mixture, core-based 
boundaries were all identified (Fig. 4a). However, several additional layers were 
detected as expected within the first 10 m depth. To illustrate the effect of varying 
the fitting control parameters, the same record is reanalyzed using the m = 0 value 
and P = 0.8 (Fig. 4c). The parameters of the reanalysis result in a simpler profile, 
but it is noticeable that the layers disappearing are not simply the thinner ones (e.g.,
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Fig. 3 a IC-ID profile and core-based delineation. b Data scatter on SBT chart at Level 1 and Level 
2

at 3 m depth) but others (e.g., at 16.5 m depth) that were less statistically contrasted 
with their neighbors. 

It can be observed that within the more heterogenous depth interval [0–11 m] 
several layers are assigned as SL–CL highlighting a mismatch between CPTu and 
DMT classification. Such mismatch can be also observed by comparing solely CPTu 
and DMT soil profiling by assuming equivalent P and m value within a univariate 
approach (Fig. 4d, e) (see [9] for univariate approach illustration). 

Finally, the Bayesian perspective is introduced. Output soil profiling is reported in 
Fig. 5 by assuming for CPTu a prior probability of 0.7 and 0.3 for DMT classification. 
It can be observed that mismatched soil classes are assigned as SL class (Fig. 5a)

Fig. 4 a Core-based soil profiling. b Soil profiling at level 1 (P = 0.2; m = 0.05); c Soil profiling 
at level 1 (P = 0.8; m = 0). d) Solely CPTu-based soil profiling at level 1; e) Solely DMT-based 
soil profiling at level 1 
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resulting more coherent with CPTu-based soil profiling (Fig. 4d). By applying a 
prior of 0.5 to both tests the exclusively assignment of layer is solely dependent on 
likelihood function (Eq. 6). Finally, the prior 0.1, 0.9 is applied for CPTu and DMT 
respectively resulting in a soil profiling (Fig. 5c) more coherent to the DMT-based 
classification (Fig. 4e). The algorithm is then run for Level 2 by assuming the same 
values of P and m defined at Level 1 (P = 0.2; m = 0.05). Results is terms of soil 
profiling are reported in Fig. 6b. It can be observed that the mismatched between CPT-
DMT classification increase with respect to Level 1. This is particularly relevant for 
the depth interval [0–11 m] where several layers classified as CL-SM or SL-SM are 
obtained. This does not come as surprise since previous study [2] show that DMT 
might classify clay as silt and viceversa. However, by applying a prior 0.7 and 0.3 
for CPTu and DMT respectively, it can be observed a soil profiling more consistent 
with core-based one (Fig. 6a, c) and mostly of mismatched layers are now assigned 
to SM class. 

Fig. 5 Soil profiling at level 1 (P = 0.2; m = 0.05) after Bayesian perspective: a)P(soil unitCPTu) 
= 0.7, P(soil unitDMT) = 0.3; b) P(soil unitCPTu) = 0.5,P (soil unitDMT) = 0.5; c) P(soil unitCPTu) 
= 0.1,P (soil unitDMT) = 0.9
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Fig. 6 a Core-based soil profiling at level 2; b CPTu-DMT soil profiling at level 2 for P = 0.2 and 
m = 0.05; c CPT-DMT based soil profiling for P = 0.2 and m = 0.05 applying a prior of 0.7–0.3 
for CPTu and DMT respectively 

4 Conclusions 

This study proposes a first attempt of integrating CPTu-DMT data for soil profiling. 
A bivariate approach is applied, which quantified the dependence of IC and ID data 
while eliciting assumption and heuristics that analysts apply to soil profiling and 
explicating the belief of analyst about the two in-situ tests for soil profiling purpose. 
Once quantified the values of P and m, the same value can then be applied to different 
locations. At level 1 results highlight a good agreement between CPTu-DMT classi-
fication. At level 2 the discrepancy between CPTu-DMT classification increase. By 
introducing the Bayesian prospective the output soil profiling will result coherent with 
analyst’s requirement with a good match with-core-based description. The approach 
can be then systematically applied to other location within the project site area and/or 
multiple CPTu sounding records. 

.
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Clay Soil Stabilization Using Xanthan 
Gum and Sodium Alginate 
as Biopolymers 

Ayberk Temurayak and Tugba Eskisar 

Abstract This study deals with the effect of xanthan gum and sodium alginate 
biopolymers on the consistency, compaction, and strength properties of clay. Atter-
berg limits tests, standard proctor compaction tests, and unconfined compression 
tests were performed. The curing time of the specimens varied from 7 to 56 days. 
Xanthan gum ratios were %0.5, %1, %1.5, %2, %3 and sodium alginate ratios were 
%1, %2, %3, %4. As a result, a noticeable increase in liquid limit was observed in 
both biopolymers. Plastic limit and plasticity index of the specimens showed minor 
changes compared to the liquid limit of the soil specimens. Optimum water content 
of the clay specimens with additives was %2 higher compared to that of the untreated 
clay. Maximum dry density slightly decreased compared that of the untreated clay. 
The results of unconfined compressive tests showed that using xanthan gum and 
sodium alginate biopolymers had the beneficial effect of increasing the strength of 
the soils. 

Keywords Xanthan Gum · Sodium alginate · Unconfined compressive strength ·
Compaction 

1 Introduction 

The application of different soil improvement techniques improves the properties 
of problematic soils. Large settlements and bearing capacity problems of the prob-
lematic soils can be alternatively solved with the help of stabilizers. Conventionally, 
cement, lime, and fly ash are used as stabilizers. Cement is largely consumed in soil 
stabilization projects, but it causes environmental and sustainability issues. During 
the production of cement, significant amounts of carbon dioxide and nitrogen oxide 
gases are emitted, with a certain level of air emissions in the form of cement dust, 
which exhibits another potential environmental problem [1]. In the recent past, it has 
been discovered that biopolymers of the food industry could also be an alternative as
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a stabilizing agent in the soil stabilization. Xanthan gum, guar gum, sodium alginate, 
and chitosan are some of the biopolymers used in the geotechnical applications. 

Xanthan gum is a natural anionic polysaccharide and is the result of aerobic 
fermentation of sugars by the Xanthomonas Campestris bacteria [2]. It is used as a 
stabilizer and thickener additive in the food industry. It has high thickening properties 
even in low concentrations. Due to these features, it can be used as an additive for the 
soils. Soil stabilization with xanthan gum is a sustainable substitute to conventional 
additives in fine-grained soil improvement [2]. 

Sodium alginate is the sodium salt of alginic acid, the main source of which is 
brown algae. It is also used in the food industry because it prevents the spoilage of 
foods and provides a gel consistency. Sodium alginate forms a heat-resistant and 
irreversible gel. It is also used to increase the plasticity of materials such as cement, 
plaster and mortar. 

In this study, xanthan gum and sodium alginate treated clay specimens were 
prepared and the changes in the soil consistency, compaction, and strength properties 
of the treated clay specimens were evaluated. 

2 Materials and Method 

The clay soil used in this study was composed of mainly kaolinite as determined from 
the chemical analysis. The soil was available in powder form with particles smaller 
than 75 µm. The liquid limit of the soil was 51%, and the plastic limit of the soil 
was 36.5%. The soil was classified as MH according to the unified soil classification 
system of ASTM D-2487 [3]. The specific gravity of the clay soil was 2.68. The 
optimum water content and the maximum dry density of the soil were 31%, and 1.64 
t/m3, respectively. 

Xanthan gum was a pale white powder with non-corrosive and environmen-
tally friendly properties. This gum was preferred due to its pseudo-viscous and 
bio-clogging properties, and availability. On the other hand, sodium alginate was 
a yellowish white powder and it was preferred as the second biopolymer of the study 
as it dissolved slowly in water, forming smooth-pouring solutions. 

The wet mixing method was preferred to prepare the specimens in all tests. 
According to wet mixing method, the biopolymers were first dissolved in the water 
and then added to the dry soil. In this study, xanthan gum and sodium alginate were 
prepared in solutions of 0.5–3%, and 1–4%, respectively. After that, the additive in 
solution was thoroughly mixed with the dry soil until a homogenous mixture was 
achieved. The unconfined compressive test specimens were prepared at the optimum 
water contents of the specimen groups. The specimens were cured for 7, 28 and 
56 days. 

The liquid limits and the plastic limits of the specimens were determined according 
to ASTM D4318 [4]. The standard Proctor compaction tests were performed 
according to ASTM D698 [5]. The unconfined compression test specimens were 
100 mm in height and 50 mm in diameter. The unconfined compression tests were
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held in accomplice with ASTM D2166 [6]. The load was applied with a loading rate 
of 1.42 mm/min. The strain rate was chosen in a way that the time to complete testing 
of a single specimen did not exceed 15 min. The loading continued until the load 
values decreased with increasing strain, or until 15% strain was reached. 

3 Results and Discussion 

3.1 Atterberg Limits 

Xanthan gum and sodium alginate additives increased the liquid limit of the treated 
soil specimens. The liquid limit increased by %34 with the addition of 3% xanthan 
gum, and the increment of the liquid limit was over %100 with the addition of 4% 
sodium alginate. At the highest concentration of sodium alginate which was 4%, the 
rapid change in viscosity led to a nonlinear increase of the liquid limit. A similar 
trend was also observed and reported by Nugent [7]. 

The plastic limit of the specimens had a linear increment with the addition of 
xanthan gum and sodium alginate. The plastic limit of the pure soil increased from 
36.5% to 38.7% and 40.7% with the additions of xanthan gum and sodium alginate, 
respectively. 

The plasticity indexes increased with the addition of both biopolymers. While the 
increase was %203 with the addition of 3% xanthan gum, it increased %414 with the 
addition of 4% sodium alginate. Increasing the water capacity of biopolymer added 
soils activated the monomers of the biopolymers and formed ionic and covalent 
bonds with soil particles. Thus, monomers required more water, which raised the 
liquid limit and plasticity index of the soil specimens [8]. This effect was more 
pronounced in 4% sodium alginate-treated soils. Atterberg limits of xanthan gum 
and sodium alginate treated specimens are presented in Fig. 1a, b, respectively. 

Fig. 1 Atterberg limits of a xanthan gum b sodium alginate treated clay
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Fig. 2 The compaction 
properties of untreated clay 
and biopolymer treated clay 
(XG: Xanthan Gum, NaAl: 
Sodium Alginate) 

3.2 Compaction Properties 

The maximum dry unit weight and the optimum water content of untreated clay, 
clay with 2% xanthan gum, and clay with 3% sodium alginate additives are shown 
in Fig. 2. The optimum water content of 2% xanthan gum treated soil was 33%, and 
the maximum dry unit weight of the same specimen was 1.60 t/m3. The optimum 
water content of 3% sodium alginate treated soil was 33%, and the maximum dry unit 
weight was 1.56 t/m3. The decrease in the maximum dry unit weight and the increase 
in the optimum water content were due to the fact that the monomers located in the 
spaces between the soil particles absorbed more water and caused a net decrease in 
particle interaction [9]. 

3.3 Unconfined Compressive Strength 

When stabilization with biopolymers is a concern, the success of soil improve-
ment is affected by the type and composition of the soil, the type and amount of 
the biopolymer, curing time, and the mixing conditions [2]. Figures 3 and 4 show 
the unconfined compressive strength (UCS) values of 7, 28, and 56-day specimens 
which were treated with xanthan gum and sodium alginate, respectively. The UCS 
of untreated clay was 280 kPa. The UCS increased with the curing time and with 
an increase in the xanthan gum and sodium alginate contents. Higher biopolymer 
content led to a larger and thicker gum-soil matrix and more gum-soil interactions in 
the fine soils [1]. While the increase of the UCS was 2.6 times in 56-day specimens 
treated with %2 xanthan gum, and the increase was 3.8 times in 56-day specimens 
treated with 3% sodium alginate compared to that of untreated soil. The formation of 
cross-link elements and hydrogen bonds rendered the soil matrix stiffer, increasing 
its resistance to load resulting in higher unconfined compressive strength of the soil 
at all investigated percentages of xanthan gum [9]. As the rate of the sodium alginate 
increased, the soil strength also increased in a range of 1%-3% sodium alginate.
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Zhao et al. [10] reported that the addition of sodium alginate at a rate between 1 and 
3%, significantly improved the UCS of the soil in compliance with the findings of 
this study. The presence of the biopolymer due to the added sodium alginate to soils 
increased the bonding and cross-linking between the particles. As a result, a stiffer 
soil structure forms, leading to an increase in the soil stiffness and strength. 

Fig. 3 The UCS of xanthan gum treated clay specimens 

Fig. 4 The UCS of sodium alginate treated clay specimens
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4 Conclusions 

This study investigated two types of biopolymers as alternative soil stabilizers. Atter-
berg limits, compaction, and unconfined compression strength tests were performed 
with varying concentrations of these biopolymers. The effect of xanthan gum and 
sodium alginate were determined and Atterberg limits, compaction characteristics, 
and the strength of the specimens were compared with each other. The main outcomes 
of this preliminary study are summarized as follows:

. The liquid limit increased in both biopolymer additives; this effect was more 
pronounced in sodium alginate.

. The plastic limit increased continuously with sodium alginate and the xanthan 
gum addition to the specimens.

. The plasticity index increased in both biopolymers.

. The optimum water content increased by %2 in the specimens with both 
biopolymer additives. On the contrary, the maximum dry unit weight decreased 
in specimens with both biopolymer additives.

. The unconfined compressive strength of the specimens with a xanthan gum content 
of 2% and a sodium alginate content of 3% were the highest among 56-day 
specimens. 

The preliminary investigation on xanthan gum and sodium alginate added clay 
soils showed that these additives could be beneficial for geotechnical site applications. 
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Estimation of OCR and Compression 
Index by Different Methods 

Zeeshan Firdous, V. Padmavathi, and M. R. Madhav 

Abstract Preconsolidation stress (σ
'
c) is an important parameter to understand the 

stress history of the soil and in calculating settlements. Accurate determination of 
settlement depends largely on the accuracy of σ

'
c. Several researchers have proposed 

different methods to obtain σ
'
c from e-log σ

'
plot. Determination of preconsolidation 

stress relies on the graphical approach of Casagrande method. This method depends 
on identification of the point of maximum curvature on the e-log σ

'
curve which is 

highly subjective and leaves room for errors. Several methods have been proposed in 
the literature for interpretation of preconsolidation stress based on curve fitting rather 
than subjective judgment. These approaches are based on graphical interpretation of 
void ratio (e) versus effective stress (σ

'
), log e versus log σ

'
, log  (1  + e) versus 

log σ
'
plots. The methods used in this study are semi-logarithmic [1, 2, 3, 4], bi-

logarithmic [5, 6, 7] and based on variation of constrained modulus with effective 
stress [8]. In this study, test data taken from the three (Egypt, California and India) 
different locations around the world is analysed. Compression index (Cc) and over 
consolidation ratio (OCR) are determined using the above methods and the variation 
is studied. 

Keywords Preconsolidation stress · Void ratio · Effective stress · Compression 
index and OCR

Zeeshan Firdous (B) 
Geotechnical Engineering, Department of Civil Engineering, JNTUH College of Engineering, 
Hyderabad, India 
e-mail: zeeshanf97@gmail.com 

V. Padmavathi 
Department of Civil Engineering, JNTUH College of Engineering, Hyderabad, India 

M. R. Madhav 
JNT University, IIT Hyderabad, Hyderabad, India 

© The Author(s), under exclusive license to Springer Nature Switzerland AG 2023 
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1 Introduction 

Oedometer test provides one-dimensional soil deformation behaviour. Soil exhibits 
a bilinear response, when the oedometer test data is plotted on a semi logarithmic 
graph. The deformations are small below certain effective stress and beyond it, the 
deformations are large which lead to more compressed structure of the soil. That 
particular effective stress is known as preconsolidation stress, σ

'
c and is required 

to estimate the consolidation settlement of soft soils. The ratio between σ
'
c and in-

situ vertical effective stress, σ
'
0, is known as Over Consolidation Ratio (OCR). The 

concept of preconsolidation stress and its importance is well defined in geotech-
nical engineering. Hence, different methods have been proposed by researchers to 
estimate preconsolidation stress from Oedometer test results. Methods proposed by 
Casagrande [1], Pacheco Silva [3], [5], Schmertmann [4], Nagaraj et al. [2], Oikawa 
[6], Sridharan [7] and Janbu [8] are analysed in this paper by considering the data from 
three (Egypt, California and India) sites available in the literature. These methods 
have a common assumption that the soil response varies from stiffer to softer at σ

'
c . 

The present work also compares the variation of OCR and Cc based on the above 
mentioned methods. 

2 Interpretation of σ
'
c 

Casagrande [1] estimated preconsolidation stress from the e-log σ
'
curve. This 

method interprets a large range of estimated preconsolidation stress, if the point 
of maximum curvature is not well defined. As illustrated in Fig. 1a, a point B on the 
curve is selected at maximum curvature. Horizontal and tangential lines are drawn 
passing through point B. A bisector is drawn at the same point, bisecting the angle 
between horizontal and tangential lines. Virgin compression line is extended back-
ward and the intersection point of this line with the bisector is located at point D. 
The stress corresponding to point D is preconsolidation stress, σ

'
c. . According to 

Silva [3] method, a horizontal line AB, is drawn passing through initial void ratio, 
e0, of the specimen on the e-log σ

'
plot as illustrated in Fig. 1b. A line, CD is drawn 

from the straight line portion of the virgin compression curve until it intersects the 
line AB at point C. A vertical line is dropped down from the point C, until it inter-
sects the e-log σ

'
curve at point E. Another line is extended in horizontal direction 

from the point E, to line CD to get an intercept, F. The stress corresponding to the 
point F, is preconsolidation stress. Figure 1c describes Nagaraj et al. [2] method, 
σ

'
c is obtained from the point of intersection of a horizontal line from e0, and a line 

normal to the laboratory e-log σ
'
curve at the point of maximum curvature. A hori-

zontal line passing through 0.4e0 intersects the virgin compression curve at point C. 
Compression index is obtained from the line joining point D and point C. Schmert-
mann [4] has proposed a method to correct the compression curve from soil samples 
subjected to disturbance. The method is detailed in Fig. 1d. Point C is marked at the
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intersection of virgin compression curve with a horizontal line drawn from void ratio 
of 0.4e0. The backward extension of the linear portion of the curve ABC meets the 
horizontal line DE at point F. A smooth curve EG is drawn from point E, parallel 
to the recompression curve. The stress corresponding to point G is preconsolidation 
stress σ

'
c.

Oikawa [6] method (Fig. 1e) summarises that, a compression curve is drawn for σ
'

on logarithmic scale and log(1 + e) on linear scale along X and Y axes respectively. 
The linear parts of compression curve are extended to get an intersection point A as 
shown in Fig. 1. The stress corresponding to the point A is σ

'
c. The same procedure 

[6] is followed by Butterfield [5], Fig. 1f, to find σ
'
c, with ln σ

'
and ln(1 + e) along 

X and Y axes respectively. Sridharan [7], illustrated the interpretation of σ
'
c from 

the intersection of linear fit lines of ‘e -σ
'
’curve plotted on logarithmic (base 10) 

scales as illustrated in Fig. 1g. Janbu [8] proposed that the preconsolidation stress is 
determined from a plot of constrained modulus, M, which is inverse of coefficient 
of volume compressibility, versus the effective stress on a linear scale as shown in 
Fig. 1h, The stress corresponding to a marked drop of M, is the preconsolidation 
stress, σ

'
c. 

3 Results and Interpretation 

The preconsolidation stress, OCR and Compression index are estimated using the 
methods specified in Sect. 2 for the e-log σ

'
curves taken from three sites located in 

Egypt [], California [9] and India [10]. The e-log σ
'
data was obtained from samples 

collected from Egypt site at depths of 15 m, 23 m and 30 m in a borehole, also at 
8 m and 10 m depths from different bole holes. Profile of California site marks the 
presence of soft soil deposits with ground water table at ground level. Top layer of soil 
consists of highly plastic (CH) and low plastic (CL) clays of varying compressibility. 
e-log σ

'
plots are given for samples at various depths taken from boreholes at several 

locations. 

3.1 Comparison of OCR Obtained from Different Methods 

Overconsolidation ratio is estimated using the preconsolidation stress obtained from 
the different methods proposed by Casagrande [1], Silva [3], Nagaraj et al. [5, 2], 
Oikawa [6], Sridharan [7], Schmertmann [4] and Janbu [8] and presented in Table 1.

Results from Silva [3] method show small variation from those of Casagrande 
[1] method. This is because Silva [3] method is independent of the drawing scale 
while Casagrande [1] method is scale dependent. Nagaraj et al. [2] and Schmertmann 
[4] methods predict true in situ OCR by making corrections to sample disturbance. 
OCR obtained from Janbu [8] method are lower than the values from Casagrande 
[1] method for all the three sites. Janbu [8] method results in the highest deviations
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a) e-log ′  plot (Casagrande - 1936) b) e-log ′  plot (Silva - 1970) 

c) e-log ′  plot (Nagaraj et al. - 1989) d) e-log ′  plot (Schmertmann - 1955) 

e) log(1+e)-log ′  plot (Oikawa – 1987) f) ln(1+e)- ln ′ plot (Butterfield - 1979) 

g) log e – log ′  plot (Sridharan et al. - 1991) h) M – ′  plot (Janbu - 1969) 

Fig. 1 Different methods for interpretation of σ
'
c
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Table 1 OCR obtained from different methods 

Site Casagrande 
[11] 

Silva 
[3 

Nagaraj 
et al. 
[12] 

Butterfield 
[1] 

Oikawa 
[6] 

Sridharan 
[7] 

Schmertmann, 
[4] 

Janbu 
[8] 

Egypt 1.40 1.10 1.60 1.25 1.40 1.90 1.20 0.90 

0.75 0.43 1.25 0.76 0.75 1.06 1.00 1.00 

0.95 1.00 1.10 1.17 0.81 0.95 1.00 1.00 

3.57 3.07 3.54 2.59 2.71 2.86 3.93 2.14 

1.80 1.55 1.30 1.30 1.25 1.50 1.30 0.90 

California 17.39 14.78 16.52 14.78 14.78 14.35 13.04 13.91 

1.96 1.43 1.70 2.63 2.38 2.14 1.31 1.90 

21.43 18.57 17.14 21.36 18.57 19.29 29.29 5.71 

3.70 2.59 4.07 5.19 4.63 5.56 2.22 1.48 

2.77 2.13 2.04 3.94 3.83 4.00 1.38 1.06 

2.26 1.66 1.72 2.20 2.60 3.10 1.56 3.20 

15.26 13.84 8.68 13.95 14.47 14.47 21.05 8.42 

33.33 33.33 18.33 31.11 33.33 33.33 44.44 35.56 

India 9.34 9.87 7.42 7.89 7.89 8.16 9.47 2.89 

1.40 1.23 1.05 1.18 1.30 1.58 1.32 1.40 

2.08 1.89 1.60 1.89 1.79 1.75 1.70 1.42 

2.34 2.20 1.70 2.34 2.10 2.30 2.30 1.00 

1.01 1.04 0.83 1.03 1.01 1.04 1.00 1.04 

3.60 3.60 2.80 3.00 3.00 3.00 4.40 5.20 

1.15 1.27 1.09 1.07 1.00 1.13 1.13 1.00 

2.34 2.66 1.70 2.34 2.13 2.34 4.36 1.60 

1.10 1.34 1.00 1.32 1.22 1.46 1.95 1.10

as it does not clearly specify the steps to follow for graphical interpretation. Hence, 
it depends on the user’s experience and judgement. The values show more variation 
for high σ

'
c and higher OCR. This might be due to higher recompression up to the 

point at which it reaches σ
'
c. Virgin compression occurs beyond σ

'
c. This unloading– 

reloading process might cause more disturbances and hence the deviation is observed. 
Butterfield [5], Oikawa [6] and Sridharan [7] methods give comparable values of 
OCR. 

Table 2 illustrates the variation in OCR obtained from Silva [3], Nagaraj et al. [2], 
Butterfield [5], Oikawa [6], Sridharan [7], Schmertmann [4] and Janbu [8] methods 
with those from Casagrande [1] method.

The range of variation of OCR presented in table 2 is from −30% to 20%, − 
40% to 20%, −30% to 40%, −28% to 42%, −31% to 38%, −20% to 33% and − 
50% to 44% for the results obtained from Silva [3], Nagaraj et al. [2], Schmertmann 
[4], Butterfield [5], Oikawa [6], Sridharan [7] and Janbu [8] methods respectively. 
Minimum range of deviation is noticed from Silva [3] and Sridharan [7] methods.
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Table 2 Variation of OCR from Casagrande [11] method 

Methods Average variation of OCR from 
Casagrande [11] method (%) 

Range of variation of OCR from 
Casagrande [11] method (%) 

Silva [3] −8 −30 to 20 

Nagaraj et al.  [12] −15 −40 to 20 

Schmertmann [4] 4 −30 to 40 

Butterfield [1] 2 −28 to 42 

Oikawa [6] −2 −31 to 38 

Sridharan [7] 10 −20 to 33 

Janbu [8] −23 −50 to 44

Butterfield [5], Oikawa [6] and Sridharan [7] methods yield similar range of results. 
Hence, their application would be more conservative in estimation of σ

'
c. Janbu [8] 

method shows a greater deviation of OCR from −50% to 44%. 

3.2 Comparison of Cc Obtained from Different Methods 

Compression index, Cc, is estimated from the Eq. 1 by Casagrande [1], Silva [3], 
Nagaraj et al. [2] and Schmertmann [3] methods. 

CC = .e

.logσ ' (1) 

Compression index, Cc, from Butterfield [5] and Oikawa [6] methods is estimated 
from the relationship between Cc and Cc

' given by Eq. (2). Sridharan [7] established 
a relationship between Cc and Cc

'' as shown in Eq. (3). 

Cc = 
C

'
c − 0.0192 
0.19 

(2) 

Cc = 
C

' '
c − 0.1067 
0.23 

(3) 

where Cc’—slope of log(1 + e) vs log σ '
plot (Fig. 1) or slope of ln(1 + e) vs ln σ '

plot (Fig. 1). 
Cc”—slope of log e vs log σ

'
plot (Fig. 1) 

Cc—Compression index. 
The compression index values thus estimated are presented in Table 3.
Casagrande [1] and Silva [3] methods predict identical estimates of Compression 

index. Results from Nagaraj et al. [2] and Schmertmann [4] methods show greater 
deviation from those of Casagrande [1] method. This is because these two methods
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Table 3 Compression index obtained from different methods 

Site Casagrande 
[11] 

Silva 
[3] 

Nagaraj 
et al. 
[12] 

Schmertmann 
[4] 

Butterfield 
[1] 

Oikawa 
[6] 

Sridharan 
[7] 

Egypt 0.55 0.52 0.68 0.66 0.55 0.54 0.69 

0.49 0.47 0.63 0.66 0.48 0.49 0.73 

0.57 0.60 0.68 0.67 0.59 0.61 0.16 

0.31 0.30 0.41 0.38 0.30 0.32 0.20 

0.42 0.45 0.67 0.50 0.39 0.41 0.35 

California 0.30 0.31 0.38 0.30 0.28 0.30 0.31 

0.20 0.21 0.27 0.24 0.23 0.22 0.15 

0.48 0.47 0.53 0.49 0.54 0.45 0.48 

0.31 0.32 0.41 0.35 0.36 0.33 0.41 

0.18 0.20 0.24 0.22 0.23 0.22 0.24 

0.17 0.17 0.20 0.19 0.18 0.17 0.29 

0.16 0.16 0.18 0.26 0.16 0.15 0.09 

0.25 0.24 0.25 0.31 0.25 0.26 0.19 

India 0.30 0.33 0.35 0.39 0.28 0.30 0.30 

0.38 0.38 0.41 0.45 0.33 0.37 0.41 

0.22 0.20 0.22 0.23 0.22 0.18 0.13 

0.42 0.43 0.44 0.46 0.48 0.47 0.74 

0.33 0.32 0.32 0.31 0.30 0.34 0.34 

0.36 0.37 0.38 0.40 0.36 0.37 0.38 

0.29 0.31 0.36 0.35 0.30 0.30 0.33 

0.27 0.29 0.32 0.43 0.24 0.23 0.14 

0.38 0.41 0.31 0.49 0.28 0.30 0.28

make corrections to sample disturbance. Butterfield [5] and Oikawa [6] methods 
predict similar values of compression index as both the methods study bilogarithmic 
variation between specific volume and effective stress. 

Table 4 illustrates the variation in Cc obtained from Silva [3], Butterfield [5], 
Schmertmann [4], Nagaraj et al. [2], Oikawa [6], Sridharan [7] and Janbu [8] methods 
with those from Casagrande method.

From table 4, the range of variation of Cc from Silva [3], Nagaraj et al. [2], 
Schmertmann [4], Butterfield [5], Oikawa [6] and Sridharan [7] is from  −10% to 
9%, −18% to 33%, −7% to 62%, −27% to 54%, −21% to 10% and −49% to 50% 
respectively. The minimum range of deviation is observed for Silva [3] and Oikawa 
methods. The maximum range of deviation is for Sridharan [7] and Schmertmann 
[4] method.
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Table 4 Variation of Cc from Casagrande method 

Methods Average variation of Cc from 
Casagrande [11] method (%) 

Range of variation of Cc from 
Casagrande [11] method (%) 

Silva [3] 2 −10 to 9 

Nagaraj et al.  [12] 18 −18 to 33 

Schmertmann [4] 20 −7 to 62  

Butterfield [1] 3 −27 to 54 

Oikawa [6] 3 −21 to 10 

Sridharan [7] 1 −49 to 50

4 Conclusions 

Preconsolidation stress, σ
'
c, is estimated from eight methods mentioned in the liter-

ature. The OCR and Cc estimated from different methods are compared with the 
values obtained from Casagrande [1] method. Results from Casagrande [1] method 
varied with those from Silva [3] method on the basis of drawing scale, otherwise 
both the methods predict similar results. The results from Schermtmann [4] and 
Nagaraj [2] method can be utilised in obtaining true in situ behaviour of soil. Among 
all the methods considered, Butterfield [5], Oikawa [6] and Sridharan [7] methods 
provided the most comparable estimates. Values from Janbu [8] method show greater 
deviation. 
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Limit Load Exemplary Analyses 
of Foundations Accidentally Placed 
on Sand Underlain by Peat Using Their 
Various Parameters 

Łukasz Kaczmarek , Maria Grodzka-Łukaszewska , 
and Grzegorz Sinicyn 

Abstract The interaction of underlying organic soils with buildings and infrastruc-
ture is an important aspect of environmental engineering. Especially since these soils 
have a particularly important role in the ecosystem, as well as because of the great 
variety of their mechanical and permeability characteristics. This limit load study 
concerns the hypothetical situation of accidental direct foundation of a building on 
a layer of sands under which are peats (and the unconfined groundwater table). The 
analyzed case is a common situation in the vicinity of rivers and lakes, especially 
in areas with high urban pressure. In the calculations, the finite element method 
(FEM) was used to model the strip foundation of a residential building in a plane 
strain approach. The peat parameters were derived from various literature analyses 
of different locations (specifically from Poland, Nederland, and Turkey,) to provide 
a range of possible soil failure load scenarios. This type of analysis identifies the 
most undesirable variant and gives an idea of the scale of the issue. 

Keywords Organic soil · Building foundation · FEM · Shear strength · Stress state 

1 Introduction 

Environmental concerns on the one hand and urban pressures on the other cause 
interactions which, without analysis, result in ecological damage and engineering 
constructions. To achieve sustainable development, it is very important to carry out 
even preliminary analyses which enable crucial risks to be identified. One of such 
risks is the danger of exceeding the bearing capacity of the ground, or even too 
large settlements causing the inability to exploit. Based on the results of a pre-linear 
analysis it is possible to customize the following detailed studies (and optimize their 
financial costs of them).
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Fig. 1 Peats locations of used archival studies on the background of peatlands distribution (modified 
from [1]) 

An example of above would be housing buildings accidentally placed on weak 
peat soils. These soils are mostly located in wetlands, where there is also the problem 
of high groundwater table. Figure 1 shows area where peatland might be an issue in 
described context what gives some overview of the issue scale. This map shows 
selected peatland locations characterized in the literature (Poland, Netherlands, 
Turkey), which geotechnical parameters were used in this study to demonstrate the 
building foundations on peatlands failure loading hazards. 

The objective of this limit load study by rough and non-sublime numerical calcula-
tions is to demonstrate the consequences of poorly designed or accidental foundations 
on peats. 

2 Material Model 

A model consisting of a direct foundation of a building on a layer of sands under which 
are peats (Fig. 2) was used to perform comparative numerical calculations. Below 
peat there are alluvial sands. The unconfined grondwater table is on the top surface 
of peat layer. Four variants of this model were considered, differing in parameters 
of 1 m peat layer. There were used 3 sets of peat parameters defined in 3 different 
publications referring to three different areas of analysis—Poland, the Netherlands 
and Turkey. The fourth variant concerned a model where in place of peat layer a layer 
of medium sands #1 was introduced. Thanks to this a reference point was obtained.

The analyzed study reflected one of the cases which occurred in the area adjacent to 
a lake and a small watercourse—i.e. construction of a building, where the foundation
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Fig. 2 Numerical model of analysed case study

level was located on sands below the layer of anthropogenic soils. As it turned out 
later, these sands were only 0.5 m thick, and under them there was a 1 m thick layer 
of peat. Thus, from the assumed not the worst ground conditions, it appeared that the 
building was located in complex conditions. This situation became the inspiration for 
this study, in order to illustrate the possible exceeding of the load-bearing capacity. 

The model in the topic assumed a footing depth of 2.9 m below ground level, where 
the footing width was 0.8 m. In the footing excavation, the input of #3 medium sands 
was reconstructed. 

Peats are soft organic soils, which geotechnical parameters are strongly varied, 
making difficult their characteristics, improvement or removing. For this reason, in 
this study three exemplary sets of peat parameters were selected (Table 1), which 
were used to carry out calculations of soil limit load in the situation of accidental 
direct foundation on peat. Their geotechnical parameters were derived from various 
studies in different locations (Poland, Netherland and Turkey) to provide a range of 
possible failure loading scenarios.

3 Methods 

In the calculations, the finite element method (FEM) by Zsoil v.2018 software was 
used to model the strip foundation of a two-story residential building in a plane strain 
approach. That simplified limit load analysis of rigid footing problem has been done 
with use of Coulomb-Mohr model for soils (the yield criterion) and elastic model for 
foundation. The applied model is an elastic perfect plastic material model. The soil is 
regarded as an ideal elastic–plastic material and the associated flow law is adopted. 
The widely known set of parameters for the CM model contributes to the popularity 
of this type of preliminary analysis and estimation. The material models used were



160 Ł. Kaczmarek et al.

Ta
bl

e 
1 

M
at
er
ia
ls
 p
ar
am

et
er
s 
of
 g
eo
te
ch
ni
ca
l l
ay
er
s 

N
o

So
il 
ty
pe

B
ul
k 
de
ns
ity
, γ

 
[k
N
/m

3
] 

A
ng
le
 o
f 
in
te
rn
al
 

fr
ic
tio

n,
 φ

 [o
] 

C
oh
es
io
n,
 c
 

[k
Pa
] 

Y
ou
ng
’s
 

m
od
ul
us
, E

 
[M

Pa
] 

Po
is
so
n 
ra
tio

, υ
 

[−
] 

H
yd
ra
ul
ic
 

co
nd

uc
tiv

ity
, 

k 
[m

/d
ay
] 

1.
1

L
oc
al
iz
at
io
n 
of
 

ex
em

pl
ar
y 
pe
at
 

ch
ar
ac
te
ri
st
ic
s 

Po
la
nd
 [
2,
 3
]

13
.0

18
.0

10
.0

2.
00
’

0.
37

5 
× 

10
–4

 

1.
2

N
et
he
rl
an
d 

[ 4
,*
5]
 

11
.0

25
.0

1.
4

1.
34
*

0.
26

1.
6 
× 

10
–2

 

1.
3

T
ur
ke
y 
[6
, 

^a
ss
um

ed
] 

11
.4

16
.2

1.
6

2.
75

0.
30
^

9 
× 

10
–6

 

2
A
nt
ro
po
ge
ni
c 
so
il

17
.0

30
.0

0.
0

34
0.
27

1 

3
M
ed
iu
m
 s
an
d 
#1

18
.5

33
.0

0.
0

85
0.
25

0.
5 

4
Fi
ne
 S
an
d

19
.0

31
.0

0.
0

55
0.
30

0.
1 

5
M
ed
iu
m
 s
an
d 
#2

20
.0

33
.5

0.
0

95
0.
23

0.
4 

6
M
ed
iu
m
 s
an
d 
#3

20
.0

34
.0

0
10
0

0.
24

0.
45
 

7
C
on

cr
et
e

25
.0

–
–

30
,0
00

0.
20

0



Limit Load Exemplary Analyses of Foundations Accidentally Placed … 161

applied as a rough initial approach of limit analyses. For more detailed analyses it 
is necessary to use large deformation continuum approach (due to significant finite 
elements geometry changes; [5]). Moreover, in order to carry out complex bearing 
capacity and serviceability analysis, the mentioned model cannot be used due to its 
limitations. Then, dedicated models of soft soils are necessary [4, 7, 8]. 

The mesh of the analyzed problem contained 3698 regular 4-noded elements 
(mainly rectangles). In this FE model standard box-type solid boundary conditions 
were generated. The hydrostatic pressure distribution was applied along define flow 
boundaries on model sides (Fig. 2). It was done through the pressure head value with 
special seepage elements. The axial loaded rigid strip footing is related to interfaces. 

The numerical calculations included excavation, insertion of the footing along 
with sand filling, and then application of the force. The force was increased grad-
ually until the loading limit was exceeded. The analysis of the results focused on 
comparing the maximum loads applied to the footing model, the corresponding stress 
distributions in the soil medium (especially the stress values affecting the peat layer), 
and the resulting failure surface. 

4 Results 

The most important reaction of the subsoil to the new load application is the loss 
of bearing capacity or settlement in case of not exceeding it. Therefore, the basic 
deliverables of this study are values of limit loads—Table 2. The highest values of 
limit load correspond with the highest values of cohesiveness which are characteristic 
of chosen studied peats in Poland. These soils do not have the highest value of 
internal friction angle. The highest value of friction angle was found for soil from 
the Netherlands—the maximum force, in this case, was 34.5 kN per 1 m of footing 
lower than in the parameters variant of soil from Poland. The lowest parameters were 
characteristic for the selected soils from central Turkey. As a result of such values of 
shear strength parameters, the difference in limit load was about 50 kN per 1 m of 
footing. The obtained load capacity results were 4–5 times lower than in the case of 
the assumed profile, in which there would be no peats (presence of fine sands only). 

The obtained values of limit load were determined by the distribution of effective 
additional stress at maximum load. At the level of peat top surface, in the case of 
soils from Poland, it was about 90 kPa. In the case of soils from the Netherlands

Table 2 Limit loads calculation results 

No Localization of peat parameters archival case study Limit load, Q [kN] 

1 Poland 199.7 

2 Nederland 165.2 

3 Turkey 153.7 

4 No peat case (MSa #1 parameters instead) 786.8 
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a b  

Fig. 3 Effective additional stress due to external limit loading in function of depth: a profile with 
geotechnical parameters of peat from Poland; b profile with geotechnical parameters of peat from 
Netherlands 

and Turkey, the values of additional stress were over two times lower and equalled 
about 40 kPa (Fig. 3). On the receive bearing capacity of analysed soft soil, not only 
do soil strength properties have an impact, but also influence soil stiffness and their 
bulk density [5]. 

Analyzing the failure load results (Table 2) the load from the weight of the foun-
dation itself was also taken into account (in the analyzed cases 53,2 kN of additional 
load). Thus, for example in case of peats from Turkey, where the lowest values of 
limit load were obtained, juxtaposing this value to the result of constant increase of 
axial force (100,5 kN per meter of footing), this load was approx. 50%.

The results confirm the key role of compressibility of peats (Fig. 5)—both from 
the physical perspective and further settlements as well as from the numerical 
perspective, where large deformations of finite elements occur (Fig. 4).

In this short paper, the immediate effects of exceeding or not exceeding the ulti-
mate limit state are analysed, keeping in mind that in the case of organic soils (here 
peats) long-term settlements causing exceeding the serviceability limit state are a 
serious concern. In the case of a comprehensive analysis of the issue, calculations of 
short-term settlements as well as those developing in time are essential. 

The described situation should be avoided by performing soil replacement or indi-
rect foundation on a proper subsoil. However, if in case of residential buildings one 
can try to avoid the considered accidental foundation on peats (increasing reliable 
of ground investigation by drilling to several meters below the foundation level and
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Fig. 4 Loading in Turkey peat parameters case

Fig. 5 Effect of soil displacement due to exceeding the ultimate state

choosing the optimal location), then for example in case of communication construc-
tions of not too high rank, they can cause big difficulties in long-term exploitation. In 
case of realization of the investment and finding the problems caused by occurrence 
of peats, the main method of ground reinforcement are injections (associated with 
higher costs). 

5 Conclusions 

Peats are soft organic soils which geotechnical parameters are highly variable, 
making them difficult to strengthen and use in construction. In engineering prac-
tice in regions where organic soils such as peats may be present, it is worthwhile to 
carry out variant calculations of bearing capacity in case of unexpected occurrence 
of weak soils shallow under the layer of mineral soils. Therefore, it is very important 
to have a good knowledge of the strength, stiffness, and filtration characteristics of
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such soils up to several meters below the foundation level. The effect of bad-scenario 
situations maybe even 5 times lower limit loads of soil. In the case of full geotech-
nical engineering analyses of ultimate and serviceability limit states, they provide 
the possibility to adjust the proper reinforcement method for failure-free exploitation 
of building objects. 
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Interaction of Laterally Loaded Free 
Head Barrette Pile in Elastic Soils 

Yasar Taner and Gurkan Ozden 

Abstract Barrette piles are usually preferred over circular piles where larger bearing 
capacity, stiffness, and structural capacity are needed. Currently, design work with 
such piles is usually made assuming an equivalent circular pile diameter. Previous 
research did not cover pile-soil-pile interaction among piles with rectangular sections. 
In this study, the soil is assumed as elastic and the three-dimensional nature of the 
problem necessitated the establishment of 3D numerical analysis models. Piles are 
modeled as volume elements so that shape effects are properly studied. In this respect, 
the effects of cross-section and orientation of piles, spacing between piles, stiffness 
of the soil, and the magnitude of the loading were investigated on the behavior of 
group barrette piles. Considering these effects, interaction factors were calculated 
for different pile orientations in a group. Since barrette piles have rectangular cross-
sections, the most important factor in their interaction with each other is the resistance 
of pile on the direction along which the load is acting on the pile. Circular and barrette 
group piles have been analyzed under horizontal loads. Analyses results showed that 
unlike circular piles, which have an equal moment of inertia in all directions the 
barrette piles were highly affected by loading direction and their orientation inside 
the group. This study emphasized that it is critical to determine the disposition of the 
piles considering the loading direction if less interaction among piles is desired. 

Keywords Interaction factor · Barrette pile · Elastic soil · Pile orientation ·
Pile-soil-interaction interaction
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1 Introduction 

Foundations that transfer structural loads to deeper soil layers are rarely designed with 
single piles. The interaction between a single pile and surrounding soil is relatively 
simpler than pile groups since complex interaction patterns exist among the piles 
and the soil inside a group. 

Pile-soil-pile interaction has long been studied since the late sixties and early 
seventies. The pioneering work is attributed to H. G. Poulos, who studied interaction 
among group piles under vertical and lateral loads [5−7]. Following Poulos, contri-
butions to the field were also made [1, 3, 8]. Kaynia and Kausel [2] extended Poulos’ 
approach to dynamic loading conditions. 

Previous research did not fully cover pile-soil-pile interaction among piles with 
rectangular sections. Currently, design work with such piles is usually made assuming 
an equivalent circular pile diameter. In this study, findings of finite element-based 
research are presented regarding the influence of loading direction, pile spacing, and 
the position of a pile in the group on pile-soil-pile interaction. The three-dimensional 
nature of the problem necessitated establishment of 3D numerical analysis models. 
Piles are modeled as volume elements to study shape effects appropriately. 

2 3D Numerical Analyses 

Pile groups consisting of 3 × 3 piles with rectangular cross-sections are subjected 
to finite element modeling in this study. The finite element model comprises three-
dimensional 10-noded wedge elements to discretize the volume piles and the soil 
profile. The aspect ratio of the pile cross-section is set as L/B = 3.5, where L and B 
stand for length and width of the pile section, respectively. This assumption is based 
on the fact that barrette piles are usually constructed with L = 280 cm and B = 80 cm 
sectional dimensions. Only very deep super piles attain plan width that is B≥ 100 cm. 

In numerical analysis, two-layer profile is considered for barrette piles where 
stiffness of the upper layer was one half of that of the bottom layer. The thickness 
of the upper layer (h1) is 10 m and the total thickness of the soil profile (h) is 40 m. 
Both soils are assumed to exhibit linear behavior under pile head lateral loading. The 
elastic soil parameters assigned to the soil layers of the model is shown in Table. 1. 

The auto-meshing algorithm of the FE analysis software [4] is utilized while 
establishing the 3D-FEM model. The pile length to diameter ratio is kept equal to 
Lpile/B = 25 throughout the analyses. A 3D view of the model with solid piles is

Table 1 Elastic model 
parameters 

E (kN/m2) γunsat (kN/m3) γsat (kN/m3) N 

30,000 17.0 19.8 0.3/0.5 

60,000 19.0 20.6 0.3/0.5 
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Fig. 1 FEM mesh for 3 × 3 barrette pile group (10-noded 31,028 elements) 

shown in Fig. 1. It can be seen in this figure that the piles are positioned orthogonal 
to each other in the model. 

The edge-to-edge orthogonal distance, s, between any two consecutive piles 
changes in direct proportion to the plan width of the pile (i.e. s = 2B−8B). Each pile 
is horizontally loaded at the head in both x and y directions. 

Poulos’ theory is based on some assumptions. First of all, the pile is assumed to be 
a thin rectangular vertical strip of width d, length L with a constant flexibility EpIp. 
It is also assumed that the pile and soil are fully compatible, ignoring the relative 
motion of the pile and soil. The soil is assumed to be elastic. The side shear, which is 
expected to be quite influential on lateral pile response for rectangular cross-sections, 
is not accounted for in Poulos’ solution. Interaction factor is defined according to 
Poulos as in Eq. (1): 

α = 
Additional displacement caused by ad jacent pile 

Displacement o f pile under i ts own load  
(1) 

The source pile was loaded by means of a distributed lateral load at the pile head 
with a magnitude of 100 kPa for an 80 × 280 barrette pile. Interaction factors are 
determined depending on pile orientation for rectangular cross-sections since loading 
the piles along their strong or weak axis would generate different effects on adjacent 
piles (Case-1 and 2). In Case-1 and 2, the source piles interact with each neighboring 
pile, and the amount of interaction varies depending on the position of each receiver 
pile, as shown in Fig. 2. The source and receiver piles in similar positions with respect 
to the loading direction are linked to the source pile with the same color.
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Fig. 2 Case-1 (loading along weak pile axis), and Case-2 (loading along strong pile axis) 

Analyses revealed that the location and orientation of the receiver pile with respect 
to the source played an essential role on the lateral interaction factors. It was found 
that whether the strong axis of the receiver pile was parallel or perpendicular to the 
loading direction made the largest difference in pile response. While investigating 
the influence of pile position, it was noticed that the piles behind and in front of 
the receiver yielded same interaction factors irrespective of the pile spacing. Similar 
response existed for other pile pairs (i.e. B4 & B6; B7 & B9). This behavior may be 
attributed to the elastic nature of the soil medium and full bonding assumed between 
the soil and the pile. 

Poisson’s ratio affected pile response, albeit minor, causing larger lateral deforma-
tions resulting in larger interaction factors at the edge piles of the group. Interaction 
factors are plotted as a function of pile spacing and Poisson’s ratio in Figs. 3 and 
4 for Case-1 and 2, respectively. Figures 3 and 4 show that the piles are clustered 
as leading-trailing and side piles with respect to the central one (B5) on which the 
load is applied. It may be concluded upon elastic analyses that the orientation of 
the source pile or the piles positioned around the source is the dominant factor. For 
instance, if the source pile is loaded along its strong axis, its displacement decreases 
as compared with other direction resulting in higher interaction factors as shown in 
Fig. 4. This is also true for the receiver piles indicating that the bending stiffness 
governs pile response.

The interaction factors computed for 3 × 3 circular and barrette pile groups are 
compared in Figs. 5 and 6. It should be mentioned that the edge-to-edge spacing 
between two piles in a group is the same for both cases. It has been stated above 
that the interaction between the barrette piles varies according to the position of the 
pile just in front of the loaded pile. The authors found that in the analyses made with 
circular piles that have a sectional area equivalent to those of the barrettes, loading 
direction did not affect the interaction between the circular piles since they have the 
same inertia in all directions. It is clear from Figs. 5 and 6 that Case-1, in which the 
receiver pile was loaded along the weak axis, yielded lower interaction factors.
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Fig. 3 Interaction factors between source pile B5 and receiver piles with different Poisson ratio in 
Case-1 
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Fig. 4 Interaction factors between source pile B5 and receiver piles with different Poisson ratio in 
Case-2

The authors believe that the receiver pile exhibited larger displacement causing 
lower computed factors according to Eq. (1). In Case-2, however, the source pile has 
larger stiffness in the loading direction experiencing smaller displacement leading to 
higher interaction factors. Another aspect of barrette and circular pile group compar-
ison is that the flexibility matrix is no longer symmetric for barrette piles whereas 
it is the opposite for circular piles. It may be concluded that what matters in elastic 
three-dimensional pile group analyses is the relative stiffness between the source and 
receiver piles.
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Fig. 5 a y-direction loading of barrette pile group, b y-direction loading of circular pile group, c 
Comparison of interaction factors for circular and barrette piles in y-direction loading

3 Conclusions 

In this study, the pile-soil-pile interaction aspects of horizontally loaded barrette piles 
were studied based on numerical analysis models. While establishing the models, 
orientation and spacing of the piles in a group were set as basic variables. A 3 × 
3 pile group was considered as the smallest possible unit cell in which orthogonal 
pile pairs are represented. among the pile head loading. Double layer soil profile 
was studied, and analyses were conducted assuming linear soil response. Besides, 
the piles were set as free head in a group. Following are the achieved results and 
recommendations for further studies. 

Since barrette piles have rectangular cross-sections, the most critical factor in 
their interaction is the pile’s potential in resisting the induced displacement along the 
loading direction. This potential is found to be strongly related with the pile’s bending 
stiffness. Considering that the interaction factor between any two piles is defined as 
the ratio of the displacement of the receiver pile to that of the source pile (i.e. the 
head loaded pile), the pile that resists the loading with its stronger axis greatly affects 
the value of the interaction factor. This influence is prominent for cases where the 
receiver pile resists the loading with its stronger axis. Therefore, it can be said that
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Fig. 6 a x-direction loading of barrette pile group, b x-direction loading of circular pile group, c 
Comparison of inaction factors for circular and barrette pilesin x-direction loading

piles’ orientation in a group is one of the critical factors for pile-soil-pile interaction. 
Comparing the response of the circular and barrette piles, it can be stated that groups 
with rectangular pile sections behave quite differently than circular piles. First of 
all, the stiffness matrix becomes asymmetric due to pile orientation. Circular piles 
in a group, on the other hand, yield always symmetric stiffness matrix for elastic soil 
conditions. 

In addition to strong influence of the loading direction, it is believed that findings 
of elastic finite element analyses shed lights on further non-symmetric pile response 
in a group when soil nonlinearity is also accounted for. Consideration of nonlinear 
soil response is expected to be quite essential on determining lateral load–deflection 
curves (i.e. p-y curves) along the strong and weak axes of the barrette pile. The authors 
believe that pile head fixity will affect the pile group response and load share, and 
this effect will be better observed in nonlinear soil. 

Sectional dimensions of the barrette piles are fixed at L/B = 3.5 in the research. 
L/B ratios other than 3.5 shall also be studied in future research to gain more insight 
on the influence of pile flexibility on pile-soil-pile interaction.
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Influence of Thermal Cycles 
on the Volume Change of Ulexite Added 
Sand-Bentonite Mixtures 

Sukran Gizem Alpaydin and Yeliz Yukselen-Aksoy 

Abstract Bentonite and sand-bentonite mixtures are recommended as engineered 
barriers. In waste disposal facilities, especially radioactive waste, a significant 
temperature increase occurs. The engineering properties of sand-bentonite mixtures 
change depending on temperature. Sand-bentonite mixtures used as buffer material 
should be able to maintain their properties unchanged at high temperatures and under 
thermal cycles. In the present study, the volumetric deformation behavior of sand-
bentonite mixtures containing 10% bentonite was investigated under room temper-
ature and thermal cycles. In addition, ulexite, one of the boron minerals known for 
its high resistance to high temperature and low thermal expansion coefficient, was 
added to these mixtures at rates of 10 and 20% by dry weight. The compression-
swelling behavior of ulexite added sand-bentonite mixtures under room temperature 
and thermal cycles was investigated. According to the results of the present study, 
when ulexite was added to the sand-bentonite mixture, the compression amount 
increased at room temperature, while the swelling amount decreased. However, the 
total compression amounts were reduced by half when thermal cycles were applied 
compared to the tests performed at room temperature. 

Keywords Sand-Bentonite mixtures · Ulexite · Volume change · Thermal cycles 

1 Introduction 

Soils exposed to high temperature and temperature changes are an important topic to 
be investigated in geotechnical engineering. Soils surrounding energy geo-structures, 
which are exposed to long-term temperature changes, undergo thermal, hydraulic and 
mechanical changes during time. In order to prevent problems that may arise at the 
end of the long term, thermal, hydraulic and mechanical changes of the soil must be 
examined. For this, it can be determined how the soils will behave in the long term 
under high temperature with laboratory studies and numerical models.
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Earlier studies on clayey soils were reported that volume of soils decreased 
at elevated temperatures in drained conditions [1–3]. In the study by Sinha and 
Kusakabe [4], the volumetric deformation of sand-bentonite mixtures at high temper-
ature (up to 75 °C) was investigated. It was reported that the change in pore water 
pressure is temperature dependent under normally consolidated conditions. In other 
words, the void ratio changes with the temperature change [4]. While the volume 
of normally consolidated clays contracts with increasing temperature, the volume 
of over consolidated clays can even show expansion with increasing temperature 
[5, 6]. Plum and Esrig [7] observed a contraction in two clays with different plas-
ticity at normally consolidated (NC) or low over consolidated ratio (OCR) condition. 
However, no volume change was observed in OCR = 1.7 [7] Baldi et al. [5] also  
showed that the transition between contraction and expansion increased when OCR 
= 2.5 at 58 °C [5]. 

Volumetric deformation of soils may cause damage around energy geo-structures. 
For that reason, additives can be added to buffer materials (bentonite/sand-bentonite) 
in order to minimize the damages that may occur. Boron mineral, which has low 
thermal expansion, can be considered as an additive material. Industrially impor-
tant boron compounds are under the main grouping of borax (tincal, sodium-based 
boron compounds), colemanite (calcium-based boron compounds), ulexite (sodium-
calcium-based boron compounds). Since boron reduces the expansion, it increases 
the resistance to thermal shocks. It also has an important place in the production of 
heat-resistant glassware and high-quality glasses to be used in electronics and space 
exploration, as it significantly reduces the thermal expansion of the boron glass, 
protects the glass against acid and scratching, and provides resistance to vibration, 
high temperature and heat shocks [8]. 

In the present study, boron mineral namely; ulexite, was added to 10% bentonite– 
90% sand mixture. Volume deformation of the mixtures was examined under room 
temperature (25 °C) and thermal cycle (25−80−25 °C). 

2 Materials and Methods 

2.1 Materials 

In this study, sand-bentonite mixture and boron mineral, namely; ulexite, were used. 
The bentonite was a sodium (Na) containing bentonite with a high liquid limit value. 
The Na-bentonite was supplied from Eczacıbaşı Esan Mining Company. Ulexite was 
gathered from Eti Mining Operations General Directorate of Turkey. The sand was 
classified as well-graded (SW) according to the Unified Soil Classification System 
(USCS) [9]. The physico-chemical properties of the materials are summarized in 
Table 1.

The Na-bentonite and sand samples were used after drying for 24 h in the oven 
(105 °C). The sand and bentonite were used by sieving through No. 6 (3.35 mm) and
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Table 1 Physico-chemical 
properties of the materials 

Sand Na-bentonite Ulexite 

Specific gravity 2.63 2.70 1.98 

Liquid limit (%) − 476 33 

Plastic limit (%) − 70 25 

Plasticity index (%) − 406 8 

pH − 9.50 9.13 

No. 200 (%) 1.64 100 100

No. 200 (0.075 mm), respectively. Ulexite was used in its natural water content (7%) 
as its structure changes with temperature. The natural water content of the ulexite 
was considered at the sample preparation. 

2.2 Test Methods 

The oedometer tests [10] were performed on additive-free sand-bentonite mixture 
(10% bentonite−90% sand and 10 and 20% ulexite added sand-bentonite mixtures 
(9B-81S-10U and 8B-72S-20U). The tests were conducted at room temperature 
(25 °C) and under thermal cycle (25–80–25 °C). The samples were prepared at 
the 2% wet side of the optimum water content and compacted in three layers in a 
ring. After the ring was placed in a water-filled cell, a seating pressure of 6.9 kPa 
was applied for 24 h. In the tests at room temperature, loading steps were applied 
as 24.5, 49, 98, 196, 392 and 784 kPa. After the consolidation was completed, the 
sample was unloaded to the vertical stress to 196 kPa and then to 49 kPa. 

The oedometer test system was modified for thermal cycle tests. A specially 
designed heat ring was used to get high temperature and temperature control was 
provided using thermostat. A rubber membrane was placed on the cell to minimize 
evaporation. In addition, with low flow rate of water was provided to the cells from 
the water tank continuously, so that the water level would not decrease during the 
tests. Temperatures were controlled by means of K-type thermocouples. 

Before the thermal cycle was applied, the test was performed at room temperature 
under the vertical stress of 196 kPa and then temperature was increased to 80 °C. As 
soon as the test reached equilibrium in terms of deformation, the temperature was 
reduced back to room temperature. When the compression/swelling behavior were 
over as a result of the thermal cycle, the vertical stress was increased to 392 kPa for 
ulexite added samples and to 785 kPa for additive-free mixture. Then, to examine 
the swelling behavior of the samples under thermal cycles, the stress was reduced to 
196 kPa and thermal cycling (25–80–25 °C) was applied again.
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3 Test Results 

In the present study, oedometer tests of the sand-bentonite and ulexite-added sand-
bentonite mixtures were performed at room temperature and under thermal cycle. 
The compression and swelling behavior of the samples were determined according 
to the test results. The compression curves of 10% bentonite–90% sand (10B-90S) 
mixtures in the presence of ulexite at room temperature are shown in Fig. 1. The  
amount of compression increased when ulexite was added to the 10B-90S mixture. 
The compression amount of the 10B-90S mixture increased from 6.6 to 8.1% in the 
presence of 10% ulexite, and to 12.4% with 20% ulexite. 

It was seen that the amount of swelling decreased when ulexite was added to 10B-
90S mixtures. The amount of swelling decreased to 1.14% in the presence of 10% 
ulexite and 1.09% in the presence of 20% ulexite. Increasing the amount of ulexite 
from 10 to 20% did not significantly change the swelling deformation amount. 

The compression-swelling curves of ulexite added sand-bentonite mixtures under 
thermal cycles are presented in Fig. 2. The deformation amounts in the compression-
swelling stages for ulexite added 10% bentonite samples under thermal cycling were 
almost the same and the values were very low. In other words, 9B-81S-10U and 
8B-72S-20U mixtures did not show significant deformation under thermal cycling. 
However, compared to the tests performed at room temperature, the total compression 
amount was reduced by half. The samples, which were not very affected by the 
increase in temperature to 80 °C (0.1%), were slightly more compressed (0.4%) at 
room temperature.

The compression amount of sand-bentonite mixtures increased at room tempera-
ture in the presence of ulexite. The increase in fine content ratio may be the reason 
for this (sand-bentonite content was decreased as much as the percentage of ulexite). 

When the behavior of ulexite added mixtures with the effect of thermal cycling 
was examined, the deformation amount decreased compared to the room temperature. 
Permanent deformation occurred during the compression phase when the cycle was

Fig. 1 Stress–strain curves 
of sand-bentonite mixtures in 
the presence of ulexite  at  
room temperature 
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Fig. 2 Stress–strain curves 
of sand-bentonite mixtures in 
the presence of ulexite under 
thermal cycles

applied, and this behavior was not reversed by reducing the temperature. Paaswell 
[11] explained that under high temperature, the adsorbed water molecules move more 
easily from the diffuse layer, and when the water molecules ejected, the double layer 
thickness decreases, causing an irreversible volume reduction by approaching the 
clay particles [11]. 

4 Conclusions 

In the present study, the volume deformation behavior of ulexite added sand-bentonite 
mixtures at room temperature and thermal cycles (25–80–25 °C) was investigated. 
Based on the results obtained, the following conclusions can be drawn: 

1. The compression amount of sand-bentonite mixtures with the addition of ulexite 
increased significantly at room temperature. 

2. The effect of ulexite on the compression amount of sand-bentonite mixtures 
under thermal cycles was negative (increasing) for 10B−90S mixtures. 

3. The total compression amounts of additive free sand-bentonite mixture and 
ulexite added sand-bentonite mixtures under thermal cycles decreased compared 
to those at room temperature. 

4. It was observed that ulexite additives reduce the swelling amount of sand-
bentonite mixture under thermal cycles. 

5. For boron added mixtures, vertical deformation continued when the temperature 
was increased to 80 °C under thermal cycling, and even the decrease in the void 
volume continued when the temperature was returned to room temperature. This 
indicates that high temperature causes irreversible deformation. 

6. For the swelling stage, the deformation at high temperature was generally 
reversed by decreasing the temperature.
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Assessment of Climate Impact and Costs 
Comparing Two Railway Embankment 
Fill Methods 

Ida Samuelsson, Johan Spross, and Stefan Larsson 

Abstract Emissions from infrastructure projects and construction projects have a 
large impact on the environment. Construction activities and materials, including 
geotechnical engineering works, account for a great share of that impact and the 
monetary costs of the projects. In railway projects, crushed bedrock is often used as 
fill material in the embankments, and less suitable soil is excavated and transported to 
a landfill causing emissions. Despite that, sustainability assessments are rarely made 
when comparing the crushed bedrock fill method with other alternative methods, 
when the geotechnical engineer is designing an embankment. This paper, therefore, 
shows how climate impact and monetary costs can be compared for two fill methods 
in a railway embankment in Sweden, namely crushed rock fill and fill made of 
cement-stabilized sandy till. A comparing life cycle assessment (LCA) of climate 
impact and a life cycle cost analysis (LCCA) of monetary costs were made for the 
two methods. Activities and materials used in the production and construction stages 
were assessed. The results show that the stabilized sandy till method had both a 
smaller climate impact and lower life cycle cost (LCC) than the crushed bedrock fill 
method. 

Keywords Soil stabilization · Geotechnical engineering · Life cycle assessment ·
Life cycle cost analysis · Climate impact 

1 Introduction 

The amount of greenhouse gas (GHG) emissions in the atmosphere is rising [1]. 
The construction and real estate sector in Sweden accounts for about 11.7 billion 
kg CO2eq, which corresponds to 21% of the total GHG emissions in Sweden in 
2019 [2]. Globally the building and construction sector account for almost 40% of 
energy-related and process-related CO2 emissions in 2018, 11% of which resulted 
from manufacturing building materials and products [3]. Geotechnical engineering is
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an important part of the construction and infrastructure sector, and foundation works 
require material such as concrete, steel, and fuel, which produces GHG emissions 
when produced and used. Despite that, assessments of environmental impact, e.g. 
Life Cycle Assessment (LCA), are rarely made in the geotechnical design stage. 
Samuelsson et al. [4] found only 24 papers including both LCA and geotechnical 
engineering works. For ground improvement, only five papers included executed 
LCAs and only three included a calculation of monetary costs using the method Life 
Cycle Cost Analysis (LCCA). Praticò et al. [5] used LCCA and developed a model to 
select stabilizer and stabilization techniques for subgrade soil for low-volume roads 
with the lowest Life Cycle Cost (LCC). Da Rocha et al. [6] compared different binder 
contents and densities for soil stabilization using LCA. Raymond et al. [7] compared 
five different ground improvement methods using LCA and LCCA. The published 
research often includes the use of LCA and LCCA to assess the environmental impact 
and LCC for different stabilizers or different soil improvement methods. The soil 
improvement methods are however rarely compared to other geotechnical methods 
for example replacement of soil masses, embankment piling, use of lightweight 
material etc. using LCA and LCCA. 

This paper addresses this gap in research by using LCA to assess the climate 
impact and LCCA to calculate the costs of two different fill methods in a railway 
embankment: a conventional filling of crushed bedrock and a stabilized filling of 
sandy till. Both are two possible methods in the geotechnical design work. 

2 Methodology 

The assessments of the climate impact and life cycle cost concerned a part of the high-
speed railway project New Main Lines run by the Swedish Transport Administration 
(STA). The methods used in the assessment, LCA and LCCA, along with the system 
boundaries are presented in this chapter. 

2.1 Studied Part of the High-Speed Railway Project “New 
Main Lines” 

The studied part of the high-speed railway project New Main Lines is 70 km between 
the two cities Hässleholm and Lund in Sweden. The project is in an early stage and no 
final route has been decided. The railway will in this part alternate between embank-
ments and cuts along the current planned route because of the changes in ground 
elevation. The availability of crushed bedrock, which is often used as embankment 
fill material, is limited. Because of the lack of bedrock, the STA is considering stabi-
lizing the current soil, a sandy till, and using it instead of crushed bedrock. The two
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alternatives are evaluated regarding several aspects during the project. Two aspects, 
the assessments of climate impact and costs, are presented in this paper. 

We analyzed the soil mass quantities along the part in Geokalkyl 3 for ArcMap 
10.7.1, which is a software owned by the STA. This indicated a surplus of 480,000 m3 

of sandy till. This soil would need to be removed from the project if an embankment 
with crushed bedrock fill were to be used and the amount of the surplus sandy till 
is therefore used in the LCA and LCCA in this paper. The density of the crushed 
bedrock is assumed to be 2200 kg/m3 and the sandy till 1700 kg/m3. 

2.2 Life Cycle Assessment Method 

The method LCA quantifies a product’s or a process’s potential environmental impact 
during its life cycle. The method is standardized in ISO 14040:2006 [8] and ISO 
14044:2006 [9]. The core rules for construction products are stated in the European 
standard EN 15,804:2012+A2:2019/AC:2021 [10]. 

An LCA consists of four phases: (1) goal and scope definition, (2) life cycle inven-
tory analysis (LCI), (3) life cycle impact assessment (LCIA) and (4) interpretation 
[8, 9]. In the goal and scope definition, the system boundary needs to be specified and 
a functional unit on which the calculations are based must be decided. In the LCI, the 
input and output data of the system are collected and calculated. During the LCIA, 
the output data from the LCI phase are multiplied by its corresponding emission 
factor to assign it to impact categories. The last phase is an interpretation where the 
results from the LCI and/or the LCIA are summarized and discussed. According to 
the European standard [10], a life cycle includes the stages and sub-stages: produc-
tion (denoted A1–A3), construction (A4–A5), use (B1–B7) and end of life (C1–C4). 
This standardization makes LCA calculations similar to each other, which makes the 
interpretation of the results more credible. 

For the LCA calculations in this paper, the software Klimatkalkyl version 7.0 and 
Microsoft Excel were used, and the result is presented in the unit kg CO2eq. 

2.3 Life Cycle Cost Analysis Method 

The method LCCA quantifies a product’s or a process’s monetary cost during its 
life cycle. LCCA has no international standard on how it should be performed. It 
can differ between countries and projects. The analysis in this paper is performed 
according to the STA’s guidelines [11]. The life cycle stages that are included in an 
LCCA are investment costs (corresponding to A1–A5 in the LCA), future operation 
and maintenance costs (corresponding to B1–B7 in the LCA), and external costs. 

For the LCCA calculations in this paper, Microsoft Excel was used, and the result 
is presented in SEK (Swedish krona) where 1 euro corresponds to 10.5 SEK.



184 I. Samuelsson et al.

2.4 System Boundaries and Functional Unit 

The functional unit is an embankment with a total volume of 480,000 m3. The  
embankment has a length of 7400 m, an average width of 19 m and a height of 3.4 m. 
The climate impact (CO2eq) and monetary costs (SEK) are to be assessed. 

The life cycle stages that were included in this LCA and LCCA calculations are 
the product stage (A1 Raw material supply, A2 Transport and A3 Manufacturing) 
and the construction stage (A4 Transport and A5 Construction-installation process). 
The use stage and end-of-life stage were not included. The activities and materials 
that are included within the system boundary are presented in Fig. 1 for the crushed 
bedrock alternative and Fig. 2 for the stabilized sandy till alternative. 

Crushed bedrock method. The bedrock is extracted from quarrying (A1–A3) and 
the transport distances (A4) with lorries to the construction site are 15, 25, 25 and 
35 km depending on which of the four nearest quarries is chosen. The fill stage 
(A5) requires an excavator that builds up the embankment. The compaction (A5) of 
the crushed bedrock is made in layers of 0.5 m thickness with 14 overruns, using a 
work machine Dynapac CA5000D [12]. The excess sandy till is excavated with an 
excavator and transported (A5) 50 km on lorries to a landfill (A5). We investigated 
the effect of the degree of contamination of the till by altering it in three degrees: 
uncontaminated, little contaminated, and very contaminated. 

Stabilized sandy till method. The amount of cement (A1-A3) needed to stabilize the 
sandy till is assumed to be 4.5% based on the dry density of the soil [13]. The three 
cement types used in the calculations is Infracement CEM I 42.5 N-SR3 MH/LA, 
Miljøsement CEM II/B-S 52,5 N and Lavvarmesement CEM III/B 42,5 L-LH/SR 
(na). CEM I is a Portland cement, CEM II is a Portland cement with 30% blast furnace 
slag, and CEM III is a Portland cement with 64% blast furnace slag. The cement is

Fig. 1 The process for the crushed bedrock method. The top row shows the structuring of the 
embankment, and the bottom row shows the handling of the residual till 

Fig. 2 The process for the stabilized sandy till method 
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transported (A4) 60 km from the factory in Malmö, Sweden, to the construction 
site. The excavation of the sandy till and construction of the embankment (A5) is 
assumed to take place close to each other, so no transport is included in this stage. For 
the stabilizing of the till (A5), the fuel consumption for all equipment used is 0.7 l 
diesel/m3 soil according to CimBeton [14]. The cost calculation for the stabilization 
assumes embankment layers that are 0.35 m thick. 

3 Life Cycle Inventory Analysis (LCI) 

The input data for the LCA and LCCA are taken from Environmental Product Decla-
rations (EPDs), Geokalkyl, Klimatkalkyl or from experts when no other data is avail-
able and are presented in Tables 1 and 2. The output data is presented in Chap. 4. The  
two methods are assumed to take the same amount of time to complete. Therefore, 
there are no future cash flows to discount and the use of present values is not included 
in the calculations. 

One emission factor (EF) and two conversion factors (CF) are related to fuel:

. CFTransport = transport with lorries = 2.5 MJ/tkm, 43.25 MJ/liter diesel

. CFExcavator = excavator = 0.19 L diesel/m3 soil

. EFDiesel = diesel = 2.8 kg CO2eq/liter diesel [15].

Table 1 Emission factors, conversion factors and costs for the crushed bedrock method 

Life cycle stage Emission factors and 
conversion factor 

Cost 

A1–A3 crushed bedrock 0.004 kg CO2eq/kg [15] 120 SEK/1000 kg [16] 

A4 transport CFTransport, EFDiesel 38 SEK/1000 kg (25 km) [17] 

A5 fill CFExcavator, EFDiesel 200 SEK/m3 [17] 

A5 compaction EFDiesel 22 SEK/m2 [17] 

A5 excavation of till and 
transport 

CFExcavator, CFTransport, EFDiesel 250 SEK/m3 [16] 

A5 Landfill 0 kg CO2eq/m3 

(uncontaminated) [16] 
200 SEK/m3 

(uncontaminated) 

– 375 SEK/m3 

(Little contaminated) 

– 1250 SEK/m3 

(Very contaminated) [16]
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Table 2 Emission factors, conversion factors and costs for the stabilized sandy till method 

Life cycle stage Emission factors and 
conversion factor 

Cost 

A1–A3 cement 817 CO2eq/1000 kg (CEM I) [18] – 

537.7 CO2eq/1000 kg (CEM II) 
[19] 

958 SEK/1000 kg (CEM II) [21] 

223.2 CO2eq/1000 kg (CEM III) 
[20] 

– 

A4 transport CFTransport, EFDiesel 90 SEK/1000 kg [22] 

A5 excavation and fill CFExcavator, EFDiesel 80 SEK/m3 [17] 

A5 stabilizing till EFDiesel SEK/m3 [17]

3.1 Crushed Bedrock Method Input Data 

The emission factors and conversion factors and costs that are used are presented 
in Table 1. The amount of crushed bedrock in A1–A3, A4 and A5 Fill is 480000 
m3 equivalent to 1056 * 106 kg. The area of A5 Compaction is 984200 m2 and the 
volume of sandy till in A5 Excavation of till and transport and A5 Landfill is 480000 
m3. One unique cost is used for each of the three degrees of contamination in the A5 
landfill. 

3.2 Stabilized Sandy till Method Input Data 

The emission factors and conversion factors and costs that are used are presented in 
Table 2. The amount of cement in A1–A3 and A4 is 36720 * 103 kg. The volume of 
sandy till in the two A5 stages is 480000 m3. One unique emission factor is used for 
each of the three cement types in A1–A3. 

4 Results 

The climate impact and cost results, which are the output from the LCI, are presented 
in this chapter. 

4.1 Climate Impact 

The climate impacts of the two methods are presented in Fig. 3. The climate impact 
from the CEM III alternative is the lowest, 9.7*106 kg CO2eq, compared to the
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Fig. 3 The climate impact result from the LCA. The three cement stabilization method results on 
the left side and the three crushed bedrock method results on the right side 

highest, CEM I, 31.6*106 kg CO2eq. For the crushed bedrock method, the result 
varies between 14 –17.4 * 106 kg CO2eq depending on the transport distance. The 
cement (A1–A3) accounts for 84–95% of the total climate impact of the stabilizing 
till method. For the crushed bedrock method, the highest impact comes from the 
crushed bedrock (A1–A3), the transport (A4) and the excavation of till and transport 
(A5). 

4.2 Life Cycle Cost 

The life cycle costs for the two methods are presented in Fig. 4. The cost of the CEM 
II alternative is the lowest, 159 million SEK, compared to the alternatives for the 
crushed bedrock method where the result varies between 500 and 1004 million SEK. 
For the stabilized till method, the highest cost comes from the actual stabilization 
of the till. For the crushed bedrock method, the cost is more evenly distributed over 
several activities, where the degree of contamination of the till affects the result 
significantly.

5 Discussion 

The results in Figs. 3 and 4 indicate that the use of stabilized till instead of conven-
tional crushed bedrock fill can reduce both the climate impact and costs from the 
production and construction stages. The assessments of the use and end-of-life stage 
are not included in this paper but can be added to get the total life cycle impact and
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Fig. 4 The cost result from the LCCA. The one cement stabilization method result on the left side 
and the three crushed bedrock method results on the right side

cost which can affect the concluding results. The climate impact is lower for the 
CEM III regardless of available transport distances for the crushed bedrock in the 
project. If CEM III is not available, the crushed bedrock method will be a better 
choice regarding climate impact. The climate impact from materials and transport is 
the highest, so the designer should focus on those parts to reduce the climate impact 
if possible. The cost is the lowest for the stabilized till method: about 30% of the cost 
of the crushed bedrock method including uncontaminated till. As a general observa-
tion, we note that the input cost data can alter between manufacturer, location and 
over time which contributes to uncertainty in the results. 

6 Concluding Remarks 

This paper shows that assessing the climate impact and life cycle cost using LCA 
and LCCA is possible when comparing embankment fill methods. The geotechnical 
engineer designing railway embankments can, besides fulfilling the technical aspects, 
also choose the method, material and activities within these methods, based on their 
climate impacts and life cycle costs. This paper shows how an LCA and LCCA can 
be done by comparing two embankment fill methods, cement stabilized sandy till 
and crushed bedrock. The results from the LCA and LCCA can help the designer to 
make choices that reduce the climate impact and life cycle cost. 
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Field Trial to Rapidly Classify Soil Using 
Computer Vision with Electric Resistivity 
and Soil Strength 
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Abstract In Singapore, large volumes of excavated soils from the construction 
industry are sustainably re-purposed in land reclamation projects as fill material. 
The excavated soils are trucked to Staging Ground (SGs), where they are received 
and categorized into two broad groups (“Good Earth” and “Soft Clay”). The soil 
type categorization is traditionally done using properties such as particle size distri-
bution (PSD) and water content (w). However, due to the heterogeneity of soils and 
non-uniform mixing during the excavation and truck loading process, the actual exca-
vated soils in each truckload received at the SGs may vary. As such, visual checks 
of each truck are presently implemented at the SGs, which is labour-intensive and 
can be subjective. Therefore, an objective rapid classification method is required at 
the SGs. This can be achieved through an innovative system using computer vision 
complemented by in-situ probe measurement to perform non-destructive and instan-
taneous soil classification on-site. An accurate classification of excavated soils is 
critical in maximizing the recovery and reuse of natural resources in land reclama-
tion projects for long-term sustainability. This paper presents the assessment of rapid 
soil testing methods that are suitable for integration with a recently developed novel 
rapid soil classification using computer vision. The objective of this complementary 
soil parameter measurement is to enhance the soil type prediction accuracy, as well 
as the capability to detect soil type with depth. The methods that are deemed suitable 
are the four-probe soil electrical resistivity measurement, cone penetration test (CPT) 
and moisture content test using time-domain reflectometer (TDR). 

Keywords Computer vision technique · Cone penetration test · Electrical 
resistivity · Rapid and non-destructive · Soil classification
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1 Introduction 

1.1 Background 

Staging Grounds (SGs) in Singapore performs two main roles—receiving excess 
excavated soil from construction sites, as well as supplying suitable fill material 
for land reclamation projects. Unwanted excavated soils are transported via dump 
trucks (Fig. 1) from construction sites to SGs located along the coast of Singapore. 
Subsequently, the soil is loaded onto barges and transported to land reclamation sites 
to be used as infill material. For proper use and appropriate treatment methods, the 
type of the excavated soils must be identified. With hundreds of trucks arriving at the 
SGs daily, SG operators are looking into ways to improve the quality of inspection 
and optimization of on-site operations in classifying soil received. 

Excavated soils received at the SGs can be broadly classified into two groups, 
namely “Good Earth” and “Soft Clay”, despite the varying geologies over Singapore. 
Soil classification is made largely based on Particle Size Distribution (PSD) and water 
content. According to the SGs’ classification criteria, “Good Earth” soils contain at 
least 65% by weight of coarse particles (>63 μm) and water content of less than 
40%. “Good Earth” soils generally have a higher percentage of coarse particles and 
relatively low water content. 

On the other hand, soils categorized as “Soft Clay” have a higher percentage of fine 
particles, or a high water content, or both. These soils experience slow gain in shear 
strength and large settlement over time, requiring more costly ground improvement 
techniques to be effectively used as the infill material.

Fig. 1 (left) Excavated soil transported by dump trucks to the Staging Grounds, (right) Excavated 
soil loaded onto barges for transportation offshore 
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1.2 Current Classification Methods 

Housing and Development Board (HDB) operates two Staging Grounds (SGs) in 
Singapore with daily throughput of thousands of truckloads. The current practice 
of soil classification primarily uses the borehole log information obtained before 
the excavation activities. After excavation, the excavated soil will be loaded onto 
trucks which were tagged with “Good Earth” (GE), or “Soft Clay” (SC) based on 
soil information obtained earlier. When truck arriving at the SGs, the weigh-bridge 
operator will perform a quick visual inspection of the soil in the truck via Closed-
Circuit Television (CCTV) camera. In the case where the soil in the truck tagged 
with “Good Earth” label was found to have a visibly high water content, it would be 
downgraded to a “Soft Clay” soil. 

The current practice fails to account for the highly varying geological formations 
in some parts of Singapore, and possible mixing of different soil types during the 
excavation activities on-site. Substantial amount of “Good Earth” soils may have 
been misclassified as “Soft Clay” soils. In this case, the relatively useful sandy soil 
that could have been used for revetment bunds were inefficiently utilized as general 
infill material, which is a waste of resources. On the other hand, there may be an 
occasion that “Soft Clay” was mistaken as “Good Earth” of which no treatment was 
conducted, which resulted in poor foundation and/or excessive settlement. 

This calls for a need to improve the soil classification operation at the SGs. In addi-
tion, the current system is also very time-consuming and labour-intensive. Hence, a 
rapid in-situ soil classification method that is automatic, non-destructive and objec-
tive is explored for suitable use at the SGs. The research on the development of such 
method using non-destructive techniques was conducted on a near-full scale, and the 
initial version using computer vision technique was successfully developed [1]. 

2 Literature Review 

2.1 Previous Research 

In the first version of such rapid classification method, an Artificial Neural Network 
(ANN) model was established using back-propagation network tested with 40 soil 
samples collected from Tanah Merah Staging Ground (TMSG). It was found that the 
trained ANN model was able to differentiate between “Good Earth” and “Soft Clay” 
soils in less than a minute. 

This has led to further research on using Grayscale Co-Occurrence Matrix 
(GLCM) textural features as inputs (Contrast, Correlation, Entropy), Generalized 
Delta learn rule and Sigmoid transfer function to refine the ANN model. A further 
101 soil images and samples were obtained and used for training, which led to an 
improved version of ANN model. Comparing the predicted soil type against the 
actual soil type (determined by conventional laboratory testing), it was observed that
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Fig. 2 Prediction accuracy using Improved ANN model developed in previous research 

the optimal improved ANN model occurs at 25,000 learning iterations with an overall 
prediction accuracy of 85% on the selected representative soil images (Fig. 2). 

However, this current improved version of the ANN model and its associated 
hardware system can only capture data of the top surface of the soil mass in the truck, 
and does not consider the variation of soil type with depth that may be possibly present 
beneath the surface. This paper presents a complementary scheme, that make use of 
additional soil parameters determined in-situ that can complement the computer 
vision system to obtain a better soil classification of soil at various depth in the truck. 
Apparent resistivity, moisture content and CPT strength were chosen to be possible 
soil parameters. 

2.2 Apparent Resistivity 

By Ohm’ Law, the apparent resistivity of soil ρ (in a two-electrode soil box method) 
can be calculated based on the following Eq. (1): 

ρ = 
V 

I 

A 

L 
(1) 

where V = potential difference between two electrodes, I = current, and L and A 
are the length and area of the conducting cross section of soil. Wet to moist sand has 
a typical apparent resistivity of 20–200 .m, while that of clay ranges from 1 to 20
.m [2].
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2.3 Moisture Content 

Time-Domain Reflectometer (TDR) is an instrument which is capable to measure 
in-situ moisture content and provide results almost instantaneously. By sending out 
a fast-rise voltage pulse through the waveguides, wave propagation distance and 
speed are used to calculate the velocity of propagation, where the apparent dielectric 
constant can be derived. This apparent dielectric constant is subsequently used to 
estimate the volumetric moisture content drawn from a relationship supported by 
calibration data from numerous sources. A linear relationship was established, as 
shown in Eq. 2 [3], to relate volumetric moisture content, θ v, and apparent dielectric 
constant, εra 

θv = 0.115
√

εra  − 0.176 (2) 

2.4 Cone Penetrometer Test (CPT) 

Cone penetration testing (CPT) is a common soil profiling technique and is a quick 
and convenient testing method that may be suitable for rapid on-site soil classification. 
CPT is performed by inserting a cone into the soil mass. CPT tip resistance qt is 
generally approximated by the cone tip resistance qc at shallow soil depth [4] where 
pore water pressure is ignored, which is applicable in the context of this application 
where the expected measuring depth is <1.5 m. 

3 Methodology 

3.1 Experimental Setup 

A series of tests were performed to investigate the feasibility of the three soil param-
eter determination (apparent resistivity, moisture content, CPT strength) in classi-
fying soils at the SGs. The experimental setup mainly consists of a near-full scale soil 
box with metal and plywood walls measuring 180 (L) × 1200 (W) × 1200 mm (H) 
(see Fig. 3), sensors (discussed in further sections), soil mass filled up to a thickness 
of about 1000–1200 mm thick in the soil box, and a frame with actuators to push the 
sensors into the soil mass.
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Fig. 3 a Test set-up sensors atop soil box b Test frame atop soil box 

3.2 Apparent Resistivity Using Wenner’s Array 

Four electrodes were arranged with equal spacing, and current is passed through the 
outer two electrodes (A and B). Potential difference between the two inner electrodes 
(C and D) is measured (Fig. 4). 

The apparent resistivity is calculated using the following Eq. 3:

Fig. 4 Schematic diagram of Wenner’s array 
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ρ = 4π aR  
1 + 2a √

a2+4b2 
− 2a √

4a2+4b2 

(3) 

where ρ = apparent resistivity (.m), a = electrode spacing (m), b = depth of 
electrode (m) and R = resistance (.), which is given by potential difference (.V ) 
divided by current (I). 

3.3 Moisture Content Using TDR 

The TDR sensor is inserted into the soil mass together with the other sensors. As 
the volumetric moisture content measured is the average value across the entire 
waveguide length, the value is taken to be at the mid-point of the waveguides. The 
volumetric moisture content is measured and stored using a commercial datalogging 
software. 

3.4 In-House CPT Cone 

CPT was performed using an in-house CPT cone, and data is captured continuously 
every second. The CPT cone is 40 mm in diameter with a 60° tip and a shaft of 
40 mm diameter and 120 mm length. It measures both tip and shaft resistances via 
the installed strain gauges. The penetration rate of the CPT cone during measurement 
is 8 mm/s, which is much lower than the standard rate of 20 ± 5 mm/s used in field  
CPT test to ensure better sensitivity in a soil mass with shallow thickness in this case. 

4 Results and Discussion 

Five (5) number of tests were conducted for this study. The configuration of the tests 
is listed in Table 1. 

Table 1 The configuration of 
tests conducted 

Test no Homogenous or layered Soil type 

Test 1 Homogenous soil mass Good earth (GE) 

Test 2 Homogenous soil mass Soft clay (SC) 

Test 3 Layered soil GE on top, SC below 

Test 4 Layered soil SC on top, GE below
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Fig. 5 (left) Apparent resistivity with depth for GE and SC, (right) volumetric moisture content 
with depth for GE and SC 

4.1 Homogeneous Soil (Test 1 with GE and Test 2 with SC) 

The apparent resistivity and moisture content with depth for Test 1 (GE) and Test 
2 (SC) are plotted in Fig. 5. Soil parameter data is captured from 400 to 1200 mm 
depth. 

Apparent resistivity is intuitively inversely proportional to moisture content, as 
a higher moisture content would allow more ions to carry electrical charges and 
conduct electricity. As the top part of soil mass is usually drier and uneven (presence 
of voids), apparent resistivity registered is comparatively higher. 

Comparing the results of the two soil types, it can clearly be seen that GE soils 
have higher range of apparent resistivity and lower range of moisture content than 
SC soils. These range of values can be used as guiding values for distinguishing 
between the two. 

Figure 6 shows the cone tip and shaft resistances as well as the friction ratio 
with depth for GE and SC. It is to be noted that shaft resistance values are much 
smaller than tip resistance values. Due to overburden pressure, soil at the bottom 
experiences greater stresses. Hence, tip resistance is found to be increasing with 
depth for GE, while that for SC is much less prominent, which is consistent with the 
understanding for sandy and clayey soils respectively. The two soil types can also 
be clearly distinguished from the difference in friction ratio (1% for sandy soil GE, 
4–6% for clayey soil SC).

4.2 Layered Soil (Test 3 with GE-SC and Test 4 with SC-GE) 

The apparent resistivity and moisture content with depth for Test 3 and Test 4 are 
plotted in Fig. 7, where GE-SC refers to “Good Earth” soil atop of “Soft Clay” soil, 
while SC-GE refers to “Soft Clay” soil atop of “Good Earth” soil.

From Fig. 7, the layering feature of the soil mass can be identified by the sudden 
change in resistivity and moisture content. It can be identified that GE soils show
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Fig. 6 (left) Tip and Shaft Resistances with depth for GE and SC, (right) Friction Ratio with depth 
for GE and SC

Fig. 7 (left) Apparent Resistivity with depth for GE-SC and SC-GE, (right) Volumetric Moisture 
Content with depth for GE-SC and SC-GE

a higher range of apparent resistivity and lower range of moisture content than SC 
soils. For example, in SC-GE where GE soil is atop SC soil, apparent resistivity 
drops from 300 .m to less than 100 .m at lower depth, while the moisture content 
increases from ~15% at the top, to ~40% at the greater depth. 

Figure 8 shows the tip and shaft resistances as well as the friction ratio with depth 
for Test 3 and 4. Tip resistance is found to be increasing with depth for GE (sandy 
soil), while that for SC (clayey soil) is much more uniform. The difference in friction 
ratio is also very apparent (1% for sandy soil GE, 4–8% for clayey soil SC). Again, 
the layering feature of soil mass can be identified from these plots.

5 Conclusion 

This paper has presented the preliminary findings from the three soil parameter 
determination: (i) apparent resistivity, (ii) moisture content, and (iii) CPT strength 
with the objective of complementing the newly-developed rapid soil classification 
technique using computer vision to classify excavated soils into “Good Earth” or 
“Soft Clay”. This near-full scale proof-of-concept has shown the feasibility of the
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Fig. 8 (left) Tip and shaft resistances with depth for GE-SC and SC-GE, (right) friction ratio with 
depth for GE-SC and SC-GE

above three methods to distinguish between the two different soil types and identify 
certain foreign material located within the soil. 

Further testing will be performed to obtain more data for calibration of models to 
further refine the range of soil property values for “Good Earth” and “Soft Clay” soils. 
An actual full-scale testing will be conducted to capture data with test dimensions 
that resemble actual operations at the SGs. 

In future, the soil parameter determination can be combined with the existing 
computer vision method at the SGs to improve operational productivity, optimize use 
of excavated soils and contribute to the long-term sustainability for land reclamation 
projects and the construction industry in Singapore. 
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Influence of Excess Pore Pressure 
Development on Inertial Pile Response 

Hande Yumuk and Gurkan Ozden 

Abstract The behavior of piles in submerged and liquefiable sandy soils under earth-
quake loads attracted attention of researchers since 1980s. In this study, behavior of 
soil surrounding piles in such soils was investigated. In the study, response of the 
piles under inertial loads was considered, and it was assumed that the soil was in 
passive terms of during the earthquake. In other words, kinematic and inertial inter-
actions are separated in soil-pile interaction. In the three-dimensional finite element 
analysis, harmonic loading was applied to the pile head. As a liquefiable soil layer, 
sandy soil whose liquefaction model parameters were determined at the California 
Wildlife Test Site was considered. In the analyzes made under different horizontal 
loads and frequencies, it was determined that the stresses transferred from the pile to 
the soil can force the soil up to liquefaction by causing excess pore water pressure to 
change in the soil, and its reflection on the horizontal load–displacement curves (p–y 
curves) is discussed. The results of the analysis revealed that the loading frequency 
had some effect on soil behavior and development of excess pore water pressure 
significantly affected the horizontal load- displacement curves. 

Keywords Liquefiable soils · Laterally loaded pile · Excess pore pressure ·
Pile-soil interaction 

1 Introduction 

Earthquake response of foundation piles have long attracted attention of researchers 
since pile damages were observed several times in past earthquakes [1]. Such obser-
vations accelerated research and major contributions to the field were already made
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[2, 3]. However, it is still necessary to get more insight on excess pore pressure devel-
opment around piles in liquefiable soils [4]. In this study, a nonlinear dynamic finite 
element analysis campaign was pursued to study excess pore pressure regime devel-
oping around a pile loaded at the head in saturated liquefiable silty sands. Achieved 
results indicate that considerable pore pressure develops within the soil surrounding 
the pile thereby reducing soil resistance by a large margin as a result of inertial 
interaction. 

2 Numerical Analysis Model 

Two separate finite element analysis models were established to investigate lateral 
load–displacement and excess pore pressure pattern around a pile on which cyclic 
lateral load was applied. The pile diameter was set as 60 cm with an assigned elasticity 
modulus of 30 × 106 kPa. The 30 m deep first model consisted of a slender pile with 
a length to diameter ratio of L/B = 15/0.6 = 25. The second model, on the other 
hand, involved a 1.0 m long pile section where influence of effective stress was 
taken care of uniform applied vertical stress on the surface of the model, which was 
consolidated before application of the cyclic load. Lateral load was applied as a 
traction on pile heads along y-axis. Viscous absorbent boundaries were provided on 
the sides of both models with plan dimensions of 20mx20m. Fine mesh was applied 
while discretizing the models with 32,771 ten node wedge elements provided for 
the long pile model and 82,358 elements for the pile section one Fig. 1a, b. A mesh 
quality check revealed that over 99% of the elements had Quality Sphere or Quality 
SICN values larger than 0.5. 

(a) (b) 

Fig. 1 Finite element model connectivity plots a L/B = 25 pile b 1.0 m long pile section
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Table 1 UBC3D-PLM 
material model parameters 

Parameters Unit Value 

Young Modulus kPa 7.28 × 104 

Poisson’s ratio – 0.3 

Void ratio – 0.740 

Constant volume friction angle (°) 22 

Peak friction angle (°) 22.765 

Cohesion kPa 1.0 × 10-4 

Elastic shear modulus factora – 854.6 

Plastic shear modulus factora – 250 

Elastic bulk modulus factora – 598.2 

Failure ratio – 0.811 

Densification factor – 0.2 

Post liquefaction factor – 0.02 

SPT-N160 – 7.65 

aModulus index values were assigned as 0.5 for elastic, plastic, 
and elastic bulk factors 

3 Soil Characteristics and Material Model Parameters 

As the study essentially targets pile response in saturated cohesionless soils Wildlife 
National Geotechnical Instrumentation Site was chosen as the parent site to obtain 
material model parameters pertaining to liquefaction analysis. University of British 
Columbia sand model was the preferred material model due to the availability of 
calibrated UBC3D-PLM and soil profile parameters for the Wildlife Site in the liter-
ature [5]. Soil parameters assigned to the FEM model is given in Table 1. Physical 
meanings of the parameters and details of the model may be reached out elsewhere 
[6]. The pile was modeled as an elastic volume element using non-porous material 
model. 

4 Results of Numerical Analyses 

Finite element analyses were realized for the full pile length and pile section models. 
In this respect general trend is to model the pile with its full length and driving the 
p–y curves along the pile length either through the interface or analyzing the induced 
stresses inside the soil in the immediate vicinity of the pile [7]. Some researchers, 
however, indicate that soil resistance is affected by the rotation and flexibility of the 
pile. It is suggested to restraint displacement of the pile along the loading direction so 
that pure lateral displacement is achieved [8]. It is considered that pile section model 
in which the 100 cm pile is only allowed to displace along y-direction would serve this 
purpose. The effective stress level acting along a pile length is represented by means
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of an applied surface load. Here, it is aimed to limit the deformations on the interface 
by keeping the interface strength parameter very low. Soil resistance to the laterally 
deforming pile was obtained along the interface stress points. Monotonic and cyclic 
surface traction was applied at the pile head. Loading intensity varied between 25 
and 200 kPa in cyclic loading undrained analyses. Cyclic loading frequency was set 
as 1 and 2 Hz. Monotonic loading analyses, on the other hand, progressed till 300 kPa 
(i.e. 25~300 kPa corresponding to ≈7~85 kN of lateral point load at the pile head) 
beyond which soil body collapsed due to excessive pore water pressure and plastic 
point development (i.e. H = 113 & 141 kN). 

4.1 Excess Pore Water Pressure Response 

Excess pore water pressure (.ue) generation regime because of the lateral displace-
ment of the pile towards and away from the surrounding saturated loose sand is one 
of the expected outcomes of undrained analyses. Results of monotonic loading tests 
are presented in Fig. 2a, c for a depth of 3 m below the ground surface. On this figure 
variation of.ue with horizontal strain εyy is plotted for stress points selected adjacent 
to the pile as well as 1B and 3.8B away the pile axis parallel to the loading direction. 
It may be followed on the figure that pore pressure development is associated with 
dilative soil response adjacent to the pile (Fig. 2a) whereas it is almost completely 
positive for all loading levels 3.8B away the pile. It is noteworthy that excess pore 
pressure generation is not highest for larger loads. This trend is related with dilation 
taking place as loading level increases. At H = 113 and 141 kN, however, negative 
pressure development ceases at about εyy = 4.5 × 10–3 and 7.8 × 10–3, respectively 
due to soil body collapse. Influence of head loads less than 42 kN is negligible on 
excess pore water pressure development.

The figures obtained via undrained monotonic analyses demonstrate excess pore 
pressure generation potential due to pile displacement. Both dilative and compressive 
soil response related pressure development tendency increases with loading inten-
sity. Higher positive excess pore pressures are generated 1B away the pile section 
surface and they quickly diminish at 3.8B distance. At the pile-soil interface dila-
tive soil response is observed as a result of passive wedge development. Maximum 
induced pore pressure, however, did not induce liquefaction at 1B distance since 
initial effective vertical stress was σ'

v0 = 37.3 kPa as opposed to .umax = 27.8 kPa. 
Influence of loading frequency and intensity on the achieved results are presented 

in terms of p'–q plots at a depth of 3 m below the model surface. It may be followed in 
Fig. 3 that a slight influence of loading frequency (1 Hz and 2 Hz) on deviatoric stress 
is pronounced in three-dimensional full length pile analysis. A two-cycle analyses 
showed that 2 Hz cyclic loading with an amplitude of 42 kN (i.e. 150 kPa pile head 
cyclic traction) resulted in more than 30% decrease in deviatoric stress as compared 
with the 1 Hz case. Although loading intensities are not the same with the full pile 
length analyses, pile section runs at 1 Hz and 2 Hz cyclic loading with a magnitude of 
yielded a similar trend. It is interesting to note that deviatoric stresses are comparable
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(a) (b) 

(c) 

Fig. 2 a Excess pore water pressure with respect to horizontal strain adjacent to the pile surface. 
b Excess pore water pressure with respect to horizontal strain 1B away the pile surface. c Excess 
pore water pressure with respect to horizontal strain 3.8B away the pile surface

for both cases probably since same initial effective stresses are achieved in pile 
section analyses (Fig. 4). A better insight may be captured by applying head loading 
as a cyclic displacement pattern with a magnitude equal to full pile length analyses. 
Loading intensity effects on deviatoric and mean effective stress levels are observed 
in Fig. 5. It is clear that excess pore water pressure generation reduces shear strength 
especially with lower loading intensities (i.e. 25 kPa and 75 kPa) where a steady 
decrease towards failure takes place. At larger loading levels, however, dilation takes 
place at a certain level and shear strength recovery occurs. Dilative tendency quickly 
disappears with the distance from the pile surface.

4.2 Load–displacement Curves 

The load–displacement curves, namely, p–y curves are derived for drained and 
undrained monotonic loading cases to form backbone curves that would degrade
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Fig. 3 Variation of deviatoric stress with mean effective stress in full pile length analyses (150 kPa 
loading amplitude at 2 Hz & 1 Hz frequency) 

Fig. 4 Variation of deviatoric stress with mean effective stress in pile section analyses (200 kPa 
loading amplitude at 2 Hz & 1 Hz frequency)
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Fig. 5 Influence of loading intensity on variation of deviatoric stress with mean effective stress in 
pile section analyses (stress points adjacent to the pile)

as effective stress decreases as a result of excess pore water pressure accumulation 
under inertial cyclic loading conditions (Fig. 6). One may note that API p–y curve 
fits the drained p–y curve if API model parameters are adjusted accordingly. Further 
effort is necessary to obtain a p–y curve model that would work for undrained cyclic 
inertial loads.

5 Conclusions 

Finite element analyses results presented herein show that UBC3D-PLM model can 
be utilized in soil-pile interaction research that targets excess pore pressure accumu-
lation in very loose sandy soils if care is spent on the established numerical model 
since UBC model may be quite sensitive to boundary value problems. Pile section 
analyses are found to be applicable to the inertial cyclic loading cases. Full pile length 
and pile section analyses yielded similar but not the same results. Although spatial 
redistribution of excess pore water pressure can be handled in pile section model, 
high gradients parallel to the pile surface along the interface cannot be handled for 
the time being. As a result of this generated excess pore water pressures are less and 
soil strength reduction is not that sharp in 3D full pile length model. Both full length 
and pile section models showed that high pressure gradients take place at the soil-
pile interface and dilative response occurs at larger loading amplitudes. Presented
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Fig. 6 p–y curves for monotonic drained and undrained loading cases (pile section analyses that 
correspond to a depth of 3 m below the surface)

p'–q plots and p–y curves belong to a case where soil depth is 3 m below the model 
surface. Findings of the ongoing research will be shared in future publications. 
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Numerical Study of Uplift Induced Levee 
Failure for the Design of a Centrifuge 
Test 

Veronica Girardi , Elena Dodaro, Roberta Ventini, Marianna Pirone, 
Carmine Gerardo Gragnano, Daniela Giretti, Francesco Zarattini, 
and Fabio Gabrieli 

Abstract In geotechnical engineering, physical and numerical models seek to shed 
light on multiphase phenomena that threaten earth structure stability. This is the case 
of river levees: when subjected to non-ordinary hydraulic loads, local and global 
failures with consequent floods could occur. If, on one hand, centrifuge models can 
replicate the real phenomena, exploiting the enhanced gravity, while scaling geomet-
rical features and time, on the other, numerical models extend the possible case studies 
by capturing key elements, governing the hydro-mechanical behaviour of the earth-
works. However, the two techniques could complement and benefit each other. In 
this research, a potential failure mechanism, induced by the development of uplift 
pressures beneath the toe of a levee characterized by a peculiar stratigraphic profile, 
is investigated. The foundation consists of a shallow weak low-permeability layer, 
overlying a coarser and more permeable one, this latter acting as a hydraulic prefer-
ential flow path between riverside and landside. Results of a preliminary numerical 
study carried out with different methods are presented and discussed. The study 
aims to improve understanding of complex failure mechanisms and to encourage the 
development of more robust forecasting methods. Indeed the results have provided 
fundamental guidance for a centrifuge experimental set up. 

Keywords Levee · Geotechnical centrifuge · Numerical modelling
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1 Introduction 

Water retaining geostructures, such as river levees, require continuous development 
of risk mitigation strategies to cope with the current and prospective increase of 
hydraulic loads acting on these structures. This study is focused on the geotechnical 
behaviour of levees, protecting urbanized territories from river flooding. Among 
several failure modes, those possibly emerging when a levee foundation is charac-
terized by a shallow soft fine-grained deposit, overlying a highly permeable sandy 
layer, are still partially unknown, and thus unpredictable. The coarser layer may 
be directly interconnected with the river, acting as a hydraulic preferential conduit 
between riverside and landside. If the water level increases, high overpressure can 
build up at the interface between the fine-grained and sandy layer, exceeding the 
overburden stress of the shallow soil stratum on the landside. This circumstance 
may determine localized toe uplift on the ground level and, simultaneously, favour 
the progression of a slip surface in the levee body, resulting in a subsequent earth 
structure collapse, as reported by Refs. [1, 2]. The joint use of centrifuge testing and 
numerical modelling could be useful to investigate in details these phenomena. In 
fact, centrifuge modelling is a well-established approach in geotechnics research, 
still challenging when employed in this context, due to the well-known difficulties 
to recreate certain stratigraphy and apply time-dependent hydraulic boundary condi-
tions on earth structures. On the other side, the application of various numerical 
techniques aids in getting a broader picture of the potential instability occurring in 
the experiment. 

This research work seeks to shed light on complex potential failure mechanism 
that could develop when a preferential flow path establishes in the levee foundation. 
In particular, predictions determined by different numerical approaches are shown, 
hence providing guidance for their prospective use in safety assessment practice. It 
is worth noting that the experimental design of centrifuge tests, besides the numer-
ical outcome, is based on a balanced compromise among physical features of the 
equipment, time and costs constraints. These aspects will be underlined during the 
final discussion. 

2 Numerical Modelling 

Three different methods are compared in the safety assessment of the levee model: 
(i) the Limit Equilibrium Method (LEM), implemented in the commercial software 
SLOPE/W [3], which was easily combined with transient seepage analysis performed 
by SEEP/W, included in the same software suite; (ii) the Van Method, available in 
the D-Stability code [4]; (iii) the Strength Reduction Routine, used by PLAXIS 2D  
[5], which was applied to the results of a coupled seepage-deformation analysis. The
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numerical modelling was carried out to properly support the design a centrifuge test, 
however all the simulations have been performed at the prototype scale, in keeping 
with the geometrical similitude [6] expressed by Eq. (1): 

Lm/L p = 1/N (1) 

where N is the scale factor for gravity (i.e. gm = N gp), Lm and Lp are respectively 
characteristic lengths of model and prototype. The acceleration that is planned to 
be applied in the centrifuge test is 50-gravities. The calculation phases in FE model 
mimic the whole centrifuge test from the acceleration stage, passing through the self-
weight equilibrium (during which consolidation takes place), to the flooding stage. 
Whereas, in LEM and Van Method only the processes occurring after consolidation 
are reproduced. A parametric study on the thickness of foundation layers is carried 
out to support the design of the physical model, to be tested under an enhanced 
gravity field and highlight the crucial role of the stratigraphy on the overall stability 
of the levee. 

2.1 Geometry and Materials 

A plane strain section, designed to be suitable for investigating the potential failure 
mechanism aforesaid and concurrently easily reproducible as a small-scale physical 
model, is considered in the numerical study. The prototype levee body is characterized 
by a height of 7.50 m, a 3.00 m wide crown and slopes inclination of 1H:1V and 
1H:1.5V for the riverside and the landside, respectively (Fig. 1). The foundation 
consists of a fine-grained deposit overlying a layer made of a coarser material, which 
extends 3 m beyond the landside toe and is hydraulically connected to the water 
retained on the riverside. The parametric study consists of a variation of the first 
subsoil layer thickness, between 2.0, 2.5 and 3.0 m, maintaining constant the total 
foundation height (5.0 m). Hence, the sandy layer changes its thickness accordingly.

The filling material selected for the levee body, typically constituted by a hetero-
geneous mix of sands and silts, is a compacted mixture of 70% by weight of Ticino 
Sand (TS) and 30% of Pontida Clay (PON). The optimum moisture content (w = 
8.8%) and dry density (γ d = 20.60 kN/m3), determined using the Standard Proctor 
compaction energy, are taken as reference as the initial state of the TS70-PON30% 
mixture. For the upper and bottom layers of the subsoil, which frequently consists of 
clayey and silty strata deposited in a floodplain environment, a homogeneous consol-
idated layer of PON and a compacted TS are considered. A pre-overburden vertical 
effective stress of 800 kPa has been considered for the PON layer and a relative 
density equal to 80% of (γ d = 15.74 kN/m3) with a water content of 5.0% has been 
assumed to define the initial conditions of the TS layer. Soil index and physical main 
properties are determined for the three materials and can be found in Ventini et al. 
[7].
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Fig. 1 Geometry of levee section numerically analyzed, in the case of 3.0m-thick PON layer (length 
unit in m)

2.2 Hydro-Mechanical Soil Properties 

The full modelling of the time-dependent hydraulic behaviour is allowed in SEEP/W 
and PLAXIS 2D, whose results in terms of pore water pressure distributions are 
respectively used as input of LEM analysis and Strength Reduction method, while 
D-Stability doesn’t account for transient seepage flow. In this last case, total hydraulic 
heads need to be directly specified for each material and the depicted situation can 
be considered as a steady-state condition. 

Hydraulic and retention properties of the mixture and the clayey silt material, 
accurately estimated from specific laboratory procedures and extensively discussed 
in Ventini et al. [7], are listed in Table 1, together with the hydraulic conductivity of 
the TS, that is considered fully saturated during the entire duration of the analyses. 
The Mualem-van Genuchten model has been adopted for modelling the soil water 
retention curves (SWRCs) and hydraulic conductivity functions. 

For this preliminary application, in SEEP/W, soil porous medium is assumed rigid 
under partially saturated conditions. Conversely, in PLAXIS 2D, the Hardening Soil 
(HS) hyperbolic formulation, developed by Duncan and Chang [8] is considered for 
modelling the mechanical behaviour of the mixture and the sand layer. Whereas,

Table 1 Hydraulic and retention parameters used for the seepage analyses in SEEP/W and PLAXIS 
2D 

Material ksat (m/s) Sres (−) Ssat (−) αVG (kPa) nVG (1/m) l (−) 

TS70%-PON30% 1.23·10–7 0.057 1.000 11.9 1.240 −3.347 

PON 6.67·10–10 0.000 1.000 142.8 1.455 −0.584 

TS 3.45·10–5 – – – – – 
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Table 2 Mechanical and physical parameters assigned to the levee body and foundation units in 
PLAXIS 2D, according to Hardening Soil and Soft Soil constitutive models 

Material TS70%-PON30% PON TS 

Constitutive model Hardening soil Soft soil Hardening soil 

γunsat kN/m3 20.8 18.85 15.74 

γsat kN/m3 22.3 21.85 16.53 

einit – 0.30 0.44 0.67 

Eref 
50 kN/m2 22.52·103 6.00·103 19.80·103 

Eref 
oed kN/m2 10.00·103 4.50·103 14.14·103 

M – 0.5 1 0.5 

c' kN/m2 5.00 2.5 0.0 

φ' ° 46.00 33 41.00 

KNC 
0 – 0.287 0.455 0.344 

N – 0.223 0.20 0.256 

λ* – – 0.053 – 

κ* – – 0.016 – 

M – – 1.702 – 

for the fine-grained subsoil layer, the Soft Soil model [9] is used. In all the numer-
ical techniques used in this study, a Mohr–Coulomb failure criterion with drained 
strength parameters is considered. Soil mechanical properties, derived from standard 
oedometer tests and triaxial tests are reported in Table 2. Further information on the 
hydro-mechanical characterization of the three materials can be found in Ventini 
et al. [7] and Fioravante and Giretti [10]. 

2.3 Initial and Boundary Conditions and Testing Sequence 

The definition of realistic initial conditions in terms of suction and pore water pressure 
distributions represents a crucial aspect for transient seepage analyses of earthen 
structures. In PLAXIS 2D, starting from a uniform value of matric suction of about 
5 kPa, representative of the physical model preparation state, a constant outflow 
is assigned to the crest and sides, to reproduce the progressive drying occurring 
during the centrifuge test. An initial water level, equal to 1.5 m, is supposed to be 
maintained constant during the in-flight acceleration and consolidation stages, for 
the time required to attain the equilibrium of pore water pressures (Fig. 2a). The 
same initial conditions after consolidation in PLAXIS 2D are imposed in SEEP/W.

Regarding boundary conditions, since the model is supposed to be contained in 
a rigid steel box, in the FE analysis, the bottom horizontal, right, and left vertical 
sides of the subsoil are assumed to be impermeable, with fully and horizontally fixed 
constraints, respectively. A time-dependent hydrometric condition is imposed on the
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(a) (b) 

Fig. 2 a Initial pore water pressure distribution for transient seepage analyses (isoline increment 
= 10 kPa), phreatic surface in dashed blue line; b Hydraulic head boundary condition assumed in 
the numerical study, at both prototype and centrifuge scale

inner side of the levee. The goal is to identify the critical hydraulic head which would 
likely trigger a toe uplift mechanism, thus, the effect of five incremental river stages 
is investigated (Fig. 2b). Each water level is reached with a rate of 0.5 m/days and 
maintained for a period of 50 days, corresponding to about 30 min at the model 
scale, according to centrifuge scaling laws [6], to guarantee the establishment of a 
stationary flow regime within the levee body at each step. As mentioned in Sect. 2.2, 
D-Stability does not allow for the analysis of transient seepage processes, thus, the 
water levels are simply sketched, to determine the pore pressure distribution used in 
the following stability analysis. Two hydrometric heads are used: a higher one which 
guarantees high pressures only in TS, in agreement with the investigated river stages, 
while above TS pressures are controlled by the lower water level (see Fig. 5a), to 
mimic an undrained response of the system with a pressure leap between TS and 
PON. 

2.4 Results and Discussion 

Figure 3 shows FEM numerical results, considering a 3.0-m-thick PON layer with 
reference to three significant time steps. Following the first water level increment, a 
sudden increase of pore water pressures occurs in the sand layer. Then, the water level 
persistence leads to a progressive saturation of the lower part of the levee body and, 
simultaneously, to a slow rise of pore pressures even in the fine-grained layer. The 
total deviatoric strains, which appear extremely low at the beginning of the flooding 
stage and concentrated at the interface between PON and TS, tend to increase, with 
the advancement of the phreatic surface within the levee and the contextual decrease 
of vertical effective stresses in the PON layer, highlighting the shape of a possible 
slip surface. The number of plastic failure points tends to dramatically increase,
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(a) (b) (c) 

Fig. 3 Pore pressures, total deviatoric strains and plastic failure points at different stages during 
FEM analysis carried out by means of PLAXIS 2D: a at the beginning of the first water level 
increment (t = 197 days); b at the end of the first water level increment (t = 247 days); c during 
the persistence of the critical water level, associated to the failure mechanism (t = 302 days) 

as the hydrometric level rise to 4.0 m, suggesting a significant weakening of the 
levee section, especially in correspondence of the landside toe, leading to the failure 
condition. 

The correlation between river stages and their effects in terms of stability is partic-
ularly evident observing the evolutions of the Factor of Safety (FS) over time for 
FEM and LEM in Fig. 4a. For Van Method FS is correlated with the hydraulic head 
(Fig. 4b). In FEM and LEM analyses, as soon as the river stage rises to 3.0 m, the 
increase of pore pressures causes a reduction of shear strength, resulting in a signif-
icant decrease of FS, which tends to further reduce during the persistence of the 
water level (Fig. 4a). Potential failure conditions, identified by a FS minor than one, 
are achieved at different time steps and hydrometric loads for the three methods. In 
particular, in FE analyses, the 2.0 m thick PON layer encounters a critical condition 
for stability towards the end of the first water level persistence; while for thicknesses 
2.5 and 3.0 m of the PON layer the critical hydraulic heads are higher, respectively 
3.8 and 4.0 m. Indeed, FEM simulations do not converge anymore after these critical 
water levels are reached, evidencing that outcomes are strongly controlled by the 
hypothesis of small-displacements. In LEM, critical heads are generally higher than 
those obtained with FEM analyses, thus potential failure occurs for all the geometries 
but with a certain delay. However, it must be noted that the shape of the slip surface, 
assumed in these LEM calculations might be not representative of the investigated 
mechanism. Lastly, in Van Method, FS reduces with the progressive increase of the 
water level, but only for PON thickness equal to 2.0 m FS is less than the unit. In the 
other cases FS results greater than 1, probably due to the approximated pore pressure
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(a) (b) 

Fig. 4 Variation of FS for the three investigated foundation thicknesses: a over time for LEM and 
FEM analysis; b respect to hydraulic heads for Van Method 

(a) (b) 

Fig. 5 Van Method results: a piezometric levels and resulting pore pressure distribution; b slip 
surface for FS = 1 in the case of PON thickness equal to 2 m 

distribution, which results only in high pressure in TS, rather than in PON. Moreover, 
the location and shape of the slip surface (Fig. 5b) are similar to those observed in 
FEM (as visible from the increment of deviatoric strains of Fig. 4). 

Nonetheless, nothing can be said in terms of deformation for LEM and Van 
method; hence they are affected by a generally higher level of simplification 
compared to FEM, which accurately reproduces the coupled flow-deformation 
behaviour, as long as the small displacement hypothesis stands. Therefore, since all 
the three approaches are unable to analyze the post-failure behaviour, the exploration 
of the entire failure event is demanded to the centrifuge test. 

3 Remarks and Conclusions 

In this work, the results of a numerical study carried out to investigate a river levee 
failure mechanism induced by toe uplift are presented and discussed. The study 
provides guidance for the definition of geometrical features of the physical model 
and in particular for the selection of foundation layers thicknesses. Based on FEM 
and LEM outcomes, the configuration characterized by a PON layer of 3.0 m seems 
to be the most suitable to replicate the instability of interest and, at the same time, to
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investigate the effect of a time-dependent boundary condition on the safety perfor-
mance of the levee. Furthermore, the research confirms that the proposed hydro-
graph, easily reproducible in the centrifuge apparatus, allows for identifying critical 
hydraulic heads which may trigger failure. In the light of the simulation outcomes, 
the following monitoring instruments devoted to pick the noteworthy aspects of the 
phenomena, are recommended: tensiometers in the levee body and on the landside, 
near the toe; pore pressure transducers in the foundation soils, in both layers; LVDT 
on the levee crest and near the toe and roto-translative transducers on the landside 
slope. 
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Prediction of Load Capacities 
of Closed-Ended Piles Using Boosting 
Machine Learning Methods 

S. Karakaş , M. B. C. Ülker  , and G. Taşkın 

Abstract In this study, a novel data-driven model is developed using boosting-type 
machine learning algorithms with the aim of predicting the ultimate load-bearing 
capacities of closed-ended piles. A comprehensive database is gathered using the 
full-scale load test data with four features. Special boosting type machine learning 
methods are trained and tested with the database. Once predictions are made, a 
newly developed machine learning algorithm called Shapley method is utilized to 
decide the effectiveness of the selected features in predicting pile capacities. Results 
indicate that the pile cross-section area and length features are sufficient to achieve 
accurate predictions covering the parameters on the pile side and the CPT-based 
tip resistance is the only parameter needed on the soil side. While different boosting 
methods result in different levels of accuracy in predicting the load bearing capacities 
of closed-ended piles, it is generally possible to determine the minimum number of 
features necessary to satisfy a high goodness of fit. In the end, optimum number of 
features are determined in the prediction process using the Shapley method through 
the boosting algorithms giving us a valuable prediction tool for estimating the bearing 
capacity of closed-ended piles. 

Keywords Boosting algorithms · Closed-ended piles · CPT test · Load-bearing 
capacity · Machine learning · Shapley method 

1 Introduction 

Axially loaded piles are widely used as deep foundations for transferring structural 
loads to stiffer load-bearing soils or rock layers. These piles can be classified based 
on their material types, installation methods, or areas of use. Bearing capacity of piles
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subjected to axial loading has been investigated since the early days of geotechnical 
engineering. The methods used for estimating the bearing capacity need local soil 
conditions. Cone Penetration Test (CPT) reveals such information on soils. Machine 
Learning (ML) is particularly used as a prediction tool to estimate load capacity of 
piles. 

Samui [3] uses the Support Vector Machine (SVM) in pile foundations where their 
model predicts the friction capacity in clayey soils from pile geometry, stress history, 
and undrained shear strength. Ebrahimian and Movahed [4] develop an ML based 
genetic algorithm to predict axial capacity of piles. Their database consists of data 
from open-ended piles, h-section piles, and drilled shafts. Ghorbani et al. [1] develop 
a model that predicts pile capacity with CPT results using the Adaptive Neuro-Fuzzy 
Inference Systems (ANFIS) method. Kardani et al. [5] use six different ML methods 
to estimate pile bearing capacity again with a small number of data, where they find 
out that the optimized methods improve the performance. Pham et al. [6] develop 
Deep Learning Neural Network (DLNN) for bearing capacity estimation. In a recent 
study, Harandizadeh et al. [2] perform similar work on different databases with an 
optimized ANFIS method. Approximately 80% of examined studies conduct ML 
analysis with less than 100 pile samples [4], Harandizadeh et al. [2]. Studies show 
that ML methods provide a satisfactory performance, while they exhibit a highly 
complex black-box structure limiting their interpretability. Explainability of models 
is important in geotechnical engineering in that more reliable interpretations can be 
made if it is known how the model produces such results. To address this issue, the 
Shapley Additive Explanation (SHAP) method is introduced to quantify the ability 
of ML methods in interpreting their predictions. Wang et al. [7] use the boosting 
methods to perform seismic slope stability analysis investigating the importance of 
four features with the SHAP. Nasiri et al. [8] predict the uniaxial compressive strength 
and Young’s modulus using XGBoost, Random Forest and SVM where they use the 
explainability of ML methods via SHAP. Other most recent methods that use the 
SHAP are Liang et al. [9], Kannangara et al. [10]. In this study, the bearing capacity 
of closed-ended piles is predicted with the help of the boosting methods of XGBoost, 
LightGBM and CatBoost. The five-fold cross validation method is used in the training 
of the methods. More importantly, the features that play the most important role in 
making such a prediction are determined through the SHAP method. 

2 Database Collection 

In this study, the closed-ended pipe piles (CEP) are considered and related database 
is gathered from the available load-deformation relationships of full scale static pile 
load tests and cone penetration tests (CPT). Data from both driven piles and drilled 
shafts take place in the databases, where concrete and steel piles with various cross 
sections are all considered. The CEP database involves a total of 219 pile load data. 
Four input features in our analyses are determined as the pile length (L), pile cross-
sectional area (A), cone resistance from CPT at the pile tip (qc,end), and the cone
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Table 1 CEP database statistical values 

Feature Count Mean Std Min 25% 50% 75% Max 

Input L 219 14.56 8.72 5.60 8.55 11.50 16.68 45.00 

A 219 0.25 0.35 0.06 0.10 0.13 0.21 2.54 

qc,end 219 9.42 7.63 0.17 4.30 7.61 12.18 65.95 

qc,ave 219 5.64 4.43 0.38 2.70 4.34 7.13 24.64 

Output Qu 219 2202.76 2228.75 210.00 884.82 1320.00 2775.00 14,590.17 

resistance along the pile length (qc,ave). The only output is the pile bearing capacity 
(Qu). Table 1 shows the statistical parameters of this database. 

3 Machine Learning Methods 

3.1 eXtreme Gradient Boosting (XGBoost) 

XGBoost is a high-performance version of the Gradient Boosting (GB) algorithm 
optimized with various modifications. The algorithm designed by Chen and Guestrin 
[11] is used in Kaggle competitions due to its high predictive performance. 

3.2 Light Gradient Boosting Machine (LigthGBM) 

LightGBM is a boosting algorithm developed by Ke et al. [12] as part of the  
Microsoft’s Distributed Machine Learning Toolkit (DMTK) project. Compared to 
other boosting algorithms, it has a high processing speed, large data processing, less 
computational resource usage and parallel processing. According to Ke et al. [12] 
LightGBM is twenty times faster than two versions of XGBoost, LightGBM. 

3.3 Categorical Boosting (CatBoost) 

Catboost is an open-source ML algorithm based on GB developed by Prokhorenkova 
et al. [13]. It was introduced as an alternative to XGBoost and LightGBM, which are 
developed to increase the performance of GB. High learning speed, ability to work 
with numerical, categorical and text data, GPU support and visualization options 
are the most distinguishing features of Catboost, which builds a symmetrical tree 
structure.



228 S. Karakaş et al.

4 Feature Selection via a Model Interpretability Method 

The feature importance of ML models is quantified with the Shapley Additive Expla-
nation (SHAP) method, which allows to determine the importance of inputs towards 
their prediction success. ML methods quantify the feature importance themselves 
also called the Gini Importance (GI). GI calculates the importance of each feature as 
a sum of the number of splits across all trees, which are then compared to the SHAP 
importance values. Ultimately the aim here is to identify which inputs are more 
important towards the prediction of load-bearing capacity of closed-ended piles. 

4.1 Shapley Additive Explanation (SHAP) Method 

SHAP provides the necessary interpretability of tree-based algorithms and explains 
how the model predicts a value through the feature selection methodology [14]. 
Given a model, v, Shapley for each input feature can be computed as: 

φS 
i (v) =

.

S⊆N\{i} 

|S|!(n − |S| − 1)! 
n! [v(S ∪ {i}) − v(S)] (1) 

where i is the selected feature, S is a subset of features that excludes the ith feature, N 
is the number of all features in the input, and n is the total number of features. SHAP 
exhibits local/global interpretability with the effects of features on each observation. 

5 Results 

In this study, three boosting ML methods are applied to the CEP database. In both 
databases, 20% of the data, which is not used for cross-validation, is randomly 
selected and reserved for testing phase, while the rest is used for training. In 
the training phase the fivefold cross validation method is used for model tuning. 
Following the training/testing of the databases, the interpretability of the predictions 
of ML models are obtained through the SHAP analyses. Here, SHAP values for 
individual features as well as feature combinations are obtained. Figure 1 shows the 
flow diagram of the ML predictions adopted in this study.

Standard deviation is calculated to quantify the quality of training/testing sepa-
ration. The purpose of the separation is to satisfy a certain level of uniform repre-
sentation in the characteristics of the data included in the entire database. When the 
statistical properties of the training and test data are different from one another, it 
is observed that the two sets behave differently, where the model performs poorly 
on the test data. In this study, the training and test set is separated by a random
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Fig. 1 Flow diagram of ML models constructed and the prediction process

(a) 

(b) 

Fig. 2 a Quantification of suitability in splitting training/testing, b Calculation of this process 

state hyper-parameter. Figure 2a shows this process in a related flowchart. Figure 2b 
shows an example of this process. 

5.1 Analysis with CEP Database 

The ratio of statistical parameters of training and test data for the obtained random-
state value is given in Table 2, while the performance of each ML method on the 
test dataset in terms of R2 and RE scores are presented in Table 3. We observe 
from Table 3 that the boosting-based methods, LightGBM, CatBoost and XGBoost
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perform similarly. The effect of each feature on the ML models are then analyzed 
with the SHAP method, whose results are presented in Fig. 3. 

In Fig. 3, the XGBoost model gives out the pile ‘cross section area’ about 70% 
importance, while the SHAP method gives that to be slightly less. The model gives 
less importance to other inputs, while the Shapley values indicate otherwise. Simi-
larly, the LightGBM model results in the area feature to have more than 30% 
importance, while SHAP mentions that to be more. The importance given to other 
inputs in terms of predicting the pile load capacity (Qu) is less important for the 
CatBoost model. The XGBoost’s SHAP shows significance placed on the area feature 
compared to others.

Table 2 Ratio of statistical properties for training and test dataset splitting in of CEP database 

Feature Std Mean Max Min 

Input L 0.99 0.99 0.82 0.96 

A 0.89 0.94 0.69 1.00 

qc,end 0.99 0.94 0.45 0.33 

qc,ave 0.99 0.91 0.67 0.89 

Output Qu 0.98 0.89 0.83 0.67 

Table 3 Performances of 
each ML method on the test 
dataset of CEP database using 
four features 

LightGBM Catboost XGboost 

R2 0.8 0.8 0.76 

RE 0.37 0.36 0.33 

Fig. 3 Gini Importance and Shapley values computed for each ML method on the CEP database 
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5.2 Global Interpretation 

Figure 4 shows the variations of the SHAP values for each model. These are the 
summary plots that combine feature importance values with feature effects. Each 
point on the summary plot is a Shapley value for a certain feature, and the color code 
represents the value of the feature from low to high importance. The area feature 
shows similar behavior in all the ML models. That is, all models show that the pile 
cross section area is crucial in predicting the bearing capacity, which gives a low 
SHAP at low feature values. According to the length and qc,ave feature graphs, such 
a behavior for the qc,end is clear, which gives SHAP close to zero in mean with a 
narrow bandwidth. Shapley values of the qc,ave in medium-sized data gather around 
zero. 

According to these SHAP results, the length, area and qc,end features are sufficient 
to estimate the pile bearing capacity. That is, two geometric features attributed to 
piles (area and length) and a single feature for soil (qc,end) seems to be sufficient in 
predicting the CEP load capacity. 

With the detection of the most important features, models are trained and tested 
again with only these features (area, length and qc,end). The split of the dataset into 
training/testing is carried out the same way for both cases (old 4 features and new 
3 features). Once the training is finished, the performances of the predictive ML 
models are evaluated with the test data. Table 4 shows the new RE and R2 values.

(a) (b) 

(c) 

Fig. 4 Global SHAP values of features in a LightGBM, b CatBoost, c XGBoost for the CEP 
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Table 4 Load bearing 
capacity predictions of four 
ML methods with three 
features 

LightGBM CatBoost XGBoost 

R2 0.85 0.83 0.87 

RE 0.47 0.36 0.42 

(a) (b) 

Fig. 5 a R2 values and b RE values of the model predictions for two different feature selections 

The performance variations between the models trained with the features 
suggested by these methods and the ones trained with the four features are in Fig. 5a, 
b. The three-feature sets result in better predictions in all the ML methods compared to 
the four-feature ones. Thus, two geometric pile parameters and a single soil parameter 
are indeed sufficient to predict the pile bearing capacity with a high accuracy. 

6 Conclusions 

Ultimate load-bearing capacity of closed-ended piles is predicted through boosting 
machine learning algorithms. The LightGBM, CatBoost and XGBoost methods are 
used and the importance of features are investigated with a model explainability 
method called SHAP. Upon analyses, the area, length and qc,end are determined to 
be the crucial ones in making fairly accurate predictions towards load-capacity of 
closed-ended piles. 
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Shear Strength Behavior of Perlite 
Added Sand-Bentonite Mixtures Under 
Room Temperature and Thermal Cycles 

Esra Güneri and Yeliz Yukselen-Aksoy 

Abstract The present study investigates the shear strength behavior of perlite added 
sand-bentonite mixtures under room temperature and thermal cycling. The increase 
in the number of energy structures causes interaction of soils with high temperature. 
Thermally durable soil material is needed around energy geo-structures. In this study, 
it was aimed to obtain a new buffer material to be used around energy structures by 
adding 10 and 20% perlite additive to 20% bentonite-80% sand mixtures (20B-80S). 
The direct shear tests were conducted under temperature cycling (8 hrs heating-16 hrs 
cooling). As a results of the compaction tests, it was seen that the perlite additive 
decreased the maximum dry unit weight (γdry-max) and increased the optimum water 
content (wopt). The test results showed that perlite additive reduced the shear strength 
of the mixture under thermal cycles but with 20% perlite additive reached higher 
strength than 10% perlite additive. 

Keywords Compaction · Perlite · Shear strength · Thermal behavior · Thermal 
cycle 

1 Introduction 

The demand for sustainable energy sources and structures is increasesing due to the 
growing population and the need for energy. Solid waste and nuclear waste storage 
areas, buried power cables, geothermal energy plants, heat piles are the structures 
and facilities that cause temperature changes in the soil. Materials are needed which 
keep their engineering properties unchanged under thermal effects. 

It is known that many engineering properties of soils change with temperature. 
For instance, temperature affects shear strength depending on thermal history, stress
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history and drainage conditions [1, 2]. The consequences of this effect vary depending 
on whether drainage is allowed during the heating phase. The shear strength of 
normally consolidated and slightly overconsolidated saturated clays heated in drained 
conditions increases. It was observed that the shear strength decreases due to the 
expansion of the soil and the excessive pore water pressure increases in undrained 
conditions [1, 3, 4]. Laloui [5] investigated the properties of saturated fine-grained 
soils such as compressibility, permeability and shear strength change due to tempera-
ture. Laloui [6] conducted the triaxial test at different temperatures (25, 70, and 90 °C) 
and at different temperature histories (25-70-25 and 25-90-25 °C) in undrained condi-
tions. It was observed that the maximum deviatoric stress increased with the effect 
of temperature [5]. Cekerevac and Laloui [4] investigated that the shear strength of 
the kaolinitic soil with increasing the temperature. It was observed that the shear 
strength of kaolin clay increases in the presence of increased temperature from 22 to 
90 °C [4]. In another study, triaxial compression tests were performed using Pontida 
silty clay and it was observed that the shear strength decreased when the temperature 
increased from 18 to 115 °C [6]. 

As a buffer material bentonite or sand-bentonite mixtures are currently used. 
Thermally resistant materials like perlite may improve thermal durability of buffer 
materials. Perlite is a highly porous additive material of volcanic origin, which is 
widely used in the construction industry, especially preferred for thermal insulation. 
Silicon dioxide, aluminum oxide, iron (III) oxide, calcium oxide, sodium oxide, 
potassium oxide, magnesium oxide are compounds found in the chemical structure 
of perlite [7]. 

In the present study, it was aimed to obtain a new buffer material by adding 
perlite additive to sand-bentonite mixtures as an alternative to these materials. The 
compaction and direct shear tests were conducted on the 20% bentonite-80% sand 
mixture (20B-80S) in the presence of 10 and 20% perlite additives. Direct shear 
tests were performed in two different conditions: room temperature and temperature 
cycle. 

2 Materials and Methods 

2.1 Materials 

In this study, sand-bentonite mixture and perlite were used. These materials were 
supplied from local companies. The bentonite was Na-bentonite. The physico-
chemical properties of the materials are given in Table 1 and grain size distributions 
of the samples are given in Fig. 1.

The sand used in the experiments was dried in an oven. In addition, it was sieved 
through No.6 sieve and used. While preparing the mixtures, 20% bentonite and 80% 
sand were used. Perlite was added to mixture in 10 and 20% contents.
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Table 1 Physico-chemical 
properties of materials 

Bentonite Sand Perlite 

Specific gravity 2.70 2.63 1.50 

Liquid limit (%) 476 − 375.0 

Plastic limit (%) 70 − N.P 

pH 9.5 − 8.96 

Fig. 1 Grain size distributions of the samples

2.2 Methods 

Standard Proctor tests were conducted to determine the maximum dry unit weight and 
optimum water content of the mixtures. Compaction tests were performed according 
to ASTM D698-12 [8]. While preparing the mixtures, 10 or 20% of the total dry 
weight was determined as perlite, 20% of the remaining part was added as bentonite 
and the remaining part was sand. 

Direct shear tests were performed according to ASTM D3080 [9]. Direct shear 
test samples were prepared at 2% wet side of the optimum water content. Samples 
were placed in 2 cm height and 6 × 6 cm2 square molds. The samples were kept 
in submerged condition in water for 24 h, in order to prevent swelling weight was 
placed on the samples. Experiments were carried out under room temperature and 
temperature cycling. The temperature during heating was 80 °C, the temperature was 
provided with the help of the heat rod placed in the shear box and a thermostat was 
used to stabilize the temperature (Fig. 2). Inside the cell temperature was measured 
and recorded by means of a thermocouple placed in both the soil and the water. The 
shearing rate was chosen according to the oedometer test results in order to allow to 
drainage.

In the experiments with thermal cycle, the consolidation stage was started at 80 °C 
and after 8 h of heating, the samples were allowed to cool for 16 h. At the end of this
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Fig. 2 Direct shear test 
apparatus for thermal cycle

period, the samples were sheared under a stress of 196 kPa. The temperature was 
room temperature (22–25 °C) during the shearing phase. 

3 Results 

In this study, compaction tests of 20B-80S mixture in the presence of perlite addi-
tives and direct shear tests under room temperature and temperature cycling were 
performed. The compaction parameters (7d,max and wopt) values of 20B-80S mixtures 
were given in Table 2. The compaction test results showed that the perlite additive 
decreased the dry unit weight of the mixtures and increased the optimum water 
content (Fig. 3). The specific gravity of perlite has a very low value of 1.5 causes 
a decrease in the dry unit weight, and its multi-void structure increases the water 
absorption capacity, leading to an increase in the optimum water content. 

The direct shear test results of the mixtures showed that as the perlite content 
increased, the internal friction angle of the 20B-80S mixture also increased and the 
cohesion value decreased under room temperature (Table 3). Silanol (Si–OH) groups 
on the perlite surface are held by the clay surface by binding to hydroxyl groups at the 
edges of the clay plates [10]. Thus, the shear strength of the sand-bentonite mixture 
increases with the addition of perlite (Fig. 4).

Table 2 The Compaction 
parameterss of 20B-80S 
mixtures 

Mixtures 7d,max (kN/m3) wopt 

20B-80S 15.6 17.5 

18B-72S-10PE 11.1 25.0 

16B-64S-20PE 8.8 50.0
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Fig. 3 Compaction curves 
of the perlite added 
sand-bentonite mixtures

Table 3 . (°) and c (kPa) 
values of 20B-80S mixtures 
under room temperature 

Mixtures . (°) c (kPa)  

20B-80S 7.0 38.5 

18B-72S-10PE 20.0 17.6 

16B-64S-20PE 23.3 31.1 

Fig. 4 τ-σ graph of the perlite added sand-bentonite mixtures under room temperature 

In Fig. 5, the  τ-Eh graph of perlite added 20B-80S mixtures obtained from direct 
shear tests under temperature cycle (25-80-25°) and 196 kPa normal stress were 
given.
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Fig. 5 τ-Eh graph of the perlite added sand-bentonite mixtures under thermal cycle and room 
temperature 

In the presence of perlite, the shear strength parameters were obtained of 20B-
80S mixtures by consolidating under 8 h heating-16 h cooling cycle. The maximum 
shear stress value of the 20B-80S mixture was determined 176.1 kPa. This value 
decreased to 111 kPa with 10% perlite and 130 kPa with 20% perlite at room temper-
ature. In addition, perlite additive decreased the shear strength of the mixture, but 
with 20% perlite additive reached higher strength than 10% perlite additive. The lower 
bentonite ratio in the 20% perlite added mixture causes the higher shear strength when 
compared with 10% perlite added mixture. In addition, the porous structure of perlite 
is one of the main reasons (material displacement) for this decrease in the strength 
of the sand-bentonite mixtures under thermal cycles. 

As can be seen in Fig. 5, the perlite additive had an increasing effect on the shear 
stress of the additive free mixture under room temperature. Silanol (Si–OH) groups 
on the perlite surface were held by the clay surface by binding to hydroxyl groups at 
the edges of the clay plates [10] and this exchange causes increase in shear strength. 
However, this effect was not observed under temperature cycling. The fact that the 
voids formed in the structure of perlite with increasing temperature are irreversible 
when the mixture is returned to room temperature and it causes decrease in shear 
stresses. On the other hand, when the same mixture is taken into account, the stress 
value under the temperature cycle is higher than the value at room temperature can 
be explained by the increase in ductility [4]. In other words, because of ductility the 
mixture can sustain more deformation under the applied normal stress in the presence 
of high temperature.
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4 Conclusions 

In the present study, compaction and direct shear tests were performed in the presence 
of 10 and 20% perlite additive on the sand-bentonite mixtures. Direct shear tests were 
conducted under two different conditions, room and temperature cycle. 

According to results of this study, when perlite additive was added to the 20B-80S 
mixture, it increased the optimum water content while decreased the dry unit weight 
of the mixture. The direct shear test results performed at room temperature revealed 
that perlite has an increasing effect on the shear strength of the mixture. In addition, 
the results of the direct shear test performed under the temperature cycle showed that 
both perlite ratios have a reducing effect on the shear stress value of the mixture. The 
shear strength improvement effect of perlite on sand-bentonite mixtures was found 
to be significant under room temperature but insignificant under thermal cycles. 
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Role of BIM for Different Phases 
of Geotechnical Investigation 
of the Transport Infrastructure 

Ivan Vaníček and Martin Vaníček 

Abstract The paper deals with application of BIM—Building Information 
Modelling and is focused on different phases of the Geotechnical Investigation, 
preferably for Transport Infrastructure. The result is combined 3D model of the 
Ground and Geotechnical structure—embankment of the motorway which enables to 
the construction partners not only discussed technica problems but also construction 
time schedule, financial flow. 

Keywords BIM · Geotechnical investigation · Geotechnical design · Geotechnical 
model · Earth structures · Transport infrastructure 

1 Basic Principles of BIM 

In the last decade, with the process of digitization in construction, a process called 
BIM—Building Information Modelling—has come to the fore. BIM is a shared 
source of knowledge about construction, creating a reliable basis for decision-making 
during its life cycle, defined from the first concept to demolition. 

In principle, it is a 3D model of the structure divided into the smallest 
details. Therefore, it was first applied to the field of mechanical engineering or 
energy/electronic structures, where the smallest detail, simply put, begins with the 
screw itself. This gradual division is easier for building structures—building Engi-
neering, especially for the area of technical equipment of buildings than for the area 
of Civil Engineering. For building construction, division into unified parts is more 
common and allows their subsequent repetition. For civil engineering, this unification 
is significantly smaller.
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The 3D BIM model can be applied from the first beginning to the end of the 
construction life. It therefore has a clear development, of which the phase of comple-
tion of construction and presentation of the BIM model of the actual construction is 
important, which is then used throughout the life of various repairs, reconstructions 
and in its final phase serves to evaluate energy consumption not only for construction, 
but also operation and subsequently demolition of the building, Refs. [1–6]. 

The BIM model thus serves not only for the discussion of the individual construc-
tion participants in the design phase but also for the construction phase in terms of 
construction time schedule, financial flows, etc. Therefore, the abbreviation BIM in 
these cases of use is also interpreted as Building Information Management. 

2 Role of Geotechnical Engineering in BIM Process 

The role of geotechnical engineering occupies two basic positions in the whole BIM 
process: 

– A role of a substructure that interacts with a superstructure. 
– The role of the superstructure itself, which, however, also interacts with the 

substructure. 

It should be emphasized here that the term substructure mainly represents the 
rock environment—ground—with which the superstructure interacts, but also the 
foundation structures by which the interaction of the superstructure with the rock 
environment—ground—is ensured. The relationship is shown in Fig. 1, and it follows 
that the term construction includes not only superstructure but also substructure, 
when the extent of the rock environment, which is still part of the whole construction 
is the part that is affected by the proposed construction. It therefore represents an 
area that needs to be sufficiently explored, as it must be considered when solving 
the limit states of the geotechnical structure, in this case the foundation structure. 
This corresponds to the most common definition of a construction, in which it is 
necessary to include not only the superstructure, but also the area of the affected 
rock environment—ground—including the foundation structures.

The above scheme applies to practically all building structures, but also to some 
engineering structures, such as bridges. On the one hand, there is the initial idea of 
the architect or building/structur engineer about superstructure and on the other hand, 
the initial idea of the geotechnical engineer about the rock environment—ground. 
Gradual specification of geotechnical properties for the rock environment—espe-
cially to the extent affected by the construction—leads to more precise ideas about 
the foundation structure that ensures the interaction. In most cases, the foundation 
structures will adapt to the original assumptions, but their optimization may lead 
not only to requirements for the ground improvement, but also to the design of 
superstructures with lower sensitivity to the limit states of geotechnical structures.
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Fig. 1 Schematic 
representation of the term 
building—consisting of 
superstructure, foundation 
structure and ground affected 
by the whole structure

Thus, the following comes to the fore: 

– Significance of individual phases of geotechnical survey corresponding to 
individual phases of geotechnical investigation of geotechnical structure 

– Importance of close cooperation structural and geotechnical engineers, as are 
together responsible for safety, stability and economical design of structure. 

In particular, the second point leads to the requirement to connect 3D models of 
the superstructure and 3D model of the rock environment from the very beginning. 
The hitherto common separation of the 3D superstructure model, for example by an 
architect without a connection to the rock environment, is insufficient to meet the 
new requirements, even from the point of view of digitization and final construction. 
The new requirements require the connection of both models, which gradually leads 
to the refinement of the 3D model of the foundation structure that provides the 
interaction. However, the centre of the 3D model is the building (or bridge) itself, and 
the foundation structure with the rock environment forms an individual parametric 
element. 

3 BIM Process for Transport Infrastructure 

In the case of Transport Infrastructure, all 3 basic geotechnical structures come to 
the fore: 

– Foundation structures, especially for the cases of bridge foundations, which were 
in principle described in the previous chapter. 

– Earth structures, which include road or railway embankments and cuts, airports, 
parking lots, Refs. [7, 8]. 

– Underground structures—especially tunnels.
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Fig. 2 Layout diagram of 
the BIM model, in the centre 
of which is a geotechnical 
structure (earth or 
underground with affected 
ground) 

In the last two cases, the geotechnical structure itself is in principle characterized 
as a superstructure and it is a direct interaction of the earth or underground structure 
with the rock environment. The geotechnical engineer is thus not only involved in 
determining the geotechnical properties of the rock environment, but is also respon-
sible for meeting the limit states as required for geotechnical structures in Europe 
in Eurocode 7-EN 1997 “Geotechnical design”. The centre of the 3D BIM model is 
both the earth structure and the underground structure, Fig. 2. 

4 Relationship Between the Phases of Geotechnical 
Investigation and Geotechnical Design 

This relationship is important for all structures, because each structure solves the 
interaction with the rock environment, in the form of foundation structures. There-
fore, it is a general principle, the closer knowledge of which is important not only for 
geotechnical engineers who are engaged in investigation or design, but for all other 
participants in the construction process, starting with investors and ending with the 
contractor. 

Currently, in the final phase of Eurocode 7 Geotechnical design of the second 
generation, there are 5 main phases of Geotechnical/Ground Investigation (GI), 
when the third phase, referred to as “Design Geotechnical/Ground Investigation”, 
is used for the actual design of geotechnical structure (GD). Subsequent phases are 
referred to as Supplementary GI or Confirmatory GI and serve both in the case of 
changes (modifications) to the geotechnical structure, or when finding at the begin-
ning of the structure execution that the conditions of the rock environment differ 
significantly from those anticipated. Confirmatory GI is in principle a documenta-
tion of the exposed rock environment during structure execution and is part of the 
GCR—Geotechnical Construction Report, Ref. [9].
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Table 1 Relationship 
between individual phases of 
geotechnical survey and 
design of geotechnical 
structure 

Ground/geotechnical 
investigation GI 

Geotechnical design 

Desk study Study—investment project (idea) 

Preliminary GI First step project documentation 
for planning inquiry 

Design GI Design (GDR)—documentation 
for building permit 

Supplementary GI Design modification—for 
construction 

Confirmatory GI GCR—Geotechnical 
construction report 

The general relationship between the GI phase and the GD phase is given in 
Table 1. 

Further attention will be focused on the first three phases. Their scope and focus 
are governed by the general principle. The care given to the survey and the design 
itself is governed by the risk associated with the proposed design and execution. 
For very undemanding constructions, realized in a simple rock environment and thus 
associated with a small to negligible risk, it is even possible to combine the individual 
phases into one, just confirming the original assumptions obtained on the basis of 
previous experience. 

For common structures, especially for Transport Infrastructure, the assumption 
of 3 phases is justified. It is advisable to start with the requirements for the third 
phase, the Design Geotechnical/Ground Investigation. In the Design GI report, the 
geotechnical structure designer should receive basic information about the rock envi-
ronment, its division into quasi-homogeneous lithological layers/geotechnical units 
including discontinuities with a summary of all the knowledge gained for each of 
them. Design GI report also contains information on groundwater, especially with 
regard to its changes over time, problem which is not part of this paper. 

Subsequently, the designer selects from the data file the so-called representa-
tive/characteristic value of the geotechnical property, which he/she then uses in his 
Calculation Model. The selection is cautious and mainly considers the sensitivity of 
the partial property to the solved limit states. The reliability of the delivered set of 
properties within the Design GI, including the selection of representative values, can 
then be compared with the properties found primarily within the Confirmatory GI, 
how credible the investigation or the selection of the representatives/characteristic 
values was.
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5 First Three Phases of the Geotechnical Investigation 
for Transport Infrastructure 

Geotechnical structures for Transport Infrastructures are usually connected with rela-
tively high risk, namely for foundation of bridges, for tunnels, and for earth structures 
with high embankments or deep cuts. The division of GI into 3 basic phases is there-
fore fully justified and has a direct link to geotechnical design, when in accordance 
with Table 1 it can be divided into: 

– Investment project (idea), feasibility studies require a survey in the search of all 
available information (desk study) supplemented by personal site visit. 

– First step project, documentation for planning inquiry requires preliminary GI 
and 

– Design—Geotechnical Design Report—documentation for building permit 
requires detailed -Design GI 

The main focus is the gradual refinement of the rock environment model up to the 
stage used by the geotechnical structure designer for his Geotechnical Design model. 
At the beginning, the geological view prevails, but over time, with the acquisition of 
information about the geotechnical properties of individual lithological layers of the 
rock environment, the geotechnical view prevails, not only in terms of the needs of 
the designer, but also the needs of the structure execution. 

It is obvious that close cooperation is required not only of the GI developer 
and the designer of the geotechnical structure, but also of the investor and the 
builder/contractor of the construction. 

5.1 Desk Study 

Desk study, supplemented by a visit of the area of interest, is a relatively fast and 
undemanding way to obtain initial data. It mainly uses existing map data, where the 
main importance is geological, engineering geological and hydrogeological maps, 
in some countries as Finland also by geotechnical maps. In some states, it is possible 
to rely on a larger list of maps. In the Czech Republic, there are up to 17 sheets of 
so-called geological and environmental maps. The maps are supplemented by other 
archival documents, such as construction activities in the area of planned construc-
tion or the impact of the war years. The previous experience with the application 
of similar constructions in the vicinity is of great importance, especially in terms of 
geotechnical properties and experience with construction execution. In the case of 
Transport Infrastructure, especially line constructions, the amount of existing infor-
mation obtained in the vicinity of cities that are connected by transport infrastructure 
will differ from information from places with limited existing development. 

The result of the desk study should be the creation of the first initial stage of the 
geological model, but above all:
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– Evaluation of the impact of the proposed construction on the rock environment, 
which is one of the primary materials for the EIA process—Environmental Impact 
Assessment—today a practically necessary requirement in most countries for the 
Transport Infrastructure. 

– Evaluation of the impact of the rock environment on the proposed structure, 
emphasizing the potential geotechnical risks associated with this rock environ-
ment—thus using existing experience with the rock environment and experience 
with the implementation of similar structures in a similar rock environment. 

As a result, it forms an important basis for deciding on the route of highways, 
railways, respectively. To choose between the considered variants of the communi-
cation route. If the designer defines a 3D terrain model, it is very useful to enter the 
initial geological model. 

5.2 Preliminary GI 

Preliminary GI—occupies a particularly important position in the whole process, not 
only in terms of its preparation—planning, but also in terms of its evaluation. 

The main goal of preliminary GI planning is to define the area of the rock environ-
ment that will be affected by the proposed construction, both in the vertical direction 
(depth) and in the direction perpendicular to the communication route. Exploration 
points, especially boreholes and field exploration methods after determining their 
area and depth range will firstly specify the initial Geological model. Geophysical 
methods can also make a significant contribution to the rock environment model. 
However subsequently with the help of the obtained results of the geotechnical 
parameters the first Geotechnical model will be proposed. With new distribution 
of the layers in the rock environment, called in proposal of the second version of 
EN 1997—geotechnical units, for which it is approved that these units are quasi-
homogeneous in terms of geotechnical properties. That the geotechnical properties 
for individual geotechnical unit create a closed set. In the Geotechnical model, these 
sets (files with obtained results) are assigned for each layer—geotechnical unit. 

For the preliminary GI phase, it is sufficient if this quasi-homogeneity is demon-
strated on the basis of index and descriptive properties of soils and rocks. This 
possibility significantly influences the initial decision on defining the required cate-
gory of sampling methods and about laboratory quality classes of samples according 
to EC 7 Geotechnical design (also EN ISO 22475-1). 

The basis of quasi-homogeneity verification is the grain size composition with 
the help of triangular diagram with percentage of fine (f), sand (s) and gravel (g) 
fractions—Fig. 3. For fine-grained soils, the verification should be supplemented by 
a plasticity diagram, Fig. 4. Evaluation of the clay activity index IA is also useful, 
Fig. 5.
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Fig. 3 Quasi-homogeneity 
verification based on grain 
size composition 

Fig. 4 Fine-grained soils, 
quasi-homogeneity 
verification based on 
plasticity 

Fig. 5 Verification of 
quasi-homogeneity based on 
clay activity index IA 

From the point of view of determining the boundaries for various geotechnical 
properties, the determination of the state characteristics is also of great importance, 
the Consistency index Ic for fine-grained soils or the Index of density ID (at least 
indicative) for coarse-grained soils. 

One of the goals of the geotechnical model in the case of a relatively complex 
geological profile is to try to reduce the number of layers, but with the use of a 
certificate of quasi-homogeneity. For example, from the geologist’s point of view, it 
is important to determine the interface between the Quaternary and the weathered 
bedrock. However, if the character of the rock eluvium is very similar in terms of 
geotechnical properties with the Quaternary, this possibility exists here. 

The same applies to the cases of tunnels or deep cuts made in rock. Aspects of 
properties (e.g. simple compressive strength) predominate over aspects of geological 
development or detailed petrographic composition. The question of the degree of 
weathering also plays a very important role. 

The joint discussion of the participating partners on the Geotechnical Model after 
the end of the Preliminary GI phase leads mainly to:
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– Specification of the traffic route level, for fills, cuts, tunnels; 
– Preparation of a project for documentation for planning inquiry, especially using 

derived geotechnical parameters for the geotechnical structures (using soil classi-
fication and table values, parameters derived from the application of field survey 
methods, or parameters derived from the previous experience—from a similar 
construction under similar geological conditions); 

– To evaluate the ratio of excavations and embankments, including the suitability 
of the extracted material for embankments; 

– The first valuation of land purchase entitlements for the final route management; 
– Discussion on the implementation of the principles of Sustainable Construction, 

consisting in lowering of land consumption, as well energy together with CO2 

footprint and natural aggregates, their potential replacement by non-standard 
aggregates/waste materials, Ref. [10]. 

– Specification of requirements for the next phase of GI (Design GI). 

5.3 Design GI 

For the design of the geotechnical structures of Transport Infrastructure, it is neces-
sary in the third phase of GI to ensure a sufficient number of results of measurements 
of mechanical-physical properties for each quasi-homogeneous layer/geotechnical 
unit for statistical evaluation. The areal and depth distribution of investigation points 
is based on the evaluation of the previous stage and is focused on places where there 
is greater uncertainty in order to specify it. 

The Design GI phase is associated with greater demands on sampling and their 
quality. In principle, these are drilling applications with the collection of virtually 
intact samples and subsequent laboratory tests. Or the application of ground investi-
gation methods, (e.g. penetration, pressure meter tests). Their mutual combination is 
optimal, when the depth sequence of layers can be visually observed on the drilling 
core, while ground investigation methods provide continuous information with depth 
with respect to the measured parameters from which mechanical-physical properties 
can be derived using verified correlations. 

This phase of the GI also provides information on the geotechnical properties of 
soils after compaction and application to embankments. 

The discussion of the BIM geotechnical model of the rock environment together 
with the marked geotechnical structure—embankment, cut, tunnel, foundations of 
bridge abutments and pillars is focused on evaluating the complexity of this phase 
with attention to the most sensitive places associated with geotechnical risk, including 
the view of the designer and contractor. However, the main goal of the Design GI is to 
ensure a safe and economical design of the geotechnical structure and its subsequent 
execution.
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Fig. 6 BIM model of the real communication embankment (according to [5]) 

5.4 BIM Model of the Real Geotechnical Structure Execution 

From the point of view of a geotechnical engineer, the final BIM model contains 
not only final Geotechnical model of the rock environment but also the model of the 
realized geotechnical structure as specified in the Geotechnical construction report. 

An example of such a final 3D BIM model is the communication embankment 
on the subsoil improved by vertical geo-drains to accelerate consolidation, and it is 
possible to obtain additional information about all findings within the GI, about all 
construction materials used as well the results of quality control of the embankment 
construction, Fig. 6. 

Such a BIM model is used throughout the life of the structure, most often about 
120 years, and is used not only for maintenance and repairs of the structure but also 
for future potential interactions, whether it is an interaction with a new structure or 
a newly created interaction, such as during natural disasters or accidents caused by 
human activity, Ref. [11]. An example could be a truck accident with a hazardous 
substance when quickly choosing to protect the rock environment and the structure 
itself from contamination. 

6 Conclusion 

The paper primarily proves that the rock environment is an integral part of the 
construction, because the demonstration of safety and stability of the construction 
itself is also related to the demonstration of safety and stability of the rock envi-
ronment, which is affected by the construction itself. The BIM model of the solved 
interaction of the bedrock and the geotechnical structure is gradually specified for 
individual phases of the Geotechnical investigation and design of the geotechnical
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structure. It serves for closer cooperation of all partners in the construction process to 
ensure an optimal design adapted to the risk, specifically to Geotechnical categories 
according to Eurocode 7 Geotechnical design. At the same time, it represents a new 
element of construction documentation in digital form with easy use as needed in 
the future within the lifetime of the geotechnical structure itself. 
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Use of Neural Networks to Predict 
Correlations Between CPT and PMT 
Tests for Clay and Marl Soils 

Mohamed Khiatine and Ramdane Bahar 

Abstract The Menard pressuremeter (PMT) and the cone penetrometer (CPT) are 
the most widely used in situ tests for geotechnical investigations of sites in Algeria. 
Due to the quick and accurate results, they allow for field surveys, geotechnical design 
parameters and quality control assessments. Numerous correlations of geotechnical 
parameters measured from these two tests have been established in the literature. In 
this work, it is proposed to establish correlations between the gotechnical parameters 
deduced from the pressuremeter and the cone penetrometer tests for the clays and 
marls of the Algiers region in Algeria using the artificial neural networks approach 
(ANN). The parameters taken into account are the cone resistance of the CPT, the 
deformation modulus and the limit pressure deduced from the PMT. The results 
obtained will be discussed and compared to empirical relationships in the literature. 
The obtained correlations are relatively low compared to those from the literature. 

Keywords Correlations · Pressuremeter · Cone penetrometer · Clay · Marl · ANN 

1 Introduction 

The geotechnical engineer is often confronted with heterogeneous soils during 
geotechnical investigations. This heterogeneity makes the mission more difficult, 
costly and increases the error of soil characterization. Geotechnical investigations 
are generally based on in-situ and laboratory tests. In this context the use of corre-
lations be-tween the different geotechnical parameters is essential in order to obtain 
more reliable results. In the practice of soil mechanics, correlations between param-
eters are also used as a means of controlling the results of in situ and laboratory tests,
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and as a means of producing complementary values for certain parameters in relation 
to others, especially for preliminary evaluation and design purposes. 

In Algeria, among the wide range of in-situ tests, the cone penetrometer test (CPT) 
and the Menard pressuremeter (PMT) are distinguished, which occupy an important 
place in a geotechnical investigation campaign. Because of their rapidity of imple-
mentation and quickness of results obtained, their cost and because they adapt to 
most of the soils present on the surface, especially when these soils are generally 
soft and clayey. The CPT provides continuous evaluation of the subgrade profile with 
im-proved repeatability and reliability of test data. It measures continuous profiles of 
cone tip resistance (qc) and sleeve frictional resistance (fs). The PMT is an important 
field test that can be used to determine soil settlement and bearing capacity by direct 
measurement of the geotechnical properties of the soil, such as deformation modulus 
and limit pressure [1]. In the majority of projects, to minimize the costs associated 
with geotechnical testing, the investigation campaign often involves only one type 
of testing, which justifies the need to use specific correlations for each type of soil. 
The objective of this paper is to establish correlations between the geotechnical 
parameters derived from the CPT and PMT tests for the clay and marl formations 
encountered in the Algiers region using neural networks. 

2 Review of Existing PMT-CPT Correlations 

Several geotechnical researchers have presented relationships between the two most 
commonly used in-situ soil investigation tests, the PMT and CPT. These relation-
ships allow engineers to take an empirical approach to evaluating and analyzing soil 
properties by converting the available database from either test into the parameter(s) 
of the other tests. Many studies have focused on fine soils (clays and silts) and have 
interpreted a number of correlations between PMT and CPT such as those published 
by several authors [1–5]. In general, these correlations are based on the ratio of the 
cone tip resistance (qc) of the CPT and the limit pressure (Pl) of the PMT. The ratio 
of the net values qc*/Pl*, would be more representative. The (qc*) and (Pl*) are the 
net cone resistance of the CPT and the net limit pressure of the PMT, respectively, 
and can be calculated from: 

q∗ 
c = qc − q0 (1) 

P∗ 
l = Pl − P0 (2) 

qo and Po are total vertical stress and total horizontal pressure in the ground 
respectively. 

Jezequel et al. [2] studied the influence of the depth on qc*/Pl* on hydraulic fill 
dikes of a tidal power project in Rance, France [2]. The fill used was composed of 
clean sand with a dry density equal to 1500 kg/m3. The ratio qc*/Pl* in the  top 1.5  m
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Table 1 The ratio (qc*/Pl*) 
for different soil types 
according to Baguelin et al. 
[3] 

Soil description qc*/Pl* 

Very soft to soft clays Close to 1 or 
From 2.5 to 3.5 

Firm to very stiff clay From 2.5 to 3.5 

Very  stiff to hard clay From 3 to 4 

Very loose to loose sand and 
compressible silt 

From 1 to 1.5 and 
From 3 to 4 

Compact silt From 3 to 5 

Table 2 The qc/Pl ratio for 
different soil types according 
to Briaud et al. [2] 

Soil type PMT parameter Correlation to CPT  

Clay Pl 0.2 qc 

Em 2.5 qc 

Sand Pl 0.11 qc 

Em 1.15 qc 

of fill was from 9.11 to 12.03. Although qc varied from 2 to 10 MPa, qc*/Pl* was  
approximately 6.7 in the rest of the 20 m thick backfill. According to [3] soil type 
has the greatest effect on qc*/Pl*, and for depths of about 5−20 m there appears to be 
a close correlation between qc*and Pl*. Baguelin et al. [3] consider that reasonable 
averages of qc*/Pl* can be considered as those presented in Table 1. Wambekce [6] 
proposed, based on theoretical and experimental studies, that qc/Pl ratio be equal to 
3 [6]. A total of 82 PMT borehole data from various projects from 1978 to 1985 were 
collected by Briaud et al. (1992) and the correlations in Table 2 were proposed [4]. 
Furthermore, many correlations have also been proposed to relate Menard’s modulus 
(Em) to cone tip resistance (qc) in a form of a ratio  Em/qc in the literature [7, 8]. 

Many studies have been carried out on clays and silts. According to a study carried 
out on 165 comparative tests, Cassan [7] proposes an Em/qc ratio of between 2.5 and 
3.3 [7]. Bahar et al. [8] propose from a campaign of tests conducted in Algeri-an 
clays values of Em/qc between 3.0 and 4.9 [8]. 

2.1 Situation, Geological and Hydrogeological Contexts 
of Studied Site 

The study area is located in the region of Baraki, about 10 km East of the capital 
Algiers and relatively close to the coast of the Mediterranean Sea (around 5 km). 
The site covers an area of nearly 45 ha is intended for the future project of Baraki 
stadium and its associated structures. Within the framework of this project, several 
geotechnical investigation campaigns have been conducted between 2007 and 2013. 
The selected data were obtained from soil studies that were carried out in 2013 for the
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four megapiles supporting the roof of the stadium. Geologically, the main formations 
encountered are brownish to greenish clays, grayish muds, blackish peats, deposits 
of coarse sand with the presence of gravels and pebbles (alluvium with passage 
of conglomerate) and marls. According to the hydrogeological map of the Algiers 
region, the study area is characterized by a generally high permeability with important 
water resources. 

2.2 Geotechnical Data and Soil Properties of the Site 

Several geotechnical investigation campaigns have been completed since 2007 for 
the project. The first was carried out in 2009 and the second in 2013. The results of 
the second campaign have been exploited in this communication [9]. In the site of 
inter-est, the geological formations outcropping are essentially constituted by clays 
and alluvium (filling of the Mitidja plain). The synthesis of the boreholes carried 
out allowed distinguishing in general two horizons. A superficial horizon from 0 to 
12 m or even 30 m deep in the right of the East mega pile composed of brownish to 
greenish marly clays slightly pebbly, greyish vases and blackish peat in some places. 
The second horizon, beyond 6.0−30 m depth in some places consisting of alluvium 
resting on marl. Beyond about 30 m depth, the main formation encountered is the 
layer of yellowish grayish marl with grey stain little to pebbly becoming grayish with 
yellowish stain in depth (Pliocene marly substratum). The piezometric water level 
were made varied from −2.0 to −10.0 m. 

Samples collected from boreholes at different depths were subjected to physical– 
mechanical tests in the laboratory. The results of these tests are shown in Table 3. The  
main formations encountered in site are essentially fine soils (Fig. 1). The results 
of the laboratory tests reveal formations not very dense to dense, not very plastic 
to plas-tic with the presence of some very plastic formations on the surface, soft to 
consistent, moderately compressible with passages rather to highly compressible by 
place, not swelling to relatively swelling.

In addition to the boreholes and laboratory tests, the following measurements 
were also made the pressuremeter tests (08) and CPT (08). The selected data were 
obtained from PMT and CPT tests that were performed as part of a soil investigation 
program at the four stadium mega-piles. The minimum and maximum depths of the 
CPT tests were 7.0 and 30 m respectively. However, PMT test depths were performed 
to 30 and 45 m. The obtained results in term of pressuremeter parameters (Pl and Em) 
are shown in Fig. 2. Also, the results obtained of cone penetrometer test parameters 
(qc) is illustrated in Fig. 2. The type of the penetrometric machine employed on the 
site is Gouda type of 20 tons. The tip of the cone has an angle of 60° and a base 
area of 10 cm2. The sleeve lateral surface is 150 cm2, placed on top of the cone, 
in the zone influenced by the displacement bulb. The assembly is driven into the 
ground by means of a hydraulic system at a speed of 2 cm/s. The measurements of 
the characteristics are made every 20 cm.
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Table 3 Physical and mechanical characteristics of the main formations of soils 

Characteristics of the soil Marly clay brownish to greenish with 
yellowish spots 

Grayish marl 
(Pliocene marly substratum) 

Horizon Superficial horizon Second horizon 

Classification Fine soil Fine soil 

γd (kN/m3) 13.80 − 16.30 15.30 − 19.00 
γh (kN/m3) 18.65 − 20.05 19.20 − 21.00 
w (%) 18.80 − 46.50 9.40 − 34.20 
Sr (%) 92.00 − 100.00 48.00 − 100.00 
wL (%) 43.30 − 52.30 34.00 − 63.75 
Ip (%) 19.65 − 25.40 16.50 − 33.00 
ϕ (º) 4.95 − 13.44 8.05 − 25.93 
C (kPa) 38.00 − 74.00 48.00 − 120.00 
Compressibility Medium to very compressible Low to medium compressible 

Fig. 1 Textural soil classification in a ternary diagram with LCPC denomination

From the examination of the lithological profiles of the PMT and CPT soundings, 
we can see that the soil is essentially constituted by two horizons, characterized 
by distinct pressuremeter and cone penetrometer parameters. The first horizon of 
very low to low resistance from 0 to 5 MPa (occasional exceeding 8 MPa) with an 
average of about 2.1 MPa, represented by the brownish to greenish marly clays and 
the second horizon with an average to quite resistant from 3 to 7 MPa up to exceed 
9 MPa or even 10 MPa corresponding to the greyish marls (substratum). The first 
horizon, also characterized by limit pressures varying between 0.3 and 0.9 MPa with 
an average of 0.45 MPa and deformation modulus varying between 2 and 20 MPa 
with an average of about 5 MPa. Em/Pl ratio indicates subconsolidated to normally 
consolidated clays. Whereas the second horizon, which corresponds to the yellowish
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Fig. 2 Pressuremeter and penetrometric parameters results measured in the study area

to grayish marls, characterized by pressure limits ranging from 0.4 to 2.9 MPa with 
an average of 1.25 MPa, and pressure modulus ranging between 65 and 500 MPa with 
an average of around 140 MPa. The second horizon, Em/Pl ratio indicates mainly 
marls normally consolidated to over consolidated. 

2.3 Analysis of CPT and PMT Data Using ANN 

The practice of ANNs (Artificial Neural Net-works) in geotechnical engineering 
has developed considerably over the past decades. Several studies have suggested 
that neural networks were used for evaluating pile capacity prediction, soil behavior 
mod-eling, slope stability calculations, etc. [10]. It should be noted that soil engi-
neering properties have a wide variety of uncertainties due to the heterogeneity of 
soil associated behavior. The ANNs are likely the best option for establishing a reli-
able relation-ship model with nonlinear data points. Recently, several studies have 
been conducted on the correlation of soil engineering properties with geotechnical 
and geophysical parameters of soils by incorporating neural networks [11]. 

ANNs are systems capable of adjusting their own internal configurations 
according to the desired objective. They are specially designed to solve problems with 
nonlinear variables. The processing elements of neural networks are called “nodes”, 
which is the basic element of this technique. The system consists of the various 
input and output nodes that communicate with other nodes or with the environment 
provided by the network. In addition, each network has its own functions that trans-
form input into output, as shown in Fig. 3. In this study, the training process was 
performed by MATLAB, which includes a number of training algorithms, including
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Fig. 3 Schematic showing a processing element containing a neuron to compute an output from 
an input 

Fig. 4 Correlations qc*(MPa) versus Pl* and  qc*(MPa) versus Em(MPa) in the superficial horizon 
(clay and marl clay) using ANN

the back propagation training algorithm. The collection of measurements from PMT 
and CPT tests performed on the two different soil horizons (surface horizon: marl 
clay and second horizon: marl), located in the province of Baraki, Southeast of the 
capital of Algiers. Figures 4 and 5 show the results obtained from the cone tip resis-
tance with net pressure limit and pressuremeter modulus for the two different types 
of soil horizons encountered mainly on site. 

2.4 Result and Discussion 

A total of 165 sets of clay and marly clay and 140 sets of marl soil data from site 
were collected using the results of the CPT and PMT tests. Data subdivided in three 
sets: 15% of the data for testing, 15% of data for validation and the remaining 70% 
of the data were used for training. According to the trend shown in the graphs above,
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Fig. 5 Correlations qc*(MPa) versus Pl* and  qc*(MPa) versus Em(MPa) in the second horizon 
(marl) using ANN

the limit pressure and pressure modulus increase with the cone tip strength and the 
re-gression coefficient R2 is from 0.80 to 0.82 for the validation data, from 0.61 
to 0.78 for the training and between 0.62 and 0.76 for all the tested values. This 
result can be considered a good regression value. The adjustment relation obtained 
between the net limit pressure (Pl*) and the net cone tip resistance (qc*) for the very 
soft marly clays is of the form: Pl* = 0.38 qc* + 0.25 and for the marl is of the 
form: Pl* = 0.57 qc* + 0.45. However, the adjustment relation obtained between 
the pressuremeter modulus (Em) and the net cone tip resistance (qc*) is as follows: 
Em = 0.46 qc* + 2.6 for clays and marly clays and for marls is of the form: Em = 
0.52 qc* + 2.4. 

3 Conclusions 

The correlation between CPT and PMT parameters was studied using ANN for a 
heterogeneous site, located in the province of Baraki, South-East of the capital of 
Al-giers. For clays and marly clays examined, the average Em/qc ratio is about 3.47, 
this value is in agreement to those proposed by Bahar et al. (1999) and Van Wambekce. 
The average qc*/Pl* ratio is about 2. This value is relatively lower compared to the 
litera-ture, due to the marly clay studied which is very soft. For the marl studied 
(1982), it has been shown that, the ratio qc/Em is in the order of 1.5 and ratio qc*/Pl* 
is 1.3. This range is lower compared to the literature, due to the marl studied which is 
soft. The work will continue for other marls in the study area with a bigger database 
in the future for a more reliable characterization of this formation.
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Stability of Slopes and Landslides



Numerical Analysis of Slope Instability 
Due to Water Pipe Leakage 

K. H. Park and G. Ramnauth 

Abstract Buried pipe leakage can initiate landslides in road slopes. This study 
deals with stability analysis of a clayey slope subjected to water pipe leakage. A case 
study of landslides is considered for slope in Chatham Village of south Trinidad. 
Numerical analyses were conducted in two ways: (1) unsaturated seepage analysis 
using SEEP/W software to obtain the porewater pressure distribution and (2) slope 
stability analysis using SLOPE/W to calculate the factor of safety during water 
leakage. The results demonstrate that most important observations in water flow and 
stability responses of unsaturated clayey soil slope under water pipe leaking condition 
can be reasonably well simulated using the proposed numerical procedure. 

Keywords Slope failure · Clayey slope ·Water pipe leakage · Unsaturated flow ·
Stability analysis 

1 Introduction 

Trinidad is a tropical island of approximately 4,827 km2, located at the south fringe 
of the Caribbean Sea. The climate is tropical and seasonal with a dry season from 
January through May, and a wet season from June through December. The annual 
temperature varies from 21−30 °C with average temperature of 25 °C. The rainfall 
averages 1520 mm. Topographically, the island is divided by three mountain ranges 
separated by undulating land, plains and swamps: the Northern Range, the Central 
Range, and the Southern Range. The majority of recorded landslides in the Northern 
Range are along the Maracas Road, caused by slope-disturbing activities where roads 
cross steep slopes, and triggered by intense rainfall [1]. In the Central and Southern 
Ranges, slope failures are prone to occur when high plasticity clays alternate with 
silty clays of medium to high plasticity with varying thickness and plasticity [2–5]. 
Around 76% of Trinidad and Tobago’s landslips are in central and south Trinidad. 
Clayey soil, especially combined with excess water, contributes to the prevalence of
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Fig. 1 Location of landslides 

landslips. Such water may come from heavy rainfall, nearby homes including cesspits 
and soakaways, leaking WASA pipes, deforestation and vegetation clearance, etc. 

Chatham Village is in the south-western Siparia region of Trinidad and is 
connected to the rest of the island by one road, the Southern Main Road (Fig. 1). 
There have been several slope failures along the ridge of the Southern Main Road, 
especially with two major failures (Fig. 1). These landslips along the Southern Main 
Road threaten to disconnect residents in Chatham Village from the rest of the island. 
Despite attempts to remediate the area, landslips continue to occur, and the causes 
of these slope failures have not been adequately determined. One constant factor 
among all of the slope failures has been leakages in buried water pipes. 

The objective of this study is to investigate the effect of a progressive water leakage 
in buried pipe on slope stability. 

2 Methodology 

2.1 Slope Model and Soil Properties 

After the landslides occurred, the geotechnical investigation was conducted by EISL 
[6] on December 14–15, 2015 at the request of the government agency. In this study, 
the typical section of slope for the analysis and soil properties are determined using 
the results of field survey, SPT and laboratory tests conducted by EISL. This study 
focuses on the stability analysis of Landslide B. Figure 2 shows the typical section 
of slope in clayey soils with buried pipe (0.4 m diameter water pipeline).
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Fig. 2 Geometry of Landslide B (before failure) [6] 

The basic soil properties of the soils are summarized in Table 1. The soil– 
water characteristic curve (SWCC) equation was obtained by a functional parameter 
regression model, such as [7, 8] 

a = 32.835 × ln(w P I  ) + 32.438 (kPa) (1) 

n = 1.421 × w P I  − 0.3185 (2) 

m = (−2.04 × 10−4 ) × w P I  + 2.22 (3)

Table 1 Soil properties used 
in this analysis [6] 

Parameter Layer 1 Layer 2 

USCS classification CH SC 

Sand (%) 40.1 79.3 

Silt & Clay (%) 59.5 13.8 

Liquid limit (%) 57 34 

Plasticity index (%) 45 23 

Unit weight (kN/m3) 18 19 

Effective cohesion (kPa) 5 0 

Angle of internal friction (o) 25 30 

Saturated permeability (m/s) 5 × 10−8 5 × 10−7 
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Fig. 3 SWCC used in this study 

w P I  = P I  × P200/100 (4) 

where, a, n, and m = curve-fitting parameters for Fredlund and Xing’s [9] SWCC 
equation, PI = plasticity index (%), and P200 = percent of soil passing US standard 
sieve # 200 (%). The SWCC used for the analysis is shown in Fig. 3. 

2.2 Seepage and Stability Analyses 

To obtain porewater pressure distribution, a transient seepage analysis was conducted 
using SEEP/W [10]. Pipe leakage was modelled by applying a flow rate at the pipe 
source. The range of 1 × 10−10 − 1 × 10−6 m3/s can be considered as a single 
undetected leak to a very large leak [11]. Most pipe leakages begin as small leaks 
and then progress to become larger leakages. To simulate the progression of the pipe 
leakage, the flow rate was progressively increased from 1 × 10–7 −7 × 10–7 m3/s at 
5-day intervals to a maximum of 35 days, as summarized in Table 2. The modelling 
mesh is shown in Fig. 4.

SLOPE/W [12] was used to conduct the limit equilibrium stability analysis using 
the Morgenstern-Price method. The slip surface was set up by the entry and exit 
method considering the actual failed surface.
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Table 2 Time step flow rates 
and duration 

Step Flow rate (m3/s) Duration (day) 

1 1 × 10−7 5 

2 2 × 10−7 5 

3 3 × 10−7 5 

4 4 × 10−7 5 

5 5 × 10−7 5 

6 6 × 10−7 5 

7 7 × 10−7 5 

Fig. 4 Modeling mesh

3 Results and Discussion 

3.1 Effect of Flow Rates 

The changes in factor of safety with respect to time at different flow rates are shown 
in Fig. 5. At time 0 day, the factor of safety is at its highest irrespective of the flow 
rate because the shear strength of the soil is greater than the overburdened stress at 
the initial dry condition. The factor of safety fell below 1.0 at a flow rate of 1 × 10−6 

and 5 × 10−7 m3/s at days 9 and 57 respectively. However, for flow rates of 2 × 10−7 

and 1 × 10−7 m3/s, there was no failure within 180 days.
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Fig. 5 Variation of factor of safety for different flow rates 

3.2 Effect of Progressively Increasing Flow Rate 

The change of the safety factor due to progressively increasing flow rate in Table 2 is 
shown in Fig.  6. For every change in the flow rate, there is gradual change in factor 
of safety up to 25 days. Thereafter, the factor of safety decreases significantly and 
drops below 1.0 at approximately day 33. 

Small leakages in buried water pipes are difficult to detect. However, if these small 
leakages are not repaired early, the damage can progress and lead to slope instability.

Fig. 6 Variation of factor of safety for progressively increasing flow rate 
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For the given slope, as the leakage of the buried water pipe progressed, the slope 
become unstable. 

4 Conclusions 

Numerical analysis was performed to investigate whether leakage of water pipes 
buried along the clay slope of Chatham Village affect the slope failure. The effect of 
progressively increasing leakage on slope failure was also investigated. 

The results indicate that water pipe leakages can result in slope instability and the 
rate of leakage is an important factor that should be considered during slope stability 
analysis. The progressively worsening leakages can lead to slope failure. Thus, it is 
important to repair damages to leaking buried water pipe early and before it becomes 
worse. 
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GIS Susceptibility Maps for Shallow 
Landslides: A Case Study in Shawinigan, 
Quebec, Canada 

Michael Barbosu and James Gray 

Abstract Landslides on various scales represent an important category of morpho-
logical processes in Quebec, playing an important role in the evolution of slopes, 
as well as causing instability problems for infrastructures and occasionally, loss of 
life. In this paper, we present the potential for shallow landslides, within the La 
Bissonnière amphitheatre, near Shawinigan, itself created progressively over the last 
10,000 years, by a combination of episodic quick clay flows and fluvial downcutting 
of the St Maurice River and its tributaries. An infinite slope model, using the so-called 
factor of safety was used to produce GIS shallow landslide susceptibility maps for 
the area and the validity of the model was confirmed through field observations and 
comparisons with orthophotos. 

Keywords Landslides · GIS susceptibility maps · Factor of safety · Shawinigan 

1 Introduction 

In the lowland areas of Quebec, covered at the end of the last glacial period by 
sensitive marine clays, slopes created by the fluvial incision of streams and rivers have 
created conditions favorable to catastrophic quick clay flows of varying magnitudes 
[12, 13]. 

Marine clays have indeed created the main pre-conditions for the larger, more 
deep-seated landslides, but for shallow, superficial landslides, other factors need 
also to be taken into account. 

This paper evaluates these factors and uses them to design a GIS-based shallow 
landslide susceptibility map for the large La Bissonnière amphitheater, along the St 
Maurice River, near Shawinigan, Québec.
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2 Previous Studies 

The deglaciation of the middle and lower St Lawrence Valley and the concomitant 
invasion of the lowlands by the Champlain Sea have been described in detail in [17]. 

Many authors have described landslides or quick clay flows in the region, some 
of catastrophic proportions [3, 5, 8, 12, 13]. 

The St Lawrence Lowlands descends gently from the Canadian Shield to the 
present St Lawrence River by a series of terraces, cut during recessive phases of 
the Champlain Sea invasion. The combination of initial relief between the margins 
of the Canadian Shield and the Saint Lawrence River, the thick blanket of sensitive 
marine clays and overlying sands, silts and clays, created ideal pre-conditions for 
both deep-seated quick clay flows and also for shallow landslides. Most slopes are 
adjacent to the hydrographic network and this is the source of the differences in 
altitude, while the process of embankment of the rivers lead to the destabilization 
of slopes. Several case studies in the area emphasize abundant precipitation or rapid 
snow-melt as triggering factors for such landslides [3, 7]. Moreover, higher water 
tables create zones susceptible to shearing [14] and therefore to mass movements. 

For the St. Lawrence Valley, mass movements were classified into four major 
categories [13]: 

(a) Rotational landslides, where the fracture plane corresponds to an arc of a circle 
and the movement of the material occurs in a rotation, having deeper fracture 
surface and considerable debris volume. 

(b) Retrogressive landslides, which essentially have the same mechanisms as rota-
tional landslides, except for the fact that there is a succession of ruptures; this 
type of landslides can cause the clay to liquefy. 

(c) Clay flows, characterized by a very strong retrogression and major liquefaction 
of the clays. 

(d) Shallow landslides, that can be up to 2–4 m deep and are mainly generated by the 
water saturation of the soil. They develop in marine sediments and they occur 
in large numbers each year, especially along rivers and steep escarpments, in 
clayey terrain [9]. These landslides are a consequence of changes in the stress 
on the slope and many of them represent a preliminary step for a progressive 
failure, which can develop into a large-scale mass movement. 

The current work concerns shallow landslides in the South Shawinigan region of 
Quebec. 

3 The Study Area 

The Shawinigan region of Quebec is notorious for the landslides that have taken 
place here and the several scars from clay flows [5, 12]. The sites of old landslides 
in marine clay show a high susceptibility to new, superficial ones, along the stream
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gullies; they can cause local instability and then spread over larger areas, [15]. The 
unconsolidated deposits in the region are composed of sand at the surface, clayey silt 
at depth, and an irregular layer of till at the base, as presented in [8]. These deposits 
rest on a substratum made up of Precambrian rocks and crossed by the Saint-Cuthbert 
fault. The region is also characterized by a series of stepped terraces on both sides of 
the Saint-Maurice River, that are cut across by the amphitheater mentioned above. 

Our particular study area, described in detail in [8], is located in the Mauricie area 
of Quebec, on the site of the La Bissonnière amphitheater, outlined below in Fig. 1a. 

For the La Bissonnière amphitheater we also generated the Digital Elevation 
Model (DEM), presented in Fig. 1b.

(a) (b) 

Fig. 1 a Study area with approximate boundary of La Bissonnière Amphitheater © Open 
Government License—Canada, 2022. b DEM generated for the study area, in La Bissonnière 
Amphitheater 



278 M. Barbosu and J. Gray

4 Methodology 

Our goal is to develop and implement a model used to create GIS-based shallow 
landslide susceptibility maps for the La Bissonnière amphitheater. 

Landslide susceptibility was defined by [4] as the tendency of a landslide to occur 
in a specific region in the future and there are several indicators used to suggest 
whether a site is susceptible to mass movements. 

The slope angle is one of them, and in the context of a temperate climate, the 
angle of equilibrium for clays is around 20°, so slopes with an inclination greater 
than this value are more likely to become unstable [11]. 

Changes in the position of the water table is another important factor to consider, 
because it induces a change in pore pressure and can generate shear planes in cracks 
that exist in clays [10, 11]. In fact, when any variable that influences the slope 
stability undergoes a strong variation in a very short period of time, it can generate a 
destabilization of the material and cause a land slip or reactivate a pre-existing one 
[2, 20]. 

It may be, for example, an exceptional rainfall event, leading to water saturation 
and erosion, a seismic shock, or an anthropogenic action—like building new road 
embankments or trenches at the bottom of the slope, etc. 

Shallow landslides—which represent the focus of our study—have the plane of 
failure oriented parallel to the surface of the slope, are translational, and can have 
a thickness of up to 2–4 m. To obtain the susceptibility map for an area to shallow 
landslides we used the infinite slope model [16, 19]. 

This model comes with the following assumptions, applicable to our study area: 

– we assume that the failure occurs as a single layer and the failure plane is infinitely 
wide, with a shearing surface and a water table parallel to the ground surface; 

– we also assume that all parameters involved in the model are continuous functions, 
allowing us to perform spatial interpolation between the sample points; 

– finally, we consider that susceptibility to landslides is a constant over time, which 
is true for shorter periods of time, as is our case, but over long time periods, there 
is some temporal variability [6]. 

In the present study of the Shawinigan region, the information we had and collected 
on the subsoil, along with the existence of large-scale topographic maps allowed us 
to opt for an approach of generating landslides susceptibility maps based on this 
infinite slope model, with a spatial evaluation of the factor of safety, FS. 

FS is the ratio between two contradictory forces acting on a slope: the frictional 
force (resistance) and the inertial force (movement); here we used the formula [16, 
18]: 

FS = c + hgcos2θ (ρmat − ρwaterm)tanφ 
ρmathgsinθcosθ 

(1) 

where:
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c = cohesion of the material (kPa) 
ρmat = density of the material (kg/m3) 
ρwater = water density = 1000 (kg/m3) 
θ = slope angle (degrees) 
h = thickness of the sliding mass (meters) 
Φ = angle of internal friction (degrees) 
g = gravitational acceleration = 9.81 m/s2 

m = d/h, the ratio between the vertical distance d (from the sliding surface to the 
phreatic surface) and h (defined above). This way, m varies between m = 0 if the  
water table is at or below the slide surface and m = 1 if the water table is at the 
ground surface. 

Note that even if in theory, FS = 1 would be the limit for slope stability/instability, 
in practice, FS = 1.5 is accepted as a critical threshold state because of the approxi-
mate nature of Eq. (1), given the limited number of measurable parameters and the 
fact that other factors, like the influence of vegetation cover, etc., are ignored. In our 
current study and in the subsequent maps we took 6 classes of susceptibility: 

– very high susceptibility (FS less than 1); 
– high susceptibility (FS between 1 and 1.5); 
– moderate susceptibility (FS between 1.5 and 2); 
– low susceptibility (FS between 2 and 3); 
– very low susceptibility (FS between 3 and 4); 
– stable areas (FS greater than 4). 

This classification indicates areas with different degrees of stability, where land-
slides may occur. The prediction based on measurable parameters is very complex, 
[1], because of the uncertainty concerning some initial conditions, like the thickness 
of the sliding mass, the properties of the materials, and the hydraulic conditions, like 
the position of the water table, which is highly variable over time. 

Given the variety and amount of data that involve landslide processes, the most 
appropriate approach for generating landslide susceptibility maps is with Geographic 
Information Systems (GIS). Here we used the ArcGIS software with Spatial Analyst 
and the Raster Calculator. The algorithm developed to generate the susceptibility 
maps for shallow landslides involved the following steps: 

– topographic maps were digitized and the DEM, shown in Fig. 1b, was obtained; 
then, the DEM layer in Triangulated Irregular Network (TIN) format was 
converted to a raster format, each raster cell having 1 m2; 

– samples from 45 points (with a range of depth between 2–4 m) in the La Bisson-
nière amphitheater were collected and soil geotechnical analyses were performed; 
these lead to ranges of the angle of internal friction (22°–34°), cohesion of material 
(10–30 kPa) and density of material (545–1420 kg/m3). Particular values deter-
mined for the 45 points along with interpolated/extrapolated values for all other 
points in the region were used in the equation of FS. 

Finally, FS was fed into the Raster Calculator and susceptibility maps were 
generated at a scale of 1:5000, showing instability of slopes for each pixel.
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Our final result has an interactive character, which allows the modification of 
certain parameters. In the current paper, this latest feature is exemplified with two 
scenarios concerning the position of the water table: m = 0 (water table at or below 
the slide surface) and m = 1 (water table at the ground surface); these two situations 
are illustrated in Figs. 2 and 3, respectively. 

Fig. 2 Landslide susceptibility map for La Bissonnière, when m = 0
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Fig. 3 Landslide susceptibility map for La Bissonnière, when m = 1 

5 Results and Conclusions 

The current work shows the potential of the GIS spatial analysis technique used along 
with the infinite slope model to assess susceptibility to shallow landslides. GIS is 
very efficient for handling and processing a large amount of data in a short time and 
at a relatively low cost. Changes in input parameters, certain human activities, and
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seasonal climate variations can also be incorporated into the model, updating and 
improving landslide susceptibility maps almost in real-time. 

Based on the methodology described in the previous section, in Fig. 2 and Fig. 3 
we generated maps of susceptibility to shallow landslides for La Bissonnière; they 
are the final output of our model and represent, as mentioned above, the two extreme 
scenarios for the position of the water table, i.e. for m = 0 and m = 1. 

Maps from Figs. 2 and 3 indicate that most regions in the La Bissonnière amphithe-
ater are relatively stable, except for some sections occupied by escarpment and small 
ravines, which are subject to small superficial landslides. In percentages, zones 
affected by these shallow landslides vary from 6% when m = 0 to 35% when m 
= 1. As expected, most regions of high and very high susceptibility correspond to 
areas with steep slopes. However, we can identify sectors susceptible to landslides 
that are not necessarily related to slopes, but to soil properties, under conditions of 
high humidity. These areas are located in the N and NE part of the amphitheater and 
are distinguished by the low cohesion of materials and the higher content of clays. 
We also notice that, while overall this ancient landslide amphitheater has returned 
to a state of relative equilibrium, with a very low risk of large-scale quick clay flow 
or landslide, shallow landslides still occur. They are associated with direct or indi-
rect anthropogenic impacts and as indicated in [14], about 80% of landslides that 
occur each year are the result of the erosion of a watercourse at the base of a slope, 
while the remaining 20% result from inappropriate human interventions. Therefore, 
in the current context of climate change, the whole issue of risk assessment and 
susceptibility to landslides should be monitored and constantly reassessed. 

We checked and confirmed the validity of the model through comparisons of our 
susceptibility maps with orthophotos and recurrent field observations; besides, the 
latest landslide we visited, occurred in the city of Shawinigan on October 24, 2021, 
at the north of our study area, leading to the evacuation of 4 houses situated on the 
Boisclair street. 
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Determination of Critical Height 
of Unsupported Vertical Cuts Using 
Experimental and Numerical Methods 

Z. Nil Kutlu, Gregory Brennan, and Won Taek Oh 

Abstract Stability of unsupported cuts are commonly analyzed numerically as a 
2-dimensional problem using commercial geotechnical software such as SLOPE/W. 
This is also true for the unsupported cuts excavated into unsaturated soils. However, 
limited experimental studies have been undertaken to validate the numerical 
approaches in estimating the critical heights of unsupported cuts in unsaturated soils. 
To bridge this gap, laboratory test was conducted using a large-scale soil tank (W 
× L × H = 1.5 × 2.2 × 2.4 m) to determine the critical height of an unsupported 
vertical cut in sand with water table at 0.7 m from the surface. Excavation was simu-
lated by removing 0.1 m height retaining panels until general failure took place. The 
matric suction profile in sand above the water table was established based on the 
suction values measured from various depths with high capacity tensiometers (i.e., 
T5X). The critical height determined in the laboratory test was compared with the 
one estimated using PLAXIS (3D). 

Keywords Unsupported vertical cut · Critical height · Stability analysis · Matric 
suction · Numerical analysis 

1 Introduction 

In many cases, geotechnical projects such as construction of foundations and 
pipelines are initiated by excavating unsupported cuts. It is common practice for field 
workers to enter the unsupported cuts during the construction; hence, the design of 
unsupported cuts should be carried out with the utmost caution since the collapse 
of even 1.5 m height of an unsupported can suffocate the field workers [1, 2]. Two 
factors should be taken into account in designing an unsupported cut: critical height
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and stand-up time. Critical height is a maximum depth of an unsupported cut that can 
be excavated without failure, while stand-up time is defined as time elapsed from the 
instant a trench is excavated until it fails. Unsupported cuts are typically excavated 
in soils that are in a state of unsaturated conditions. This indicates that stability of 
unsupported cuts is governed by the matric suction distribution with depth in field. 
Recently, several research has been undertaken to estimate critical height [3–6] and 
stand-up time [7] of unsupported vertical cuts in unsaturated fine- and coarse-grained 
soils. However, these previous studies were limited to analytical and numerical (2-
dimensional) estimations of critical height and stand-up time of unsupported cuts 
without experimental validation. 

In the present study, a large-scale soil tank (W × L × H = 1.5 × 2.2 × 2.4 m) 
available at the Geotechnical Lab, UNB is used to experimentally determine a critical 
height of an unsupported cut in a sand. The soil tank was designed in a way that both 
saturated and unsaturated conditions can be achieved in sand by adjusting the level 
of water. The experimentally determined critical height was compared with the one 
estimated using the finite element software, PLAXIS (3D) to check the validity of 
numerical approach. 

2 Testing Program 

The critical height of unsupported vertical cut was determined in Unimin 7030 
industrial sand (hereafter referred to as sand). Basic soil properties of the sand are 
summarized in Table 1. The grain size distribution of sand is shown in Fig. 1. 

Figure 2a shows initial set-up in the soil tank to determine the critical height of an 
unsupported vertical cut in sand. The sand was first fully saturated using upward flow

Table 1 Basic soil properties 
of Unimin 7030 sand [8] 

Property Value Remark 

Plasticity index, Ip NP 

Saturated unit weight, 
γsat (kN/m3) 

20.4 

Saturated volumetric 
water content, θ 

0.387 

Void ratio, e 0.63 

Effective cohesion, c'
(kPa) 

0 

Effective internal friction 
angle, φ'(°) 

36.2 

Elasticity modulus, E* 

(kPa) 
10,000 Assumed value in 

numerical analysis 

Poisson’s ratio, ν* 0.33 Assumed value in 
numerical analysis
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Fig. 1 Grain size 
distribution curve of Unimin 
7030 sand
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of water from the bottom of the tank. The unsaturated condition was then obtained 
by lowering water table to the targeted level (i.e., 0.7 m from the soil surface in this 
study). The matric suction values measured from different depths using T5X (i.e., 
high capacity tensiometers; METER Group) indicated that hydrostatic negative pore-
water pressure (i.e., matric suction) distribution can be assumed without introducing 
significant error. To simulate vertical excavation, 0.1 m height retaining panels were 
removed one by one until general failure took place. Failure in sand was observed 
when the eighth panel was removed, which indicates that the critical height is between 
0.7 and 0.8 m. The plan view at the moment of failure in sand is shown in Fig. 2b.

3 Numerical Analysis 

The testing program detailed in Sect. 2 was also simulated with PLAXIS 3D (2018) 
to estimate a critical height of an unsupported vertical cut extending finite element 
method considering boundary effects. The sand was modelled as a Mohr–Coulomb 
material with effective shear strength parameters and unit weight as shown in Table 
1 for saturated condition. The standard Mohr–Coulomb model is sufficient for the 
performed stability analysis since the stress dependent stiffness behaviour is not 
included in the safety type calculations in Plaxis 3D. The water table in the soil tank 
was set to a constant value of 0.7 m from the soil surface by defining water head. 
This generates negative and positive hydrostatic pore-water pressure distributions in 
soils above and below water table, respectively. The negative hydrostatic pore-water 
pressure above water table is also supported by the T5X tensiometer measurements. 

The Soil–Water Characteristic Curve (Fig. 3) in PLAXIS 3D was established 
using van Genuchten [9]’s model (Eq. (1)) based on the measured data [9]. 

S(ψ) = Sres  + (Ssat − Sres)
[
1 + ga|ψ |gn ]gc gc =

(
1 − gn 
gn

)
(1)
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(a) (b) 

Retaining panels 

Tensiometers (T5X) 

Fig. 2 Laboratory test in a soil tank to determine the critical height of unsupported cut; a initial 
set-up with water table at 0.7 m from the soil surface, b plan view after failure in sand

where Sres, Ssat = saturation for residual and full saturated conditions, respectively, 
ga, gn, gc = fitting parameters, and ψ = matric suction. 

Vanapalli et al. [10] proposed a model that can be used to estimate the variation 
of total cohesion with respect to matric suction (Eq. (2)). The fitting parameter, κ is 
a function of plasticity index, Ip and κ = 1 can be used for cohesionless soil. Similar 
approach is adopted in PLAXIS 3D to consider the influence of matric suction on 
cohesion by introducing the term, effective suction. The total cohesion values that 
are normalized in terms of the maximum cohesion Cmax, obtained at 0.25 m, is shown

Fig. 3 Soil–water 
characteristic curve of 
Unimin 7030 sand 
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Fig. 4 Variation of 
normalized total cohesion 
(C/Cmax) values with depth 
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in Fig. 4 with depth, for GWT at 0.7 m from the soil surface. 

C = c' + (ua − uw)(Sκ ) tan φ' (2) 

where C is total cohesion, c' is effective cohesion, ua is pore-air pressure, uw is 
pore-water pressure, (ua – uw) is matric suction, S is degree of saturation, κ is fitting 
parameter (k = 1 for NP), and φ' is effective internal friction angle. 

The front retaining panels (0.1 m in height each, Fig. 2) were modelled as elastic 
structural elements (E = 2.1 × 108 kN/m2, γ = 78.5 kN/m3). Deformation fixities 
(horizontally fixed) boundary conditions were assigned to simulate sides of soil 
tank, which can reduce the stiffness difference effect on results at the boundaries. 
The problem was divided into several groups of phases and staged construction 
was performed in the analysis to simulate the removal of the retaining panels in the 
experiment until the soil collapses as a vertical cut. The 3D geometry model, meshes, 
and boundary conditions are shown in Fig. 5.

Stability of unsupported vertical cut during excavation was estimated by calcu-
lating the global safety factor (

{
Msf ) using  the  φ'/c reduction method (Eq. (3)). 

Table 2 summarizes the global safety factors after each excavation in Plaxis 3D.

{Msf  = tan
(
φ'
input

)/
tan φ'

reducted = c'
input

/
c'
reduced (3)

The global safety factor dropped to 1.15 after the seventh panel was removed 
in the model. Removal of eighth panel caused failure in the unsupported cut. This 
indicates that the critical height is between 0.7 and 0.8 m, which coincides with
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Fig. 5 3D model geometry, 
meshes and boundary 
condition used in Plaxis 3D

Table 2 Global safety factor 
versus excavation depth 
obtained in Plaxis 3D 

Depth of excavation (m)
{

Msf 

0.1 5.80 

0.2 3.67 

0.3 2.77 

0.4 2.26 

0.5 1.82 

0.6 1.51 

0.7 1.15 

0.75 1.04 

0.8 Failure

the experimental result. Additional stability analysis was carried out by dividing 
the eighth panel into two 0.05 m height panels and the global safety factor was 
determined to be 1.04 at the excavation depth of 0.75 m (see Fig. 6).

The deformed mesh and failure wedge after the removal of seventh panel shown 
in Fig. 7 The failure plane in the soil wedge makes angle of 62  ̊ with the horizontal. 
This angle matches the angle of slip line for active case. The disturbed soil zone 
formed an arc shaped area in the plan view (Fig. 8), which is the indication of the 
boundary effect at the interface between the soil and sides of tank. However, this 
boundary effect was not observed in the experiment.

4 Summary and Conclusions 

Laboratory test was conducted using a large-soil tank (W × L × H = 1.5 × 2.2 × 
2.4 m) to investigate the critical height of an unsupported vertical cut in unsaturated 
sand. Excavation was simulated by removing 0.1 m high panels subsequently until
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Fig. 6 Global safety factor,
{

Msf versus total displacement, u relationship for each excavation 
depth

Fig. 7 a Deformed mesh and b failure wedge (excavation depth = 0.75 m,
{

Msf = 1.04) 

Fig. 8 Plastic points and extension of the disturbed zone due to excavation (excavation depth = 
0.75 m,

{
Msf = 1.04)
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failure took place in the soil. The critical height was determined to be between 0.7 
and 0.8 m with the water table at 0.7 m. Similar results were obtained from the 
the stability analysis undertaken with PLAXIS 3D. This good comparison indicates 
that the critical height of unsupported vertical cut in unsaturated soils can be reliably 
estimated through numerical approach by considering the influence of matric suction 
on the shear strength based on the measured suction distribution profile. 
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Slope Stability Analysis of Open-Pit 
Mines Using Statistical Methods 

Petra Olah and Péter Gorog 

Abstract A non-traditional method of slope stability calculation is presented, which 
often occurs during geotechnical design. The possible occurrence of slope failure is 
not illustrated by a safety factor but by the probability of failure. The result is the 
percentage of failure or, the safety of the stability that can be expected for a given 
slope. Unlike the deterministic calculation, not a constant value is given for each 
input parameter but statistical variables according to the distribution belonging to 
the sample data set, such as mean, standard deviation, relative minimum, and rela-
tive maximum. An approach is taken to how slope resistance calculations can be 
performed on a probabilistic basis through a case study. The subject of this case 
study is Hungary’s largest open-pit lignite mine in Visonta, eastern Hungary. On 
the optimised sections using the deterministic method, the slope resistance test was 
performed on a probabilistic basis. The analysis of statistical parameters is also 
presented as the most important step of the investigation. To determine the input 
parameters for the probabilistic analysis, the first step is collecting the shear strength 
values (in this case, friction angle and cohesion) and then deriving a statistical 
distribution, carrying out the goodness of fit test finally determining the parameters. 

Keywords Slope stability · Open-pit · Probability · Statistics · Geology 

1 Introduction 

Slope stability analysis is the area of geotechnical design where most uncertain-
ties are present. Geological anomalies, spatial variability of soil parameters, lack of
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C. Atalar and F. Çinicioğlu (eds.), 5th International Conference on New Developments 
in Soil Mechanics and Geotechnical Engineering, Lecture Notes in Civil 
Engineering 305, https://doi.org/10.1007/978-3-031-20172-1_28 

293

http://crossmark.crossref.org/dialog/?doi=10.1007/978-3-031-20172-1_28&domain=pdf
mailto:olahpetra@edu.bme.hu
mailto:gorog.peter@emk.bme.hu
https://doi.org/10.1007/978-3-031-20172-1_28


294 P. Olah and P. Gorog

representative data, changes in environmental conditions, unexpected failure mecha-
nisms, simplifications and approximations in geotechnical models, and human errors 
in design and construction all contribute to the uncertainty of the calculations [1]. 

Probability-based slope stability analysis (PSSA) was first introduced in the 1970s 
[2]. The deterministic slope stability analysis does not consider the uncertainty; it 
relies on conservative parameters. Probabilistic analyses allow uncertainty to be 
quantified and reasonably incorporated into the design. 

In addition to calculating uncertainty, PSSA is a useful method for estimating 
the frequency of hazards in risk analysis, especially in the absence of representative 
empirical data [1]. In slope design work, the most common acceptance criterion 
is the safety factor (FS), often supplemented with the probability of failure (PF) 
or sensitivity analysis to deal with uncertainty. Adams [3] FS is the result of a 
deterministic concept that does not describe the real uncertainty of slope stability. 
An FS of 1.0 describes the point at which the total slope load is equal to the total 
slope capacity on each material for a given failure mode. However, the failure of a 
slope is much more complex than LEM models. In practice, failure does not occur 
simultaneously on a single discrete surface, but localised material defects gradually 
develop into increasing copper failure. A basic prerequisite for the PF (Probability of 
Failure) concept is to determine a statistical distribution (probability density function) 
for each input parameter to analyse slope stability. Probabilistic modelling is a method 
that considers the uncertainty associated with the input parameters in the analysis 
and results in a statistical distribution of FS instead of a single deterministic value 
[3]. 

2 Methodology 

2.1 Probalistic Analysis 

Uncertainty can be considered by sensitivity analysis when examining the effect of 
changes in individual parameters on slope stability. This study presents an alter-
native method, the probability modelling. This method requires knowledge of the 
uncertainty associated with the input parameters, and the result will be a function 
of the statistical distribution of FS. The most important step in statistical analysis 
is correctly entering the input parameters. In order to this, a pretty large data set is 
required. The first step is to use a test called Goodness of Fit to determine the type 
of distribution that best fits the dataset. The distribution fitting analysis is followed 
by the determination of the expected value (mean), the standard deviation, and the 
absolute (characteristic) maximum and absolute minimum values based on the most 
appropriate distribution type. The relative minimum and relative maximum indicate 
the distance from the average. There are several methods for calculating slope resis-
tance in a probabilistic way: the Monte-Carlo simulation and the Latin-Hypercube 
method are the most common. Using the Monte-Carlo method, we evaluate the
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problem from multiple runs from random input data, but the type of failure must be 
determined. The Latin-Hypercube method is very similar to the Monte-Carlo simu-
lation, the difference is that it is based on stratified sampling, much fewer runs are 
enough for a result like Monte-Carlo, so the calculation takes less time. 

2.2 Softwares 

The available data set (strength parameters of the different layers) was analysed by 
the EasyFit and CumFreq software. EasyFit is a data analysis program designed to 
provide fast statistics with probabilistic results. 

A significant number of distribution types are available and can be selected by 
users according to their preferences. One of the add-on software of the EasyFit, the 
StatAssistant is able to perform additional calculations on the data set [6]. CumFreq 
provides an estimate of the cumulative frequencies in the variable data sets, allowing 
the most appropriate probability distribution to be determined. It lists the averages 
of the absolute values of the differences between the distributions according to the 
literature and the fitted one in percentage. The lower the average, the better the 
fitted distribution. Cum-Freq creates a list of distributions ranked by fit accuracy 
[7]. The stability analyses on the sections were performed with the Slide2 software 
of the Rocscience program family, basically with a two-dimensional slope stability 
analysis program, which can be used to calculate the safety factors and failure prob-
abilities of a slope using different failure surfaces. Slide2 also has extensive proba-
bilistic modelling and analysis features. Almost all input parameters can be defined 
as random variables to calculate the probability of failure and to perform sensitivity 
analysis [8]. The calculation method chosen is the global minimum analysis. The 
statistical method is Latin Hypercube analysis, the number of test runs is N = 1000. 
The program recalculates the safety factor N times to the lowest safety slider globally 
while randomly generating shear strength variables. The Probability of Failure (PF) 
is the number of analyses in which the safety factor divided by the total number of 
samples is < 1.0. 

3 Case Study 

3.1 The Investigated Area 

Visonta is located at NE region of Hungary, where opencast lignite has been extracting 
since the 1970s. There are three mining areas one is already recultivated, the second 
is under recultivation, and the third one is still cultivated. The name of cultivated 
mine is Eastern no. III, where it was necessary to design high-altitude slopes and 
ensure their stability before mining began [4].The end slope has 3–3 sections on
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the north and south sides, which are shown in section 1–3–5 (southern slope) and 
21–24–27. (northern slope). 

3.2 Geology 

The studied mining area is a significant part of the lignite area in Northern Hungary, 
and within it in Mátraalja [5]. The area of lignite occurrence consists of Pliocene 
Formations covered with a Quaternary layers. The geological structure of the area is 
basin-like, the bedrock of it consists of Miocene formations of the Mátra Mountains, 
mainly various andesite formations. The Pliocene layerswhich are hundreds of meters 
thick, are settled on this base. The lignite within the Pliocene layers are included in 
the upper Pannonian age series. Sand, sandy silt/silty sand layers between lignite 
deposits are well-graded shallow-sea, coastal sediments. In some places, there are 
fine-grained layers such as coarse silt and fine grained sands wich are prone to 
liquefaction [5]. 

The most important layers in the strata in addition to lignite are:clays (with inter-
mediate and high plasticity sometimes with some sand and silt), silts (sandy silt, 
coarse silt, clayey silt) sand (mainly silty sand), and there are some bentonite layer 
as well. There were some silt and clay layers with notable organic content. Soil 
layers can be seen in Fig. 1. Since the studied open pit lignite mine is dewatered in 
the calculations showed below no ground water were considered. 

Fig. 1 Soil layers of the border slope in Eastern no. III. mine, Visonta
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3.3 Input Data 

Several investigatory boreholes were drilled in the investigated area. After sampling, 
direct shear strength tests were done, which provided enough data for statistical anal-
ysis. The cohesion, internal friction angle, unit weight and the saturated unit weight 
of each soil layer can be specified as variables in the program. There were enough data 
for the statistical calculations for the most important seven layers: Quaternary high 
plastisity clay, silty clay, sandy clay, high plasticity organic clay, clayey silt, organic 
silty clay with high plasticity, bentonite clay. The optimisation of the slope should 
be done in six sections; three are on the Northern side and three on the Southern side 
of the mine. One of the six calculated sections is on Fig. 2 and Table. 1. 

From the above mentioned layers, there were only 5, which had sufficient data 
for statistical calculations: 

The quarter fat clay layer: for cohesion normal distribution is used, the mean 
is.80.1 kPa, standard deviation is 45.7 kPa, relative minimum is 76.9 kP and 13.4 kP 
as relative maximum and for friction angle lognormal statistical distribution is used, 
12.8° is the mean, 6.2° the standard deviation, the relative minimum is 6.1° and the 
relative maximum is 0.4°.

For the −2. cover silty clay the cohesion is considered as a lognormal distributed 
data set, the mean value is 40.2 kPa, the standard deviation is 3.8 kPa, the relative 
minimum is 4.4 kPa and the relative maximum is 54 kPa. For the internal friction 
angle uniform distribution is used, the mean is 10.8°, the standard deviation is 5.7°, 
and the relative minimum is 4.8°, while the relative maximum is 1.2°. 

The −1./0 clayey silt’s cohesion values have normal distribution type, the mean 
is 28.3 kPa, the standard deviation is 6.7 kPa, the relative minimum is 11.1 kPa, 
the relative maximum is 18.2 kPa. For the internal friction angle with a statistical 
distribution of uniform, the mean is 21.2°, the standard deviation is 2.2°, the relative 
minimum is 2.6°, and 1.2° as a relative maximum. 

For the 0./0 clayey silt for the cohesion normal distribution is taken, the mean 
is 25.3 kPa, the standard deviation is 14.4 kPa, the relative minimum is 23.3 kPa 
and the relative maximum is 46.5 kPa. For the internal friction angle the distribution

Fig. 2 Geometry of Section 24 
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Table 1 Material properties 
of the layers used in the 
calculation. 

Layer’s sign, 
name 

Unit weight 
(kN/m3) 

Cohesion 
(kPa) 

Friction angle 
(deg) 

Quarter fat clay 19.1 80.1 12.8 

Quarter clayey 
silt 

20 18 14 

−3./0 coarse 
silt 

20 34 20 

−2. cover silty 
clay 

20 40.2 10.8 

−2. site lignite 13 100 26 

−2./0 silt 20 27 26 

−1./0 clayey 
silt 

19.5 28.3 21.2 

0. cover fat clay 19.5 27 15 

0. site lignite 13 100 26 

0./0 clayey silt 20 25.3 19.3 

I. cover silty fat 
clay 

20.3 29.4 9.7 

I. site lignite 13 100 26 

I./0 medium 
plasticity clay 

20 36 14 

I.a. site lignite 13 100 26 

I.a/0. sandy silt 20.3 20 20

type is lognormal, the mean value is 19.3°, the standard deviation is 5.9°, the relative 
minimum is 5° and the relative maximum is 1.4°. 

Finally, the I. cover silty fat clay is used as statistically distributed layer. For 
cohesion, mean value is taken as 29.4 kPa, the standard deviation is 21 kPa, the 
relative minimum is 18.4 kPa and the relative maximum is 42 kPa. The distribution 
type is lognormal. For the internal friction angle the statistical distribution of uniform 
is used, the mean is 9.7°, the standard deviation is 4.6°, the relative minimum is 3.8°, 
and relative maximum is 0.4°. 

3.4 Results 

Six sections were calculated, three from the Northern side and three from the Southern 
side of the mine. In this paper only one is introduced, which gave interesting results. 
This is the Section 24 from the Northern slope (Fig. 3).

In the case of section 24, although the cross-section is safe according to deter-
ministic calculation, since FS (deterministic) = 1.551 and the mean FS of the prob-
abilistic calculation is also good FS (mean) = 1.338 (Fig. 4), but the probability of
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Fig.3 Result of the statistical calculation of the Section 24 (Bishop)

failure is PF = 2.800%. This means that in 28 cases out of 1000 runs performed 
by the program, the safety of the most critical slip surface did not reach FS = 1.0. 
This is also proved by the reliability index, as neither the RI calculated with the 
normal distribution, nor the RI value calculated with the lognormal distribution (RI 
= 1.99) reaches the recommended value which is 3. The probability calculation can 
be very useful in such cases. Both the deterministic result which was calculated the 
optimised profile, reaches FS = 1.35 and the mean valus of the FS determined by 
the statistical method, also close to the FS = 1.35 value, but there are still 28 out of 
1000 cases where it does not reach the minimum safety, so the FS is bellow 1.0. 

In Fig. 5. You can see the distribution function of the samples run. The inflection 
point gives the mean of the Factors of Safety according to the simplified Bishop 
method.

Fig. 4 Histogram of safety factors for section 24 
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Fig. 5 Distribution function of the safety factors of section 24 

Figure 6 shows the change in the probability of failure according to the Janbu 
method for section 24. The graph shows that as the number of samples increases, the 
curve converges to a constant value. The worst possible combination of input param-
eters is at run 177, when the probability of slope failure is 14.12%. It is important to 
note that this value is also understood here for the 1000 samples. Thus, according to 
calculation no. 177, in approximately 141 of the 1000 cases, the FS will be < 1.0. 

Fig. 6 Evolution of the probability of failure of section 24 according to the Janbu method
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4 Conclusion 

Slope resistance calculation is the area of geotechnics where the greatest uncertainty 
prevails in the input parameters. For example, in the case of a long cut, it is not neces-
sarily a guarantee that all sections have the same geological conditions. Geological 
variations, variability of soil properties, lack of certain information, changes in envi-
ronmental conditions, unexpected events, approximations used in geotechnics in 
design or the human errors inherent in the implementation all carry the fact of uncer-
tainty in themselves, which reduces the reliability of the deterministically chosen 
variables. The disadvantage of probabilistic analyses is that they require signifi-
cantly more computational energy than deterministic analyses, but their application 
pays off. 

Uncertainty should never be ignored in slope stability analysis. If the data set 
of the material properties has such distribution where the low values occurs higher 
density (such as lognormal, gamma, beta, exponential distribution), the safety factor 
may differ significantly from the deterministic safety factor. This deviation is always 
negative, so the real safety is lower than the deterministic one. 

The introduced case study prove that, the deterministically calculated safety factor 
of the most critical slip is above 1.3, and therefore it can be considered acceptable. 
However, after running the calculation on a probabilistic basis, it can be seen that 
the probability of failure was relatively high. At section 24, the simplified Janbu 
method gave a 14.12% chance of slope failure, which means that in 141 cases out 
of 1000 runs, the slope would slip because the safety factor did not reach 1.0 in 
these 141 cases. This is not considered acceptable for the Visonta lignite mine. Full 
assurance is provided by supporting the slope compliance with a statistical method. 
The design of the slope geometry is finished, when the probability of failure is as close 
as possible to 0%. The same is true when examining an existing slope (soil or rock 
slope): The stability of the slope cannot be stated after a satisfactory result obtained 
by a deterministic calculation, it is worth supporting this result with a probability 
calculation. 

I would like to thank the Department of Geology and Hydrology of Mátrai Erőmű 
Zrt. for the data provided and the help provided for the preparation of the article. 
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Investigation of Ground Stability 
of the Surroundings of the “Statue 
of Peace and Freedom”, Alsancak-North 
Cyprus 

Salih Saner 

Abstract The Peace and Freedom Monument is about seven kilometers to the west 
of Girne on the main road to Güzelyurt. It was built in 1977 by the Ministry of 
Public Works and Transport of the State of North Cyprus, in memory of the 1974 
Peace Operation on the beach where Turkish soldiers first set foot on the island 
of Cyprus. Due to some adverse ground conditions and repair deficiencies to date, 
some foundation-related damages and structure depreciations occurred. This study 
includes foundation damages observed and assessment of the mass movements that 
might occur in the ground allocated for construction of the Beach Project in the 
nearby area. Geomorphological, geological, and groundwater aspects affecting the 
ground durability have been brought to the attention of engineers. 

Keywords Ground stability · Land sliding · Statue of peace · North Cyprus 

1 Introduction 

The Peace and Freedom Monument, was built in 1977 by the Turkish Federated 
State of Cyprus, Ministry of Public Works and Transport, to commemorate the 1974 
military operation at the point where Turkish soldiers first set foot in Cyprus (Fig. 1a). 
The Monument suffered some damage due to ground movements and due to the wear 
of the reinforced concrete structure over the time.

The marble floor around the monument in the ceremonial area, was tilted and 
got broken. There were bendings and collapses on the flooor along the fractures 
that occurred in places. In fact, no serious damage was observed, but it was left out 
of control without preventive maintenance. On the other hand, damages that seem 
insignificant today may cause major damages in the future. In this study, it is aimed 
to investigate the extent of damages and advise necessary precautions to protect the 
structure against natural disasters.
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(a) 

Peace and 
Freedom 
Statue 

(b) 

Fig. 1 a View of the Peace and Freedom Monument, b Satellite view of the Yavuz Landing Beach 
area to be developed as a public beach. The western part of the beach is called Escape beach and 
the eastern part is designated as Alsancak Municipality Beach.

Alsancak Municipality has planned to develop not only the monument, but also 
the entire beach area called “Yavuz Landing Beach” seen in Fig. 1b. The project 
includes a parking lot, beach facilities, a restaurant and a buffet. Another car park 
will be built in the south of the asphalt road. Two parking lots on both sides of the 
road will be connected with a tunnel passage. 

Project file and drawings prepared in 1977 could not be obtained, but Alsancak 
Municipality provided two study reports made by Istanbul Technical University 
(ITU). The first report includes the soil mechanics test results of the cores taken 
from two wells [1]. The second report includes damage observations on the monu-
ment and ground slip parameters. Tensile cracks and slip circles were examined and 
shear modeling was carried out using the available data [2]. 

2 Mass Movements and Ground Problems 

Mass movement is flow or slide of the rock and soil materials down the slope by 
gravity. The factors controlling these movements are the steepness of the topographic 
slope angle, the mechanical properties of the rock or soil type, the strike and dip of 
formation bedding, ground and surface waters and vegetation. 

2.1 Geomorphological Features of the Study Area 

The Statue of Liberty was built on the edge of a plateau gently dipping northward 
between the Besparmak Mountains and the coast line. Its topographic elevation is 
about 20 m. The average topographic slope from the monument to the coast is 15–20°
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(26–36% slope). The slope from the monument to the Anıt Creek valley in the West 
is more than 30° (57%). 

Drainage Network. The coastal plateau extending along the Beşparmak Mountains 
is cut by parallel streams flowing from South to North. Anıt Creek, which passes 
20 m west of the Statue of Liberty and reaches Yavuz Landing Beach, is the only 
stream that can directly impact the project area. 

The drainage area of the Anıt Creek is approximately 2 square kilometers (Fig. 2). 
If the average precipitation is 460 L per square meter, yearly 960 thousand tons of 
rain falls in the Anıt Creek drainage area. Assuming that one third of this will flow 
on the surface, it can be said that an average of 320 thousand tons of water flows in 
this stream annually. 

Since the drainage area of the creek is small and does not extend to the Beşparmak 
Mountains, any major flooding is not expected. However, during a thunderstorm high 
speed and high flow rate of the stream is able to carry pebble size gravels. Recent 
pebbles in the fluvial deposits of the Anıt Creek are clues of mass flows. These 
pebbles are not derived from the Beşparmak mountains, but from the conglomerate 
interbeds in the calcarenite (locally called havara limestone) which forms the plateau. 

Surficial Drainage. Water and geological factors are most significant effects in all 
mass movements. The slope area in the Alsancak Beach Project area is about 50 thou-
sand square meters. The rain falling on the slope area is 23 thousand tons, annually. 
Infiltration of rain-water into shale-soil causes local accumulation on the underlying 
shale interface and may cause slip or mass flow. It can also cause disintegration of 
the shale.

Fig. 2 Drainage map of the 
Anıt Creek 
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2.2 Geological Features 

Two geological units and several soil types differentiated in the study area. The 
Geological map which has been prepared and a cross section are given in Fig. 3. 

Calcarenite Limestone. The coastal plateau up to Besparmak Mountains consists 
of granular limestone called calcarenite. It is Pliocene to Pleistocene occurrence 
which different facies are given different formation names. Most commonly, Nicosia 
Formation name is used [3]. Stratification is dipping 2–4° northward. About 4 m 
thick outcrops reach 25 m on the plateau in south. Due to its hardness, it forms steep 
scarps along the 200 km edge of the coastal plateau in the northern coast of the island 
(Fig. 4a). It unconformably sits on the inclined shale layers (Fig. 4b) and forms Girne 
aquifer where infiltrating rain water accumulates.

(a) 

(b) 

Fig. 3 a. Geological map of Yavuz Landing Beach Area; b. North–South geological cross section 
through the Statue of Liberty 
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(a) 

(d)(c) 

(b) 

Fig. 4 a Calcarenite unit forms a coastal plateau with a rock ledge along the Northern coast of 
Cyprus. Along the scarps gravity fractures and rock falls are very common; b Calcarenite overlies the 
shale unit with a distinct angular unconformable contact marked by hammer tip; c Shale (Gonno) 
unit consists of claystone and siltstone thin layers which are dipping northward with 35–40°. d 
Pebbles seen in the alluvium at the mouth of Anıt Creek 

Shale. This flysch sequence is known as Degirmenlik Formation deposited in Middle 
Miocene [3]. The lower part contains proximal turbiditic sands [4], whereas it is 
mainly claystone in the upper part. It consists very thin claystone layers locally 
called “Gonno” (Fig. 4c). Sequence is dipping 35–40° to the north and are overlain 
unconformably by the younger calcarenite unit. This shale becomes slippery, like a 
soap, when it is wet. Grains get disintegrated in water. Two samples placed in the 
tap water in the laboratory were completely dispersed in 30 min. 

Shale Weathering Soil. When the shale comes into contact with water and atmo-
sphere, it decomposes rapidly and its surface is covered with impervious clay. This 
forms a kind of protective sheath for the underlying unweathered shale against air 
and water. If this soil is excavated or removed, the underlying shale will decompose 
again, perhaps resulting in slope instability and mass movements. 

Alluvial Soil. High slope rate of the upper Anıt Creek vally is not suitable for alluvial 
deposition, but alluvial accumulation is seen in the small plain where Anıt Creek 
meets the sea. This soil consists of a mixture of weathered calcarenite and shale 
material. Pebbles shown in (Fig. 4d) indicates deposition by a flooding. 

Beach Sand and Gravel. Yavuz Landing Beach is famous for its fine sand. Pebbles 
and cobbles can be seen around the mouth of Anıt Creek. As seen in the map the 
sandy beach is not continuous Eastward up to Acısu Creek.
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3 Mobility Observations on the Foundation of the Statue 

Some damages seen in foundation and reinforced concrete structure are indications 
of ground mobility. These observations are mentioned below: 

1. Stone pavement adjacent to the statue in the north has broken apart (Fig. 5a). 
2. Fractures, thrusts, and buckling of the retaining walls indicate a mass force 

downhill towards the north (Fig. 5b). 
3. The upper surface of the northern wall of the ceremonial square bows down in 

the middle which indicates a vertical subsidence. 
4. The central part of the ceremonial square collapsed about 10 cm (Fig. 5c). 

Damages are more evident along the drainage channels. 
5. The concrete floor above the drainage channel between the two pillars of the 

monument collapsed due to slight downward slip of the western wall. 
6. In the seating stands to the east of the ceremonial square, bending is the indicator 

of ground subsidence. 
7. Below the wall joint in the south of the monument, there is a 2 cm open fracture 

in the foundation (Fig. 5d). With little rotational movement walls were separated 
by 3 cm in the upper part. 

8. A fracture occurred in the foundation under the wall joint on the west of the 
monument. The bars connecting the two walls forced the concrete as a result of 
the relative movement.

(d) 

(a) 

(c) 

(b) 

Fig. 5 Some damages observed: a. The stone pavement adjacent to the monument is separated 
from the monument towards the north; b. Buckling of the retaining wall by the load forcing from 
north to south; c. Partial subsidence formed in the Ceremony Square especially extends along the 
drainage channels; d. The fracture in the foundation under the two concrete joints
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9. In the southwest of the ceremonial square north–south compression uplifted floor 
marbles forming tepee structures. 

4 Factors Affecting Ground Mobility in the Vicinity 
of the Peace and Freedom Statue 

In terms of mass movements, the slope region between the cost line and the plateau 
is a critical area. Movements that can be seen here are 1. Landslide (slump), 2. Rock 
slide, 3. Rock fall, 4. Debris flow, 5. Earth flow, and 6. Creep. 

There are three main factors that may cause mobility in the area, namely ground 
rock type, water effect, and gravity effect. 

4.1 Ground Rock Type 

Around Yavuz Landing Beach, only calcarenite unit is suitable as bedrock for 
constuctions. Shale sequence is a formation dominated by clay minerals. There-
fore it is undesirable as a bedrock for three reasons: 1. Easily slide downhill along 
a bedding surface or along a fracture; especially when it is wett, 2. Swelling in 
wet and shrinkage in dry conditions causing cracks in structures; 3. Alteration and 
disintegration of clay with water, forms a plastic mud on the ground. 

Shale layers are dipping with an angle of 35° in the same direction with the 
topographic slope, which is undesirable. The topographic slope is about 15–20°. If 
the topographic slope is more than the dip angle, it will be even more undesirable 
in terms of landslides. Therefore, high slopes creation during excavations should be 
avoided or a retaining wall should be built immediately. 

4.2 Water Effect 

The only stream that can be active in the Yavuz Landing Beach area is Anıt Creek, 
which sometimes flows in winter. Normally, it is not expected to cause any damage, 
but in case of flooding, it may cause mass movement on the Anıttepe slope. 

Groundwater accumulation at the interface of shale and calcarenite, meets a signif-
icant amount of water requirement for usage and irrigation in the Girne region. Excess 
water from the aquifer flows in the direction of the interface dip, creating springs 
and small seeps along the Northern coast of Cyprus. The Girne coast line is covered 
with green vegetation due to these water seepages. 

Since the shale-calcarenite interface is generally above sea level, sea water cannot 
enter the aquifer even though excessive water-pumped from the aquifer. Another fact 
is that, water infiltration seeping from septic wells joins this aquifer causing pollution.
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4.3 Gravity Effect 

Rocks from cliffs easily slide on clay accumulated on the shale formation. The 
slopes are suitable for gliding of rock blocks towards the coast due to gravity effect. 
Allochthonous limestone blocks of different sizes scattered on the slope are of this 
type. 

5 Conclusions and Recommendations 

The results of the study are summarized below: 

1. Although there are some movements and related damages on the floor of the 
Peace and Freedom Monument, no major slippage has been observed. However, 
precautions should be taken and maintenance should be done so that these small 
movements do not turn into a big disaster in the future. 

2. The land on the coast, where the Yavuz Landing Beach project will be built, has 
a risk of ground slipping and flowing since it consists of shale formation. During 
implementation of the project, it is recommended not to disturb the slope angle 
of the ground, but to strengthen them. 

3. Since calcarenite limestone ledges shelter the shale formation from atmospheric 
weathering, they must be protected from human destruction. 

4. The soil on the shale formation in the Yavuz Landing Beach area should not be 
excavated as it is forming a protective sheath for the underlying shale. 

5. Since uncontrolled surface waters rather than groundwater pose a danger in the 
region, their controlled flows should be ensured. 

6. Afforestation, in the of Yavuz Landing Beach Project area, will both enrich the 
environment and provide stability to the ground as well. 

Acknowledgements Author would like to thank to Mr. Hasan Okaygun for his constructive review 
and improvement of the manuscript. 
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Dynamic Response Analysis of Highway 
Embankments 

Yasin S. Toksoy and Ayşe Edinçliler 

Abstract As the severity and the occurrence rate of natural disasters, such as 
earthquakes, increases; highway embankments become more susceptible to related 
hazards. However, highway embankments are considered to be an important life-
line which must be in continuous operation under any circumstances. In light of the 
recent advances and latest research, geosynthetics can successfully and effectively be 
used to reinforce highway embankments against the primary and secondary effects 
of earthquake induced damages. It is important to estimate the approximate dynamic 
behaviour of engineering structures via numerical simulations before the experi-
mental studies. This study covers numerical modelling of the dynamic response of 
full-scale highway embankments using the Mobile Seismic Shaker (MSS) in the 
field as a dynamic source. This numerical simulation phase has been used to ensure 
the true structural design and true instrumentation. The numerical simulations have 
been performed implementing the FEM technique using PLAXIS 2D software and 
includes the dynamic response analysis of dimensionally identical unreinforced and 
geogrid reinforced highway embankment models. Revealed numerical results clearly 
show that, geogrid reinforcement can successfully reduce the total displacements 
and transmitted accelerations at crest level which are key structural performance 
indicators. 

Keywords Highway embankments · Seismic performance · Geosynthetics ·
Numerical modelling
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1 Introduction 

The consideration of the role of roads and highways to provide required safety and 
emergency needs in case of a natural disaster such as earthquakes, highlights the 
importance of dynamic performance of highway embankments especially in earth-
quake prone areas. Because roads and highways are considered to be very important 
lifelines and lifelines must be in continuous operation under any circumstances [1–3]. 

Mitigating earthquake hazards and risks of engineering structures have always 
attracted researches. However, the dynamic performance of highway embankments 
is one of the important topics in the literature although these structures are clearly 
vulnerable to earthquake induced damages. It is very important to improve the seismic 
performance of highways as well as to mitigate earthquake related hazard to provide 
continuous operation of such lifeline structures [4]. 

Highway embankments, slopes or dam like structures and their static and dynamic 
stability and durability must be maintained in early construction stages. The required 
stability conditions shall be achieved with the implementation of various engineering 
applications to reinforce this kind of structures. There are a number of improvement 
techniques by means of static and dynamic performance available in the literature for 
the reinforcement of highway embankments but this study particularly concentrates 
on geosynthetic reinforcement. 

The integration of geosynthetic materials to the civil, geotechnical and earth-
quake engineering applications has become an advantageous and cost-effective way 
to achieve the required stability conditions of related structures. Geosynthetics are 
synthetic materials that are commonly used to solve civil and geotechnical engi-
neering problems. The use of these materials is not limited to static load conditions. 
Geosynthetics are capable of absorbing dynamic forces and transmitting less dynamic 
forces to engineering structures [3–5]. 

Due to the primary and secondary effects of earthquakes, highway embankments 
experience minor to major scale of damage all around the world constantly. Due 
to the additional tensile strength provided and the soil-structure interaction, it is a 
common practice to use geosynthetics to improve the seismic performance of earth 
structures like embankments [6]. In the literature, it is possible to find many kinds of 
different studies on geosynthetic reinforcement of different geotechnical structures 
[7–12]. 

Previous studies related with the dynamic performance of highway embankments 
and slopes are generally based on numerical simulations and shaking table experi-
ments. A few shaking table experiments related to the seismic behavior of reinforced 
slopes and embankments are also provided in the literature [13]. Provided exper-
imental and numerical studies aim to determine the effect of slope angle on the 
results. In a research, the effect of frequency on seismic response of reinforced soil 
slopes was studied. Clayey soil was used for the experiments and reinforced and 
unreinforced slopes with two different slope inclinations of 45z and 60z were tested 
in a laminar box. Biaxial geogrids were used for reinforcement of slopes and models 
were excited dynamically under 0.3 g of acceleration with different frequency values
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of 2, 5 and 7 Hz. It was concluded that the increase in frequency values leads to an 
increase in displacement values [14]. 

In an experimental study, scaled highway embankment models were 1-g shaking 
table tested under different dynamic motions with different frequency and amplitudes 
in addition to the real earthquake records. Dimensionally identical unreinforced and 
geotextile-reinforced highway embankment models were subjected to input dynamic 
motions (2–14 Hz 40 cycle and scaled Düzce Eqe. record) to determine the effect 
of the inclusion of geosynthetics on the dynamic response of highway embankment 
models. Results clearly show the geosynthetic reinforcement successfully reduced 
the settlements and transmitted accelerations up to 85% and 56%, respectively [15]. 

In a full-scale shaking table experiment, the dynamic response of highway 
embankments reinforced with flexible container bags was studied. The method is 
basically placing the flexible container bags (with different configurations) at the 
toe of the embankment for earthquake resistance purposes. Instrumented full-scale 
models were shaking table tested under 5 Hz 40 cycle of harmonic motion. Results of 
the study suggests that proposed method improves the dynamic response of highway 
embankment models [16]. 

Regarding the previous experience and expertise, the aim of this research is 
to determine the effects of geogrid reinforcement on the seismic performance of 
highway embankments numerically prior to field scale tests. The study is parametric 
in a way that the seismic performance of the highway embankments is investigated 
by performing seismic performance analyses using the same dynamic input which 
Mobil Seismic Shaker (MSS) is capable of applying in field scale. The MSS is a very 
special and expensive device which is specifically developed for research purposes. 
There are only few MSS’ around the world and there is only one in Turkey, which 
is operated by the Earthquake Engineering Department of Boğaziçi University in 
KOERI. 

The native soil parameters were determined by a series of geophysical tests 
including Pressuremeter tests, Multichannel Analysis of Surface Waves (MASW) 
tests, Electrical Resistance Tomography (ERT) tests and laboratory tests. By using 
the tested field data, two different highway embankment models with and without 
geogrid reinforcement were modelled and obtained results were compared under the 
same dynamic motion. 

2 Numerical Study 

Numerical simulations of the proposed field scale seismic performance tests have 
been performed using the commercially available PLAXIS 2D Connect Edition soft-
ware with finite element modelling technique. Mobile seismic shaker (MSS) operated 
by KOERI Earthquake Department is going to be used as a seismic source for the 
proposed field experiments. So that, a selected input dynamic motion of which MSS 
is capable of applying is also used in numerical analysis. MSS is capable of applying 
27 kN of force between 0–225 Hz both vertically and horizontally. A point load which



314 Y. S. Toksoy and A. Edinçliler

Fig. 1 Unreinforced highway embankment model

is located 1 m away from the toe of the embankment models is used to mimic the 
MSS as a seismic source. As the embankments models are symmetric, only the right 
half has been modelled and subjected to dynamic excitations. Dynamic response 
analysis requires special boundary conditions to avoid reflection of seismic wave 
which may possibly cause distortions and unrealistic results. Thus, viscous bound-
aries are defined to the edges of the mesh. The unreinforced embankment model 
and its dimensioning identical to the field models are represented in Fig. 1. The  
geogrid reinforcement used in the numerical analysis has an ultimate tensile strength 
of 40 kN/m2. However, PLAXIS use axial stiffness (EA) parameter instead of Tult 

value. Provided from the design charts, the axial stiffness value of the proposed 
geogrid material under 5% strain level has been calculated as 2000 kN/m and used 
as an input value. The geogrid reinforced embankment model and its dimensioning 
is represented in Fig. 2. 

The details of all the materials, material models and related properties are given 
in Table 1. These parameters are compatible with the related studies in the literature.

An input dynamic motion of incremental 0–100 Hz sinusoidal motion with a peak 
acceleration value of 1.1 g is selected for the numerical analysis. This input is going 
to be used for the field experiments as well. The acceleration-time history of the 
record is given in Fig. 3.

3 Results 

Numerical results taken from two models are represented by means of total displace-
ments and transmitted acceleration values. The possible sensor locations in field tests 
were approximated and the similar locations were defined in the software prior to 
the analysis. Total displacement distributions of unreinforced and Geogrid reinforced 
highway embankment models are represented in Figs. 4 and 5.
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Fig. 2 Geogrid reinforced highway embankment model

Table 1 Material properties used in finite element modelling 

Asphalt concrete Granular subbase Subgrade material Very firm silty 
clay (Baltalimanı 
formation) 

Material model Linear Elastic Mohr–Coulomb Mohr–Coulomb Mohr–Coulomb 

γunsat (kN/m3) 24 22 18 18 

E’ (kN/m2) 2.1 E6 100 E3 25 E3 50 E3 

Poisson ratio 0.4 – 0.34 – 

Cohesion 
(kN/m2) 

– 0.01 40 17 

Ø – 45° 30° 12°

Fig. 3 Input motion of 0–100 Hz harmonic motion
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Fig. 4 Total displacement distributions of unreinforced model 

Fig. 5 Total displacement distributions of geogrid reinforced model
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Fig. 6 Total acceleration distributions of unreinforced and geogrid reinforced models 

Table 2 Summary of 
numerical results at the crest 

Total displacements 
(cm) 

Total accelerations 
(g) 

Unreinforced 
model 

15 3.92 

Geogrid reinforced 
model 

12 0.85 

As can be inferred from the displacement distribution figures, unreinforced model 
displaces approximately 15 cm. It is seen that the settlement is only concentrated 
at the crest level. As can be seen in Fig. 5, the geogrid reinforced model displaces 
approximately 12 cm, which is also observed at crest level. Transmitted acceleration 
distributions of unreinforced and Geogrid reinforced highway embankment Models 
are represented in Fig. 6. 

It is obvious from the total acceleration distribution figures that the geogrid rein-
forcement can successfully absorb the dynamic energy and transfer less dynamic 
motion to the highway embankment model. Observed maximum acceleration value in 
the unreinforced model is 3.92 g around the crest level. However, the maximum accel-
eration value observed in geogrid reinforced model is only 0.85 g. Aforementioned 
results are tabulated in Table 2, for ease of comparison. 

4 Conclusions 

This paper presents the numerical part of the study which involves the field-scale 
dynamic response of highway embankment models. Determination of the dynamic 
response of full-scale highway embankments using the Mobile Seismic Shaker 
(MSS) in the field as a dynamic source was studied. This numerical study is the simu-
lation of the field-scale testing in which the input parameters are based on previously 
performed geophysical tests. Obtaining the approximate dynamic behavior of the 
highway embankment models before the field-scale construction phase is an essen-
tial tool to estimate the effectiveness of the geogrid reinforcement on the seismic
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performance of the embankment model. This numerical simulation phase has also 
been used to ensure the true structural design and true instrumentation. 

Performed dynamic response analysis of the proposed embankment models reveal 
that the geogrid reinforcement can substantially and successfully reduce the total 
displacements and transmitted accelerations at crest level, which are key structural 
performance indicators. Due to the additional tensile strength provided from the 
geogrid layers, the geogrid reinforced model displaces 20% less than the unrein-
forced case. Also, peak transmitted acceleration value on the reinforced embank-
ment model is 78% less than the unreinforced model. Presented results highlighted 
that the geogrid reinforcement is an effective reinforcement element to mitigate the 
earthquake hazards of the highway embankments. 
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Migration in Sandy Slopes 
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Abstract Failure of sandy slopes during heavy rainfall is often attributed to the rise 
of the groundwater table, which causes the slope to gradually transition from an 
unsaturated to a saturated state. Conventional methods for evaluating the stability of 
slopes under the influence of rainfall neglected the migration of groundwater and the 
dynamic motion of particles. In the current study, a model test is conducted to evaluate 
the trend of the groundwater table migration. In addition, a framework for partially 
saturated and unsaturated slopes is proposed for the dynamic process based on the 
analytical method. The results of the study show that based on the data analysis 
of the model tests, the upward trend of the groundwater table can be determined. 
Furthermore, the factor of safety (Fs) calculated from the analytical method shows 
that, Fs decreases sharply due to the upward migration of the groundwater table. The 
motion analysis provides the soil displacement and particle trajectory. This study 
provides an effective and practical method for evaluating the stability of unsaturated 
slopes under rainfall conditions, which can also be used for preliminary analysis in 
the early warning process. 
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1 Introduction 

The whole world is suffering from an increasing risk of natural disasters due to 
frequent rainfall, which poses a significant threat to human life and property. It has 
been observed that, between 2004 and 2016, nearly 4,000 landslide disasters occurred 
due to heavy rainfall and 55,997 people were killed in these rainfall disasters [1]. 
Statistics on the regional distribution of rainfall disasters show that Asia accounts 
for 75% of all landslides, and Japan also suffers greatly from the increasing impact 
of rainfall [2]. Therefore, appropriate measures for early detection of landslides are 
the need of the hour to ensure the safety of the population. 

There are three main methods for evaluating the stability of rainfall slopes. The 
first one is based on numerical analysis, such as FEM and SPH, which can build 
various models and provide dynamic failure processes [3]. The second method, which 
has been widely used in slope stability analysis, is the analytical method, which 
provides the factor of safety (Fs) of the slope based on the theory of slip surface 
or force balance [4], where the sliding surface of the slope can be assumed as a 
straight line, polyline or logarithmic spirals. Some classical studies rely mainly on 
experimental simulation [5]. Rainfall model experiments can provide an analysis of 
the soil mechanical performance and slope failure mode under rainwater infiltration 
and serve as a reference for the early warning models. 

Therefore, in order to provide a more comprehensive analysis of the slope stability 
under the influence of rainwater migration, this study carried out a model test on sandy 
slope with artificial rainfall and the numerical calculation of the Fs on a cell-by-cell 
basis. In addition, motion analysis and particle tracking by an image processing 
software was also performed. 

2 Model Test Set-Up and Derivation of Fs 

2.1 Test Set-Up 

AS shown in Fig. 1a, a sandy slope model with 80 cm length, 45 cm height and 
40 cm wide was built in a rectangular box, the slope angle was set as 45°, and 9 spry 
nozzles were supplied from the top and a flowmeter was taken to control the rainfall 
intensity as 100 mm/h. Sensors used in this model test are 3 soil moisture sensors 
(SEN0193) and 3 pore-water pressure sensors (KPG-PA) located at the bottom, as 
shown in Fig. 1b. Raspberry pi with cameras can provide continuous picture taking 
on the side view (camera 1). Motion analysis and Particle Image Velocimetry (PIV) 
analysis can be used to capture the slight slope displacement and motion trail based 
on real-time pictures from cameras.

Kumamoto sand K7 is chosen to build the model in this study. It has the uniformity 
Uc of 2.96 and a void ratio e of 0.866. The median grain size (D50) is 0.17 mm and
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Fig. 1 Layout of artificial 
rainfall model test: a Model 
test set-up; b Sensors layout

the specific gravity (Gs) of K7 is 2.62. The effective cohesion c’ = 0 and effective 
internal friction angle ϕ’ = 40°. The initial volumetric moisture content is 17% in 
this research. 

2.2 Derivation of Fs 

Although infinite-slope stability analysis is always used for shallow landslides, in 
which shallow slope failure is controlled by an increase in the groundwater table. 
This method has also been used in past to perform the analysis of unsaturated slopes 
[6]. Fs as a function of depth below ground surface and time can be denoted as: 

Fs(Z , t)= 
tan ϕ'

tan β 
+ c' − σs(Z , t) tan ϕ'

(γ + γw ∗ w(Z , t)) ∗ Z ∗ sin β ∗ cos β 
(1) 

Here Z refers to the depth below the ground surface (as shown in Fig. 2), t is the 
measuring time, β (°) is the angle of slope, ϕ’ (°) is the soil friction angle for effective 
stress and c’ (kPa) is the soil cohesion for effective stress, γ (N /m3) is the soil unit 
weight, γ w (N /m3) is the unit weight of groundwater, w is soil moisture content, and 
σ s (kPa) defined by [7] for the saturated state and [8] for the unsaturated state:
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Fig. 2 Water distribution in 
an unsaturated slope 

Table. 1 Soil parameters for 
the slope stability analysis 

Parameter Symbol Value 

Soil unit weight γ /kNm−3 14 to 18 

Inverse of the air entry pressure a/ kPa−1 150 g 

Pore size distribution N 5 

Vertical specific discharge q/ ms−1 −3.14*10–8 

Saturated hydraulic conductivity ks/ ms−1 3*10–5 

σ s =

(
ruγ z1 (ua − uw) <= 0  

1 
α 

ln[(1+q/ks )e(−γw αz1)−q/ks ] 
(1+{− ln[(1+q/ks )e(−γw αz1)−q/ks ]}n )1−1/n (ua − uw) >0  

(2) 

ua is pore-air pressure, which is usually 0, uw is pore-water pressure, a, n are related 
parameters of soil water characteristic curves. q is vertical specific discharge; ks 
is the saturated hydraulic conductivity, and z1 is the net distance from the general 
point to the groundwater table, as shown in Fig. 2. ru is the coefficient of pore-water 
pressure, it presents an overestimation of the pore-water in the part of hillslopes [9]. 
In slope stability analyses, the coefficient ru is usually assumed to be smaller than 
0.6. Finally, unsaturated parameters are selected as shown in Table 1. 

3 Result and Discussion 

3.1 Soil Moisture Content and Pore-Water Pressure 

The trend in Fig. 3 depicts the soil moisture content and porewater pressure variation 
with different. Soil moisture sensor 1 (S1) was recorded to be influenced by the 
rainwater quicker than S2-S3, because S1 was located closest to the slope. The soil 
moisture content stayed constant for a short period of time near the threshold of 28%. 
And S1 also re-increased faster than other sensors because the wetting front went up 
from the base of the slope, and the moisture content in all the sensors peaked to 38%
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Fig. 3 Sensor data from model test: a Soil moisture content; b Pore-water pressure 

in turn as soil slope gradually became saturated state. Similarly, at the beginning of 
the test, the pore water pressure did not respond because the infiltrated rain did not 
reach the bottom of the slope. Then the pore-water pressure sensor 1 (P1) reflected 
faster than that of P2, due to its proximity to the slope surface. However, P2 tends to 
show highest water pressure magnitude. 

3.2 Safety Factor of Slope and Groundwater Migration 

Through this study, it could be highlighted that the increase in soil moisture content 
during the process of rainfall infiltration, does not have an excessive impact on the 
Fs, while the rise of the groundwater level led to a rapid reduction of the safety 
factor. Since S1 is the first sensor to react to the change in soil moisture content and 
increase of porewater pressure, its safety factor is reduced faster than S2, while S3 is 
still the last sensor to show a decrease. Furthermore, it is also observed that the time 
of instability (Fs < 1.000) at three sensors was 55 min, 59 min and 62 min (Fig. 4).

Based on the data from different sensors, the migration of groundwater table at 
different time duration is plotted, and for each moisture sensor, this study marks the 
Fs to provide the local factor of safety in Fig. 5. It can be clearly observed that with 
the effects of rainfall continuing, the groundwater table continues to rise. It’s obvious 
that for a sandy slope, although the whole slope is not completely saturated, the slip 
surface may occur in the saturated zone.

3.3 Motion Analysis 

In this research, a camera is stationed on the front of the model to capture the entire 
process of initiation of the landslides. The camera transmits real-time photos or
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Fig. 4 Factor of Safety of each monitoring point

Fig. 5 Real-time state of each monitoring point

videos to the cloud in a convenient and low-cost manner. Embed the motion trajec-
tory calculation into the system to capture the micro displacement. As already shown, 
sand slopes always induce multiple shallow landslides. Research presents the front 
view at different duration times during rainfall intensity 100 mm/h. As the initial 
state is shown in Fig. 6, from the side view, 7 tracking points were marked in the 
slope, of which 4 points (Point 1-Point 4) are along the slope and 3 points (Point 
5-Point 7) are on the far side of the slope edge. Research defines three slope failures 
based on obvious movement captured by motion analysis, which occurred succes-
sively from bottom to top. Here, motion analysis provides real-time displacement of 
monitoring points, motion trajectory and deflection of monitoring point coordinates, 
etc. Figure 7a shows that point 1 and point 5 have the earliest response, while Point 1, 
Point 2 and Point 3 have longer displacement than other points. Because point 1 and 
point 5 are located in the first shallow landslide area, prompting them to move the 
earliest. Since Point 1- Point 3 are close to the slope surface and are in the landslide 
area, the resulting displacement is higher. Motion analysis also records the tilt angle 
of point coordinates. It is also easy to understand that the tilt angle observed in the 
upper part are significantly larger than that in the lower area due to the steep slope
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Fig. 6 Motion analysis under rainfall intensity 100 mm/h

of 45° and the landslide mass is accumulated at the slope toe, so it is more likely to 
generate a larger tilt angle. It can be clearly seen that after the first landslide occurs, it 
will quickly spread to multiple landslides, and eventually produce extremely violent 
long-distance landslides. As observed from Fig. 6, more than 50% of the sliding 
distances of the monitoring points are derived from the last deep landslide. The time 
of each shallow landslide is 59 min, 65 min and 73 min. Furthermore, the results from 
PIV (Particle Image Velocimetry) at three different landslides are shown in Fig. 7, it  
can be seen clearly that at each failure time, the main particle flows are distributed 
at the bottom, middle, and top, respectively, which is consistent with our expected 
results. 

4 Conclusions 

In this study, the stability analysis of sandy slope under rainfall is carried out through 
model test, analytical method and software analysis, and the following conclusions 
are obtained:

(1) Obviously, under the action of rainfall, the slope will lead to the increase of soil 
moisture content and the rise of the water table, and as the groundwater level 
rises, the factor of safety (Fs) of the slope decreases rapidly.
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Fig. 7 Motion analysis under rainfall intensity 100 mm/h: a 59 min; b 65 min; c 73 min

(2) It takes 4 min from the Fs < 1.0 to the first shallow landslide because semi-
infinite slope calculation theory is easy to produce a lower Fs than the actual 
state. The faster time to reach the failure state can also be used as an early 
warning indicator. 

(3) Through the motion analysis, it can be ascertained that, after the initial landslide, 
the displacement will accumulate rapidly, and multiple landslides will occur in 
a short period of time to the final deep landslide. The time from the initial 
landslide to the final landslide is 14 min, as observed this study. 

The failure mechanism and instability process of sandy slopes under rainfall condi-
tions are analyzed in detail, and the relevant research results can be used as important 
indicators in the construction of early warning systems. 
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Experimental Investigation 
and Visualization of Failure Surfaces 
in Pipe-Soil Interaction Problems Using 
PIV Technique 

Selçuk Bildik, Peter Rogenbuke, Gizil Tak, Baran Tulan, 
and Özer Çinicioğlu 

Abstract In this study, the effect of relative density on bearing capacity was inves-
tigated for cases in which a pipe is buried within the zone of influence. As a novelty, 
failure mechanisms are experimentally determined using Particle Image Velocimetry 
(PIV). Within the scope of the study, six different physical model experiments 
were carried out for this purpose. In these experiments, the load imposed on the 
neighboring surficial foundation model and the resulting displacements relationship 
were also determined. The results suggest density dependency of the distribution of 
deformations. 

Keywords Relative density · PIV method · Pipe-soil interaction · Bearing 
capacity · Failure surface 

1 Introduction 

Infrastructures such as buried pipeline systems have great importance in daily life. 
Sewer systems enable people to process the municipal waste, and oil pipelines 
contribute to transporting petroleum products.
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One of the most common materials used for such systems is PVC pipes. The most 
important reasons are that they are cheaper and non-corrosive, and due to the that fact, 
they are less susceptible to microbiological growth. Furthermore, their durability is 
competitive with other materials such as steel. 

The analysis and design of such systems require the consideration of soil-structure 
interaction [1]. When designing buried pipeline systems, estimating parameters such 
as displacements, internal stresses caused by transported materials, and external 
stresses caused by the surrounding soil are necessary. 

In the literature, many researchers conducted experiments to evaluate the perfor-
mance of buried pipes, focusing on the load–displacement behavior of pipes [2–7]. 
Additionally, there is limited research about pipe-soil interaction in terms of bearing 
capacity [6, 8, 9]. 

One of the most popular techniques for image analysis, called Particle Image 
Velocimetry (PIV), was used for the analyses of the images captured during the 
model tests conducted in this study. PIV is a non-invasive velocity measuring proce-
dure that adapts to geotechnical applications [10]. In this study, MATLAB based 
GeoPIV_RG software [11] was used. The software operates by dividing a reference 
image into user-defined meshes and calculates displacements between consecutive 
images regarding the reference image. This way, displacement vector field can be 
determined. With the GeoPIV_RG algorithm, the formation of the failure surface in 
the soil can be observed with a map consisting of different colors indicating different 
displacement surfaces. The obtained results are presented and discussed. 

2 Experimental Studies 

2.1 Experimental Setup 

Physical model tests were carried out in a rigid box that contains backfill of target 
density with a pipe buried. Pipe location was varied between experiments. In the tests, 
a model surficial continuous footing was loaded to observe backfill-pipe-foundation 
interaction.. The model tests were designed to examine the effect of pipe embedment 
depth. The tests were recorded by employing different types of data recorders which 
can measure both load acting on the foundation model and the resulting displace-
ments. The steel frame in which the model tests are conducted allows the preparation 
of a model backfill with dimensions 100 cm × 50 cm × 60 cm. The front and back 
sides of the frame are made of plexiglass for capturing consecutive images of soil 
deformations. For this purpose a Nikon D90 camera was used and the images are 
later analyzed using GeoPIV-RG. In the model tests, a strip foundation model is 
placed with dimensions of 50 cm × 10 cm × 3 cm on the backfill and loaded using 
a loading piston. Foundation loads and the resulting displacements were measured 
using a load cell and LVDT transducers, respectively. Furthermore, pipe strains were 
measured using TML brand strain gauges. All measurements are and recorded via
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Fig. 1 Overview of the test 
setup 

National Instruments (NI) modules equipped with NI developed LabView software. 
Three different load cells having different capacities of 500 kg, 1 tonne, and 2 tonnes 
were used throughout the experiments. LVDT stroke length is 150 mm, and the strain 
gauges are GFLA–6–50–4L type. Strain gauges were attached to the PVC pipe with 
a unique cyanoacrylate adhesive. Experimental setup is shown in Fig. 1. 

The rate of the loading piston was kept constant at 10 mm/min. The images 
were captured with a rate of one photo for every 12 s. This corresponds to 2 mm of 
piston displacement per image making it easier to translate pixel-based displacements 
to actual displacements. After the completion of the tests, captured images were 
analyzed using GeoPIV_RG using the initial image as the reference which is meshed 
with 50px × 50px-sized patches (Fig. 2). The results were expressed in millimeters. 
As a result, the stress–displacement curves were presented are plotted with 2 mm 
intervals up to 10 mm displacement, which corresponds to the 10% of the foundation 
width, due to adopted failure criterion [12]. 

Fig. 2 PIV analysis area and 
mesh
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Table 1 Index properties of 
Çerkezköy sand 

Soil property Value 

Classification SP 

Median particle size (D50) 0.64 

Coefficient of uniformity (Cu) 2.37 

Coefficient of curvature (Cc) 0.93 

Specific gravity (Gs) 2.62 

Maximum void ratio (emax) 0.83 

Minimum void ratio (emin) 0.50 

Average sphericity (Save) 0.560 

Average roundness (Rave) 0.749 

Fig. 3 Grain size 
distribution of Çerkezköy 
sand 

2.2 Soil Properties 

For this research, sand obtained from Çerkezköy region of İstanbul was used. Index 
properties of Çerkezköy Sand are summarized in Table 1 and (Fig. 3). 

2.3 Experimental Method 

In the scope of this experimental study, 6 model tests were conducted, in which them 
of them were with the pipe being buried at an embedment ratio of H/D = 1 and 
the other three were without the buried pipe. Each case was examined for different 
relative densities (Dr) of 35, 50 and 65%. The configuration of the tests are illustrated 
in Fig. 4 where H is the vertical distance between the bottom of the foundation and 
the crest of the pipe and D is the pipe diameter which is constant as 75 mm. The 
required relative density of the sand soil was established by calculating the total soil 
mass necessary for the whole volume of the frame, then placing and compacting it in 
ten layers, each layer corresponding to 1/10 of the volume of the frame hence 1/10 
of the required soil mass. Details of the model tests conducted are given in Table 2.
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Fig. 4 Pipe embedment 

Table 2 Test program Test no Relative density of sand 
(Dr)(%) 

Embedment ratio of pipe 
(H/D) 

1 35 – 

2 35 1 

3 50 – 

4 50 1 

5 65 – 

6 65 1 

3 Results and Discussion 

This study aims to examine the effect of the buried pipe and different sand relative 
densities on the bearing capacity of neighboring surficial strip foundations. Figure 5 
shows the experimental distribution of vectorial displacements and resultant displace-
ment contours obtained from GeoPIV_RG analyses for 10 mm foundation settlement, 
which corresponds to 10% of the foundation width that is considered to correspond 
to failure in this study. It is clear from the analysis results that pipe affects the wedge 
size and stress distribution due to creating a non-continuous soil zone. Also, resultant 
contours indicate that displacement zones created just below the pipes and the lowest 
relative density Cerkezkoy sand have the largest displacement zone just below the 
pipe, as expected.

Figure shows the stress-displacement behavior at 10 mm displacement, which 
corresponds to 10% of the foundation width of the Çerkezköy Sand with and without 
the presence of the pipe. As expected, for the case without pipe, the highest load is 
carried when the relative density is the highest. For the case with pipe, the loading
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Vectorial Displacements Resultant Contours 

(a) 

(b) 

(c) 

(d) 

(e) 

(f) 

Fig. 5 Vectorial displacements and resultant displacement contours from GeoPIV_RG. a Dr: 35% 
without pipe, b Dr: 35% H/D: 1, c Dr: 50% without pipe, d Dr: 50% H/D: 1, e Dr: 65% without 
pipe, f Dr: 65% H/D: 1
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Fig. 6 Stress- displacement behavior of Çerkezköy sand with and without pipe 

capacity of the soil at 35 and 65% relative densities drops around 70%, whereas 50% 
relative density drops around 90% of the case without pipe load values (Fig. 6). 

4 Conclusions 

In this study, six physical model tests and GeoPIV_RG analyses were conducted to 
observe the effects of the presence of the pipe and relative density on the deformation 
of the soil-pipe-foundation system under loading. Pressures and displacement acting 
on the model foundation were measured, and deformation of the soil strata was visu-
alized by using GeoPIV_RG analyses. GeoPIV_RG analysis accurately envisioned 
the deformation zones of different sand relative densities. It is understood from the 
correct separation of the sizes and geometries of the displacement fields obtained 
from three different analysis results from each other. Furthermore, PIV_analyses 
were also accurate in visualizing the deformation zones with pipe since it can be 
seen that from the results, pipe leads to separate deformation fields in sands of 
different relative densities as expected. 

Further studies could be carried out to investigate the effect of geosynthetic on 
deformation fields and bearing capacity of soil-pipe-foundation system under loading 
by using GeoPIV_RG analyses. Moreover, further research could examine different 
soil types using strain contours which can be provided by GeoPIV_RG analyses. 
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P-Y Curves for Piles in Sand Based 
on the SPT Test–Parametric Study 
and Practical Recommendations 

Abdesselem Laouedj and Ali Bouafia 

Abstract ULS and SLS limit state design of pile foundations under lateral loads 
is often undertaken on the basis of the P-Y curves concept. Since more than half a 
century, the methods of P-Y curves have been subject of an extensive research work 
worldwide. Nowadays, the P-Y curves parameters, namely the reaction modulus and 
the soil lateral resistance, are derived by correlation with geotechnical parameters 
measured by laboratory test or in-situ tests like the cone penetration test. The contri-
bution of the standard penetration test SPT to the direct construction of P-Y curves 
is however not demonstrated in the literature. The paper aims at presenting an orig-
inal semi-empirical method of construction of the P-Y curves along the pile directly 
based on the N-value measured by the SPT. On the basis of a detailed parametric 
study it was highlighted some key factors affecting the pile load–deflection behavior. 

Keywords Pile · Lateral load · P-Y curve · SPT test · Sand 

1 Introduction 

The load–deflection behavior analysis of a pile foundation based on the P-Y curves 
is a practical approach allowing powerful analysis of the forces and displacements 
of the pile under a horizontal load. These curves are constructed as prescribed by 
geotechnical standards such as the API and Eurocode 7, following empirical or semi-
empirical correlation to the geotechnical parameters measured by the laboratory or 
in-situ tests (AFNOR [1], API [2]). 

The P-Y curve describes a local constitutive law between the lateral soil reaction 
P undertaken by a spring at the pile/soil interface at a given depth along the pile, 
and the lateral pile deflection Y at this depth. As shown in Fig. 1, the P-Y curve
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(a) (b) 

Fig. 1 Schemes of forces balance and the P-Y curves [3] 

is non-linear shaped and characterized by an initial slope called the lateral reaction 
modulus denoted Eti, and a horizontal asymptote Pu corresponding to the lateral soil 
resistance [3–5]. 

In spite of the large number of applications of the standard penetration test (SPT) 
in foundation engineering, it is rarely mentioned in the literature how to use directly 
the N-value measured by the SPT test to analyze the load–deflection behavior of 
piles. 

This paper aims at presenting a practical method of direct construction of the P-Y 
curves for piles in sandy soil on the basis of the SPT test. 

2 Parameters of the P-Y Curve 

The experimental P-Y curve, at a given depth z, derived from the analysis of fully 
instrumented full-scale test piles by Laouedj and Bouafia [6] were fitted by the  
hyperbolic function given by Eq. (1), where the two parameters of the P-Y curve Eti 

and Pu were correlated to the Nspt value and the pile characteristics. 

P(z) = Y (z) 
1 

Eti  (z)
+|Y (z)| 

Pu (z) 
(1) 

The first parameter of the P-Y curve Eti is called the initial lateral reaction modulus 
and expressed as follows: 

Eti  = KE Nspt  σv
′ (2) 

The second parameter of the P-Y curve is called the lateral soil resistance and 
defined as follows:
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Table 1 Values of the 
parameters KE and KN 

Above water table Below water table 

KE = 207 KE = 156 
KN = 21 KN = 17 

Pu = KN σv
′B (3) 

The coefficients KE and KN are respectively called “the modulus number” and 
“the lateral resistance coefficient”. It was shown they may be directly correlated to 
the Nspt value. In Table 1 are summarized the values of KE and KN depending on the 
position of pile segment with respect to ground water table [6]. 

Laouedj and Bouafia [7] found out for all the test piles studied that the embedded 
length D was greater than 3 times the elastic length L0 (D > 3L0), which leads 
to classify their behaviour as of flexible piles, and consequently limits the results 
presented here to the category of flexible piles [7]. 

3 Parametric Study 

3.1 Dimensional Analysis of the Problem 

In studying the mechanics of piles under a horizontal force H0, the deflection at 
the grand surface Y0 of the pile can then be determined. The P-Y curve parameters 
may be correlated to vertical overburden stress σv0 and Nspt the properties of the soil 
around the geometric properties of the pile, namely the pile flexural stiffness EpIp, 
the embedded length D, and the diameter B (or the dimension perpendicular to the 
lateral load direction), according to the following general equation at a given depth z: 

f
(
H0, Y0, E p I p, B, D, σv0(z), Nspt

) = 0 (4)  

Dimensional analysis of this equation according to the Buckingham’s theorem 
leads to the dimensionless equation: 

g

(
Y0 
B 

, 
H0 

σv0(D)BD  
, 
D 

B 
, N spt

)
= 0 (5)  

The first term is called the normalized displacement, the second is the normalized 
lateral load, and the third is the pile slenderness ratio. The parametric study presented 
hereafter focuses on the effect of the following parameters: the pile slenderness ratio, 
the groundwater level, and the sand density.
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3.2 Features of the Model 

In this parametric study, the load–deflection curve of a single pile embedded within a 
homogeneous deep sandy layer having different densities (loose, medium, or dense) 
was investigated. The model is a steel pipe pile with 0.5 m in diameter, a flexural 
stiffness of 50 MN.m2 and an embedded length varying from 5 to 25 as summarized 
in Table 2. The lateral load H load is applied at 1 m above the ground surface. 

The soil unit weight (submerged or dry) depending on the position of the water 
table was estimated by empirical correlations with the Nspt value as recommended 
in geotechnical literature. 

Terzaghi [8] suggested to correlate the Nspt with the in-situ state of density of the 
sandy deposits as shown in Table 3, and the Table 4 summarizes the physical and 
mechanical characteristics of the sandy soil used in this parametric study. 

Four possible groundwater levels are studied, namely: dry sand without water 
table, submerged sand (water table at ground level), sand with a water level at mid-
length of pile, say D/2, and sand with a water level at a depth of D/4. 

The P-Y curves for a given model of pile/soil system were generated and input in 
the software SPULL (Single Pile Under Lateral Load) developed at the University 
of Blida.

Table 2 The geometric 
characteristics of the pile 

Embedded 
length (m) 

Diameter Slenderness 
ratio D/B 

Flexural stiffness 

D = 5.0 B = 0.5 m 10 EPIP = 50,000 
kN.m2 

D = 10.0 20 

D = 25.0 50 

Table 3 Relation between 
NSPT and density of the sand 
(after Terzaghi [8]) 

N value Relative density 

4–10 Loose 

10–30 Medium 

30–50 Dense 

Table 4 The characteristics 
of the sandy soil model 

N value Dry unit weight 
(kN/m3) 

Submerged unit weight 
(kN/m3) 

NSPT = 5 γd = 13.91 γ’ = 8.66 
NSPT = 20 γd = 14.98 γ’ = 9.33 
NSPT = 40 γd = 16.28 γ’ = 10.13 
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3.3 Discussion of the Parametric Study Results 

3.3.1 Effect of the Pile Slenderness Ratio 

Load–deflection curves are illustrated in Fig. 2 which demonstrates the important 
effect of the pile slenderness ratio on the pile response. In Fig. 2a and b related to the 
cases of dry and saturated loose sand respectively, the difference of deflections for 
D/B = 10 and 20 is about 92.5%, and for D/B = 10 and 50, the difference of is about 
99.7%. Consequently, the D/B ratio has considerable effect on the pile deflections. 
One can conclude that for a given lateral load, an increase in slenderness ratio results 
in an important increase of the pile deflection, whatever the density of the sand and 
its degree of saturation. 

Fig. 2 The effect of pile slenderness on the behavior of the soil/pile system in sand: a pile in dry 
loose sand; b pile in saturated loose sand; c pile in dry dense sand; d pile in saturated dense sand
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3.3.2 Effect of the Sand Density 

Density is a key parameter governing the behavior of any sandy soil. This study 
includes three level of density: loose, medium and dense sand are illustrated in 
Fig. 3. 

The influence of the density is correlated with NSPT and its effect is studied with 
different parameters listed in Table 4. The lateral soil resistance is one of the most 
important factors that directly influences the pile response under lateral load. In 
Fig. 3a and b, the effect of the sand density on the pile deflection is shown for a pile 
slenderness ratio varying from 10 to 50. The other two figures Fig. 3c and d illustrate 
the same sand density and same slenderness ratio for a saturated sand. 

At the same normalized of the pile top deflection, the normalized lateral load of 
medium and dense sand is quite equal, and the normalized deflection in a loose sand 
is larger by 14% than those in dense sand with a pile slenderness ratio of 10. For the

Fig. 3 The effect of sand density on the behavior of the soil/pile system: a pile of D/B = 10 in dry 
sand; b pile of D/B = 50 in dry sand; c pile of D/B = 10 in saturated sand; d pile of D/B = 50 in 
saturated sand 
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slenderness ratio of the pile equal to 50 in loose sand, the deflection is larger 17% 
than those in medium or dense sand. 

In the saturated sand, for a slenderness ratio of 10, the comparison of the normal-
ized deflection due to the same normalized lateral load gives an excess of 11% in 
loose sand compared to medium or dense sand, and with a slenderness ratio of 50, 
an excess of 14.5% is noticed for the same comparison. 

It can be concluded that the sand density plays a major role in the behavior of 
piles under lateral loading. It can also be seen from these figures that the single 
pile in medium or dense sand shows practically the same displacements, regardless 
of the pile slenderness ratio and the saturation degree of the sand. The reduction in 
displacements is therefore observed only when passing from loose sand to a medium-
dense sand. When the density of the sand increases, the displacement of the pile 
decreases, regardless of the degree of saturation of the sand and the slenderness ratio 
of the pile. 

3.3.3 Effect of the Groundwater Level 

In this study, the performance of a laterally loaded single pile embedded in a sandy soil 
with different ground water levels is presented. Four water table cases we simulated. 
Accurate ground water level information is then needed for the estimation of the soil 
density as well as the parameters KN and KE as shown in Table 1. 

From Fig. 4 it can be seen that the effect of groundwater position on the pile top 
deflection. The lateral soil resistances along the pile in medium and dense sands are 
larger than those in loose sand. Whatever the slenderness ratio of the pile and the 
density of sand, the relative differences in pile top deflection are within 10%, the 
load–deflection curves being practically merged, regardless of the level of the water 
table. In other words, for low levels of lateral load, the position of the water table has 
practically negligible influence on the pile deflections as long as they are less than 
10% of B.

4 Conclusion 

A detailed parametric study was undertaken in order to investigate the effects of the 
pile slenderness ratio, the sand density, and the position of the groundwater. The 
main results from this study are summarized as follows:

1. The pile top deflection decreases with the increase of the pile slenderness ratio 
(D/B), which is then an unfavorable effect on the stability of the pile/soil system. 

2. The increase in sand density leads to a decrease in the pile top deflection. It can 
be concluded that the sand density plays a favorable key role in the design of 
laterally loaded piles.
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Fig. 4 The effect of groundwater level on the behavior of the soil/pile system: a pile with D/B = 
10 in loose sand; b pile with D/B = 50 in loose sand; c pile with D/B = 10 in medium sand; d pile 
with D/B = 50 in medium sand; e pile with D/B = 10 in dense sand; f pile with D/B = 50 in dense 
sand
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3. The increase in the level of the water table with respect to the ground level in 
sandy soil has negligible influence on the pile top deflection under small level of 
lateral loads. For deflections greater than 10% of B, the effect of the existence 
of the groundwater generates an amplification of deflections with a rise of the 
ground water level to the soil surface. 
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Behaviour of Embedded Beam 
Formulations Under Dynamic Loading 

Andreas-Nizar Granitzer and Franz Tschuchnigg 

Abstract Fully-coupled dynamic finite element analyses (FEA) of pile founda-
tion structures are computationally demanding; hence, they are rarely performed in 
practice. Due to their exceptional ability to circumvent this obstacle, dimensionally 
reduced beam-type-elements (BTE), such as embedded beam formulations (EBF), 
have gained popularity in dynamic FEA of related problems. The current engineering 
approach assumes a high level of compliance in the predicted dynamic response 
across different pile modelling techniques. However, static FEA have shown that 
this assumption is not generally warranted, primarily due to limitations of the line-
to-volume coupling scheme employed in classical BTE. This raises an obvious ques-
tions about their general applicability to dynamic FEA of pile foundation structures, 
which generally require a realistic representation of dynamic soil-structure interac-
tion. Subsequently, comparative dynamic FEA are carried out considering different 
embedded beam formulations. The credibility of results is numerically validated 
based on direct comparisons with the well-accepted standard FE approach. In this 
regard, EBF capture the free vibration behaviour with high accuracy. Special care 
must be taken when using EBF for the prediction of kinematic amplification ratios 
close to resonance. 

Keywords Embedded beam formulations · Harmonic excitation · Finite element ·
Dynamic soil-structure interaction · Free vibration 

1 Introduction 

In many cases, the design of pile-supported structures has to consider the poten-
tial occurrence of time-varying loads. Broadly, the latter are divided into two main 
categories: loads applied directly to structures, such as wave forces or machine 
loads, and loads acting on structures through the soil, presumably originating
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C. Atalar and F. Çinicioğlu (eds.), 5th International Conference on New Developments 
in Soil Mechanics and Geotechnical Engineering, Lecture Notes in Civil 
Engineering 305, https://doi.org/10.1007/978-3-031-20172-1_34 

353

http://crossmark.crossref.org/dialog/?doi=10.1007/978-3-031-20172-1_34&domain=pdf
mailto:andreas-nizar.granitzer@tugraz.at
https://doi.org/10.1007/978-3-031-20172-1_34


354 A.-N. Granitzer and F. Tschuchnigg

from earthquake loads, blast effects or distant vibrating sources [1, 2]. Owing to 
arising dynamic soil-structure interaction effects (DSSI), neither the ground motion 
nor the structural response are independent of each other, but in turn depend on 
various factors including the mass of the superstructure, the stiffness of the soil or 
damping phenomena of the soil-structure system [3]. Consequently, the analysis of 
related problems poses a multidisciplinary task at the interface between geological, 
geophysical, structural and geotechnical disciplines [4]. 

In practice, the investigation of related problems is carried out under the assump-
tion of a fixed based structure, thereby ignoring the development of DSSI [5]; see 
Fig. 1a. It is widely recognized that this assumption constitutes an over-simplification 
that may lead to unsafe and, respectively, uneconomic design as it neglects contri-
butions stemming from soil deformability, material or radiation damping [6]. In 
particular for flexibly-supported slender structures founded on soft soil deposits, the 
predominant importance of DSSI has been clearly highlighted by well-documented 
experimental tests and post-earthquake field investigations [7]. From the above 
discussion, it is evident that dynamic calculations have to consider DSSI with 
sufficient accuracy. 

Although relevant design codes, such as Eurocode 8 [8], assert a potentially rele-
vant significance of DSSI in the design of sensitive structures, there is no general 
guidance on how to assess the influence of DSSI [5]. At present, the prominent type 
of dynamic analysis procedures are based on numerical and analytical approaches 
that utilize either simplified multi-step methods (MSM) or the single step method 
(SSM) [7]. Unlike MSM, the SSM considers both inertial effects (due to vibration of 
the superstructure) and kinematic effects (imposed by lateral ground displacements) 
simultaneously through fully-coupled soil-structure models; see Fig. 1b. This makes 
the SSM particularly suitable for the dynamic analysis of piled foundations, which 
generally provide a higher dissipation of energy compared to shallow foundations.

(a) (b) 

Fig. 1 a Approximation of a pile-supported slender structure as equivalent oscillator with one 
dynamic DOF on fixed/flexible base; b kinematic and inertial type loading 
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The latter aspect renders the determination of frequency-dependent springs and dash-
pots associated with MSM more problematic [5]. On the contrary, the SSM requires 
higher computational resources, and is therefore rarely performed in practice [7]. 

In many instances, the SSM is realized employing the finite element (FE) method; 
hence, the rate of convergence is closely linked to the mesh configuration [9]. As 
dynamically induced forces depend on the displacements rather than their derivatives 
as it is the case for their static counterparts, coarser discretizations may be selected 
for elastic dynamic FE analyses (FEA) than for static ones [1]. This allows to reduce 
the size of the system of equations derived from the dynamic equation of motion: 

Mü + Cu̇ + Ku = f (1) 

In Eq. (1), M is the mass matrix, C the damping matrix, K the stiffness matrix, 
u the displacement vector and f the load vector. Moreover, idealizing foundation 
piles by means of dimensionally reduced discretizations instead of the standard FE 
approach (SFEA) [10] may serve as powerful strategy to improve the computational 
efficiency of the SSM. In this context, previous contributions suggest the application 
of beam type elements (BTE) where the beam-to-solid coupling is either estab-
lished via conforming mesh discretizations, explicit or implicit interfaces; see [9, 11, 
12]. Despite the modern trend towards dynamic FE calculations using BTE, their 
performance in dynamic response analysis of pile foundation systems has not been 
thoroughly investigated. Related studies documented in the literature are restricted 
to the local pile behaviour as a function of different beam-cap connection types as 
well as the existence of explicit interface elements [9, 13], thereby ignoring the dete-
rioration of numerical fidelity due to the inconvenient application of BTE. However, 
recent studies concerning pile-soil interaction phenomena under static loads have 
showcased limitations associated with certain BTE; hence, the compliance of numer-
ical predictions obtained with different pile modelling approaches is not generally 
warranted [10]. This raises an obvious questions about the suitability of widely 
adopted BTE in dynamic FE analysis. 

The present contribution aims at providing insight to the significance of the pile 
modelling approach in the dynamic analysis of pile foundation constructions. In view 
of their intended use (i.e., to capture the behaviour of SFEA piles [14]), the perfor-
mance of two BTE is numerically assessed based on comparisons with the SFEA 
benchmark; namely, the widely adopted embedded beam with line interface (EB) [14] 
and the novel embedded beam element with interaction surface (EB-I) [10]. To this 
end, the remainder of this paper is organized as follow: Sect. 2 introduces the numer-
ical model characteristics of a conceptually simplified pile foundation construction, 
whereas special emphasis is placed on the pile modelling approach. In Sects. 3 and 4, 
the dynamic response sensitivity is investigated based on its behaviour under free 
vibration and dynamic excitation. Section 5 closes with the main conclusions.
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2 Numerical Model Characteristics 

To study the performance of BTE in the numerical evaluation of the dynamic response 
of pile foundation structures, FEA are carried out in both the time and frequency 
domain using the FE software code Plaxis 3D [15]. Broadly, the boundary value 
problem under investigation has been subject of numerous previous studies [16, 
17] and constitutes a single degree of freedom structure supported by four flex-
ible piles; see Fig. 2a. In accordance with [17], FEA are performed considering 
the linear visco-elastic constitutive model for the piled foundation and the Mohr– 
Coulomb visco-elasto-perfectly-plastic constitutive model for the soil, respectively; 
see Table 1. Damping of the soil and the structure material is introduced through 
frequency-dependent Rayleigh damping, where the damping matrix C results from 
a combination of mass matrix M and stiffness matrix K; see  Eq. (2). 

C = α · M + β · K (2)

(a) (b) 

Fig. 2 a Model geometry, adopted from [17], and b mesh discretization of EB | EB-I model. 
Taking advantage of the symmetry conditions, only half of the problem is analysed 

Table 1 Pile parameters (above) and soil parameters (below) 

Unit weight Axial stiffness Poisson ratio Damping factor Diameter Length 

γpile (kN/m3) Epile·Apile (MN) νpile ξpile Dpile (m) Lpile (m) 

24 1078 0.3 2% 0.25 10 

Unit weight Young’s modulus Poisson ratio Damping factor Cohesion Friction angle 

γsoil (kN/m3) Esoil (MPa) νsoil ξsoil c’(kPa) ϕ’ (°)  

17 10 0.3 10% 0 30 
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According to [4], the Rayleigh damping constants are evaluated as α = ξ · ω 
and β = ξ ÷ ω, being ω the angular frequency of the system and ξ the damping 
ratio of respective materials. The dynamic equations of motions are integrated based 
on the well-known implicit Newmark time integration scheme. In the free vibration 
FEA, viscous boundary conditions are considered to absorb outgoing wave energy, 
whereas a combination of compliant base and free-fields boundaries is applied in 
FEA concerning harmonic excitation. 

The solid domain is discretized with 10-noded tetrahedral elements with quadratic 
element functions; see Fig. 2b. Since the dimension of the solid elements limits the 
value of the highest transferable input frequency, the average element size (AES, i.e. 
quotient formed by the total tetrahedral edge length divided by the number of edges) 
follows Eq. (3) [18]: 

AES ≤ Vs,min/
(
8 · fexc,max

)
(3) 

where Vs,min = 48 m/s is the minimum elastic shear wave velocity in the soil and 
fexc,max = 5 Hz denotes the maximum excitation frequency used in the FEA. A 
series of sensitivity FEA concerning the domain dimensions have been conducted to 
ensure both minimum boundary effects and manageable computational effort. The 
compliant base is excited with harmonic loads in the form of horizontal acceleration 
amplitudes üexc = 0.2 g of varying frequency fexc ∈ [ fsoil  = 0.6, 5] Hz. 

To study the dynamic response sensitivity towards the pile modelling approach, 
the piles are idealized by means of EBs, EB-Is and the SFEA, whereas the latter serves 
as numerical benchmark [10]. Unlike EBs, EB-Is are equipped with a translational 
coupling scheme that defines beam kinematics based on the relative displacements 
between pairs of corresponding soil and beam nodes distributed across an implicit 
interaction surface instead of an implicit line surface. In this way, EB-Is enhance the 
credibility of numerical predictions compared to EBs [10]. For the sake of numerical 
consistency, the skin resistance is defined as layer-dependent, hence dependent of 
the stress state in the surrounding soil [14]. This allows to specify the pile-structure 
interaction similarly to the numerical SFEA benchmark. For the sake of brevity, the 
interested reader may refer to [17] for complementary modelling details. 

3 Free Vibration Analysis 

In seismic codes involving response spectrum analysis, both the equivalent viscous 
damping ratio ξSS  and the natural frequency fSS  of the soil-structure system represent 
fundamental ingredients in the evaluation of the maximum spectral acceleration 
amplitude and the design base shear force, respectively [8]. With regard to flexibly-
supported structures, DSSI render a priori predictions based on analytical solutions 
unreliable as the modal parameters may considerably differ from that of the fixed-
base structure or the soil deposit alone [4]. Again, the SSM in combination with free 
vibration analysis have proved viable to determine ξSS  and fSS  with high accuracy
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[19]. In the present case, free vibrations are invoked via horizontal excitation forces 
Fexc of different magnitudes that are applied to the concentrated mass; see Fig. 2a. 
fSS-values are obtained from the free decay responses after Fexc-release, which are 
recorded at the position of the concentrated mass. Accounting for an exponential 
decay of the displacement amplitude, ξSS-values are determined by means of the 
logarithmic decrement method as described in Eq. (4): 

ξSS  = 1/(2π ) · ln(Ai /Ai+1) (4) 

where Ai and Ai+1 are the amplitudes of vibration in two successive cycles. 
Figure 3 shows the horizontal displacements uy and accelerations ü y of the damped 

system recorded at the position of the concentrated mass. Despite a slight shift in 
amplitude and natural period towards lower values, the ability of both embedded 
beam formulations to capture the dynamic response of the SFEA benchmark is 
evident. More specifically, Fig. 4 deduces equivalent viscous damping ratios and 
natural frequencies as function of the excitation force magnitude from the calculated 
time-history records. Regardless of the pile modelling approach, ξSS-values increase 
with Fexc-magnitude, while fSS-values show the opposite trend. The validity of these 
observations has been confirmed by numerous researchers and is mainly attributed 
to non-linear soil damping characteristics [3, 4]. Obviously, the modal parame-
ters are in good agreement with the SFEA: IIξSS,SF  E  A  − ξSS,EB|EB−III∞ < 1% and
II fSS,SF  E  A  − fSS,EB|EB−III∞ < 0.1  Hz.  

It is worthy to note that the calculated fSS-range does not encompass the natural 
frequency of the underlying soil ( fsoil  = 0.6 Hz); consequently, double resonance 
effects [7] that evolve under the condition fSS/ fsoil  ∼ 1 and lead to high-amplitude 
oscillations of the concentrated mass are avoided.

(a) (b) 

Fig. 3 a Horizontal displacement- and b acceleration-time-histories (Fexc = 10 kN)
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(a) (b) 

Fig. 4 a Natural frequency and b viscous damping ratio as function of excitation force

4 Response to Harmonic Excitation 

Harmonic excitations imposed at the model base idealize vertically propagating shear 
waves [3]; see Fig. 2. The dynamic response of the pile-structure system is evalu-
ated using widely-accepted amplification ratios: the mass-base amplification ratio 
Am−b = umass/ubase and the mass-free field amplification ratio Am− f f  = umass/u f f  , 
where umass , ubase and u f f  denote the steady-state horizontal displacement ampli-
tudes at the position of the concentrated mass, model base and free field surface, 
respectively. 

Both amplification ratios examined in Fig. 5 incorporate the combined effect of 
inertial and kinematic interaction. As a consequence, the latter are dominated by 
fsoil  and fss : The maximum steady-state response to harmonic excitation develops 
near fss , commonly resulting in the evolution of maximum pile bending moments. 
If fexc is equal to fsoil , amplification ratios are lowered due to the dominant role of 
soil resonance. It is worth noting that these variation patterns have been observed in 
experimental tests executed on comparable pile foundation systems [7]. 

In view of the sensitivity studies, the results provide evidence that the pile 
modelling technique has a considerable influence on the kinematic behaviour of the

Fig. 5 a Mass-base amplification ratio Am-b and b mass-free field amplification ratio Am-ff 
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structure: While the amplification ratios are similarly damped if fexc >> f ss , signifi-
cant deviations in case fexc ∼ f ss  are apparent, presumably due to the different soil-
pile coupling schemes implemented in the pile modelling techniques studied [10]. At 
fexc = f soil , all pile modelling techniques show compliant results which is attributed 
to prevailing soil resonance. Above observations apply for both amplification ratios. 

5 Conclusions 

The present contribution comprises numerical sensitivity studies undertaken to assess 
the performance of different embedded beam formulations (EBF) in dynamic FEA 
of pile foundation structures. Partly, the presented results support the common belief 
that the dynamic response is non-sensitive to the numerical pile modelling technique, 
hence, justifying the substitution of computationally expensive 3D pile discretiza-
tions with EBF. The validity of this assumption is confirmed for free vibration anal-
ysis with the aim to quantify the natural frequency as well as the equivalent viscous 
damping ratio of conceptually simplified soil-structure system. Moreover, the results 
indicate a high level of compliance with respect to the structural kinematics under 
harmonic base excitation; however, at excitation frequencies close to the natural 
frequency of the coupled soil-structure system, EBF tend to underestimate widely 
adopted amplification ratios describing kinematic and inertial effects acting on piles. 

In view of the wide application of embedded beam formulations in the seismic 
design of pile supported structures, further studies should be carried out to assess the 
credibility of critical pile stress resultants obtained with EBF. In addition, future work 
may concern the validation of embedded beam formulation under supplementary 
dynamic loading types traditionally employed in geotechnical engineering, such 
as impulse loading (dynamic pile load tests) or forced vibration (machine loads). 
Deduced recommendations regarding credible application areas may help numerical 
engineers to exploit the exceptional computational efficiency of EBF in dynamic 
FEA with more confidence, thereby allowing for a more realistic consideration of 
dynamic soil structure interaction effects in the seismic design of pile supported 
structures. 
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Estimation of Ground Motion at One 
of the Damaged Building Sites Following 
the October 30, 2020, Samos Earthquake 

Doga Altunevlek and Gurkan Ozden 

Abstract On October 30, 2020, an earthquake with a moment magnitude of 7.0 
occurred on the Kaystrious fault in the north of Samos Island. Although the effects 
of the earthquake in İzmir were widespread in several districts, the majority of the 
damage was concentrated in alluvial sites, the Bayraklı-Manavkuyu region, which 
is approximately 70 km away from the epicenter being the most heavily affected 
area. The fact that none of the buildings as high as four storeys did not experience 
considerable damage in contrast with the heavily damaged or collapsed structures 
with a number of storeys varying between 8 and 12 demonstrated that longer period 
harmonics that were close to the natural periods of these taller buildings were ampli-
fied by deep and soft saturated alluvial soils. Strong ground motion stations avail-
able at the time of the earthquake in the Manavkuyu region were established on 
soft grounds where the engineering bedrock with a shear wave velocity of 760 m/s 
is seated at about 200–350 m. Therefore, it was necessary to conduct deconvo-
lution analyses to come up with engineering bedrock motions that would further 
be used in convolution runs to come up with realistic ground motions at the sites 
of the collapsed buildings. Shear wave velocity data captured in seismic surveys, 
capable of providing reliable data from deeper soil layers, were utilized along with 
deep borehole logs while establishing the one-dimensional soil response models. A 
sequential series of deconvolution analyses were then made in order to come up with 
the engineering bedrock motions. Site response analyses were made on accordingly 
established 1D model at the site of one of the collapsed buildings yielding acceler-
ation response spectra which were later modified to reflect kinematic soil-structure 
interaction that would take place underneath the considerably large foundation of the 
damaged building. It was found that significant soil amplification took place at the 
building site, and the base shear force obtained based on the kinematic SSI analysis 
was close to the one found with respect to the 1975 Turkish Seismic Design Code 
with which the building was designed for.
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Keywords Site response analysis · Deconvolution · Soft soil · Deep alluvial 
deposit · Soil structure interaction 

1 Introduction 

Bedrock depths in İzmir vary in coastal districts such as Mavişehir, Karşıyaka and 
Bayraklı. The general trend in this variability is that the bedrock depth increases as 
the coastline approaches. The andesite bedrock, which was found to be 9 m deep in a 
very close location to the andesite formation outcropping in Bayraklı, goes down to 
23 m depth in the Bayraklı coastal area towards the south. The strong ground motion 
station location coded TK 3513 goes deeper with a sudden drop. As a result of the 
drilling work carried out at this location, the bedrock could not be reached at 63.5 m 
according to TUBITAK 106G159 project [9]. 

In the Manavkuyu district, which is a district of the Bayraklı region and was 
affected by the Samos Earthquake, it is known that the bedrock depth varies between 
200-and 220 m. This region comprises loose-characterized thick alluvial layers 
carried by the Laka, Bornova, and Manda creeks. Knowing the bedrock depth in 
the Bayraklı region is important for the foundation design and is a variable that 
affects the results in dynamic soil behavior analyses. 

The site response analysis is performed using the outcropping motion recorded 
at a close distance to the area of interest. However, it is very difficult to realistically 
predict the earthquake motion on the ground surface in areas where engineering 
bedrock cannot be reached. In addition, even if the bedrock depth is known, the 
2D and 3D effects and the uncertainties caused by geological conditions such as 
basin effect will be ignored in the 1D site response analyzes applied in the first 
evaluation. Therefore, in this study, the outcropping motion was estimated by a 
series of deconvolution processes found in the literature. 

Estimated outcropping motion obtained from Camdibi strong ground motion 
station data, coded TK3522 was used in the site response analysis for strong ground 
motion station TK3513 and compared with the surface motion recorded in the Samos 
Earthquake. Since the results obtained are compatible, site response analysis was also 
carried out at the location of the collapsed buildings. Considering the damping in 
the system with the assumption of flexible foundation, the base shear force in a 
collapsed building was calculated and compared with the design load of the 1975 
Turkish Seismic Design Code Locations of the strong ground motion stations used 
in the analyzes according to the region of the collapsed buildings are given in Fig. 1.

2 Deconvolution Process of Ground Motion 

Silva [7] tried to estimate the surface motion records of earthquakes of equivalent 
magnitude at low strain and high strain levels in soft alluvial soil profiles using a series
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Fig. 1 The map showing the 
strong ground motion 
stations and the site of 
collapsed buildings location

of equivalent-linear deconvolution analysis results and examined their coherency 
with the observed records. Based on the positive results of the coherency analyses, 
a series of deconvolution processes have been proposed. 

The areas where the mentioned process is applied are alluvial deposits, soft soil 
deposits, and profiles with very deep engineering bedrock. In this section, the same 
analysis steps are applied for the soil profile of the Camdibi strong ground motion 
station, which is an alluvial soil profile. The steps followed are presented below: 

1. Low-pass filtering was applied at 15 Hz and scaled 0.87 times, surface motion 
recorded at Çamdibi strong ground motion station. 

2. The motion obtained in step 1 was reduced to a layer determined as the control 
point below the surface by equivalent deconvolution analysis. 

3. As a result of iteration, shear modulus reduction (G/Gmax) and damping ratios 
(β) of each layer were obtained. 

4. Linear deconvolution analysis was applied using the degraded soil data obtained 
in the 3rd step. For this analysis, motion recorded at a strong ground motion 
station at 15 Hz was applied to low-pass filtering, not scaling. 

Linear deconvolution analyzes were performed in DEEPSOIL V.7 software [10] 
and equivalent linear deconvolution analyzes were performed in EERA software [1]. 

2.1 Deconvolution Process of Camdibi Sites 

The Samos Earthquake, which occurred on October 30, 2020, and whose epicenter 
was in Izmir, was recorded by the Camdibi health center station with the code TK 
3522, and the surface ground motion records were used in deconvolution analyses. 
The outcropping motion, which should be estimated to be used in site response 
analyzes in Bayraklı and Manavkuyu regions, was obtained by the deconvolution 
procedure performed for the Camdibi station. The reason for this location preference 
is that Camdibi station has a thick alluvial profile that also represents the Bayraklı 
and Manavkuyu regions, which can be evaluated at shallow depths. Another reason
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is that the Camdibi profile in which the deconvolution process followed in this study 
is performed is quite similar to the study area in the literature. Low plasticity clay, 
clayey sand layers with fine content exceeding 20%, and clayey gravel layers are 
observed. The groundwater level is at 13 m for the Camdibi profile, lower than 
that of the Bayraklı region. The average shear wave velocity for the first 30 m is 
258.2 m/s. According to the Turkish building seismic code 2018 [8], the site class 
is ZD. It corresponds to class D in NEHRP [5] and class D in Eurocode-8 [2]. The 
soil profile has data up to 40 m deep, and the engineering rock was inaccessible. It is 
seen that the shear wave velocity at 40 m is 525 m/s. The engineering bedrock could 
not be reached and ended with a ZC soil class. TK3522 Camdibi station soil profile 
and soil data are given Fig. 2. 

In the equivalent linear deconvolution analysis, the free field motion is the motion 
at the surface of the soil deposit. Within motion is the motion at the base of the soil 
deposit. The outcropping motion is the motion that occurs where the rock exits the 
ground surface. Therefore, rock outcropping motion is not affected by soil amplifi-
cation. In the deconvolution analysis, x and y components of the motion recorded at 
the strong ground motion station in the Samos 2020 Earthquake were used as surface 
ground motion. Equivalent linear deconvolution was performed separately for the 
E and N directions. The maximum shear strain, maximum stress, shear modulus 
reduction, and damping ratio were obtained under the gravelly clay layer at 40 m. 

The third stage of the deconvolution procedure was completed with the damping 
ratios and shear modulus reduction obtained from the last iteration. The shear 
modulus was recalculated based on the shear modulus reduction ratio of the degraded 
soil. A new shear wave velocity was obtained for each layer by considering the soft-
ening caused by cyclic loading in the soil. The shear wave velocity obtained in the 
last case was used in the linear deconvolution analysis.

Fig. 2 Soil profile data of Camdibi strong ground motion station coded TK 3522 
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3 Validation of the Estimated Ground Motion 

Surface ground motion data recorded at Camdibi strong ground motion station were 
converted into outcropping motions to be used for both directions as a result of the 
deconvolution process. The suitability of the estimated data as a result of this series of 
analyzes was checked with the site response analysis performed at Bayraklı station. 
The results were compared with the data recorded at the Bayraklı station during the 
Samos 2020 Earthquake. TK 3513 Bayraklı station soil profile and soil data are given 
in Fig. 4. 

The groundwater level is at 2.00 m, and the average shear wave velocity is 186 m/s 
for the first 30. According to the Turkish building seismic code 2018, the site class is 
ZD. It corresponds to class D in NEHRP and class D in Eurocode-8. No engineering 
rock is encountered in the first 65 m, and the soil layer ends with ZC soil class. Results 
of the equivalent linear deconvolution analysis performed at TK 3522 Camdibi station 
are plotted in Fig. 3. 

Effective stress-based non-linear site response analysis was performed in the 
Deepsoil software, and the MKZ soil model was used. Since the Camdibi profile, 
from which the estimated Outcropping motion record was obtained, ended at 525 m/s, 
the estimated motion from the layer with the same shear wave velocity was given to 
the Bayraklı profile. The results of the analysis were compared with the recorded at 
Bayraklı station.

Fig. 3 Variation of damping ratio, maximum shear strain, and shear modulus reduction ratio with 
depth in equivalent linear deconvolution analysis
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Fig. 4 Soil profile data of Bayraklı strong ground motion station coded TK 3513

3.1 Comparison of the Estimated and Recorded Motion 

Spectral acceleration values recorded for the E and N directions of the earthquake 
during the Samos Earthquake at Bayraklı station were compared with the estimated 
spectral acceleration values. The non-linear analysis predicted that the shear wave 
velocity data could vary by ±20%, and more consistent results were obtained with 
the shear wave velocities increased by 20% as shown in Fig. 5, consistent results 
were obtained after 2 s period, on the other hand, filtering between 0.3 and 0.7 s 
draws attention, and spectral accelerations could not be captured. Peak accelerations 
were achieved around the 1-s region. PGA values are below the measured value. 

As can be seen in Fig. 6, a general acceleration spectrum trend was captured 
in the N direction, which is the perpendicular component to the earthquake, but 
a significant phase difference was observed. The analyzes were carried out with 
the estimated outcropping records due to the fact that peak accelerations could be

Fig. 5 Comparison of the 
spectral accelerations 
recorded for the E direction 
during the Samos earthquake 
at Bayraklı station with the 
estimated spectral 
acceleration values 
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Fig. 6 Comparison of the 
spectral accelerations 
recorded for the N direction 
during the Samos earthquake 
at Bayraklı station with the 
estimated spectral 
acceleration values 
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captured in both earthquake direction there was no excessive amplification in the 
high period region and the PGA values were estimated very close. 

4 Case Study: SSI Effect on a Nine Storey Building 

Considering the compatible results obtained at Bayraklı strong ground motion station, 
site response analysis was performed for a building that collapsed in the 2020 Samos 
Earthquake. In order to evaluate the analysis results, the building was considered as 
a single degree of freedom system, and the flexible-base foundation was accepted. 
While calculating the natural vibration period of the system, the rigidity of the system 
was calculated by taking into account the maximum displacement measured by the 
recorded motion at the Bayraklı station. With the assumption of flexible foundation, 
the horizontal, vertical and rotational stiffness of the foundation are calculated and the 
effects of soil flexibility are taken into account. Static stiffness of foundation Gazetas 
[3], Mylonakis et al. [4], dynamic stiffness were calculated using the relations of Pais 
and Kausel [6] and period lengthening ratio were calculated using the relations of 
Veletsos and Meek [11] Collapsed building soil profile and soil data are given in 
Fig. 7.

From this point of view, the period lengthening ratio of the system was calculated 
using Eq. 1. 

T̃ 

T 
=

/
1 + 

k 

kx 
+ 

kh2 

kyy  
(1) 

In addition, the period lengthening ratio, foundation damping and flexible-base 
foundation system damping were calculated by taking into account the degraded 
shear modulus and increased damping ratio for the 0.02% strain level, which is the 
maximum shear strain caused by the given input movement in the ground. Figure 8
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Fig. 7 Soil profile data for the site of a collapsed building located in Bayrakli region

Fig. 8 Shear modulus 
reduction and damping ratio 
curves 
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shows the modulus reduction and the damping ratio curves with the expected shear 
strain level of 0.02%. 

Equations 2 and 3 were employed to estimate the foundation damping and the 
damping of the system with the consideration of soil-structure interaction. 

β f = 

⎡ 

⎢⎣
(
T̃ 
T

)ns − 1(
T̃ 
T

)ns 

⎤ 

⎥⎦βs + 1(
T̃ 
Tx

)nx βx + 1(
T̃ 
Tyy

)ny 
βyy (2) 

β0 = β f + 1(
T̃ 
T

)n βi (3) 

The calculated values for the period lengthening and the variation of damping 
ratio due to the soil-structure interaction was summarized in Table 1.
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Table 1 Overall system damping parameters and period lengthening results 

T (sec)
∼ 
T /T T̃ (sec) βs βi βf βo 

0.84 1.65 1.38 0.089 0.050 0.061 0.072 

Nonlinear ground response analysis was performed on the soil profile of a 
collapsed building with the estimated outcropping motions. The acceleration-
response spectra obtained on the surface ground motion are presented in Fig. 9 for 
D = 5%, and the damping ratio increased as a result of soil-structure interaction D 
= 7.2%. In addition, spectral accelerations corresponding to T  ̃ = 1.38 s, increasing 
period due to the result of soil-structure interaction, are also shown. Accordingly, 
the spectral accelerations corresponding to the estimated elongated structure period 
were found to be 0.41 and 0.47 g for the E and N directions, respectively (Figs. 9 
and 10). 

Fig. 9 Acceleration 
response spectra for the 
surface motion obtained in 
the site (for East direction) 
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Fig. 10 Acceleration 
response spectra for the 
surface motion obtained in 
the site (North direction)
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5 Conclusion 

In this study, the surface motion was estimated for the locations where there is 
no strong ground motion station in the Bayraklı region and which were destroyed 
during the earthquake. For this, the outcrop record was estimated by using the strong 
ground motion station record of the Bayraklı region, the engineering rock of which 
is at a shallower depth. This estimation was made by a series of deconvolution 
processes found in the literature [7]. In addition, its validity was demonstrated by 
comparing it with the recorded surface motion at the Bayraklı strong ground motion 
station. From this point of view, ground-response analyzes were carried out in a 
destroyed building location in Bayraklı region. As a result of the ground response 
analysis, the accelerations that occur in the structure are estimated by considering 
the concept of structure-soil interaction. The horizontal design force corresponds 
to 10% of the building mass in the 1975 regulation to which the building is subject 
during construction. However, the predicted accelerations showed that the base shear 
force could be above the design value. This result showed the importance of the 
soil-structure interaction concept on a collapsed building. 
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Analysis of the Pile Foundation 
Calculation Results Given the Action 
of an Earthquake and Soaking 
of the Loess Base 

Nyamdorj Setev and Dashjamts Dalai 

Abstract Purpose and task: On the territory of Mongolia, loess type subsiding soils 
are widespread and where seismic activity is 6–9 points according to the modified 
scale of Giuseppe Mercalli (Charles Richter) system. During the calculation of piles, 
the goal was to analyze the reduction in the bearing capacity of the pile foundation, 
depending on the activity of the earthquake and the water saturation of the soil of the 
building base in the operational stage. Brief description of the methodology: Based 
on the results of the analytical calculation, a comparative analysis of the reasons 
for the decrease in the bearing capacity of the pile foundation under action 6 was 
carried out; 7; 8 and 9 points and in the condition Wsat. A method was used to predict 
the probability of a risk from unacceptable and uneven settlement of buildings and 
structures. Results and conclusions: A quantitative assessment of the reduction in 
the bearing capacity of the pile foundation was obtained and the inequalities of the 
boundary conditions were revealed based on the results of comparative analyzes of 
numerical values, relevant factors of influence, such as an earthquake and wetting 
of the subsiding soil of the base. Conclusions are drawn on the basis of a quantita-
tive assessment and comparative analyzes that when designing pile foundations in 
a mandatory laying, consider the problem of reducing and increasing uneven settle-
ments, and make a design decision taking into account the coefficient of reduction 
in the bearing capacity of the foundation. 
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1 Introduction 

According to the requirement of the development of urban planning and the devel-
opment of a new territory where structurally unstable soils are common, such as 
subsidence loessal, swelling, bulk, seasonal and permafrost soils, the optimal use of 
pile foundations, taking into account the high activity of the earthquake according 
to the modified scale of Giuseppe Mercalli (Charles Richter), is acute. The expe-
rience of using pile foundations for buildings and engineering structures in the 
above-considered engineering geological conditions of Mongolia shows that there 
are certain opportunities to increase the economic efficiency of investments, reduce 
the duration of the zero-cycle technological work, complete mechanization, most 
importantly, ensure reliable stability of the base and foundation of the structure 
under construction and operational suitability during the estimated period. 

According to the results of field tests of reinforced concrete piles of various 
lengths in low-moisture subsidence dusty sandy loam soil of the territory of the city 
of Darkhan, the bearing capacity decreases by 1.14–2.59 times after soaking to the 
state of water saturation in terms of moisture (Nyamdorj [1]). 

2 Brief Description of the Methodology 

Abelev Yu.M., Y., Broms B.B., Vesic A.S., Bakholdin B.V., Ishihara K., Grigoryan 
A.A., Kulhawy F.H., Nordlund R.L., Dashzhamts D., Ilyichev V.A., Stavnitser L.R., 
Tomlison M.J., Krutov V.I., Mangushev R.A., Jian Chu., Gotman A.L. and others 
studied the features of the work of piles and pile foundations in subsidence soils 
during soaking, taking into account earthquake activity and developed a theoretical 
justification for their calculation. Currently, more than 200 different types of piles 
have been developed and used in the world, and new research is ongoing to find 
better options. This circumstance confirms that the most effective constructive and 
technological options for pile foundations have not yet been found (Mangushev [2]; 
Ishihara [3]; Dashzhamts [4]). 

In 1997, in the city of Hamburg, the Germans, leading researchers and specialists 
in the field of pile foundation engineering, set the goal at a meeting of the Tech-
nical Committee (TS-18) of the International Association for Soil Mechanics and 
Geotechnics (ISSMGE) as follows: “by modeling the calculation method of a pile 
foundation and designing according to optimal design solutions, save material costs 
and reduce the total estimated cost of buildings and structures”. 

For example, in the soil conditions of the territory of Mongolia, piles are driven 
and embedded in subsiding soil with natural low humidity, in the future, in a long 
operational period, the moisture content of the base soil increases due to techno-
genic soaking, in other words, there is a high probability of increasing the degree 
of humidity to the value of water saturation (Sr ≥ 0,8). If, under this condition, a 
seismic event occurs, that is, an earthquake, there can be great risk. At the current
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level of development of geotechnical science in modeling using the finite element 
method, it is more possible to predict the patterns of subsidence deformation and 
changes in bearing capacity (Ilyichev [5]; Stavnitser [6]). The seismic behavior of 
piled foundations during soaking of the base soil and earthquake is widely discussed 
by many researchers from different countries in order to design more safely and 
economically. 

Ishihara and Asuyuki Koga [7] studied the conditions of soil liquefaction and 
destruction of buildings and structures during the 1964 Nigata earthquake. Tokimatsu 
and Asaka [8] studied the negative effects of soil movements caused by liquefaction 
on the work of piles during an earthquake, established the causes of the destruction 
of the building and engineering communications of the city of Hyogoken-Nambu 
(Kobe) in 1995. Motosaka and Somer [9] established ground motion characteristics 
and structural damage of liquefied soils during the 1999 Kocaeli earthquake in Turkey. 
Motosaka and Wang [10] studied the vibration characteristics to the ratio of damage 
to the pile heads at the joints with the grillage structure of a high-rise building with 
a large span and a pile foundation based on microtremor observations of the Sendai 
(Fukoshimo) earthquake in 2011. It was established that soil liquefaction is the main 
cause of damage to building structures in seismically active areas. 

Finn and Fujita [11] in his work “Pile in liquefying soils: seismic analysis and 
design issues” specific design cases are considered and illustrated. One is the reaction 
of the pile to a strong earthquake, accompanied by the development of high pore water 
pressures or liquefaction during shaking, and the other is the reaction to pressure 
caused by the lateral movement of the liquefied soil. An analysis was made of the 
results of model tests of pile foundations, which are used to demonstrate the current 
process of reducing the bearing capacity during strong shaking. Boulanger et al. [12] 
investigated the causes of damage to bridge support structures after an earthquake, 
that is, as a result of liquefaction of the soil of the base of the supports. Rostami et al. 
[13]. The regularities of the loss of the bearing capacity of the pile and the nature 
of the damage were studied and the place of formation of plastic hinges along the 
length of the pile was determined. The results of parametric studies have shown that 
a plastic hinge is formed at the boundaries of the fluidized and non-liquefied layers; 
however, many factors can influence the location, such as material properties, pile 
length, and thickness of the liquefied soil layer. 

Janalizadeh and Zahmatkesh [14]. Studies were conducted using three-
dimensional (3D) numerical modeling to determine various parameters such as 
soil stratification, kinematic and inertial forces, pile head boundary conditions, soil 
surface slope, and pile response. Comparing the results of numerical analyzes with 
the results of laboratory flume tests, it was concluded that the use of the p-y curve 
method for liquefied sand gives satisfactory results. In the work of Stolyarov [15] 
analyzes the effect of residual seismic soil displacements on the operation of tradi-
tional foundations, as well as on pile foundations with an intermediate cushion. It is 
proposed to use seismic-resistant foundations in seismic regions with an intensity of 
7–9 and 9–10 points, the size of which takes into account the magnitude of residual 
soil displacements, It is shown that the accepted standard accuracy of setting the
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intensity of an earthquake for settlements −△I = 1 point, at which seismic displace-
ments change by a factor of 6, is unprecedentedly low for science and technology. 
It is desirable to bring it to the Japanese accuracy of 0.1 points. Wang [16] investi-
gates the seismic response of single piles in liquefying soil by testing on a laboratory 
shaker and numerical simulation. The main factors of influence on the behavior of 
piles in liquefied soil, as well as the dynamic connection of the inertial interaction 
of the structure and the pile, the mechanism of kinematic soil-pile interaction were 
established. 

From the considered and cited works of researchers, it can be seen that the problem 
of the interaction of a pile and a liquefied soil is very complex and depends on many 
factors. Including the volume of laboratory and field work performed to determine the 
calculated physical and mechanical indicators, their reliability is very important. The 
clarity of the assignment for the performance of engineering–geological work is very 
important, it must be certain, subsequent work depends heavily on the reliability of 
certain calculated indicators of soil conditions until the expiration of the operational 
suitability of the constructed buildings and structures. 

3 Methods and Materials 

According to the methodology specified in BNbD 50.01-16 [17] and SP 24.13330– 
2011 [18] to determine the area of the base of the conditional pile foundation of 
buildings and structures built on subsidence soils, taking into account soaking to the 
value of Wsat and Sr≥ 0.8, in Depending on the activity of the earthquake, the angle 
of internal friction decreases as follows: with a 7-point earthquake, the values of ϕ I I  
by 2°; at 8 points by 4° and at 9 points by 7° (where ϕ I I  –is the angle of internal 
friction of water-saturated soil). As a result of the latter, the area of the base of the 
conditional pile foundation decreases to a certain extent, in such a case, in order to 
provide the criteria for calculating I for strength and II for deformation limit states, 
increase the depth of the piles and the distance between the piles that are part of the 
pile cluster foundation. 

Developed a calculation scheme in accordance with the methodology under 
consideration, taking into account the moisture content of the base soil soaking and 
earthquake activity (Fig. 1). For the purpose of comparative analysis and identifica-
tion of the dynamics of the decrease in bearing capacity, calculations were carried 
out in accordance with this methodology, taking into account the liquefaction of silty 
sandy loamy soil and an increase in seismic activity from 6 to 9 points, the results 
of which are analyzed and shown in the next part.
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Fig. 1 Calculation scheme 
for determining the area of 
the base of a conditional 
piled pad foundation under 
the conditions of increasing 
seismic activity 

4 Results of the Analytical Calculation 

Let’s consider an example of calculating the bearing capacity (Fd ) of a bored pile 
with a length of 8.0 m and a diameter of 0.6 m in subsiding dusty sandy loamy soil 
of the city of Darkhan, taking into account the water saturation of the base soil from 
technogenic soaking in the operational period and 7-point seismic activity according 
to microzoning according to the formula Grigoryan [19] and according to Appendix 
E of the SP norm [18], formula 16: The calculated characteristics of the soil condition 
are obtained from table 2 from (Nyamdorj et al. [20]). 

Fd = γc(F1H + F2H ); (1) 

where γc—is the working condition coefficient, γc = 1.0. 
F1H –Fd = γc(F1H + F2H ); lateral resistance coming to the length l0 + lH , 

F1H = A1 = U
[
ℓ0

(
0.5ξ · γ · ℓ0 · tgϕ'' + c

) + (
ξ · γ · ℓ0 · tgϕ'' + c

)
ℓ2

]; (2) 

U = 1.884; ξ = 0, 5; ϕ'' = 17◦ −2◦=15◦; c'' = 6.8 kπa, l2 = 7.7 − 1.0 = 6.7m 

l2 = l + 2/d − l0 − b − a = 7.7 + 0.6/2 − 2.0 − 0.23 − 1.0 = 4.77M 

l0 = l1 − a = 3.0 − 1.0 = 2.0 M; tg15◦ = 0, 32; ctg15◦ = 3.12; 
l1 = 12d or accepted not less than 6.0 m, accepted l = 3.0 M. 

b = d/2 − (ctgα − 1)ctgϕ" = 0.6/2 − (3.126 − 1) · 3.126 = 30 − 6.65 = 23.35 cm
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Table 1 Results of calculating the dependence of the bearing capacity and settlements of bored 
piles on seismic activity 

Seismic 
activity, Q 

Length and 
diameter of 
piles, m 

ϕsat soaked 
soil 

The area of the  
sole of the 
conditional 
foundation-A, 
m2 

Bearing 
capacity of 
piles-Fd, tons 

Decrease in 
bearing 
capacity △, in  
time 

6 points L = 8.0, 
∅ = 0.6 

17◦ 23.75 71.97 1.0 

7 points L = 8.0, 
∅ = 0.6 

15◦ 20.92 63.14 1.14 

8 points L = 8.0, 
∅ = 0.6 

13◦ 16.46 52.48 1.64 

9 points L = 8.0, 
∅ = 0.6 

10◦ 9.16 27.79 2.59 

α = 45◦ − ϕ − x · c = 45◦–15◦ − 0.2 · 5.0 = 29◦, ctgα = 0.674 0.485 = 1.802, x = k l0 = 
1,0 
5,0 = 0, 2 

F1H = 1.884[2.0(0.5 · 0.5 · 16.5 · 2.0 · 0.32 + 6.8) · 4.77] = 12.46 mn 

F2H = kδ1 A; (3) 

F2H = 3.0 · 59.69 · 0.283 = 50.68TH, if k = 3.0 

δ1 = 
δ3(1 + sinϕ) + 2c cosϕ 

1 − sinϕ
= 

16.5(1 + 0.485) + 2 · 6.8 · 0.874 
1 − 0.485

= 59.69 

δ3 = ξγ  l0 = 0.5 · 16.5 · 2.0 = 16.5. 

Fd = 1, 0(12.46 + 50.68) = 63.14T 

The results of calculations performed in accordance with the above methodology 
to determine the dependence of the bearing capacity and settlement of bored piles 
on the angle of internal friction (ϕsat  ) and seismic activity are shown in Table 1. 

5 Analysis of the Results 

When the value of the angle of internal friction of subsidence low-moisture (i.e. with 
natural moisture) silty sandy loamy soil at ϕ = 17° and Q = 6 points, A6 = 23.75 
m2, Fd;6 = 71.97 tons, when it decreases by 2° at ϕsat  = 15° and Q = 7 points, it 
turns out A7 = 20.92 m2 and therefore Fd;7 = 63,14 tons or the bearing capacity 
decreases by 1.14 in times. For other cases, similar calculations were carried out: at
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Q = 8 points A8 = 20.92 m2; Fd;8 = 43.88 tons or 1.64 times; with Q = 9 points A9 

= 16.46 m2; Fd;9 = 27.79 tons or 2.59 times respectively decrease (Figs. 2, 3 and 4). 
In the work of Ter-Martirosyan et al. [21] presented approximately similar results 

of a comparative analysis of analytical calculations and numerical solutions of the 
interdependence of a pile and a water-saturated base soil, taking into account soil 
liquefaction during an earthquake.

Fig. 2 Diagrams of the 
dependence of the area of a 
conditional pile foundation 
on the angle of internal 
friction, taking into account 
the activity of seismic A = 
f(ϕsat  ), (red curve) and the 
bearing capacity on the angle 
of internal friction, taking 
into account the activity of 
seismic Fd=f(ϕsat  ), (blue 
curve) 

Fig. 3 Diagrams of the 
dependence of the area of a 
conditional pile foundation 
on the intensity of seismic, 
taking into account the angle 
of internal friction A = f(Q), 
(red curve) and the bearing 
capacity of the pile 
foundation on the intensity 
of seismic Fd = f(Q), (blue 
curve) 

Fig. 4 Variation curve (△) 
of A and Fd values versus Q 
and ϕsat values 
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Based on the results of the calculation, diagrams were constructed for a prelim-
inary assessment of the dependence of the decrease in the area of the base of the 
conditional foundation and the bearing capacity of bored piles with a length of 8.0 m 
and a diameter of 0.6 m in subsidence soils on seismic activity and the angle of 
internal friction of the soaked soil. 

The main reason for the decrease in the bearing capacity of piles is the process 
of liquefaction of sandy-argillaceous soil with high humidity during an earthquake, 
which is shown in Fig. 3. The quantitative assessment of the negative impact of soil 
liquefaction on the calculated bearing capacity of a pile foundation under seismic 
impacts is not fully understood. 

According to the results of the calculation and their analysis, it was established 
that the values of the numerical values of the variability (△) of the area (A) and 
the bearing capacity (Fd ) depending on the seismic intensity (Q) and the angle of 
internal friction (ϕsat ) are equal to. 

The boundary condition of the bearing capacity determined by this calculation 
method is written: 

Fd;6 > Fsat 
d;7 > Fsat 

d;8 > Fsat 
d;9 ; (4) 

where–Fd;6; Fsat 
d;7 ; Fsat 

d;8 ; Fsat 
d;9−bearing capacity pile according to 6 –9 points. 

As shown in Fig. 1, the numerical value of the area of the base of conditional pile 
foundations corresponds to the A6 > A7 > A8 > A9, then the following boundary 
conditions for calculating the settlement of the pile foundation should be provided: 

Su < S6 < Ssat 7 < Ssat 8 < Ssat 9 , (5) 

where S6−S9–pile foundation settlement, corresponding to 6–9 points, Su–maximum 
allowable settlement. 

The pile foundation is designed according to the conditions for fulfilling the 
criteria of these mathematical inequalities of the boundary conditions for calculating 
the bearing capacity and settlement. An analysis of the results shows that the fulfill-
ment of the inequality criteria makes it possible to ensure the operational reliability 
of buildings and structures. 

6 Conclusion 

1. According to the results of calculation and analysis, it is established that there 
are many causes of the destruction of buildings and structures under the action 
of 7 and greater seismicity, but among them the most significant reasons are the 
liquefaction of the soaked soil of the pile foundation during an earthquake. In 
order to prevent this kind of risk, it is necessary to avoid fulfilling the inequality 
criterion (4) and (5).
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2. Comparative analysis shows that under the condition of 6 point seismic, the 
bearing capacity of the pile foundation, without taking into account the influence 
of base soaking and earthquake, is 1.14 times greater than the bearing capacity 
determined taking into account soaking and 7point earthquake, and also at 8 and 
9 points respectively 1.64 and 2.59 times more. 

3. The main reason for the decrease in the bearing capacity of piles is the process of 
liquefaction of sandy-argillaceous soil with high humidity during an earthquake. 

4. The use of the proposed diagrams is correct provided that the geometric char-
acteristics of the pile and the calculated corresponding soil parameters of the 
foundation, taking into account the regional features of this territory of Mongolia. 

5. The risk from an earthquake depends on many factors, including the possibility 
of a decrease in the bearing capacity with 7, 8 and 9 seismic points, from which 
great risks can be created. Unfortunately, in recent years, some strong earthquakes 
have occurred in different countries of the world and there have been huge risks, 
on the basis of the latter, it is necessary to draw the appropriate conclusions and 
make decisions on the obligatory consideration of these circumstances in the 
construction project. 

References 

1. Nyamdorj S (2021) Foundation and basement of buildings and structures in subsiding soils. 
Ulaanbaatar. Print. MUST, p 261 

2. Mangushev RA (2018) Piles and pile foundations. Design, design and technology. In: 
Mangushev RA, Znamensky VV, Gotman AL, Ponomarev AB. DIA Publishing House, p 320 

3. Ishihara K. 2006. Behavior of soils during earthquakes // Series “Achievements of modern 
geotechnics” / Translated from English by V.M. Ulitsky, A.G. Shashkin, M.B. Lisyuk. -St. 
Petersburg. 2006. 384p. 

4. Dashjamts D (1998) Theoretical basis for optimal solutions for designing basements and foun-
dations of buildings in structurally unstable soils. Diss.doc. Tech Science (SC.D). UB 1998. 
SHUTS-1001, p 37 

5. Ilyichev VA, Mongolov YuV, Shaevich VM (2010). Pile foundations in seismic regions. 1983. 
6. Stavnitser LR (2010) Seismic resistance of foundations and foundations. Publishing House 

ASV, p 449 
7. Ishihara K, Asuyuki Koga Y (1981) Smudies of liquefaction in the 1964 Nigata. Earthq Found 

21(3). (Sept 1981, Japanese Society of Soil Mechanics and Foundation Engineering) 
8. Tokimatsu K, Asaka Y (1998) Effects of liquefaction-induced ground displacements on pile 

performance in the 1995 Hyogoken-Nambu (Kobe) earthquake. Special Issue of Soils and 
Foundations, Sept 1998, pp 163–177 

9. Motosaka M, Somer A (2002) Ground motion directionality inferred from a survey of minaret 
damage during the 1999 Kocaeli and Düzce, Turkey Earthquakes. J Seismol 6: 419–430. 
(Printed in the Netherlands) 

10. Motosaka M, Wang X (2018) An investigation on vibration characteristics and relevance to 
damage on pile-heads of a tilted high-rise building with high aspect ratio and pile foundation 
based on microtremor observation. J Japan Assoc Earthq Eng 18(5). (Jan 2018) 

11. Finn WDL, Fujita N (2002) Piles in liquefiable soils: seismic analysis and design issues. Soil 
Dyn Earthq Eng El 22(9–12):731–742. (Oct–Dec 2002)



382 N. Setev and D. Dalai

12. Boulanger RW, Chang D, Brandenberg SJ, Armstrong RJ, Kutter BL (2007) Seismic design 
of pile foundations for liquefaction effects. In: Earthquake geotechnical engineering. Springer 
Theses University of California at Los Angeles USA, pp 277–302 

13. Rostami R, Hytiris N, Bhattacharya S, Giblin M (2017) Seismic analysis of pile in liquefiable 
soil and plastic hinge. Geotechn Res 4(4): 203–213. E-ISSN 2052-6156 

14. Janalizadeh A, Zahmatkesh A (2015) Lateral response of pile foundations in liquefiable soils. 
J Rock Mech Geotech Eng 7: 532–539. (Babol University of Technology Babol, Iran) 

15. Stolyarov VG (2006) Residual seismic ground displacements, horizontal impacts on a building, 
seismic-resistant pile foundations. North Caucasian State Technical University, Stavropol, Jan 
30, 2006, pp 70–74 

16. Wang R (2016) Analysis of seismic single pile response in liquefiable ground. Springer theses 
Springer, Berlin, Heidelberg, pp 55–89. https://doi.org/10.1007/978-3-662-49663-3_3 

17. BNbD 50-01-16 (2016) Norms and rules for designing bases and foundations. Ulaanbaatar, p 
317 

18. SP 24.13330.2011. Pile foundations. Act.ed: SNiP2.02.03-85, p 92 
19. Grigoryan AA (2010) On the bearing capacity and settlements of bored piles for high-rise 

construction on clay soils, taking into account the new nature of the destruction of their foun-
dations. In: Proceedings of the international conference in geotechnics. Geotechnical problems 
of megacities. T-4, pp 1220–1227 

20. Nyamdorj S, Dashjamts D, Mangushev RA (2021) The work of bored piles on a horizontal load 
in wetted subsidence soils. In: Sat. report international conferences: modern theoretical and 
practical issues: new materials, designs, technologies and calculation methods. (GFAC 2021) 
St Petersburg, pp 73–81 

21. Ter-Martirosyan AZ, Le Duc A, Manukyan AV (2020) Influence of soil liquefaction on the 
design bearing capacity of a single pile. Vestnik MGSU, Mon J Constr Archit 15(5): 655–664. 
https://doi.org/10.22227/1997-0935.2020.5.(rus)

https://doi.org/10.1007/978-3-662-49663-3_3
https://doi.org/10.22227/1997-0935.2020.5.(rus)


Proposal of a Model Setup 
for Verification of the Origin of High 
Frequency Motion in Soil 

Piotr Kowalczyk 

Abstract High frequency components of motion are typically measured in labora-
tory tests on shaking tables when investigating the dynamic response of soil subjected 
to harmonic excitation. The source of these high frequency components is often 
thought to be related to uncertainties of experimental setups. In contrast, a group 
of numerical and theoretical research works suggested potential physical explana-
tions to high frequency components of motion as related to soil mechanical behavior 
including soil fluidization, cyclic mobility, pounding or unloading elastic waves. This 
paper presents a finite element numerical study of an example model setup designed 
to verify the origin of high frequency motion in soil as potentially related to the pres-
ence of soil elastic waves in the steady state response of nonlinear hysteretic soil. 
The soil is modelled with an advanced soil constitutive model within the general 
framework of hypoplasticity to account in a reliable manner for soil cyclic behavior. 
The results show that high frequency motion can be observed in the computations 
in free field and on a simple structure even though a simple harmonic sinusoidal 
input motion is introduced at the base of the model setup. It is shown that apparently 
this high frequency motion can be representative of soil elastic waves released in 
nonlinear hysteretic soil in the steady state response. 

Keywords Finite element modelling · Soil-structure interaction · Hypoplasticity ·
High frequency · Elastic waves ·Wave propagation 

1 Introduction 

High frequency motion is often registered in experimental works on soil dynamic 
behavior carried out in flexible soil containers placed on shaking tables and subjected 
to simplified sinusoidal input motions. Although often this high frequency motion

P. Kowalczyk (B) 
Independent Researcher, Previously University of Trento (Italy), Trento, Italy 
e-mail: pk.piotrkowalczyk.pk@gmail.com 

© The Author(s), under exclusive license to Springer Nature Switzerland AG 2023 
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is attributed to uncertainties of experimental setups, some attempts to recognize the 
source of the high frequency motion in the experimental works as related to physical 
phenomena were also made in the past. Different authors attributed the observed high 
frequency motion to various physical phenomena, for example, to soil fluidization [1], 
cyclic mobility in saturated soil [2] or pounding between soil and structure [3]. The 
most recent potential explanation to the experimental observations is the possibility 
of the release of soil unloading elastic waves in the steady state response of nonlinear 
hysteretic soil under harmonic excitation [4–7]. The author’s previous works showed 
promising comparisons between advanced numerical studies and some benchmark 
experimental works supporting the idea of the presence of unloading elastic waves 
in the steady state response of soil. In fact, these findings may potentially explain 
why some experimentalists observe that their experimental tests were destroyed by 
elastic waves. On the other hand, one has to remind that experimental works are 
often aimed at studying complex boundary value problems and their setups include 
various structural elements, non-homogenous soil profiles or deal with saturated soil, 
all possibly inducing additional waves in the dynamic system. Moreover, the induced 
input motions may contain spurious high frequencies due to the imperfections of 
actuators. Finally, soil flexible containers tend to be rather small for the reasons of 
reduced experimental costs, however in such case the boundaries of the containers 
may more likely affect the measurements. Therefore, it appears that there is a need 
for a dedicated experiment to further advance the findings on soil unloading elastic 
waves, especially in regard to their impact on structures. 

This paper presents a 2D finite element numerical analysis of an example model 
setup which could be considered as a prefect experiment for explicit verification of the 
existence of soil elastic waves potentially released in hysteretic soil in the steady state 
response. To this aim, homogenous dry soil is placed in a large flexible soil container 
and subjected to perfectly sinusoidal input motion of horizontal acceleration. The soil 
nonlinear behavior is accounted by an advanced soil constitutive model formulated 
in the framework of hypoplasticity to yield high-fidelity predictions. In addition, a 
small oscillator with its natural frequency close to the soil first natural frequency is 
placed in the middle of the soil container to allow further verification of the existence 
of soil elastic waves in the steady state response of soil. 

2 Methodology 

2.1 Numerical Model 

The numerical model presented in this work is an example of a proposal of a perfect 
experimental setup where experimental uncertainties and imperfections are elimi-
nated. To this aim, the flexible soil container in this work is assumed to be much
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Fig. 1 Input motion of the driving frequency of 5 Hz introduced at the base of the soil specimen 

larger than typically. For example, the size of the flexible soil container is assumed 
here to be 5 m long and 1 m high. The 5 m long soil container would allow reducing 
relatively the zone where the effects of boundary conditions and interaction between 
the container and the soil may occur, thus more reliable free field measurements could 
be obtained. The soil filling the container is dry sand, for example, Leighton Buzzard 
sand, fraction E. The assumed density is 1300 kg/m3, with the initial void ratio of 
0.9, and the initial K0 condition of 0.5. Soil natural frequency in the soil container 
for such assumptions is around 24 Hz. Finally, example perfectly sinusoidal input 
motion of 5 Hz and a moderate amplitude of up to 0.05 g is introduced in a smooth 
manner as shown on Fig. 1. 

In addition, a relatively small example structure made of aluminum is placed in the 
center of the soil container. To this aim, an oscillator consisting of 200 g mass fixed 
on the top of a 0.1 m high aluminum column of 3 × 12 mm section and placed on 
0.1 m size foundation is assumed. The natural frequency of such oscillator assuming 
fixed base is 26 Hz, thus it lies closely to the soil natural frequency. In fact, such close 
match between the natural frequencies of the soil and the structure is intended. The 
oscillator in the proposed experiment can act as an additional measuring instrument 
which can identify the presence of soil elastic waves in the steady state response 
of soil. Namely, if such waves are released in soil, the oscillator will vibrate in the 
steady state response with its natural frequency in addition to the driving frequency 
of the input motion. On the other hand, if the elastic waves are not released in soil, the 
oscillator should vibrate only with a single frequency, the one of the input motion. 

Note that no common procedure of filtering data with low-pass filters is proposed 
in order to avoid the possibility of removing physical phenomena from the results. 

In general, the presented example model setup is such, in which typically encoun-
tered experimental uncertainties and imperfections, related to close boundaries, non-
homogenous soil profiles or numerous structural elements, are minimized. Therefore,
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if carried out physically, one could expect unaffected response in free field and on 
the oscillator. 

2.2 Constitutive Model 

Hypoplastic sand model in the form developed by [8–10] and implementation avail-
able on soilmodels.info webpage [11] has been used in this work to ensure reliable 
soil mechanical response under seismic loading conditions and ease in replicating 
the numerical study by the interested Readers. The calibration of the model is prac-
tically the same as in the previous similar works of the author [4] with only slight 
modifications. The calibrated parameters with their descriptions are shown in Table 1. 

Table 1 Model parameters for the hypoplastic sand model 

Parameter Description Value 

Basic hypoplastictiy ϕc Critical friction angle 33.0 

hs Granular hardness [MPa] 2500 

n Stiffness exponent ruling 
pressure-sensitivity 

0.42 

ed0 Limiting minimum void ratio at p’ 
= 0 kPa  

0.613 

ec0 Limiting void ratio at p’ = 0 kPa 1.01 

ei0 Limiting maximum void ratio at p’ 
= 0 kPa  

1.21 

α Exponent linking peak stress with 
critical stress 

0.13 

β Stiffness exponent scaling 
barotropy factor 

0.8 

Intergranular strain concept R Elastic range 0.00004 

mR Stiffness multiplier 4.0 

mT Stiffness multiplier after 90° change 
in strain path 

2.0 

βR Control of rate of evolution of 
intergranular strain 

0.8 

χ Control on interpolation between 
elastic and hypoplastic response 

0.5 

ϑ Control on strain accumulation 5.0
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Fig. 2 Mesh discretization of the 2D finite element model 

2.3 Discretization and Boundary Conditions 

Abaqus finite element code [12] has been used to run the numerical model of the 
example experimental setup. The 2D mesh discretization is shown on Fig. 2. The  
size of a quadratic element of 0.05 m ensures reliable predictions for representing 
the problem of S-wave propagation. 

The boundary conditions on the lateral sides comprise restricting corresponding 
nodes at the same height to have the same lateral displacement, i.e. to mimic the 
presence of a flexible soil container. Horizontal acceleration time history is introduced 
at the base. 

The oscillator (i.e. the column and the foundation) are modelled with elastic 
material of properties of aluminum. Additional damping of 1% has been assumed 
for the elastic material of the oscillator. 

Moderate numerical damping has been introduced to the Hilbert-Hughes-Taylor 
integration scheme [13], with its parameters set to: α = –0.41421, β = 0.5, γ = 
0.91421, in order to remove very high frequency (i.e. much higher than those studied 
in this work) oscillations in the computed accelerations. 

3 Results 

The results present the occurrence of high frequency motion in free field and on 
the oscillator in the computed horizontal accelerations (Fig. 3) and in the horizontal 
relative lateral displacements (Fig. 4) even though perfectly sinusoidal input motion 
has been applied (Fig. 1). Figure 5 shows the spectral response of the computed 
accelerations as evaluated in the steady state part of the motion (i.e. from 0.8 to 
2.0 s) and reveal increased presence of the harmonic 25 Hz representative of soil 
elastic waves. In particular, one can observe very strong presence of high frequency 
motion on the oscillator. Note also the presence of other harmonics in the spectral 
response (e.g. 15 Hz). These are believed to characterize a distorted sinusoidal wave



388 P. Kowalczyk

Fig. 3 Horizontal accelerations computed at the top of the soil in free field (a) and at the top of the 
oscillator (b)

as explained in the past, e.g. [14], and not representative of additional waves in the 
analyzed system. 

Note that the presence of high frequency motion is the strongest in the steady 
state part of the motion, thus the presented effects can not be related to the transient 
response. In any case, any additional waves induced at the initiation of motion due to 
the transient response would be damped out as a result of material hysteretic damping 
(Fig. 6). On the other hand, apparently this damping is not sufficient to remove the 
high frequency motion (i.e. soil elastic waves) from the steady state response. Finally, 
note how high frequency motion remains in the coda part of the computations and 
is slowly damped out.
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Fig. 4 Horizontal displacements computed at the top of the soil in free field (a) and at the top of 
the oscillator (b)

4 Summary 

The numerical study in this work showed a proposal of an example model setup 
for the verification of the origin of high frequency motion often observed in soil 
specimens tested under sinusoidal input motions. The computed results indicated 
that soil elastic waves can be found in the steady state response of the soil and the 
structure. Further studies should involve experimental verification of these findings, 
for example, by physical modelling of the example model setup proposed in this 
work.
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Fig. 5 Spectral response evaluated in the steady state response of the computed accelerations at 
the top of the soil in free field (a) and at the top of the oscillator (b)

Fig. 6 Shear stress versus shear strain response computed at the mid-depth of the soil
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A Comparison Study Between 1D and 2D 
Site Response Analyses Based 
on Observed Earthquake Acceleration 
Records 

Shima Shamekhi, Atilla Ansal, and Aslı Kurtuluş 

Abstract The objective of the present work is to evaluate the necessity of 2D site 
response analysis based on the comparison among the peak ground and spectral 
accelerations recorded by Istanbul Rapid Response Network and Istanbul vertical 
array stations during the Mw = 6.5 24/5/2014 Gökçeada and Mw = 5.9 19/5/2011 
Kütahya earthquakes with the calculated accelerations by 1D and 2D site response 
analyses. The shear wave velocity profiles determined based on in-situ geophysical 
and geotechnical measurements and laboratory tests within the Istanbul Microzona-
tion Project are revaluated adopting a revision scheme to obtain the best fits between 
the recorded and calculated spectral accelerations by 1D site response analysis. These 
modified shear wave velocity profiles are later used for 1D and 2D site response anal-
yses performed in North–South and East–West directions to model peak ground and 
spectral accelerations on the ground surface. Finally, by modelling different distances 
around boreholes the influence of variation of the soil profile in horizontal direction 
is investigated by 2D analyses. 

Keywords 1D and 2D site response analyses · Effect of site conditions · Vertical 
strong motion arrays · Istanbul rapid response network · Horizontal heterogeneity 

1 Introduction 

The characteristics of the site conditions have a very significant influence on the 
variation of building damage during earthquakes, thus, it is essential to evaluate and 
analyze the effects of site conditions. One option is to conduct site-specific response 
analysis to calculate the response of the soil layers by using estimated acceleration 
records on rock outcrop, shear wave velocity profiles, shear modulus reduction, and 
damping ratio curves as inputs for the encountered soil layers. This is usually the first 
phase of a seismic study that allows geotechnical engineers to estimate amplification
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of ground motion on the ground surface and to investigate the liquefaction potential 
and stability of slopes at the site [1–4]. 

Govinda et al. [2] conducted a case study of equivalent linear site response analyses 
during the Bhuj earthquake on January 26, 2001, at a site near the Sabarmati River belt 
in Ahmedabad city. The effects of soil amplification, settlement, and their relationship 
with acceleration of soil strata were investigated. Ansal et al. [5] performed 1D equiv-
alent linear site response analyses using the modified version program SHAKE91 [6] 
based on the recorded accelerations from the Gökçeada earthquake by the Istanbul 
geotechnical vertical arrays (IGVA). The authors concluded that the recorded peak 
ground accelerations (PGA) are generally higher than the calculated values due to 
the simplifying assumptions of the 1D site response analysis procedure. 

The objective of the present study is to compare 1D and 2D equivalent linear site 
response analyses on the ground surface to evaluate the need for 2D site response 
analysis. These comparisons would verify the role of shear wave velocity profiles as 
an effective factor in the site response analysis using DEEPSOIL [7] and QUAKE/W 
[8] computer codes. In addition, the effect of horizontal heterogeneity is investigated 
by 2D site response analyses. 

2 Methodology 

In the Istanbul Microzonation Project, geotechnical data were obtained based on 
2921 soil borings with minimum depth of 30 m. Among these, there were 25 deep 
borings distributed over the whole area to locate the engineering bedrock and using 
PS logging for seismic wave velocity measurements. The engineering bedrock in 
all boreholes was calculated by combining geotechnical data and seismic survey 
profiles. The information about soil layers obtained from this project are used to 
perform the required analysis in the present study. 

The Istanbul Rapid Response Network (IRRN) consists of one hundred free-field 
strong-motion stations. Fifty-five of these stations are located on the European side 
of the city and three Istanbul Geotechnical Vertical Arrays (IGVA) including Ataköy, 
Fatih, Zeytinburnu stations are located in the same area approximately five kilometers 
apart from each other, where very detailed site investigations were conducted during 
the installation of the vertical arrays (Fig. 1) [4, 5, 9].

Two medium size but distant earthquakes have been recorded by IRRN and IGVA 
stations. One of them was the Gökçeada earthquake of 24/5/2014 with ML = 6.5, focal 
depth of 23 km and an epicentral distance of 166 km. All three IGVA stations (ATK, 
FTH, ZYT) recorded the accelerations at the bedrock level. In addition, there are 
acceleration records for the 23 IRRN stations located in the near vicinity. Another 
earthquake recorded by the three IGVA stations was the Kütahya earthquake of 
19/05/2011 with ML = 5.7, focal depth of 24.5 km and epicentral distance of 205 km. 
This earthquake was recorded by 22 IRRN stations [9, 10]. The input ground motions 
for 1D and 2D equivalent linear analyses are applied at the engineering bedrock level 
in two main directions, NS and EW. In the 2D analysis, in addition to the horizontal
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Fig. 1 IRRN and IGVA stations within the Microzonation area in Istanbul [10]

acceleration time histories, the vertical acceleration time histories are also used as 
input. 

The one-dimensional methods are usually preferred for site response analysis. 
Most engineering projects designed using these methods in the past have survived 
earthquakes, so 1D site response methods have proven themselves and there is a belief 
that it provides conservative results. In addition, there are three main assumptions for 
this approach: all soil layers are horizontal and extend to infinity, the ground surface 
is level, and the input ground motions are spatially uniform, horizontally polarized 
shear waves that propagate vertically. There are some good reasons for using 1D 
analyses, such as: Stress waves propagate vertically from the bedrock toward the 
ground surface, while their velocity decreases. The main ground motions tend to be 
horizontal due to the structural design and soil layers are considered to be transversely 
isotropic in the horizontal direction, so the properties of soil layers can change very 
rapidly in the vertical direction. However, several cases have shown that the effects 
of location and variability of damage evaluated based on 1D site response analysis 
were not satisfactory [2, 10, 11]. 

The equivalent linear site response analysis was introduced by Schnabel et al. 
[12] transferring boundary; the input motion could be applied at any level of the soil 
layers. 1D and 2D equivalent linear site response analysis is generally performed in 
the frequency domain [7]. Two important advantages of equivalent linear modelling 
are the low computational cost and few input parameters compared to nonlinear calcu-
lations. There are common computer codes for this purpose such as SHAKE, DEEP-
SOIL, ERRA, Pro-Shake, GeoStudio, etc. Since the equivalent linear modelling is 
based on a total stress representation of soil behavior, the nonlinear stress–strain loop



396 S. Shamekhi et al.

is approximated by a single equivalent linear crossing of the shear modulus, which 
is a function of the shear strain [8]. 

All 1D simulations are performed using the DEEPSOIL program, based on an 
equivalent linear model. The EW and NS component of recorded time history accel-
eration at the bedrock level from Gökçeada and Kütahya earthquakes were used as 
inputs separately, as the bedrock motions. 

As an improvement process and to reduce the difference of the spectral accelera-
tion plots between the 1D calculated analyses and the values recorded at the IRRN 
stations, a Monte Carlo Simulation was performed in the range of ± 30% of the 
measured values for the Vs value of each soil layer profile of the IRRN stations. 
First, 1000 shear wave profiles for each soil profile of the IRRN stations were gener-
ated, and then the best 30 of them were selected based on the reliability of the 
calculated Vs with respect to average shear wave velocity Vs30 range, calculated 
shear wave velocity spikes and differences of shear wave velocities between consec-
utive soil layers. All calculations are based on the acceleration history records of 
the Gökçeada earthquake. Also, for the common IRRN stations that recorded both 
earthquakes, the basis of the calculations is the Gökçeada earthquake, except for 
the stations that recorded only the Kütahya earthquake, in which case the accelera-
tion history of the Kütahya earthquake was used. In the next step, one-dimensional 
equivalent linear site response analyses are performed by using EW time history 
acceleration component of IGVA stations records, and the best fit with respect to 
the recorded spectral acceleration in EW direction is selected. The modified shear 
wave velocity profiles are also used as input for 2D equivalent analyses. GeoStudio-
QUAKE/W software is used to model and perform 2D equivalent linear analyses. 
QUAKE/W is a part of the GeoStudio software. QUAKE/W is a geotechnical finite 
element code for analysis of ground and soil structures [8]. 

All required material inputs for 2D analyses are similar to 1D, for the maximum 
shear modulus Gmax, required in 2D analysis, is calculated using the revised shear 
wave velocities. Additionally, the vertical components of the Gökçeada and Kütahya 
earthquakes recorded at stations ATK, FTH, and ZYT were used for the second 
component of the earthquakes input. The applied boundary condition for this type of 
analysis in the dynamic situation is a fixed horizontal displacement on the bedrock 
level and fixed in vertical displacement on the lateral edges. Moreover, the damping 
ratio for the rock level is the same as in the 1D situation. For the application of the 
finite element methods, the program was set to a mesh size of 10 m each. Based 
on the side boreholes of the main borehole, we tried to design the soil layering as 
accurately as possible, and if accurate information is not available, we estimated the 
thickness of the layers by linear interpolation considering the shear wave velocity 
in the layers. Considering the effects of soil profiles in horizontal distance on site 
response, the authors selected one IRRN station with approximately uniform soil 
types at approximately 1250 m apart at NS and EW toward the center of the station. 
This distance was then divided into 250, 500, 750, 1000, and 1500 m. Thus, the effect 
of site stratigraphy can be observed as an approximate relationship station.
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3 Results 

The recorded and calculated PGA for 1D site response analyses is compared for 45 
IRRN stations. The calculated 1D results are obtained using the acceleration time 
history at the bedrock level of three IGVA stations of the Gökçeada and Kütahya 
earthquakes before and after the revision of shear wave velocities. 

Figure 2 shows a comparison of the recorded and calculated PGA for 1D site 
response analyses on the ground surface in NS direction for the Gökçeada earthquake 
before and after the revision. It is easy to see that after the revision based on Monte 
Carlo simulations, the difference between the PGA values of the recorded and the 
equivalent linear 1D analyses in the NS directions decreased significantly in some 
stations such as AVIIO, BAVIO, and ZYTDK. This means that there is a significant 
variability in the measured and and/or empirically calculated Vs values. Moreover, 
there are large differences in soil type even at short distances. As shown in Fig. 2 
in several stations the PGA and SA values are less than recorded values. This is 
due to simplification/approximation procedures of computer-aided programs and 
1D methodologies during the analyses. 

Figure 3 Compares of PGA values of 1D site response analyses calculated on the 
basis of records from the ATK IGVA station of Gökçeada earthquake on the ground 
surface after the Vs revision in NS-EW directions. The PGA values in NS direction 
are calculated based on improved Vs values of EW direction records. The obtained 
results clearly show that the difference between PGA values is not very significant. 
However, the presence of heterogeneity in the soil types at the sites in the normal 
directions leads to some disparity in site responses of the sites. At some stations, the 
predominant direction changed, demonstrating the importance of multidimensional 
investigation in studying site responses. In general, PGA values are higher in NS 
direction than in EW direction. Therefore, it should be considered more in the study 
of the mentioned zone.

Fig. 2 Comparison of PGA recorded and 1D site response analyses calculated based records of 
ATK IGVA station of Gökçeada earthquake on the ground surface before and after shear wave 
velocity revision in NS direction 
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Fig. 3 Comparison of PGA values of 1D site response analyses calculated based on the records 
from the ATK IGVA station of Gökçeada earthquake on the ground surface after the Vs revision 

The results reveal better agreement of 1D analysis for the IRRN stations closer to 
IGVA stations. For instance, the comparison of the recorded and calculated for the 
AKUKO, ATAIO and KRTTP stations are in better agreement using ATK bedrock 
records as the input. At the same time, regarding the spectral acceleration of all 
investigated IRRN stations at the bedrock level and calculated SA by equivalent linear 
analyses at the ground surface shows that there is a significant soil amplification in 
all soil profiles. 

To better illustrate the role of improvement procedure to advance Vs profiles, 
the comparison of spectral acceleration between recorded on the ground surface, 
recorded at bedrock, 1D calculated before improvement, and 1D calculated after 
improvement are provided for one of the IRRN station i.e., KRTTP are shown in 
Fig. 4. The ATK-EW IGVA input data are used in this analysis. The figure shows 
the better fit of 1D calculated results after performing the revision of Vs profile 
approach regarding better capture the recorded spectral acceleration paths. Moreover, 
the comparison between the recorded values at bedrock level and the 1D calculated 
results shows a significant soil amplification presence through the soil layers in the 
KRTTP station.

In addition, the modeled soil profiles were analyzed with enhanced Vs values 
for IRRN stations of Kütahya earthquake using the Kütahya earthquake inputs. As 
can be seen in Fig. 5, there is an improvement in the short-period (0–0.5 s) spectral 
acceleration at the KRTTP station and the spectral acceleration values obtained are 
closer to the recorded values than before the improvement.

Furthermore, and as the main purpose of this study, calculated PGA and SA results 
by 1D and 2D analyses are compared with each other and reference values on the 
level of ground surface. It is noteworthy that for the case of 2D analyses the shear 
wave velocity values are enhanced using the improvement procedure as well. The 
difference between recorded, 1D and 2D analyses between of both earthquakes proves 
that 2D PGA results are more consistent with reference values rather than obtained 
1D results. It should be noted that since 2D analyses has various parameters and 
these parameters are varying within small distances, it is not applicable to make
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Fig. 4 Comparison of SA analyses between recorded, and 1D analyses using before and after Vs 
revision for KRTTP IRRN based on ATK Gökçeada records in EW direction

Fig. 5 Comparison of SA analyses between recorded, and 1D analyses using before and after 
versus revision for KRTTP IRRN based on ATK Kütahya records in EW direction

a relationship between them so There is a predictable amount of discrepancy with 
the recorded values. Finally, the influence of the horizontal heterogeneity on the 2D 
response for the selected boreholes is studied for both earthquakes. For this purpose, 
different symmetric distances from the borehole are chosen (i.e., 250, 500, 750, 1000, 
and 1250 m). Then, the optimal distance is determined by obtaining the minimum 
difference between the recorded and calculated SA values. It can be seen that the 
best convergence occurs at 750 and 1000 m away from the boreholes. 

Figures 6, 7 show that the best 2D spectral acceleration results for the ATAIO 
IRRN station are obtained within 375 in each side totally 750 m of the borehole. 
In addition, it can be observed an amplification in response of the ATAIO station in 
terms of increasing horizontal distance. This may be due to the increasing depth of 
the soft soil layers around the main borehole.
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Fig. 6 Comparison of 2D site response analyses between various horizontal distances from location 
of ATAIO IRRN based on the records of ATK IGVA station of Gökçeada earthquake in EW direction 

Fig. 7 Comparison of SA analyses between recorded, 1D and 2D analyses for ATAIO IRRN based 
on the records of ATK IGVA station of Gökçeada earthquake in EW direction 

4 Conclusions 

1D and 2D site response analyses of 45 different stations located in Istanbul are calcu-
lated and compared with observed earthquake acceleration records. Both 1D and 2D 
analyses utilize improved shear wave velocity values by a well-known optimiza-
tion method so-called Monte Carlo simulation. As conclusion, the obtained results 
emphasize the efficiency and accuracy of 2D analysis regarding high consistency 
with recorded acceleration especially if the vertical arrays are closer to the considered 
IRRN station. In addition, this study evaluated the influence of horizontal hetero-
geneity for both selected earthquake records and showed that the effects of soil types 
and geotechnical features at horizontal extent are very significant for site response 
results. 
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Subsurface Study of Flowslide 
Liquefaction in Petobo, Palu, Indonesia 

Togani Cahyadi Upomo, Muhsiung Chang, Rini Kusumawardani, 
Galih Ady Prayitno, Ren-Chung Huang, and Muhammad Hamzah Fansuri 

Abstract A huge flowslide due to liquefaction occurred at Petobo on September 28, 
2018. Many building structures were collapsed, tilted, buried, or moved away up to a 
distance of 800 m or more. Flowslide occurred at slopes of around 3° and the affected 
area was approximately 1.64 km2. Magnitude and intensity of earthquake shaking, 
soil and groundwater conditions etc., would have contributed to the phenomena of the 
flowslide. Drilling, SPT with hammer energy measurements, laboratory testing on 
grain-size distributions and groundwater monitoring were performed after the inci-
dent. This paper discusses subsurface conditions and the assessment of liquefaction 
susceptibility. The geometry of ground surface was developed based on topographic 
survey and DTM data. Results show the materials at Petobo site consist primarily 
of loose silty sands and sandy silts in the middle and the debris flood areas. At the 
crown, the soils are mostly gravelly sands or sandy gravels. The groundwater is 
generally very close to the surface in the middle and the toe areas. The liquefac-
tion susceptibility was assessed by Seed/NCEER method. At BH-1, located near the 
crown, liquefaction would be more susceptible in layers with depth generally more 
than 10 m. In the middle areas, BH-2 would likely be liquefied due to the earthquake 
at depth of less than 10 m. At BH-3, situated near the toe, the liquefaction suscepti-
bility appears low, where only few separated depths are computed with low factors 
of safety.
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Keywords Flowslide · Liquefaction · Subsurface exploration · Liquefaction 
assessment 

1 Introduction 

Soil liquefaction is a phenomenon of saturated sands become liquefied under transient 
or repeated load. When transient or repeated load is applied, the saturated sand could 
lose its strength or stiffness and behave like a liquid material. The increase in pore 
water pressure and decrease in effective strength are the main reasons for strength 
loss [1, 2]. Liquefaction would cause catastrophic damages to various buildings and 
infrastructures. Liquefaction is identified through the following phenomena, such as 
sand boils, lateral spreads, settlement, uplift, sinking, tilting, and buried structures, 
or even landslides. 

During Palu Donggala earthquake (Mw = 7.5) on 28 September 2018, Petobo 
village, as seen in Fig. 1a, has suffered a dramatic flow slide due to liquefaction [4, 5]. 
Hundreds of buildings collapsed, tilted, buried, and moved away up to 800 m or more. 
The flowslide occurred at slopes of around 3°, with affected area of approximately 
1.64 km2 (Fig. 1b).

For determining subsurface conditions in Petobo, the site characterization activi-
ties include three boreholes, SPTs (Standard Penetration Test), and grain-size anal-
yses. Figure 1b shows the study area and borehole locations, which are near the Moh. 
Soeharto road of the site. SPTs were conducted in the boreholes at a depth interval of 
1.5 m. Additionally, grain-size as well as physical indices of soils were tested on the 
split spoon samples. Groundwater levels were measured weekly subsequently after 
the drilling. 

This paper discusses the subsurface soil profile and the speculated of potential 
slip surface in the Petobo flowslide area. The soil profile was developed based on the 
boreholes, and liquefaction susceptibility zones were estimated by the Seed/NCEER 
method [6]. 

2 Seismicity 

Palu city is situated on the island of Sulawesi, which is the capital of Central Sulawesi. 
Donggala and Sigi regencies border the northern and southern parts of Palu City. The 
eastern and western regions are bounded by Parigi Moutong and Donggala regencies 
and by Sigi and Donggala regencies [7]. 

Palu city is also traversed by Palu-Koro fault (PKF), which is well-known as one 
of Sulawesi’s most active faults. In the past, several earthquakes included the 2018 
Palu-Donggala earthquake, had centered on or near this fault (see Fig. 1a). PKF 
divides the Sulawesi island into Makassar and North Sula regions. The fault length 
is approximately 500 km, with an estimated slip rate of 34 mm/year [8].
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Fig. 1 a Regional tectonic map in Sulawesi, Indonesia and surrounding taken from [3]. Red star, 
blue rectangle and blue dot indicate the epicentre of main shock, locations of Palu city and Petobo 
village, respectively. b Locations of boreholes (BH-1, BH-2, and BH-3) at the Petobo flow slide 
area
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During 2018 Palu-Donggala earthquake, MPSI (Station Mapaga, Sulawesi), 
located 66 km north of the mainshock, recorded a maximum peak ground accel-
eration (PGA) of 95.057 gal (0.142 g) in N direction [9]. However, the station of 
BMKG and JICA, located in Balaroa, recorded a PGA of 333 gal (0.34 g) [10]. 

3 Site Investigations 

3.1 Soil Profile 

Three boreholes (BH-1, BH-2, and BH-3) with SPTs were conducted in the slide area 
along Moh. Soeharto road. The soils were explored to a depth of 20−24 m. Table 1 
shows the results of SPT-N and hammer energy ratio (ER) measurements. The SPT-
N value and the results of ER varied about 3−71 and 58.3−77.7%, respectively. 
Results of the soil profiles are shown in Fig. 2. 

Table 1 The SPT-N value 
and Energy measurements 

Borehole No SPT-N ER (%) ER average (%) 

BH-1 8−71 59−77.7 70.9 

BH-2 3−55 63.5−75.6 70.4 

BH-3 4−44 58.3−69.7 64.8 

Fig. 2 SPT blow counts, fine contents and the computed safety factor in the boreholes
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The soil layer in BH-1 are dominated by sand and gravel. Loose soils with N 
values of approximately 8−17 have been found at the top 4 m. Below this level, soils 
become denser with N values between 7−60. Fines content ranges from 1−20%. 

The soil layer in BH-2 consists of silt and sand with fines content range of 40−70% 
for the top 8.5 m. N values vary from 3−14. The soils below 8.5 m are sand and 
gravel with N values ranged from 22−55. 

At BH-3, debris materials were found at the top 2.5 m. Below the debris materials 
and down to 13 m deep, soils are dominated by loose to medium dense sand and silt 
with fines content 42−79%. N values vary from 4−12. The soil stratum below 13 m 
consists of sand and gravel with N values ranged 6−44. 

A comparison of SPT blow counts and fines content shows that fines content 
appears to have a relationship with the N value. At BH-2 and BH-3 with fines content 
of > 20%, N values would be less than 10. In contrast, BH-1 has a fines content of < 
20% and the N values would be more than 10. 

3.2 Groundwater Monitoring 

Groundwater levels were monitored during drilling and periodically after the drilling 
for a period started from 18 March 2020 to 24 March 2021. 

During drilling, groundwater tables (GWTo) were measured. The groundwater 
tables at BH-1, BH-2, and BH-3 were−13.83, −0.82, and −4.91 m, respectively, 
from the ground surface. 

As seen in Table 2, the average groundwater level (GWT) after drilling for BH-1, 
BH-2, and BH-3 are −13.18, −0.05, −3.83 m, respectively. The monitored ground-
water levels of the boreholes appeared only minor changes with the values measured 
during the drilling. 

At BH-1, located near Gumbasa irrigation canal, the GWT was found approxi-
mately 13−14 m below the ground surface. Although, three weeks after the Petobo 
flowslide incident, Kiyota et al. [10] observed that the GWT at area near the Gumbasa 
Irrigation canal was relatively close to the ground. In this case, Gumbasa irrigation 
canal and paddy fields had affected the GWT at this location before and during the 
earthquake. The water in irrigation canal and paddy fields would seep into the ground 
and saturate the soil. However, after the slide, Gumbasa irrigation canal dried out 
and GWT dropped to currently stable level of approximately 14 m below the ground 
surface.

Table 2 Results of groundwater table measurements (depth from ground surface) 

Borehole no GWTo (m) Lowest GWT (m) Average GWT (m) Highest GWT (m) 

BH-1 −13.83 −12.75 −13.18 −13.63 

BH-2 −0.82 +0.34 −0.05 −0.38 

BH-3 −4.91 −2.60 −3.83 −4.70 
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The GWT at BH-2 was < 0.5 m below the ground surface. After sliding, many small 
ponds and swampy areas were found near the BH-2. Based on the characteristics of 
surface morphology, the area near BH-2 is judged to locate in the liquefaction flow 
area. 

At BH-3, the groundwater table depth was around 4−5 m. In view of the accu-
mulated debris materials of about 2.5 m, the GWT depth before sliding could be less 
than 3 m. 

3.3 Liquefaction Evaluation 

The liquefaction susceptibility has been analyzed using the simplified procedure by 
Seed/NCEER method [6] and spreadsheet program established by [11]. The lique-
faction safety factor (FL) at any depth is defined as the ratio between cyclic resistant 
ratio of soils (CRR) and cyclic stress ratio due to shaking (CSR), expressed as: 

FL = CR  R/CS  R (1) 

The CS  R  is computed with equation as: 

CS  R  = 0.65 
amax 

g 

σv0 

σ ′
v0 

rd (2) 

where g is the acceleration due to gravity, rd is a shear stress reduction factor, σv0 is 
the total vertical overburden stress and σv0 is the effective vertical overburden stress. 
By using SPT data for clean sands, CRR can be expressed as 

CR  RM=7.5 = exp

(
(N1)60 

14.1 
+

(
(N1)60 

126

)2 

−
(

(N1)60 

23.6

)3 

+
(

(N1)60 

25.4

)4 

− 2.8

)

(3) 

where CR  RM=7.5 is the cyclic resistance ratio for a Mw = 7.5 earthquake and (N1)60 
is the corrected SPT value of clean sand. The CRR and CSR should be adjusted with 
magnitude scaling factor (MSF) and overburden correction factor (Kσ). 

The groundwater level for CRR evaluation uses the groundwater level during 
drilling (GWTo) as suggested by [12]. For analysis of CSR, GWT is assigned for 
BH-1 by assuming 2 m below the ground surface. In view of a high groundwater 
table that might have been existing during the earthquake, GWTs in BH-2 and BH-3 
are assumed the same level as the ground surface. The peak ground acceleration at 
the ground surface amax is estimated as 0.30 g and the moment magnitude of Mw 
Palu-Donggala earthquake of 7.5 is adopted. 

The computed safety factors are shown in Fig. 2. At BH-1, the soils with high 
liquefaction potential are at 6 and 11−18 m. Soil classifications for these depth
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ranges are SP and SW. The grain-size distributions for samples of BH-1 can be seen 
in Fig. 3a, indicating the soils in this borehole are almost gravel and sand in size. 
Our onsite observations in the area around BH-1 did not clearly reveal the symptoms 
for soil liquefaction. However, numerous cracks and down-dropped ground surface 
are observable on the surface near to BH-1 area, dividing it into several soil blocks. 
This phenomenon could be triggered by ground shaking and/or lack of downslope 
support [14]. 

In BH-2, liquefaction is estimated to have occurred at a depth of 6−9 m, with soil 
classifications of SW and SM. As shown in Fig. 3b, the soils in this depth are almost 
silt and sand, and below 9 m then become sand and gravel. Based on our surface 
observations, flow liquefaction occurs in the location near BH-2. The SW and SM 
layers of the borehole are believed to have liquefied and the depth of about 9 m is 
speculated as the slip surface of this flowslide. 

At BH-3, the safety factor of less than 1 occurs at depths of 12−15 m, with soil 
types of SM, ML, and SP. Observations on the surface of BH-3 are indicative of 
transported debris mixed with liquefied soils. By comparison with grading curves 
as shown in Fig. 3c, most of the soils are susceptible to be liquefied. The debris 
materials include soils, stones, and construction remains.

Fig. 3 Grain-size curves of SPT samples as compared with ranges of most-likely susceptible to 
liquefaction and potentially susceptible to liquefaction [13] 
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Fig. 4 Soil profile along Moh. Soeharto road. Bold red line and black line indicate post-slide and 
pre-slide, respectively 

Figure 4 shows the soil profile along Moh. Soeharto road revealed after onsite 
exploration, as well as a potential slip surface estimated in association with the 
results of liquefaction assessment. The potential slip surface is speculated to locate 
with a maximum depth of approximately 13 or 10 m, respectively, below the pre-slide 
or post-slide ground surface. 

4 Conclusions 

This study aimed to reveal the subsurface conditions in Petobo sliding area. Site 
investigation, GWT monitoring and laboratory testing have been conducted. The 
study found sand, silt and gravel existed at the site. Sands and gravels dominate in 
the crown near irrigation canal. However, sands and silts are more often in middle and 
toe parts. Groundwater near the crown area would be around 14 m below the ground 
surface, after the earthquake and without the influence of infiltration by the canal and 
paddy fields. Moreover, groundwaters at middle and toe parts in the current post-
slide period are close to the ground surface. The safety factor against liquefaction 
has been assessed by using Seed/NCEER method. At BH-1, located near the crown, 
liquefaction would be more susceptible in layers with depth generally > 10 m. In the 
middle areas, BH-2 would likely be liquefied due to the earthquake at a depth of < 
10 m. At BH-3, situated near the toe, the liquefaction susceptibility would appear 
low and relatively stable, with only few separated depths computed with low safety 
factors. 
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Deformation of Earthquake Resistant 
Gravel-Tire Chips Mixture as Drains 

Yutao Hu and Hemanta Hazarika 

Abstract Gravel-tire chips mixture (GTCM) as an alternative geomaterial has been 
introduced in recent years. In addition to its low-carbon-released characteristics, 
other advantageous material characteristics include lightweight, excellent vibration 
absorption capability, and high permeability. A newly designed earthquake-induced 
liquefaction mitigation countermeasure has been proposed. This so-called GTCM 
drains technique utilized GTCM as the material for precast drains installed around 
existing infrastructures located on the liquefiable ground. During the earthquake, the 
excess pore water could be dissipated through the drains, therefore, mitigating the 
potential of liquefaction. However, the deformation characteristics which has a signif-
icant influence on foundation settling post-earthquake, are not clearly researched 
on such improved ground. In this research, based on modelling experiment on 1-g 
shaking table, Particle Image Velocimetry (PIV) has been used to track and analyse 
the deformation of the ground foundation during dynamic loadings. The results 
indicate that with GTCM drains installed, the movement and acceleration of the 
foundation beneath the on-surface structure were limited. Meanwhile, the excess 
pore water pressure increased much slower due to the combined effect of drainage 
and less ground deforming. This study on the deformation characteristics proves the 
effectiveness of such liquefaction mitigation technique from another perspective. 

Keywords Liquefaction mitigation · GTCM drains · Ground deformation · PIV 

1 Introduction 

Every year, approximately 1 billion waste tires are produced in various parts of the 
world. In Japan, according to the report by JATMA [6], the total number of end-
of-life tires produced was 86 million, which was near 1 million tons by weight in 
2020. To recycle such industrial waste, scrap tire-derived materials (STDMs) have 
been utilized as geomaterials in recent years. In addition to its low-carbon-release

Y. Hu (B) · H. Hazarika 
Kyushu University, 744 Motooka, Nishi-Ku, Fukuoka 819-0382, Japan 
e-mail: hu.yutao.594@s.kyushu-u.ac.jp 

© The Author(s), under exclusive license to Springer Nature Switzerland AG 2023 
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characteristics when used as geomaterials, other advantageous material character-
istics of STDM include lightweight, excellent vibration absorption capability, and 
high permeability. Furthermore, unlike other granular geomaterials, these materials 
are non-dilatant in nature [1]. They can replace other traditional materials (such as 
gravel) in applications such as drainage, leachate removal in landfills, soil reinforce-
ment, and so on because of these characteristics. Gravel-tire chips mixture (GTCM), 
as an alternative geomaterial, has been introduced by Hazarika et al. [2]. 

One of Large-scale earthquake-induced hazards, liquefaction, has become much 
too common in recent years, especially in Japan. During the 2016 Kumamoto Earth-
quake, as an example, several areas in the southern part of Kumamoto City experi-
enced liquefaction causing damage to residential houses due to differential settlement 
[3]. To prevent the extreme damage to buildings caused by liquefaction during earth-
quakes, an appropriate and cost-effective disaster mitigation technique called GTCM 
drains has been proposed (Fig. 1). It utilized GTCM as material of precast drains 
installed around existing infrastructures located on liquefiable ground. During earth-
quake, the excess pore water could be dissipated through the drains therefore mitigate 
the potential of liquefaction. 

In this paper, the deformation characteristics which has significant influence 
on foundation settling post-earthquake on GTCM drains improved ground are 
researched. Model test using 1-g shaking table facility was performed. Particle Image 
Velocimetry (PIV) has been used to track and analyse the deformation of ground 
foundation during dynamic loadings.

Fig. 1 Principle of GTCM 
drains technique 
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2 Model Experiment 

2.1 Test Model 

Model test was conducted using the 1-g shaking table facility at the geo-disaster 
laboratory of Kyushu University as shown in Fig. 2. Soil-structure-fluid interaction 
can be simulated using the scaling law proposed by Iai [5]. Since this research 
involves liquefaction induced damage to on-surface structure, it is the most suitable 
similitude relationship. A geometrical scaling factor of 1:32 was set based on this 
law in this model test. 

Toyoura sand was used as foundation soil in these tests. A dense layer of such sand 
(Dr = 90%, 200 mm in depth) representing non-liquefiable ground was constructed 
using both dry deposition and tamping techniques. The upper liquefiable layer (Dr 
= 50%, 300 mm in depth) was constructed only using dry deposition technique. The 
saturation process could be performed by percolating water gradually and uniformly 
through 3 water inlets from the bottom of the container. GTCM with volumetric 
gravel fraction of 50% was used to make drains. The properties of the materials are 
shown in Table 1. 

Fig. 2 Test model on 1-g shaking table 

Table 1 Properties of materials in used 

Material Gs Dry density (g/cm3) ρmax (g/cm3) ρmin (g/cm3) D50 (mm) 

Toyoura sand 2.640 1.506 0.976 0.611 0.160 

GTCM 1.910 1.022 1.036 0.842 4
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2.2 Test Conditions 

Figure 3 shows the layout of the test model in this research. Six vertical GTCM drains 
are arranged symmetrically along the long side of the model building, installed from 
the surface level up to the bottom of the loose sandy layer, and extended into the 
hard layer. Another four GTCM drains are inserted at 60 degrees diagonally along 
the short side of the model building. The diameter of these prefabricated GTCM 
drains is 50 mm with a height of 300 mm. Since heavy building could settle more 
due to its weight rather than the influence of liquefaction [4], a shallow foundation 
of a building with a bearing pressure of 3 kPa, represented by a rectangular block of 
brass material, with a cross-sectional area of 230 × 100 mm in model scale, is set 
upon the soil. In addition, there is a thick layer of gravel with 2 cm in depth between 
the model building and GTCM drains. A sinusoidal acceleration of 200 Gal with the 
frequency of 4 Hz and duration of 10 s is applied to the model. Several pore water 
pressure transducers are set in the location shown in Fig. 3b. Two motion analysis 
marks are located at two side of the model building.

3 Results and Discussion 

3.1 Settlement 

The model building suffered settlement due to the deformation of the loose sand 
foundation, as shown in Fig. 4a. Through motion analysis, the time history and 
trend of the building settling are obtained and drawn out in Fig. 4b. At D1, the 
maximum settlement is 37.45 mm. While at the other side (D2), the value is recorded 
as 32.32 mm. The rotation due to the uneven settlement was about 1.28º.

3.2 Excess Pore Water Pressure Ratio 

Figure 5 shows the time history of excess pore water pressure ratio, defined as 
Ru = uexpp/σvo, recorded by PPTs at each location inside the loose sandy layer 
(shown in Fig. 3b). As a benchmark, in the shallow layer of free-field, with no 
influence from any drains, only P4 reaches the fully liquefied value of 1. Other than 
that, the Ru initiates a speedy increase as the earthquake started and remains in high 
value until the end of shaking at P3, P4, P7 and P8. On the contrary, the Ru at P1, P2, 
P5 and P6, surrounded by GTCM drains, remains at a low level. The GTCM drains, 
therefore, did effectively dissipate the excess pore water and make a great effort in 
preventing liquefaction. Since liquefaction was not observed beneath the building, 
the settlement described in the previous section is assumed to be caused only by the 
loose soil consolidation.
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Fig. 3 Layout of test model: a 3D view; b Front view; c Top view

(a) Position of model building                                    (b) Time history of settlement 

Fig. 4 Settlement of model building
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Fig. 5 Time history of excess pore water pressure ratio 

3.3 Velocity Fields 

Figure 6 depicts velocity fields during two cycles of sinusoidal dynamic loading, 
obtained from PIV analysis. The analyze area is 400 × 70 mm. Large velocities are 
observed in the loose sand soil foundation accompanied by the sinusoidal accelerating 
of the shaking table. Figure 6a shows the velocity field in a cycle after the shaking table 
reached the acceleration of 200 Gal (t = 9 s). As the shaking continued, the consol-
idation of the loose sandy ground results in the settling of the model building. The 
soil is also found to be pushed upward into the gravel cap layer simultaneously. As a 
comparison, Fig. 6b shows the velocity fields in a cycle during the post-consolidation 
phase (t = 16 s). Though large velocities are observed in areas, the foundation rocks 
much more slightly. Indeed, the velocity under the foundation is negligible compared 
to that further away, as well as the cycle described in Fig. 6a. However, due to the 
rotations of the shallow foundation, the upper soil of inclinedly-installed GTCM 
drains deforms more significantly. The after-deformation foundation surface, on the 
other hand, has the similar shape of the velocity fields of the soil beneath.

4 Conclusions 

In this study, the deformation characteristics of GTCM drains improved ground 
under existing building was carried out through model test. The results indicate that 
with GTCM drains installed, the movement and deformation of foundation beneath 
the on-surface structure could be limited, especially during the post consolidation
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Fig. 6 Velocity fields of a dynamic cycle at: a t = 9 s;  b t = 16 s

phase. Meanwhile, the excess pore water pressure increased much slower due to the 
combined effect of drainage and less ground deforming. However, the influence of 
GTCM drains arrangement to the ground deformation is significant. To figure out the 
deformation situation beneath the foundation, which could not be observed through 
model tests, the Finite Elements Method would be used to do numerical simulation 
in the following research. This study on the deformation characteristics proves the 
effectiveness of such liquefaction mitigation technique from another perspective. 
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Evaluation of Relationships Between 
Strength Properties of Rock Samples 
and Drilling Rate Index 

Efe Aslan, Hakan Köpüklü, and H. Turan Durgunoğlu 

Abstract A comprehensive subsurface investigation program was conducted to 
delineate the soil, rock and groundwater conditions in subject area of the project 
site located in Gulf Region consisted mainly of land-based geotechnical drilling. In 
the scope of this study, the onshore site characterization is based on an integrated 
approach that combines the site specific data collected from borings, field and labo-
ratory tests. Within the scope of laboratory studies, relationships between strength 
properties of rock samples and drilling rate index were examined. For this purpose, 
uniaxial compression test, Schmidt hammer rebound test and drillability test were 
conducted for the rock samples which were collected from different rotary drilling 
boreholes. The experimental studies have shown that the drilling rate index (DRI) 
decreases with the increasing uniaxial compressive strength (UCS) and Schmidt 
Hammer Rebound Hardness (SHRH). 

Keywords Drilling rate index · Brittleness test · Sievers’ J-Miniature drill test ·
Uniaxial compressive strength · Schmidt hammer rebound hardness 

1 Introduction 

An accurate estimation of drillability became a mandatory factor in planning, design 
and construction stages of underground projects. For the excavation phases in mining, 
tunneling and underground constructions, drilling progress, cutter wear and related 
costs are becoming compulsive elements [5]. Therefore, in parallel with the accurate 
estimations, rock cutting tools and equipment may be optimized and drilling rate may 
provide beneficial data for underground excavations such as using tunnel boring 
machines (TBMs) or other excavators. Selection of these tools without physical, 
mechanical, and mineralogical information of the planned construction area can 
cause major problems for all stages of projects.
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Kahraman et al. [8], investigated the percussive blast hole drills in eight rock types 
and showed that uniaxial compressive strength (UCS), Brazilian tensile strength, 
point load strength and Schmidt hammer value were the dominant rock prop-
erties affecting the penetration rate of percussive drills. Yarali and Soyer [11], 
focused on relationships between DRI and strength properties were evaluated and 
stated that decreasing linear relationships were constituted between DRI and UCS, 
Schmidt rebound hardness, Shore scleroscope hardness, diametral and axial point 
load strength values. Adebayo and Adetula [1], conducted laboratory tests and stated 
that that UCS, texture and grain size, DRI and Equivalent Quartz Content (EQC) 
are important pa-rameters which affect drilling conditions. Demirdag et al. [7], 
studied the factors affecting the drilling rates in terms of physical and mechanical 
properties of the rocks. Uniaxial compressive strength, Brazilian tensile strength, 
impact strength, Bohme abrasion strength, P-wave velocity, porosity, unit volume 
weight, Schmidt hardness index and brittleness index values were correlated with 
the drilling rates. Shafique and Bakar [10], evaluated relations between DRI tests 
and porosity, density, P-wave velocity, UCS, Brazilian tensile strength and Schmidt 
hammer rebound number. Capik et al. [3], stated that DRI decreases with increasing 
UCS, point load strength, Bra-zilian tensile strength, and Schmidt rebound hardness. 
Yenice et al. [13], stated that correlations were found between DRI and uniaxial 
compressive strength and indirect tensile strength values. Yenice [14], studied the 
relation between UCS, Brazilian tensile strength and the DRI were determined using 
multiple regression analysis. Kamran [9], constituted a model for the evaluation of 
DRI by using the uniaxial compressive strength, Brazilian tensile strength, brittleness 
test, and Sievers’ J-miniature drill values. 

2 In-Situ Applications 

2.1 Project Site Information 

A comprehensive subsurface investigation program was conducted to delineate the 
soil, rock and groundwater conditions in subject area of the project site located in Gulf 
Region consisted mainly of land-based geotechnical drilling. Project site location is 
given in Fig. 1.

Wireline rotary drilling method has been employed utilizing PQ3 type core 
barrel equipment to generate high quality core samples with better core recovery. 
Exploratory boreholes were drilled vertically by rotary wash boring method 
producing core samples with nominal core diameter of 82 mm. A continuous coring 
was performed as per the BS 5930:2015. Core samples retrieved through each run 
were photographed first to show in situ position and orientation of cores without 
disturbance and then logged by geologist. The rock parameters were measured in-situ 
by the geologists. Samples were wrapped with plastic stretch to preserve natural water
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Fig. 1 Project site location

content and were placed in proper core boxes for delivery purposes to laboratory. 
Appropriate sample selections were made for the laboratory tests. 

2.2 Geotechnical Formations 

Cavelier [4], presented the basic structure for the project site. The formations of 
the Gulf region are entirely of Tertiary to Quaternary age. The subsurface soil/rock 
stratigraphy in project area, as encountered in the geotechnical boreholes presented 
in Table 1. 

The greater part of the land consists of a uniform limestone horizon of middle 
Eocene age, the Simsima Limestone. The Simsima Limestone forms part of the 
Upper Dammam Formation and is underlain by the Midra Shales member of the 
Lower Dammam Formation from middle Eocene in age. This is in turn underlain by 
the Rus Formation, which is lower Eocene in age. The solid geology is overlaid by 
shallow cover of loose to medium dense silty, gravelly sand.

Table 1 Range of 
approximate observable 
thickness of formations 
encountered in boreholes 

Geotechnical Formations Observable thickness range 
encountered in boreholes 

Minimum (m) Maximum (m) 

Fill Material/Made Ground 0.20 0.50 

Quaternary Aeolian Sand 0.30 11.90 

Quaternary Cap Rock 1.35 8.75 

Weathered Simsima Limestone 0.30 7.50 

Simsima Limestone 26.45 38.75 

Midra Shale 1.70 5.90 

Rus Formation Limestone 5.10 25.10 

Rus Formation Gypsum 7.80 25.50 
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Fig. 2 Uniaxial compressive 
strength test results 

3 Experimental Research 

In the scope of this experimental research, rock samples which were collected from 
different formations were examined. Drillability tests, uniaxial compressive strength 
tests and Schmidt hammer rebound hardness tests were conducted to evaluate the 
relationships between strength properties and drilling rate index of rock samples. 

3.1 Uniaxial Compressive Strength Test 

Uniaxial compression tests were performed on 157 rock core samples which had a 
diameter of PQ size (82 mm) and length to diameter ratio of 2.0–2.5. The stress rate 
was applied within the limits of 0.5–1.0 MPa/s in accordance with ASTM D7012. 
Test results are given in Fig. 2. 

In addition to that, compressive strength and elastic moduli of intact rock core 
tests were performed on 115 samples. Modulus of elasticity (E) was determined as 
the average value of tangent modulus of elasticity and secant modulus of elasticity. 
Poisson’s ration (µ) determined as the ratio of the Modulus of elasticity (E) and slope 
of diametric curve. Test results are given in Fig. 3.

3.2 Schmidt Hammer Rebound Hardness Test 

Schmidt hammer rebound hardness tests were performed on 95 rock specimens. 
Proceq silver rock L-Type Schmidt hammer having impact energy of 0.74 Nm was 
used in accordance with the ISRM. The orientation of hammer was on vertical down-
wards position and 20 impacts were conducted and separated by at least the diameter 
of the plunger. The lower %50 of the rebound values were eliminated and the average
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(a) (b) 

(c) 

Fig. 3 Uniaxial compressive strength test results a E (MPa),  b Poisson’s ration (µ). and c UCS 
(MPa)

value was recorded as the Schmidt hammer rebound hardness (SHRHmean) number. 
Test results are given in Fig. 4. 

Fig. 4 Schmidt hammer 
rebound hardness test results
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3.3 Drillability of Rock Core Samples 

NTNU/SINTEF drillability test method was developed at the Department of Geology 
and Mineral Resources Engineering at NTNU in 1960s for evaluating drillability of 
rocks by percussive drilling [11]. The Drilling Rate Index (DRI) is assessed on the 
basis of two laboratory tests, the Brittleness Value (S20) test and the Sievers’ J-
Value (SJ) miniature drill test. These indices are recognized as providing practical 
characterization of rocks applicable in time and cost prediction models available for 
hard rock tunneling and surface excavation. The chart which determines DRI value 
is given in Fig. 5. 

Sievers’ J-Miniature Drill Test. The Sievers drill test was developed by Sievers in 
the 1950s for estimating cutter life [12]. The Sievers’ J-value is determined by using 
a rock sample drilled for a minute with 200 revolutions per minute of the 8.5 mm 
miniature drill bit under 20 kg of static load. Thereafter, the drill hole height was 
measured. SJ-value is determined as the mean value of the measured drill hole depth 
in 1/10 mm of 4–8 repetitive drill holes. 

Brittleness (S20) Test.  The brittleness test was developed in Sweden for evaluation of 
the quality of aggregates [11]. The S20 value shows the resistance of a rock specimen 
to mechanical impacts. Rock sample was crushed in a jaw crusher and sieved through 
the 16 mm and 11.2 mm sieves. Crushed and sieved rock sample is used for the test. 
A hammer of 14 kg was dropped on the mortar containing rock material for 20

Fig. 5 Drilling rate index 
chart [6] 
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times. This procedure was repeated for three to five times for each rock sample. 
Afterwards, rock material was sieved through an 11.2 mm sieve. The percentage of 
material passing the sieve was determined as the S20 value [6]. 

Drilling Rate Index (DRI).Figure 5 was used for the evaluation of drilling rate index 
(DRI) which includes the brittleness value (S20) and the Sievers’ J-value (SJmean). 
The classification of each sample is given in Table 2.

4 Evaluation of Experimental Research 

In this experimental research, 20 different rock core samples were tested for the 
drilling rate index in the laboratory. In order to evaluate the relations between 
strength properties of rock samples and DRI, the closest uniaxial compression test 
and Schmidt hammer rebound hardness test results were selected within a range of ± 
2.0 m distance from the DRI test samples. The correlations between DRI and strength 
parameters of the rock samples are stated in Fig. 6. UCS results range from 5.8 to 
55.9 MPa, modulus of elasticity range from 12,120 to 40,132 MPa, Poisson’s ratio 
range from 0.197 to 0.335, Schmidt hammer rebound hardness range from 13 to 58. 
It was observed that the DRI values of all the tested rock specimens classified from 
medium to extremely high. DRI values of rus formation samples were classified as 
extremely high. In addition to that, gypsum samples were classified between high to 
extremely high. Dolomitic limestone samples were classified as medium to high.

5 Conclusions 

The performance and cost evaluations in tunneling, mining and other underground 
projects are commonly attributed to drillability of rocks. Intact rock properties have 
a significant part in excavation. 

In this study, the correlations between DRI and strength properties of rocks were 
investigated. Rock samples were collected from different geotechnical formations 
and the properties of all samples were determined by laboratory experiments. Then, 
correlations between these results were obtained. The DRI decreases with increasing 
UCS, SHRHmean and E. In addition to this, DRI increases with increasing Poisson’s 
ratio. After all these interpretations, it can be stated that DRI and strength parameters 
can represent well correlations, although further studies should be conducted for 
improving these results. Further studies could investigate the mineralogical properties 
of rocks in order to determine their influences on the DRI. The estimation of the DRI 
could also be associated with in-situ tests by executing diagraphy drilling. Thus, 
experimental results could be supported with the field data where drilling speed 
(m/h) could be correlated with the varying geotechnical formations.
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Table 2 Drillability tests summary 

No Depth 
(m) 

Elevation 
(m) 

Lithologic 
Unit 

Formation S20 SJ DRI Class 

1 28.20 −26.45 Dolomitic 
Limestone 

Simsima 
Limestone 

58 84.80 ± 8.81 68 High 

2 27.00 −25.28 Dolomitic 
Limestone 

Simsima 
Limestone 

44 92.00 ± 10.56 54 Medium 

3 17.80 −16.01 Dolomitic 
Limestone 

Simsima 
Limestone 

47 89.60 ± 37.43 58 High 

4 16.50 −13.61 Dolomitic 
Limestone 

Simsima 
Limestone 

53 78.8 ± 19.02 66 High 

5 16.10 −13.52 Dolomitic 
Limestone 

Simsima 
Limestone 

37 111.25 ± 1.66 50 Medium 

6 26.30 −23.72 Dolomitic 
Limestone 

Simsima 
Limestone 

42 104.00 ± 1.65 56 Medium 

7 19.90 −18.21 Dolomitic 
Limestone 

Simsima 
Limestone 

56 95.80 ± 20.63 67 High 

8 24.50 −21.35 Dolomitic 
Limestone 

Simsima 
Limestone 

54 83.80 ± 0.78 66 High 

9 38.00 −36.08 Mudstone Rus 75 158.00 ± 39.60 96 Extremely 
high 

10 35.00 −33.56 Mudstone Rus 72 124.25 ± 37.14 86 Extremely 
high 

11 49.80 −47.73 Calcarenite Rus 77 154.40 ± 2.92 96 Extremely 
high 

12 54.90 −51.75 Calsisiltite Rus 77 97.67 ± 0.40 88 Extremely 
high 

13 36.80 −32.69 Limestone Midra 
Shale 

55 109.80 ± 0.61 70 High 

14 46.10 −42.95 Limestone Midra 
Shale 

54 82.60 ± 0.59 65 High 

15 58.60 −57.16 Gypsum Gypsum 
Rus 

59 86.80 ± 4.97 69 High 

16 58.50 −56.71 Gypsum Gypsum 
Rus 

65 157.00 ± 37.42 92 Extremely 
high 

17 67.70 −64.81 Gypsum Gypsum 
Rus 

57 79.60 ± 2.51 67 High 

18 57.10 −55.41 Gypsum Gypsum 
Rus 

56 136.80 ± 12.79 74 Very high 

19 65.00 −60.89 Gypsum Gypsum 
Rus 

53 151.25 ± 3.40 76 Very high 

20 71.30 −68.15 Calsisiltite Gypsum 
Rus 

69 148.75 ± 1.31 79 Very high
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(a) (b) 

(c) (d) 

(e) 

Fig. 6 Correlations between DRI and strength parameters a UCS and DRI, b SHRHmean and DRI, 
c E and  DRI,  d µ and DRI and e UCS w/E and DRI
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horizontal drilling rates depending on some rock properties in the marble quarries. Int J Min 
Sci Technol 24(2):269–273 

8. Kahraman S, Bilgin N, Feridunoglu C (2003) Dominant rock properties affecting the 
penetration rate of percussive drills. Int J Rock Mech Min Sci 40(5):711–723 

9. Kamran M (2021) A probabilistic approach for prediction of drilling rate index using ensemble 
learning technique. J Mining Environ 12(2):327–337 

10. Shafique U, Bakar MA (2015) Evaluation of relationships between drilling rate index and 
physical and strength properties of selected rock units of Pakistan. Nucleus 52(2):79–84 

11. Yarali O, Soyer E (2013) Assessment of relationships between drilling rate index and 
mechanical properties of rocks. Tunn Undergr Space Technol 33:46–53 

12. Yarali O, Soyer E (2011) The effect of mechanical rock properties and brittleness on drillability. 
Sci Res Essays 6(5):1077–1088 
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Unsaturated Geomechanical 
and Physicochemical Characterisation 
of Soils Used for Adobe Blocks 

Jose Concha-Riedel and Susana Lopez-Querol 

Abstract A mechanical and physicochemical characterisation of soil used for adobe 
block production is presented in this paper, considering a geomechanical framework. 
The main research objectives were to apply the partially saturated soil mechanics 
theory and obtain some of the soil’s physicochemical characteristics. The soil used in 
this research was extracted from Putaendo, Chile, as it is representative of the vernac-
ular building of that region. The soil was classified as silty sand, of low plasticity. 
Further inspection showed a 7% content of organic matter. The unsaturated shear 
strength of the soil was obtained using a conventional shear box test, coupled with 
the soil–water characteristic curve (which was obtained using the filter paper tech-
nique) to estimate suction values. The soil–water characteristic curve had a similar 
shape as for other sands previously reported in the literature, but with a higher air 
entry and residual values. Results show that shear strength increases for drier soil 
samples, reaching an asymptotic value after the air entry suction of the soil. It is 
concluded that shear box tests without suction control can be used to estimate the 
unsaturated strength of soils and that the organic matter in soils can influence its 
cohesive strength, although further research on this aspect is required. 

Keywords Partial saturation · Adobe blocks · Earthen materials · Organic 
content · Shear box 

1 Introduction 

The mechanical behaviour of geomaterials is one of the principal concerns of the 
civil engineering discipline. Moreover, scientists are looking for alternative construc-
tion materials with lower environmental impacts that can help mitigate the effects 
of climate change. In that regard, earthen blocks arise as a very sustainable mate-
rial for the construction of residential buildings. Several researchers have studied
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their unconfined compressive strength, to use them to build safer and more envi-
ronmentally friendly structures. However, the complex mechanics that occur in the 
three-phased material usually found in earthen materials (soil, water, and air) are not 
fully understood yet. 

Earth blocks have been extensively studied in recent years, with a special emphasis 
on the evaluation of the effect of fibres and binders on their mechanical and physical 
properties [1]. Different authors have measured the changes in flexural and compres-
sive strength due to the inclusion of plant [2], animal [3] and industrial fibres [2], 
and have concluded that fibres increase the toughness of the mixture [2, 3]. However, 
different results have been observed with regards to peak flexural and compressive 
strengths, with some authors measuring its increase [1] while others observe its 
decrease [4]. One of the common points of the studies mentioned above is that most 
of them have employed a construction materials framework and measured failure 
properties, ignoring the soil mechanics perspective of the problem. In that regard, 
[5–7] have evaluated soil bricks under the soil mechanics framework. The first one 
observed that as the moisture content of the block increases, the unconfined compres-
sive follows the opposite trend. This is in line with the increment of suction due to 
the reduction of water in unsaturated soils. On the other hand, [6, 7] considered an 
unsaturated soil mechanics approach to calculate the soil cohesion due to suction. 
Both authors found that the shear strength of the soil is proportional to the suction, 
obtained from the soil–water characteristic curve (SWCC). 

A second challenge for the analysis of earthen blocks is the broad range of soils 
used for their production, as has been previously pointed out in the literature [8]. Low 
consensus on the optimal soil type for this use has been achieved, as some authors 
propose an amount of clay for the blocks [9], whilst others do not [8]. This hinders 
the ability to create standards for earth block production, as the physicochemical 
properties of each employed soil might vary vastly. As an example, in their study, 
[8] showed that soils with identical classifications can produce contrasting physical 
and mechanical properties when used for adobe blocks matrices production. 

Hence, the objectives of the present research are: (i) to characterise the type of 
soil used for Chilean adobe block vernacular buildings, and (ii) to observe if the 
standard shear box test without suction control can be used to measure unsaturated 
shear strength. 

2 Materials and Methods 

2.1 Soil Sample 

The soil used in this research was collected from an adobe manufacturing pit located 
in Putaendo (Chile) and air shipped to London (United Kingdom) for its analysis. The 
particle size distribution of the soil was obtained using a mechanical sieve shaker 
following the procedures stated in the British standards [10] and can be seen in
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Fig. 1 Particle size distribution of the studied material 

Fig. 1. Alongside this, using the same standards, the plastic and liquid limits were 
also obtained, which had a value of 35 and 40% respectively, and fall in the category 
of ML and OL in Casagrande’s plasticity chart. Finally, the specific gravity of the 
soil was measured and resulted in a value of 2.54. 

2.2 Organic Content 

To obtain the organic content of the soil, a thermogravimetric analysis (TGA) was 
used. The soil was tested using a heating ramp of 20 °C/min, in three stages: (i) from 0 
to 150 °C, (ii) from 150 to 550 °C, and (iii) from 550 to 950 °C as per the suggestions 
of [11]. After each stage was completed, the temperature was left constant for 30 min 
to ensure all the compounds were incinerated. The organic content of the soil was 
calculated as follows: 

OC = 
(M150◦ − M550◦ ) 

M150◦ 
(1) 

where OC is the organic content of the soil in percentage, M150◦ and M550◦ are the 
mass measurements at the end of the first and second stage respectively. Two samples 
of 30 µg each were used for this test. 

2.3 Scanning Electron Microscope (SEM)—Energy 
Diffractometry Spectroscopy (EDS) 

To observe the differences between coarse and fine soil particles, a SEM coupled 
with an EDS were employed in this study to obtain both images and the chemical 
components of each part of the soil. Tests were performed on two specimens taken 
from the complete soil sample and two from the fractions that passed the 63 µm 
sieve; the weight of each sample was approximately 5 g.
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Fig. 2 Soil–water characteristic curve 

2.4 Soil–Water Characteristic Curve (SWCC) 

For this study, the SWCC was obtained for the soil using the non-contact filter 
paper method (total suction), as stated in the ASTM D 5298 standard [12], and was 
calibrated as per the suggestions of [13]. The suction was then correlated to the 
calibration curve and the moisture content of the paper. Figure 2 shows the SWCC, 
which starts at a suction value of 0.1 kPa, because the logarithmic scale diverges at 
0. Initial voids ratios for unsaturated samples varied between 0.91 and 1.38, while 
their moisture content ranged between 5 to 23%. Values obtained using the filter 
paper technique are plotted in the figure, whereas the regression line using the model 
proposed by [14] is also represented. It is worth mentioning that two other points 
were obtained at saturations closely to 100% and were used to calculate the regression 
curve but are not plotted due to their low suction (i.e., 10–7 kPa). 

2.5 Shear Box Test 

To obtain the effective shear strength of the soil, the shear box test was used following 
the recommendations stated in the British Standard [15]. Normal stresses of 40, 177 
and 354 kPa were used. Normal stresses of 40 and 177 kPa are common service 
conditions for walls in adobe houses, and the normal stress of 354 kPa was selected 
to evaluate high demand cases. Unsaturated tests were performed to evaluate the 
effect of suction on the soil with saturation degrees that ranged between 20 and 
90%. All tests were performed using a displacement protocol of 0.5 mm/min, as 
the estimated permeability (with Hazen’s formula [16]) of the soil is approximately 
10–5 m/s. 

The specimens were prepared inside the shear box, by pouring a controlled amount 
of soil and measuring the height of the sample. This allowed calculating the initial 
voids ratio of each sample individually. For all samples, the soil was cooled down 
for 3 h under laboratory conditions after being oven-dried at 105 °C for 24 h and 
mixed with water to reach different moisture contents ranging between 5 to 30%. 
This was then let to homogenize for a period of 24 h under laboratory conditions
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in a sealed container to avoid any moisture loss. The soil was then put inside the 
shear box to obtain an initial voids ratio of about 1.28, which is the value measured 
for plastic adobe samples. To evaluate the moisture content, an initial sample was 
taken from the container and this value was measured. After the test was concluded, 
a sample from the middle of each specimen inside the shear box was taken and its 
moisture content was also measured to check consistency between initial and final 
determinations. 

3 Results and Discussions 

3.1 SEM–EDS 

Figure 3 shows the microscopy images of the soil sample. Coarse particles (between 
2.31 mm and 63 µm) have the typical shape of sands, with angular edges (Fig. 3a). 
Fine particles (smaller than 63 µm) can be seen over the surface of the sand grains. 
When observing the fine particles, it can be noted that their shape is similar to peat 
soils [17], with a configuration of small webbed clusters. These particles have an 
average diameter of 40 µm, with a rough surface and angular edges. 

Table 1 reports the mineralogical composition of the soil, which shows that the 
coarse particles are composed mainly of silica, aluminium, and ferrous oxides, which 
is consistent with the chemical compounds of silica sands [18]. On the other hand, 
fine particles are composed primarily of carbon and silica, which is consistent with 
organic soils. 

The results obtained from the liquid and plastic limits, the particle size distribution, 
SEM, EDS and TGA test all indicate a lack of clay and some amount of organic

Fig. 3 SEM images of: a coarse grain, b fine particles and c close-up view of fine particles 

Table 1 Soil chemical composition 

Particles Na2O MgO Al2O2 SiO2 K2O CaO TiO2 C Fe2O3 

Coarse 3.71 2.05 22.94 53.06 1.85 2.02 0.7 – 9.08 

Fine 0.88 1.7 7.08 18.97 0.94 1.5 0.35 64.93 3.44 
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matter, which is different from what many researchers have found previously in their 
tested soils [1]. Although the cohesion of the soil for the saturated and dry shear 
box tests resulted in a low value (5.7 kPa), it could also be counted as a possible 
indication of organic matter. This is consistent with the results obtained for peat 
soils, which showed values for cohesion between 6 to 17 kPa [19]. However, due to 
the low accuracy of the shear box test, further study using triaxial tests is suggested 
to validate the latter. 

3.2 Unsaturated Shear Strength 

The unsaturated shear strength of the soil and suction are plotted in Fig. 4 for each 
normal stress (i.e., (a) for 40 kPa, (b) for 177 kPa and (c) for 354 kPa). Red triangles 
show the shear strength obtained at a failure state, whereas blue points represent 
the shear strength at a 20% shear strain state. Samples that had an initial voids ratio 
higher than 1.28 are plotted in grey. It is worth mentioning that the suction values 
were estimated using the SWCC, showed in Fig. 2. For the normal stress of 40 kPa, 
the shear stress varied between 35.7 and 42.1 for suction values of 360 and 7900 kPa 
respectively. Samples at vertical stress of 177 kPa had a peak shear strength between 
119 and 144, for suctions between 33 and 8950 kPa respectively. Finally, samples at 
a normal stress of 354 kPa showed shear strength values between 229 and 263 kPa 
for suctions between 3 and 5750 kPa respectively. It is worth reminding that these 
values only consider the samples with an initial voids ratio approximately of 1.28. 

Fig. 4 Unsaturated shear strength at a normal stress of: a 40, b 177 and c 354 kPa
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As suction increases, shear strength increases for almost all samples tested. The 
rate of increment is higher for suctions below the air entry value, of around 500 kPa, 
and continues to increase but at a lower rate, for suctions higher than 1000 kPa. The 
latter is consistent with the observations of [20, 21]. 

4 Summary and Conclusions 

In this study, the partially saturated shear strength of a Chilean soil used in the produc-
tion of adobe blocks was evaluated. A geotechnical characterization, the SWCC 
and the determination of the shear strength through the shear box apparatus were 
conducted. The major findings of this study are listed as follows: 

1. The soil used in this study is a silty sand with low plasticity. Its composition 
is different from most studied soils for earth brick manufacturing purposes, as 
those usually have clay. It is suggested that the organic content of the soil might 
be helping in achieving the cohesive strength that allows the block to maintain 
its shape, but further research to confirm this assumption is needed. 

2. The standard shear box test can be used to obtain the shear strength of unsatu-
rated soils. However, it is suggested that another type of equipment, such as the 
triaxial apparatus, should be used, as the measurement of volumetric changes in 
the shear box apparatus might not be accurate enough. 

3. The control of the initial conditions of the sample, mainly the voids ratio, has to 
be precise if accurate results are to be obtained. In general, it was observed that 
higher initial voids ratios resulted in lower shear strength values, even though 
suction was higher for those samples. 
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The Evaluation of Stone Column and Jet 
Grouting Soil Improvement 
by Conducting a Comprehensive 
Experimental Program 

Arshiya Abadkon and Erol Güler 

Abstract Ground improvement is an important requirement in today‘s construc-
tion industry as land reclamation is becoming increasingly popular. Many different 
ground improvement techniques have been developed over the past few decades 
to treat weak soil deposits. Two of commonly used techniques are jet grouting and 
vibro-stone column. The goal of this study is to investigate the advantages and disad-
vantages of both techniques using in-situ tests such as cone penetration testing, stan-
dard penetration testing, seismic wave velocity measurements and laboratory tests 
including direct shear tests, density and void ratio measurements on undisturbed 
samples obtained from the soil between produced columns. A test area including 25 
jet grout columns with 1.8 m spacing and diameter of 60 cm was prepared to inves-
tigate the effectiveness of jet grouting method. A test area with same dimensions as 
it was for jet grout columns was prepared for stone columns. 25 stone columns with 
diameter of 1 m and spacing of 1.8 m were produced in the test area. Vibroflotation 
technique was used to produce stone column with top feeding method. In-situ and 
laboratory tests were carried out for these test areas to investigate the advantages and 
disadvantages of both techniques. The most important result obtained from in-situ 
tests was the better improvement of soil mass between stone columns than that of 
jet grout columns which plays a key role in reducing seismic risks and liquefaction 
hazards. Laboratory tests on undisturbed samples obtained from the soil between 
produced stone columns and jet grout columns also approved the findings from 
in-situ tests. 
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Geosismik A.Ş. Formerly ELC/Royal Haskoning DHV, Istanbul, Turkey 
e-mail: arshiya.abadkon@geosismik.com.tr 

E. Güler (B) 
George Mason University, Fairfax, VA, USA 
e-mail: fguler@gmu.edu 

© The Author(s), under exclusive license to Springer Nature Switzerland AG 2023 
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1 Introduction 

Ground improvement is an important requirement in today‘s construction industry as 
land reclamation is becoming increasingly popular. Many different ground improve-
ment techniques have been developed over the past few decades to treat weak soil 
deposits [1]. Two of commonly used techniques are the installation of jet grout 
columns and vibro-stone columns. Jet grouting soil improvement method was used 
since early 1970s. The technique of jet grouting uses high pressure/velocity jet fluids 
to erode the existing soil and then to mix the cuttings with cement slurry to form 
soilcrete columns. It is effective across the widest range of soil types of any grouting 
system. However, if the native soil is not completely mixed with slurry the resulting 
columns will have soil inclusions which can reduce the strength of the column. Also 
the achieved diameter of the column depends on the soil type and density of the 
soil [2]. 

Stone column method refers to columns of compacted, gravel size stone particles 
constructed vertically in the ground to improve the performance of soft or loose soils. 
This technique was invented in Germany in the early 1960s and is possibly the most 
natural foundation system in existence as it consists entirely of a gravel column that 
is formed in the subsoil. In addition stone columns are also more durable than most of 
the other soil improvement systems which involve use of cement or steel (Barksdale 
and Bachus 1983). 

The goal of this study is to investigate the advantages and disadvantages of both 
techniques using in-situ tests such as cone penetration testing, standard penetration 
testing, seismic wave velocity measurements and laboratory tests including direct 
shear tests, density and void ratio measurements on undisturbed samples obtained 
from the soil between produced columns. Since there is liquefaction risk on this site, 
these evaluations were crucial. Literature cites that jet-grout columns can mitigate 
liquefaction risk [3]. Still the Engineer had several questions regarding the effec-
tiveness of jet grouting techniques especially in seismic areas. In this paper seismic 
test results are also presented for stone column soil improvement technique. 

2 Experimental Study 

Experimental program in this study was conducted during soil improvement works 
of Ashgabat International Airport Project in Turkmenistan. Existing soil at the side 
consisted of mostly loose silty sand with thin clay layers. Due to weak soil condi-
tions bearing capacity and settlement problems were foreseen during geotechnical 
evaluation of the project for structures transferring high loads to the ground such as 
Main Terminal, Cargo Terminal, Aircraft Hangars and etc. In addition, because of 
the cohesionless structure of the existing soil and high groundwater level liquefac-
tion risk at the site was very high. Therefore, jet grout columns with 16 m length 
and 0.6 m diameter and stone columns with 16 m length and 0.8 m diameter were 
designed to remove the mentioned risks for the soils below the foundation of the
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Table 1 Existing soil profile 
at test site 

Depth (m) Soil type 

0–4.5 Silty sand 

4.5–7.5 Lean clay 

7.5–12.0 Silty sand 

12.0–13.5 Lean clay 

13.5–16.0 Silty sand 

structures. Experimental study was carried out based on details provided by the 
alternative designs for the same site. Two test areas in the same region was estab-
lished and in-situ and laboratory tests for the test areas including jet grout and stone 
columns were conducted. The existing soil profile at test areas is shown in Table 1. 
Both test areas have dimensions of 7 × 7 m, each including 25 columns with spacing 
of 1.8 × 1.8 m. 

2.1 Experimental Study for Jet Grout Columns Test Area 

A test area including 25 jet grout columns with 1.8 m spacing and diameter of 60 cm 
was prepared to investigate the effectiveness of jet grouting method. Single fluid jet 
grouting technique was used to produce jet grout columns. Slurry was injected to the 
ground with 400 bar pressure and water to cement ratio of one. Prior to production 
of jet grout columns one standard penetration test and one cone penetration test were 
conducted. Same tests were done after jet grout columns production in the same area 
in order to compare the results before and after improvement. Schematic plan of the 
test area and test points are given in Fig. 1.

Fig. 1 Plan of jet grout test 
area
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Fig. 2 Excavation around jet grout columns 

After post production tests soil around the jet grout columns was excavated to 
measure the diameter of the columns (Fig. 2). In addition full length coring was 
conducted on some of the produced jet grout columns to check the integrity of the 
produced columns.

2.2 Experimental Study for Stone Column Test Area 

A test area with same dimensions as it was for jet grout columns was prepared for 
stone columns. 25 stone columns with diameter of 1 m and spacing of 1.8 m were 
produced in the test area. Vibroflotation technique was used to produce stone column 
with top feeding method. Before stone column soil improvement SPT and CPT tests 
were conducted in the predetermined locations. Mentioned tests were done also after 
improvement in the same location to investigate the effect of stone column technique 
on the soil between the columns. Test plan is shown in Fig. 3.

Moreover, after conducting in-situ tests undisturbed sample (Shelby Tube) was 
obtained from the soil between the columns for laboratory tests. Shear strength 
parameters of the soil before and after stone column improvement were checked. 

Seismic reflection tests were also conducted on this test area to compare the shear 
wave velocity of the soil before and after improvement (Fig. 4).



The Evaluation of Stone Column and Jet Grouting Soil Improvement … 447

Fig. 3 Plan of stone 
columns test area

Fig. 4 Produced stone columns in test area 

3 Test Results Study 

3.1 Jet Grout Column Test Area Results 

SPT and CPT test results showed almost no change in the strength of the soil between 
columns before and after jet grouting improvement. Results of SPT tests are shown 
in Fig. 5.



448 A. Abadkon and E. Güler

Fig. 5 SPT results for jet 
grout area 

Results showed that there is not a homogeneous structure in the whole length of jet 
grout columns. Moreover, in some columns there were soil inclusions resulting from 
existence of hard clay which avoided jet grout slurry to mix with soil and produce 
the soil-crete columns. This might cause bearing capacity and settlement problems 
for the geotechnical design. 

3.2 Stone Column Test Area Results 

Standard penetration test results showed a slight increase in average SPT N60 values 
after stone column soil improvement which indicated that in addition to the area of 
the stone column itself, soil mass between columns has also been improved (Fig. 6). 
This plays a key role in reducing seismic risks and liquefaction hazards. CPT results 
also showed that strength parameters of the soil mass between stone columns have 
increased. The purpose was to determine the liquefaction risk before and after soil
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improvement. The avarage values of the cone resistance are given in Fig. 7. Also the  
soil classification determined from the CPT test prior to stone column installation 
are given in the same figure. 

In addition, direct shear and density tests were conducted on undisturbed soil 
samples obtained from soil between stone columns. Test results showed an important 
increase in friction angle of the soil and decrease in void ratio which confirms the 
in-situ test results. Results of laboratory tests are shown in Table 2.

Moreover, seismic tests as seen in Fig. 8 was conducted on site. The seismic tests 
showed that shear wave velocity of the soil increased from 170.4 m/s before improve-
ment to 250.7 m/s after improvement which indicates a 47% increase. Average value 
of shear wave velocity until depth of 30 m was increased from 290 to 370 m/s after 
improvement.

Fig. 6 SPT results for stone 
column area
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Fig. 7 CPT test results for stone column test area

Table 2 Laboratory tests results for soil between stone columns 

Wet density ρs 
(ton/m3) 

Dry density ρd 
(ton/m3) 

Specific 
gravity (Gs) 

Void ratio (e) Peak internal 
friction angle 
ϕ (o) 

Before 
improvement 

19.6 16.6 2.70 0.59 12.3 

After 
improvement 

21.3 17.9 2.71 0.54 29.4
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Fig. 8 Seismic test for stone 
column test area 

4 Discussion and Conclusions 

In this paper jet grouting and stone column soil improvement techniques were eval-
uated by conducting in-situ and laboratory tests. Especially soil mass between jet 
grout and stone columns was tested to measure the effect of these methods on the 
improvement of the area between columns. 

Post treatment test results show significant increase in friction angle of the soil 
between stone columns. This is because the soil is cohesionless and consists mainly of 
silty sand and is therefore affected by the vibration of the probe during stone column 
Installation. This increase in internal friction angle means a denser soil which leads 
to reduction of liquefaction hazard especially for loose saturated soils. It was also 
observed that that the structure of the soil obtained from post treatment Shelby tube 
is in general different than the soil obtained before improvement. In summary it can 
be said that there is an increase in density and internal friction angle of the soil in-
between the stone columns. This indicates that stone columns provide a very efficient 
soil improvement in granular soils. 

Another indication of the increased density was the significant increase in shear 
wave velocity by the use of stone column technique. Similarly the increase in shear 
wave velocity is an indication of a decrease in the risk of liquefaction hazards. 

In case of jet grout columns practically no improvement was observed in the soil 
in-between the columns. Also full length coring results for jet grout columns showed
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that there is a risk of soil inclusion or discontinuities within jet grout column length 
due to ground conditions. 
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Abstract In order to upcycle clayey soil, which generally has poor strength prop-
erties, it was proposed to transform them into a more useable ‘sand-like’ material 
using sintering technology in this feasibility study. A muffle furnace was adopted to 
heat the clayey soil at different sintering schedules. The results showed that the well 
sintered ‘sand-like’ pallets had a friction angle (about 34–37°) in the same range as a 
typical medium dense sand. The sintered product’s permeability was found to be in 
the order of 1 × 10−3 m/s, which is similar to the gravel-sand mixtures category. The 
maximum dry unit weight and optimum moisture content in compaction behaviour 
were slightly lower than a typical silty sand-gravel. Mineralogy check and soil fabric 
check using X-ray diffraction (XRD) and scanning electron microscopy (SEM) 
showed that the kaolinite (weak mineral) had been transformed into metakaolinite 
(stronger mineral) in the ‘sand-like’ material. The sintered product was almost irre-
versible through the acid and saltwater dissolvability test. All the findings confirmed 
that it is feasible to produce “sand-like” material from excavated clayey soil through 
sintering technology. 
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1 Introduction 

Clayey soil of varying thicknesses can be found beneath about one-third of Singa-
pore’s surface. There are tons of clayey soil excavated from construction activities 
within Singapore every year. Often, the clayey soil has low strength properties, and it 
was primarily re-purposed to be used in land reclamation projects as infill material. 
Ground improvement works, commonly surcharge preloading aided with prefabri-
cated vertical drains, must be staged on the clayey infills to strengthen the ground 
prior to other infrastructure construction. In practice, a few meters thick of bearing 
later made from sands must be laid on top of the clayey infills to support the weight 
of the ground improvement machinery. 

Given the availability of abundant excavated clayey soil and the sand shortage 
problem, a feasibility study of transforming excavated clayey soil into ‘sand-like’ 
material using sintering technology is formulated. The “sand-like” material is aimed 
to partially replace the sands needed to form the bearing layer for ground improve-
ment works. This paper discussed the production of the “sand-like” material and the 
physical properties and mineralogy of the ‘sand-like’ material. 

1.1 Sintering 

One of the established ways of transforming clay into a solid, coherent product is 
through a thermal treatment called sintering. Examples of solid, coherent products 
made from clay are ceramic, brick and light-weight aggregate (LWA). Among the 
products, LWA and the ‘sand-like’ material produced in this study may look similar, 
but there are differences. One of the key differences between LWA and ‘sand-like’ 
material is that the bloating agent and the raw material must be carefully selected 
and designed for LWA. Not all clayey material can be used for LWA. In addition, 
LWA is made to be lower in density and bigger in size (≥10 mm), while ‘sand-like’ 
material has a higher density than LWA and is smaller in size (1–5 mm). 

The investigations on obtaining LWA from Singapore clayey soil had been 
reported in the past. The studies used Singapore’s clayey soil and sludge to produce 
LWA [1–5]. Table 1 shows the key parameters obtained from the research studies on 
using Singapore clay as part of the ingredient to produce LWA.

Most of the studies adopted a very high heat treatment, where at least 1000 °C was 
adopted for the sintering stage. A higher temperature would consume more energy 
and have a more carbon footprint for the process. In addition, it can be found that a 
rotary kiln was preferred due to its efficiency in the sintering process as compared to 
a muffle furnace, where only 1–2 min are required in the rotary kiln [1] and 240 min 
for the muffle furnace [4, 5]. The studies concluded that LWA could be produced 
and potentially used in the construction sector with a proper mixture ratio between 
the clay and sludge. Although the research studies were claimed to be successful,
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Table 1 LWA research studies using Singapore clayey soil as part of raw material 

Materials Red clay + 
Sludge 

Marine clay + Sludge 

Granulation The mixture 
was fired in a 
larger size 
before being 
broken down 
into about 
20 mm 

Rolled into 
11–15 mm 

Rolled into 
10–20 mm 

Hand-rolled 
into 
10–15 mm 

Preheating 
stage 

Temperature 
(°C) 

– 105 500 900 110 

Duration 
(min) 

– overnight 60 60 120–180 

Sintering 
stage 

Temperature 
(°C) 

1050–1080 1135 1000–1300 1200 

Duration 
(min) 

– 240 240 1–2 

Sintering 
device 

Brick firing 
kiln 

Muffle 
furnace 

– Trefoil rotary 
kiln 

References [3, 6] [4, 5] [2] [1]

no actual production of LWA using recycled clayey soil has been implemented in 
Singapore. 

A muffle furnace was used for the “sand-like” material production reported in this 
study due to inaccessibility to a rotary kiln at that moment. It should be noted that a 
muffle furnace would be sufficient for this feasibility study because energy efficiency 
and cost-effectiveness will only be the focus in the future phase of the study after the 
feasibility study is satisfied. 

2 Materials and Methods 

2.1 Excavated Clayey Soil 

The excavated clayey soil was soft, blue-grey, and contained gravel and sand. It is 
classified as inorganic clays of high plasticity, fat clays (C.H.), based on Unified Soil 
Classification System (USCS). Table 2 presents the Atterberg limits and particle size 
distribution of the raw material.



456 J.-W. Koh et al.

Table 2 Atterberg limits and 
particle size distribution of 
the excavated clayey soil 

Parameters Value 

Atterberg limits Water content (%) 70–80 

Liquid limit (%) 75–80 

Plastic limit (%) 33–38 

Particle size distribution Gravel (%) 1–3 

Sand (%) 2–18 

Silt (%) 31–43 

Clay (%) 35–56 

2.2 Production of ‘Sand-Like’ Material 

The clayey soil was rolled into cylindrical pellets with about 3 mm in diameter and a 
length of between 1 and 5 mm. It was air-dried for a day before sintered in a muffle 
furnace. Four series of sintering tests, with different sintering schedules, at two target 
sintering temperatures of 900 °C and 500 °C, were conducted (i.e., SLM1, SLM2, 
SLM3 and SLM4), as shown in Fig. 1. This resulted in 4 batches of sintered pellets, 
which is termed ‘sand-like’ material. The sintering temperatures of 900 and 500 °C 
were chosen as endothermic dehydroxylation would occur and produce metakaolin 
at a temperature around 500 °C; the dehydroxylation continued until 900 °C [7, 8]. 
Besides, different dwelling duration under similar sintering temperatures would show 
the effect of dwelling duration on the quality of the sintered product of ‘sand-like’ 
material.

2.3 Characterisation of Sintered Product ‘Sand-Like’ 
Material 

Visual inspection was done after the sintered pellets cooled down. Selected samples of 
sintered pellet were then cut open, and the sintered percentage was evaluated based on 
the area inside the pellet where changes in colour was observed. The pellets with the 
highest sintered percentage were then sent for physical properties tests (i.e., density, 
friction angle, permeability, density-moisture relationship in compaction tests). In 
addition, mineralogy and soil fabric tests also conducted to examine the character of 
the ‘sand-like’ material–its mineralogy and its fabric. Lastly, the sintered pellets were 
soaked in acid and saltwater in two separated columns to check the dissolvability of 
the pellets.
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Fig. 1 Sintering temperature schedule

3 Results and Discussions 

3.1 Sintered Percentage 

A few random sintered pellets or ‘sand-like’ materials from each batch were broken 
down to check the sintered area inside the core. The “sintered percentage” was 
roughly estimated based on the colour changes: orange coloured represents sintered 
area while blue-grey colour (original colour of raw material) represents the non-
sintered parts. Figure 2 shows the photograph of ‘sand-like’ material before and 
after cutting open. The calculated sintered percentage of SLM1, SLM2, SLM3 and 
SLM4 is close to 100, 70, 45 and 16%, respectively. This result shows that ‘sand-
like’ material undergone 900 °C sintering achieved a higher sintered percentage than 
those produced under 500 °C sintering. The result also shows that a longer dwelling 
duration at sintering temperature gave a better-sintered quality. Among the batches 
tested, only SLM1 was fully sintered.
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Fig. 2 Photograph of ‘sand-like’ material: a Intact pellet before cutting open, b fully sintered pellet 
after cutting open, and c not fully sintered pellet after cutting open 

3.2 Physical Properties of “Sand-Like” Material 

The fully sintered SLM1 ‘sand-like’ material was subjected to various physical 
properties tests. Table 3 states the physical properties of SLM1 sintered pellets. 

The most loosely packed dry density of SLM1 sintered pellets is found to be in 
the range of 1139–1187 kg/m3, which falls within the category of light-weight fine 
aggregate (<5 mm size and <1200 kg/m3) [9]. Although there was no intention of 
creating a lightweight feature of the ‘sand-like’ material, the excavated clayey soil 
may possibly bloat during the sintering process and become “light-weight”. A series 
of consolidated drained triaxial tests were conducted to obtain the friction angle 
of SLM1 sintered pellets. The friction angle was computed as 34–37°, which falls 
within the range of medium dense sands [10]. This high value of friction angle of 
the ‘sand-like’ material is favourable if this material will replace the usage of sand in 
the land reclamation project in the future. The permeability of SLM1 sintered pellets 
was also determined through the constant head permeability test. It was found that 
the mean permeability of SLM1 sintered pellets was found to be 1.14 × 10–3 m/s. 
This permeability value indicated that this material is highly permeable and can 
be categorised as gravel-sand mixtures [10], meaning that its drainage properties 
is as good as gravel-sand mixtures and can experience immediate settlement when 
dumped in landfills. It is thus truly “sand-like”.

Table 3 Physical properties 
of SLM1 sintered product 
‘sand-like’ material 

Physical properties Unit Value 

Most loosely packed dry density kg/m3 1139–1187 

Effective friction angle ° 34.7 

Permeability m/s 1.14 × 10−3 

Compaction 
characteristic 

Maximum dry unit 
weight 

kN/m3 14.3 

Optimum moisture 
content 

% 29 
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Fig. 3 Density-moisture 
curve of SLM1 sintered 
product ‘sand-like’ material 
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In addition, a series of modified proctor tests were conducted to determine the 
density-moisture relationship, which indicates the compaction behaviour of SLM1 
‘sand-like’ material. Figure 3 shows the relation between moisture content and dry 
unit weight of SLM1. From the figure, the optimum moisture content is found to be 
29%, while the maximum dry unit weight is 14.3 kN/m3. By comparing these values 
with the typical soil type, it can be categorised under diatomaceous or micaceous 
silts, which is slightly lower than the silty sands and gravels category (maximum dry 
unit weight= 14.7–19.6 kN/m3 and optimum moisture content = 10–20%) [11]. This 
result shows that SLM1 sintered product ‘sand-like’ material is able to be compacted, 
although it may be slightly lighter than the typical silty sands and gravels based on 
the maximum dry unit weight. 

3.3 Mineralogy and Soil Fabric 

The mineralogy of SLM1 ‘sand-like’ material was examined using X-ray diffraction 
(XRD). The XRD plot of SLM1 sintered pellet was compared with the raw material’s 
XRD plot (excavated clayey soil), as shown in Fig. 4. The primary minerals in 
the clayey soil are kaolinite, quartz and illite. In theory, kaolinite would transform 
into metakaolin at a temperature above 500 °C, where metakaolin is a stronger 
mineral than kaolinite. Therefore, reducing kaolinite minerals in SLM1 sintered 
pellets proved that some kaolinite may change to metakaolin.

In order to investigate the existence of metakaolin, a scanning electron microscope 
(SEM) was used because metakaolin is amorphous. The soil fabric of kaolinite and 
metakaolin is in layered structures, but the layer structure of metakaolin is more 
open than kaolinite [12]. Figure 5 illustrates the SEM image of the SLM1 ‘sand-
like’ material. Although the SEM image may not clearly show metakaolin’s distinct
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Fig. 4 XRD of raw  material  
and SLM1 sintered product 
‘sand-like’ material
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Fig. 5 SEM image of SLM1 
sintered product ‘sand-like’ 
material 

microstructure, the red square in the SEM image indicates the suspected metakaolin 
formed in SLM1 sintered product. 

3.4 Acid and Saltwater Dissolvability 

Since ‘sand-like’ material is likely to be used in the land reclamation works, it will be 
exposed to seawater and carbonic acid, carbonic acid formed when carbon dioxide in 
the air reacts with water. Hence, it is crucial to ensure that ‘sand-like’ material does 
not dissolve in seawater and acidic conditions. A quick check was carried out on the 
dissolvability of SLM1 sintered pellets in saltwater and acidic conditions. The pellets 
were soaked in seawater and pH 4 acid, in two separate columns for 28 days. The dry
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weight of the intact pellets before and after soaking was measured, and the difference 
was calculated. The difference in dry weight of the pellets soaked in seawater is 0.6% 
of the original weight, while that of pellets immersed in acid is 1.0% of the original 
weight. It was found that the pellets have almost negligible differences in dry weight 
after soaking in the seawater and acidic conditions. Hence, it can be concluded that 
sintered clay does not dissolve in seawater and acid after soaking for 28 days. 

4 Conclusions 

The study investigates the feasibility of transforming excavated clayey soil in Singa-
pore into ‘sand-like’ material to upcycle the clayey soil. One of the possible usages 
of ‘sand-like’ material is to replace the surface sand layer required during ground 
improvement works in the land reclamation project. 

Four batches of 1–5 mm clayey soil pellets were subjected to different sintering 
programmes, and it was found that the sintered percentage is highest when the target 
sintering temperature is 900 °C and maintained for an hour. The sintered product is 
found to have high friction angle and high permeability, values comparable to typical 
sand-gravel mixtures. This material can also be compacted with a maximum dry 
density of 13.4 kN/m3 at an optimal moisture content of 29%. Furthermore, SEM and 
XRD studies confirmed the formation of reduction of kaolinite, and transformation 
of kaolinite into metakaolin in this sintering process, where metakaolin is a stronger 
mineral. Lastly, the pellets were almost un-dissolvable under seawater and acidic 
conditions for 28 days. 

The findings derived from this phase I of the study suggest that well-designed 
sintering programme would produce a sintered product, which is “sand-like”, from 
excavated clayey soil. The subsequent phases of the study would include the energy 
efficiency, cost-effectiveness and environmental impact of employing sintering 
technology in the mass production of ‘sand-like’ material, which are crucial. 
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Estimation of Modular Ratio 
and Modulus of Deformation 
of Granular Piles from in Situ 
Compression Tests Under Direct Loading 

M. Najamuddin, M. R. Madhav, and V. Padmavathi 

Abstract Granular piles have been and continues to be used extensively for 
improving the ground in terms of increased load carrying capacity, reduced settle-
ments, for rapid dissipation of pore pressures, to mitigate liquefaction effects etc. 
The effective application of granular piles in soft ground necessitates the knowledge 
of deformation parameters of the ground and of the granular piles, for determining 
the behavior of granular piles in different soil conditions. This paper presents a 
method to estimate the modular ratio of granular piles and modulus of deformation 
of surrounding in situ soil from the load—settlement response obtained from the 
compression tests. The direct loading test cases in which the applied load is totally 
transferred onto the granular pile have been considered in this study. 

Keywords Soft ground · Granular piles · Load tests · Settlement influence factor ·
Modulus of deformation ·Modular ratio 

1 Introduction 

Granular Piles are often used as a ground improvement measure, and are very effective 
in increasing the load carrying capacity and contribute to reducing the settlements 
of the ground. Granular piles can usually be constructed using vibro-flotation or 
ramming techniques. Granular piles are often provided in groups to engineer large 
areas of ground.
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The implementation of theoretical solutions to practical problems require suffi-
cient knowledge of the shear and deformation parameters of the soil and granular 
piles. According to Poulos and Davis [1], the deformation parameters of soil can 
be determined from laboratory triaxial tests, full-scale load tests, and/or empirical 
correlations based on previous experiences. The results obtained from the small-
scale laboratory tests may comprise of limitations and do not reflect the actual in situ 
conditions to determine the true in situ parameters. Hence, interpretation of in situ 
load tests is a better alternative to determine the deformation parameters. 

Mattes and Poulos [2] employed linear elastic theory to analyze the behavior of 
a compressible floating pile of circular cross-section in an ideal elastic soil mass. 
Pile displacements are expressed conveniently in terms of dimensionless influence 
factors. Sharma [3] presented analysis of a single granular pile considering both 
vertical and radial displacement compatibility. Gupta and Sharma [4] considered the 
non-homogeneity of granular piles for the settlement analysis. Prasad and Madhav 
[5] presented a parametric study to quantify the percentage of load transferred on to 
the granular pile as a function of the relative sizes of the granular bed and the rigid 
plate with respect to the diameter of the granular pile, and relative stiffness of the 
granular pile with respect to that of in situ soil. 

Fatahi et al. [6] proposed a method to determine the deformation modulus of 
granular pile using numerical simulation. Initially, deformation parameters were 
assumed in the finite element modelling and the numerical simulation results were 
compared with in situ test results. The deformation modulus of the granular pile was 
obtained iteratively based on the accuracy of prediction. In the proposed method, the 
settlement influence factors given by Mattes and Poulos [2] for a single compressible 
pile have been utilized in the back analysis for deformation parameters of granular 
piles and the ground. 

2 Methodology 

A compressible pile of length, L, and diameter, d, is installed in in situ soil which 
has modulus of deformation, Es, and subjected to an applied axial load, P, as shown 
Fig. 1(a) Mattes and Poulos [2] expressed the settlement of compressible pile, S, 
shown in Fig. 1(a) by Eq. (1).

S = P 

Es L 
.Ip (1) 

where Ip is settlement influence factor and depends on the length to diameter (L/d) 
ratio and the modular ratio (K) of the granular pile. 

The relative stiffness or modular ratio of the granular pile is defined as the ratio 
of modulus of deformation of granular pile to that of the in situ soil (K = Egp/Es). 
A general load test on granular pile consists of loading arrangement as shown in
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(a) (b) 

Fig. 1 a Settlement of compressible pile under axial load b Definition sketch for  a load test

Fig. 1(b), which includes granular bed of diameter, db and thickness, hb, underneath 
a test plate of diameter, dp. The proportion of load transferred to a granular pile 
through a granular bed depends on the relative sizes of granular bed and test plate 
involved as discussed in Prasad and Madhav [5]. The entire applied load transmits 
to the pile, if the test plate and granular bed are of the same diameter as that of the 
granular pile in presence of granular bed and the test plate diameter is same as the 
pile diameter in absence of granular bed. 

The soil deformation modulus, Es, is evaluated from Eq. (2), by rewriting Eq. (1) 
in terms of Es, in which the estimation of Es requires knowledge of Ip which is a 
function of K. The length and diameter of the pile, applied load and settlement are 
obtained from load test details. Hence, as Es and Ip are unknown in Eq. (2), the 
modular ratio is assumed, in order to determine Ip and estimate Es. 

Es = P Ip 
SL  

(2) 

The settlement influence factor, Ip, is obtained based on L/d and modular ratio, K, 
from Mattes and Poulos [2] as presented in Fig. 2. The settlement influence factors 
given by Mattes and Poulos [2] ranges from K = 10 to 100, the Ip values with respect 
to L/d have been interpreted by extrapolating the curves for K = 5 and presented in 
Fig. 2. Ip is independent of K for an L/d of 5 and for higher L/d, it decreases with 
increase in modular ratio.

The following steps are proposed to estimate the modular ratio and deformation 
modulus of granular piles:

1. The settlement and applied load are to be obtained from load–displacement 
curve of compression test on pile of known length and diameter. The settlement 
influence factor is to be obtained from Fig. 2, for an assumed modular ratio and 
known L/d.
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Fig. 2 Settlement Influence factors versus Modular Ratio for L/d = 5 to 50 and Poisson’s Ratio of 
0.5

2. Deformation modulus of in situ soil, Es, is to be estimated from Eq. (2) using  the  
parameters in step-1. 

3. A plot is to be drawn between Es and assumed range of K (5–100). 
4. A range of soil deformation modulus based on the type of soil present is to be 

drawn on the same plot. 
5. The K versus Es curve plotted in step-3 is to be used to determine the modular 

ratio of granular pile from the K values corresponding to the Es range from step-4. 
6. Finally, the range of deformation modulus of granular pile, Egp, is determined 

based on the Es and modular ratio K obtained from step-4 and 5 respectively. 

3 Case Studies 

The present analysis is carried out by collecting data from different case studies 
of compression test on granular pile. These individual test details are described in 
Sects. 3.1, 3.2 and 3.3. 

3.1 Case Study 1 

Hoque and Alamgir [7] studied the behavior of granular pile of 8.5 m length and 
0.3 m diameter which were constructed using the rammed-displacement method 
at the KUET campus, Khulna, Bangladesh. Three load tests were carried out, one 
on natural soil, second and third on granular pile after one month and one year of 
installation respectively, to analyze the granular pile behavior and performance with 
time. A granular pile was tested with a 0.3 m diameter plate which is same as diameter 
of the pile by placing the plate directly on the pile, without granular bed under the 
plate. The load displacement response of the three tests are illustrated in Fig. 3(a).
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The soil profile existing in site is shown in Fig. 3(b) and the layers are listed from 
ground level to 18 m depth starting with silty sand followed by clayey silt and organic 
clay. Es is estimated for an applied load of 28 kN and corresponding settlement of 
3.3 and 4.3 mm for one month and one year respectively from Fig. 3(a). 

(a) (b) 

Fig. 3 a Load—Displacement plot from case study 1 b Soil profile—case study 1 

3.2 Case Study 2 

Bhosle and Vaishampayan [8] carried out load test on a granular pile of 20 m length 
and 0.9 m diameter, intended to improve the ground conditions for the construction 
of a container yard at Vallarpadam Island, Cochin, India. These granular piles were 
constructed using the vibro-replacement method. MS plate of 0.9 m diameter upon 
a 100 mm sand blanket layer was used in the test. The load settlement response is 
presented in Fig. 4(a). The settlement and applied load considered, in the estimation 
of Es, are 4.2 mm and 230 kN respectively from Fig. 4(a). The subsurface stratification 
included layers of silty sand with shells, soft clay and fine sand as depicted in Fig. 4(b). 
The diameter of the sand blanket and the plate used in the test are same as that of 
the granular pile. Hence, the entire load applied on the plate was considered to be 
transferred onto the granular pile as the thickness of the sand blanket is less.
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(a)                                                                          (b) 

Fig. 4 a Load—displacement plot from case study 2 b Soil profile—case study 2 

3.3 Case Study 3 

Plate load test was carried out by Mokhtari and Kalantari [9] on granular pile 
constructed at four different locations (North, South, East, and West) of the site 
which was located at Bandar Abbas, Iran. The length and diameter of the pile were 
12 and 0.8 m respectively. The plate size used for the test was 0.6 m diameter which 
was directly placed on the pile and the entire load applied is transferred onto the 
pile. The load displacement response and the soil profile are illustrated in Fig. 5a, b 
respectively. The applied load considered, in the estimation of Es, from Fig.  5a for  
the South case is 12 kN for settlement of 2.3 mm. 

(a)                                                                     (b)          

Fig. 5 a Load—displacement plot from case study 3 b Soil profile—case study 3
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4 Results and Discussion 

The estimated Es for all the case studies is presented in Table 1 for the assumed 
modular ratio of 5–100. Table 2 presents the obtained deformation parameters of 
granular piles for the Es range based on type of soil (Geotech Data [10]). The weighted 
average of Es values along the length of granular pile has been considered by giving 
higher weightage to the top layer, if soil is stratified. 

Table 1 Estimated Modulus of Deformation of Soil 

Assumed modular 
ratio–K 

Estimated soil deformation modulus–Es (MPa) 

Case study 1 Case study 2 Case study 3 

Undrained Drained North South West East 

5 8 6.1 17.9 1.4 2.1 1.6 1.3 

10 7.2 5.5 16.1 1.2 1.9 1.4 1.2 

40 5.1 3.9 11.3 0.9 1.4 1 0.9 

70 4.3 3.3 9.4 0.7 1.1 0.8 0.7 

100 3.8 2.9 8.3 0.7 1 0.8 0.6 

Table 2 Estimated Deformation Parameters of Granular Pile 

Case study Es range based on 
type of soil (MPa) 

Modular ratio–K Deformation modulus of 
GP–Egp (MPa) 

1 Undrained 8–4.4 5–64 40–281.6 

Drained 6.1–4.4 5–28 30.5–123.2 

2 14–8.3 22–100 308–830 

3 (South) 2.1–1.5 5–31 10.6–46.5 

4.1 Results–Case Study 1 

The variation of soil deformation modulus with assumed modular ratios is plotted 
in Fig. 6(a) for the tests performed after one month and one year of installation as 
described in case study 1. The one-month and one-year behavior of the ground is 
expected to reflect an undrained and a relatively drained condition respectively. The 
deformation modulus varies from 8 to 3.8 MPa for the undrained condition and 6.1– 
2.9 MPa for the drained condition, for a modular ratio range of 5–100, as indicated in 
Table 1. The undrained Es is greater than the drained Es throughout the range of K for 
the same load-settlement response. Based on soil stratification—silty sand, clayey 
silt and organic clay, the Es range from Geotech Data [10] is 4.4 to 9.3 MPa which
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(a)                                                                          (b) 

Fig. 6 a Variation of Es with K for case study 1 b Variation of Es with K for case study 

is depicted in Fig. 6(a). The modular ratios obtained within this range, as presented 
in Table 2, for the undrained and drained conditions is 5–64 and 5–28 respectively. 
Hence, the granular pile deformation modulus is 40–281.6 MPa and 30.5–123.2 MPa 
for the undrained and drained condition respectively. 

4.2 Results–Case Study 2 

The soil deformation modulus for case study 2 is depicted in Fig. 6(b) which varies 
from 17.9 to 8.3 MPa for modular ratio of 5 to 100. An Es range from Geotech Data 
[10] based on soil layers present—silty sand with shells, soft clay, and fine sand, 
which is 7.5–14 MPa. The modular ratio obtained from Fig. 6(b) for an Es range of 
14–8.3 MPa is 22 to 100 and the modulus of deformation of the granular pile (Egp) 
obtained is 308–830 MPa. 

4.3 Results–Case Study 3 

The results for all the load tests involved in case study 3–North, South, West, and 
East are illustrated in Fig. 7(a). The estimated soil deformation modulus, for the load 
test conducted at the south side of the site, is 2.1–1 MPa for a modular ratio range 
of 5–100 respectively. The Es range for silt from Geotech Data [10] is around 1.5– 
6 MPa. Hence, for the South side of the site, for an Es of 2.1–1.5 MPa, the modular 
ratio from the Fig. 7(a) is 5 to 31 and the corresponding granular pile deformation 
modulus is 10.6 to 46.5 MPa as presented in Table 2.

The estimated soil deformation modulus in this case study tends to be lesser than 
the range of the Es based on the type of soil. This might be due to the diameter of the 
plate (0.6 m) used for the load test being less than the granular pile diameter (0.8 m).
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(a) (b) 

Fig. 7 a Variation of Es with K for case study 3 b Case study 3 loading arrangement

As there is no confinement for the granular pile, due to the smaller plate size, on 
the application of load there might be squeezing out of granular pile material which 
increases the diameter at the top of the pile (Fig. 7(b)) and this affects the settlement 
influence factors. If the diameter at the top of the granular pile does not increase due 
to the squeezing out of pile material, then the influence factors will tend to be higher 
which in turn results in higher Es values. 

5 Conclusion 

Efficient ground improvement using granular piles requires understanding of its 
settlement behavior. This settlement prediction depends on the deformation parame-
ters of ground and granular piles. The method proposed in this study, aims to estimate 
the deformation parameters which reflect the actual in situ behavior of the reinforced 
ground. The design of granular pile can be enhanced by estimating the deformation 
modulus of the granular pile. The proposed method was validated using different case 
studies and it indicated that this method can be applied to back analyze deformation 
parameters from in situ load tests which helps in predicting the accurate settlement 
of granular piles. 
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Resilient Modulus as a Technical 
Parameter for Evaluating 
the Cement-Stabilized Soil 

Patryk Dobrzycki , Katarzyna Zabielska-Adamska , 
and Mariola Wasil 

Abstract The design and construction of road pavement substructures involves 
compacting aggregate in conditions close to optimum moisture content. The recom-
mendation introduced by AASHTO, obliges designers to use mechanistic-empirical 
design methods by using the resilient modulus. The value of cyclic resilient modulus 
is determined based on cyclic triaxial tests, in which elastic axial strain and cyclic 
deviator stress are measured. Laboratory tests were performed on natural (gravelly 
sand) and chemically stabilised (CEM I 42.5 R) soil. The study compared the effect 
of different cement additives (1.5, 3.0, 4.5, 6.0%) on the resilient modulus tested on 
samples which were compacted using the Standard Proctor method. The addition 
of cement increased the stiffness of the soil and the resilient modulus, while the 
elastic axial strain has decreased. The samples were tested after 7 and 28 days of 
care. A longer period of treatment increased the resilient modulus. The gravelly sand 
stabilised with cement obtained high values of resilient modulus. 

Keywords Resilient modulus · Cyclic load · Stabilised soil 

1 Introduction 

The road base is the part of the pavement structure whose main function during 
exploitation is to transfer and distribute the stress caused by the movement of vehicles 
on the road. Subbase layers may be made of asphaltic concrete, unbound mixtures 
or binder-bound mixtures. Depending on the type and position of the substructure in 
the structure, the materials permitted for their construction may be different [1]. The 
American Association of State Highway and Transportation Officials (AASHTO) 
standard introduced the resilient modulus (Mr) [2] as a basic parameter of mechanistic 
design for pavement and pavement layers to determine layer thickness and overall
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system response to traffic loads in the case of flexible pavements. The formula for 
determining Mr is related to applied cyclic axial stress (σ cyclic) and relative resilient 
axial strain (εr). 

Mr = σcyclic/εr (1) 

Cyclic loading causes an increase in the resilient modulus of unsaturated soil. It is 
related to the plastic strengthening of the soil, which, as a result of successive cycles 
of the same stress, corresponds to a decrease in plastic deformation and an increase 
in elastic deformation [3]. In Fig. 1, it can be seen the stress in the test specimen 
changes during cyclic loading. 

The review of the literature shows that many researchers have investigated the 
effect of different parameters on the resilient modulus of various types of soil. The 
elasticity of unbound materials is most often assessed using a triaxial apparatus, but 
other methods can also be used, including a simple shear test, torsional resonance 
column test, a hollow cylinder test and a true triaxial test. The most frequently studied 
parameters are the influence of deviator stress and confining pressure, the time and 
frequency of loading, the number of loading cycles, the grain size and density of 
the material and the degree of saturation [3]. In the literature, various mathematical 
models for predicting the elastic response of materials under repeated loading can

Fig. 1 Specimen response 
to cyclic loading during 
resilient modulus testing; εp 
is the constant relative 
deformation and εr is elastic 
relative deformations 
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also be found. They present, inter alia, the modelling of permanent deformation as a 
function of the number of load applications and stress conditions. 

The significance of elastic modulus in design is discussed by Nazarian et al. 
[4]. They used different pavement design models to demonstrate the importance 
of resilient modulus values for the required pavement thickness and to prove the 
importance of obtaining a reliable elastic modulus measurement for mechanistic-
empirical pavement design. Various pavement analysis algorithms and material 
models have been analysed to demonstrate the influence of resilient modulus on 
mechanistic-empirical pavement design. The study showed that inaccuracies in 
analysis algorithms and testing procedures have a significant impact on the design. 

Another important parameter that affects the resilient modulus is the effect of the 
stabilizing additive. The vast majority of publications refer to lime-stabilised soils. 
The effect of lime addition and curing time on the modulus of elasticity is most 
commonly evaluated [5]. An increase in resilient modulus values was observed with 
the percentage of (0–8%). In the case of lime addition at 4, 6 and 8%, the effect of 
curing time is evident. 

Significantly lower numbers of publications and literature refer to cement stabi-
lization. The amount of cement used to stabilize the soil depends on the soil grain 
size, composition and requirements. Cement affects the cohesive soil by increasing 
its cohesion and reducing its water absorption and plasticity. Its content in stabiliza-
tion is usually in the range of 4–10% [6]. Larger amounts of cement addition increase 
the strength but also increase the risk of shrinkage and cracking. 

The aim of the research is to consider the impact of various percentages of cement 
additives: 1.5, 3.0, 4.5, and 6.0% on the resilient modulus and quick shear strength 
of non-cohesive soil used for the construction of road base and subbase. 

2 Materials and Methods 

2.1 Materials 

Laboratory tests to determine the resilient modulus were carried out on soil–cement 
mixtures. The cement that was used as a stabilizer was Portland cement 42.5R. The 
cement was mixed with the soil in different proportions in the range of 1.5–6%. The 
cement percentage referred to the dry weight of the cement relative to the dry weight 
of the coarse soil in the test sample. 

One of the basic tests to determine the granulometric composition was sieve 
analysis, which was performed in accordance with the EN 933–1 standard [7]. The 
results of the test are presented in Fig. 2.

Comparing the results with EN ISO 14688–1 [8], the tested soil is gravelly sand 
(grSa). In order to determine whether the soil is well-graded, the coefficient of homo-
geneity − CU and the coefficient of curvature − CC, were calculated from the grain-
size curve. The values of CU = 5.45 and CC = 0.87 indicate that the tested soil is
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Fig. 2 The grain-size curve of tested soil

poorly grained [9]. The tested soil can be used as base or subbase course material 
(gradation D) with a lower percentage of fine fractions as it meets the requirements 
of EN 13,242 [10]. 

The gravelly sand is a post-glacial soil, which is characterized by a large variation 
in x of grain. The soil contains well-rounded quartz crumbs and angular grains, with 
significant lithic and feldspar particles [11]. 

Another laboratory test performed was the standard Proctor test, which was carried 
out in accordance with EN 13,286–2 [12]. It was carried out to determine the optimum 
moisture content (wopt) and the maximum dry density (ρd max). Tests were conducted 
on gravelly sand and sand with different cement additions (1.5, 3, 4.5 and 6%). The 
results of the tests are presented in the compaction curves in Fig. 3. 

Fig. 3 Compaction curves of tested materials
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Table 1 Geotechnical parameters of the tested materials 

Material wopt (%) ρd max  (g/cm3) e (−) ρs (g/cm3) 

grSa 9.00 2.020 0.31 2.65 

grSa + 1.5%C 8.90 2.120 0.25 2.66 

grSa + 3.0%C 8.80 2.140 0.24 2.66 

grSa + 4.5%C 8.70 2.170 0.23 2.67 

grSa + 6.0%C 8.50 2.182 0.23 2.68 

C-cement addition 

Table 1 provides the compaction parameters (wopt and ρd max), the initial void 
ratio −e and the specific dry density −ρs. 

The addition of cement increases the maximum dry density of soil and slightly 
decreases the optimum moisture content. A review of the literature shows that many 
researchers have also confirmed this relationship [13, 14]. The void ratio e decreases 
with increasing cement addition, while the value of ρs increases insignificantly. 

2.2 Methods 

Tests were performed on compacted specimens of gravelly sand with cement 
additions. Initially, the dried soil was mixed with cement, then sufficient amount 
of water was added to obtain the optimum moisture content for each material (see 
Table 1). The samples were prepared in a bipartite cylindrical mould by compacting 
the material in three layers. The height of the sample was approximately 140 mm, 
and the diameter was about 70 mm. 

The main test apparatus was the Dynatriax Cyclic Triaxial System shown in Fig. 4, 
which allows full automation and control of all the parameters that are required to 
perform a cyclic triaxial test. Specimen deformations are measured using external 
LVDT sensors built into the actuator piston and at the top of the chamber.

The design manual introduced by AASHTO specifies the parameters to be used 
when testing the resilient modulus [2]. The specimen is loaded cyclically in 16 
sequences in which parameters such as chamber pressure, axial stress, cyclic stress 
and contact stress are changed. The number of cycles for sequence 0 is 500–1000 
cycles, and for the other sequences, the number of cycles is constant and is 100. 
Sequence “0” is the conditioning of the sample. In the next fifteen sequences confining 
pressures range from 20.7 to 137.9 kPa, and maximum axial stresses range from 20.7 
to 275.8 kPa. The resilient modulus Mr for sequences from 1 to 15 is calculated as 
the average value from the past five cycles of each load sequence.
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Fig. 4 Laboratory 
equipment

Once all sequences have been completed the quick shear tests have proceeded. 
The confining pressure in the chamber during the test was 34.5 kPa. The applied load 
generated axial deformation at a rate of 1% per min. The test was stopped when the 
specimen failed (drop in force, increase in deformation). 

3 Results and Discussion 

All stabilised specimens passed the cyclic loading tests, hence the calculation of the 
resilient modulus was possible, which was not obtained for gravelly sand alone [11]. 
The specimens failed only after the quick shear test. Figure 5 shows a graph of the 
change in resilient modulus during the execution of all loading cycles for a gravelly 
sand sample with 1.5% cement added, cared for 28 days. Mr increased rapidly at 
the beginning and became almost constant after 600 loading cycles, which can be 
observed in sequence 1. This behaviour may be due to the cyclic compaction of 
the sample under increasing maximum axial stress. Another observation is that the 
highest increase in modulus could be seen during the three sequences (sequences 0, 
12 and 15) when the highest increase in axial stress occurred. The highest value of 
modulus for all the tested specimens was obtained in sequence 15. The reason for 
this is that confining pressure and max applied axial stress have the largest values and
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Fig. 5 The plot of change in resilient modulus during all load cycles for a specimen with 1.5% 
cement added and cured for 28 days 

are respectively: 137.9 and 275.8 kPa. The lowest modulus values occurred during 
sequence 1, where σ 3 and σ 1 were the lowest and had the same values −20.7 kPa. 

The resilient modulus increased as a result of increasing confining pressure and 
maximum axial load. Figure 6 shows the dependence of the resilient modulus on 
varying cyclic applied axial stress. It is shown in two plots as a function of specimen 
care length. The addition of cement has a significant effect on the increase of the 
elastic modulus values. Increasing the cement addition by 1.5% increased the resilient 
modulus values by around 50% in most cases evaluated for the same sequence. 
Another similarity is that samples cured for 28 days had a higher Mr value than those 
cured for 7 days. Samples stabilized with 1.5–6.0% cement addition achieved elastic 
modulus values in the range 63–789 MPa after 7 days of curing and 73–921 MPa 
after 28 days. Another relationship that can be deduced from Fig. 5 is that the lowest 
coefficients of determination R2, but explaining more than 50% of the variables, were 
for samples with cement additions of 4.5 and 6%. In both cases, this may be due to 
the drying of the samples during curing.

Table 2 shows the resilient modulus and quick shear strength (axial stress σ 1 at 
failure) as a function of the percentage of cement content and the length of care. 
It can be observed that both parameters increased with rising cement addition in 
the sample. A similar relationship was found for the length of care. Samples, after 
28 days, achieved higher values of both parameters than those that were cared for 
7 days. Samples with 1.5 and 3% cement addition achieved similar values despite the 
different lengths of care. The specimen with 6% cement addition, cured for 7 days, 
and the specimens with 4.5 and 6% of cement cured for 28 days, were not destroyed 
during the quick shear test performed after cyclic loading. The apparatus reached a 
maximum contact force of 10 kN.
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(a) (b) 

Fig. 6 Dependence of resilient modulus on cyclic applied axial stress after 7 and 28 days of care

Table 2 The resilient modulus and axial stress as a function of time of curing 

After 7 days of care After 28 days of care 

Material Mr (MPa) σ 1 (kPa) Mr (MPa) σ 1 (kPa) 
grSa + 1.5%C 324 855 349 1180 

grSa + 3.0%C 439 1375 549 1518 

grSa + 4.5%C 498 1572 709 >2600 

grSa + 6.0%C 789 >2600 921 >2600 

4 Conclusion 

Based on the test results the following conclusions were reached: 

(1) The addition of cement significantly increases the resilient modulus values 
obtained and reduces the relative elastic axial strain. Increasing the cement 
addition by 1.5% resulted in approx. 50% increase in the resilient modulus 
value in most cases evaluated. Increasing the curing time of the sample from 7 
to 28 days also has a positive effect on the resilient modulus value, increasing 
it. 

(2) The addition of cement, as well as the length of care, has an effect on the quick 
shear strength. All samples were subjected to 16 cyclic loading sequences and 
finally, the quick shear test was performed. The axial stress at failure increases 
with an increase in cement addition and time of curing.
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Effect of Freeze–Thaw Cycles 
on the Strength of a Nanosilica and Lime 
Treated Clay 

İsmail Taş and Tugba Eskisar 

Abstract In this study, the unconfined compressive strength of a clay treated with 
nanosilica and lime was investigated under freeze–thaw conditions. The specimens 
were prepared at their corresponding optimum water contents and compacted under 
a standard Proctor compactive effort. The pure clay and the clay treated with 5% lime 
were subjected to freeze–thaw cycles to determine the strength changes of specimens. 
The maximum number of cycles applied to the specimens was 10. The cycles were 
applied in 12 h intervals and the temperature range was ±18 °C. Subsequently, the 
clay was treated with 0.3, 0.5, 0.7 and 1% nanosilica and 5% lime. The clay specimens 
showed a tendency to decrease in strength as a result of freeze–thaw cycles. The 
maximum strength loss observed was around 41%. It was concluded that, it was 
not possible to achieve sufficient amount of improvement by using solely nanosilica 
in the clay specimens. The unconfined compressive strength of nanosilica and lime 
treated clay accelerated with curing time. Besides, the strength loss of specimens due 
to freeze–thaw cycles could be partially prevented with the addition of nanosilica 
and lime. Consequently, usage of nanosilica together with lime, resulted in a better 
improvement, even if the soil was subjected to freeze–thaw cycles. 

Keywords Clay · Unconfined compressive strength · Freeze–Thaw cycles ·
Nanosilica · Quicklime 

1 Introduction 

The environmental conditions have an impact on the variation of the soil properties. 
Freezing of the ground is a seasonal phenomenon that can be encountered frequently 
in many parts of the world [1]. The freeze–thaw effects, especially on soils with 
expansive clay content, frequently cause great damage and costs to structures. It is 
an important issue to improve the properties of soils for freezing and thawing [2].
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Bell [3] determined that the mineralogy of clay was a very important in the stabi-
lization of the soils. The soil mineralogy and temperature criteria were efficient on 
the plasticity and strength gain rate of the soil, and the success of the stabilization. 
Bell [4], inspected the lime stabilization of clays with different mineralogies. When 
lime is added to the clay soils, calcium ions interact with clay minerals up to the 
lime fixation point. Lime is effective in terms of workability rather than strength up 
to the optimum lime content. Kaolin reacts to the lime later than montmorillonite, 
but montmorillonite would not have a higher late strength than kaolin [4]. Dash and 
Hussain [5] investigated the lime stabilization using quicklime in high and low plas-
ticity soils. They pointed out that the presence of excess lime in silica-rich soils in 
which silica gel was formed, gave a rise to the reduction of the overall strength. The 
silica gel led to increased plasticity and swelling of the soils. 

Zhang [6] presented that even a small amount of nanoparticles could be important 
on the behavior and mechanical properties of soils due to the high surface area of 
the nanoparticles affecting the physico-chemical behavior of the soils. Changizi and 
Haddad [7] assessed the effect of nanosilica particles to improve the mechanical 
properties of low and high liquid limit clay soils. The nanosilica Dash and Hussain 
ratios used in the study were determined as 0.5, 0.7, and 1.0%. The unconfined 
compressive strength increased by up to 56%. With the increase of nanosilica content, 
the deformations measured at the time of failure decreased and the elastic modulus 
values increased. The addition of nanosilica significantly improved the mechanical 
properties of the clay. Moayed et al. [8] investigated the interaction of kaolin clay and 
nanosilica in their study. The soils specimens treated with nanosilica contents ranging 
from 1 to 5% were examined. The remarkable increase in uncondfined compressive 
strength was observed at 4% nanosilica content. Although nanosilica has been the 
point of focus, different nano-sized materials such as nano-copper, nano-clay and 
nano-magnesium nano-ZnO were also investigated in the literature [9, 10]. 

Kalhor et al. [11] subjected nanosilica treated fine-grained soils to nine freeze– 
thaw cycles, and recommended 2% nanosilica addition to the soils. Shahsavani et al. 
[12] reported that extension of curing time improved the unconfined compressive 
strength of the slag and nanosilica treated specimens against the freeze–thaw cycles. 

Different types of additives have a possible use in the soil improvement, but the 
types of additives that can provide environmentally friendly solutions are limited. 
Nanosilica additive is in the “green binder” category and as a new additive, its full 
effect on soils have not been revealed yet [13]. Besides, the freeze–thaw behavior of 
the nanosilica added soils has been merely studied. 

This study deals with the freeze–thaw cycle effects on characteristics of a clay 
soil stabilized with nanosilica and lime. Atterberg limits, compaction, unconfined 
compression and freeze–thaw tests are performed to observe the changes in the soil 
properties.
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2 Materials and Testing Methods 

2.1 Materials 

The kaolin clay was derived in powder form from a local quarry and it was classified 
as a high plasticity silty soil MH according to ASTM D2487 [14]. ASTM D4318 
[15] was followed in the determination of Atterberg limits, and ASTM D698 [16] 
was followed for the standard compaction test. The liquid limit of the soil was 52%, 
the plastic limit was 34%, and the plasticity index was 18%. The optimum water 
content of the soil was 32%. 

Quicklime was preferred as a stabilizing agent. The lime was obtained from a 
quarry company. The chemical analysis of lime showed that 95.6% was CaO and 
0.9% was MgO and the remaining was trace elements. The nanosilica particles were 
purchased from Molchem Industries Ltd.; they were 15 nm in size with a purity of 
99.5%. 

The lime content of the study was 5% by the dry weight of the soil. The nanosilica 
contents used in the study were 0.3, 0.5, 0.7 and 1%. 

2.2 Testing Methods 

The specimens of unconfined compressive tests and freeze–thaw tests were prepared 
in the following manner: First, the dry soil and lime were mixed. Then, nanosilica 
was mixed in the water for 5 min with a high speed (120 rpm) mixer and added to 
the dry mixture. The water contents of the specimens were adjusted to their optimum 
water contents. The specimens had a diameter 50 mm and a length of 100 mm. The 
specimens were covered with an airtight film to secure the water content and placed 
in a moisture room until the end of their curing time. The temperature of the moisture 
room was 23 ± 2 °C with a relative humidity of 90–95%. 

The freeze–thaw tests were carried out on the specimens when the curing period 
was completed. In the freeze–thaw tests, the specimens were exposed to 5 or 10 
freeze–thaw cycles. The freeze thaw tests were performed according to ASTM D560 
[17]. The freezing temperature was in the range of −18 ± 2 ºC and the thawing 
temperature was in the range of +18 ± 2 °C. The time for each freezing or thawing 
action was 12 h; 1 cycle was completed in 24 h. The specimens were subjected to 
the unconfined compressive tests after their completion of the freeze–thaw cycles by 
following ASTM 2166 [18].
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3 Results and Discussion 

3.1 The Effect of Lime 

The Atterberg limits of the 5% lime treated soil were determined. The liquid limit 
and the plastic limit of the treated soil was 75 and 44%, respectively. The rise in the 
Atterberg limits was due to the action of hydroxyl ions which modified the affinity of 
the surfaces of the clay particles for water. The plasticity properties obtained within 
the short-time of the test were governed by the rearrangement of clay particles induced 
by the addition of lime and not by bonding induced by the pozzolanic reactions [19]. 

The compaction tests of clay and lime treated clay were carried out separately 
(Fig. 1). With the addition of 5% lime to the soil, the maximum dry unit weight 
decreased and the optimum water content of the treated soil increased. The optimum 
water contents and the maximum dry densities of clay and lime treated clay soils 
were 32 and 38%, and 1.60 g/cm3 and 1.50 g/cm3, respectively. 

The specimens were subjected to the unconfined compressive tests after the 
freeze–thaw cycles were completed. The clay soil had a strength of 205 kPa. After 5 
and 10 cycles of freeze–thaw, the strength of the clay decreased to 192 and 160 kPa, 
respectively. The 5% lime treated specimen which was cured for a day and then 
subjected to 10 cycles of freeze–thaw resulted in a strength of 195 kPa. The strength 
of 5% lime treated clay was 312 kPa after 7 days and it increased to 408 kPa after 
28 days. 

In Fig. 2, it is seen that the behavior of clay has changed from ductile to brittle 
behavior with the action of freeze–thaw. The natural clay reached its peak strength 
at a strain of 6.09%, while the axial strain of clay after 10 cycles of freeze–thaw 
was 1.89%. Lime addition also contributed to the brittle behavior of the clay. The 
stress–strain curve of 28-day specimen of 5% lime treated clay is also given in Fig. 2.

Fig. 1 The optimum water 
content of clay and lime 
treated clay 
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Fig. 2 Stress–strain curves 
of the specimens 

3.2 The Effect of Nanosilica 

In order to examine the effect of the nanosilica on the strength, the specimens 
containing 0.3, 0.5, 0.7 and 1% nanosilica were prepared. The contribution of 
nanosilica was evident even in 1-day specimens (Fig. 3). The gradual increase of 
the strength was observed among 0.3, 0.5, and 0.7% nanosilica treated specimens. 
However, there was a decrement of strength in 1% nanosilica treated specimens. The 
excessive rate of nanosilica had a strength reducing effect rather than contributing to 
it. The addition of 0.7% nanosilica increased the strength to 305 kPa after 28 days 
and this strength was almost 1.5 times of the strength of the untreated clay soil. 
Therefore, the optimum nanosilica content was 0.7% in clay specimens. Changizi 
and Haddad [20] and Hu et al. [21] expressed that when water was added to the 
clay, the nanosilica particles produced a viscous gel across the diffuse double layer 
of the clay particles. Due to the viscous gel, the bonding force between the clay 
particles was much stronger than the absorbed water. The viscous gel reduced the 
distance between particles and increased the particle contact. The cohesion between 
the clay particles due to the viscous gel was stronger than the cohesion between the 
clay particles, due to the presence of absorbed water [7]. The viscous gel filled the 
macropores in the clays to some extent [21, 22].

When the 28-day specimens of 0.7% nanosilica treated and 5% lime treated 
specimens were compared, it was seen that lime treatment was still superior in 
terms of strength. For this reason, a better stabilization could be achieved with the 
simultaneous application of nanosilica and lime to the soils. 

The effects of 5 and 10 freeze and thaw cycles were investigated on the nanosilica 
treated specimens. The cycles were consecutively repeated in this study until its 
effect on the soil strength became negligible, which was termed as an equilibrium [2,
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Fig. 3 The strength of clay 
treated with different 
nanosilica contents

11]. The strength loss of 5 cycles of freeze–thaw was more pronounced compared 
to the strength loss of the specimens that were subjected to 10 cycles (Fig. 4). The 
soil strength reduction occurred in earlier cycles and after 5 to 10 cycles the strength 
reduction would reach to an equilibrium condition [23]. The strength decreased 
remarkably in 0.3 and 1% nanosilica treated specimens after 5 cycles of freeze– 
thaw. The strength of the specimen in 0 cycle was accepted as 100%, and the strength 
reduction calculated in percentage from this value was called “strength loss”. The 
strength loss of 0.7% nanosilica treated specimens was 16%, while the strength loss 
of 1% nanosilica treated specimens was 41%, indicating the deterioration level of 
the specimens after 10 cycles of freeze–thaw. Although trace amounts of nanosilica 
were used in this study, 0.5 and 0.7% nanosilica treated specimens kept the majority 
of their strength against the freeze–thaw cycles. In order to reinforce the binding 
effect of the soil particles, using nanosilica together with an additive such as lime 
would also help to prevent the deteriorations against freeze–thaw. 

Fig. 4 The effect of 
freeze–thaw cycles on the 
nanosilica treated clay
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Fig. 5 The strength of the 
clay treated with nanosilica 
and lime 

3.3 The Binary Effect of Nanosilica and Lime 

According to the results of the unconfined compressive strength tests, the highest 
strength was achieved with 0.7% nanosilica-5% lime treated clay after 28 days 
(Fig. 5). The 28-day strength of the specimens treated with 0.7% nanosilica and 
5% lime was 125% higher than their 7 day strengths. The 28-day strength of the 
same specimen was 581 kPa and it was the highest strength among the experimental 
groups. 

An evaluation of the strength decrement of 7-days 0.7% nanosilica-5% lime 
treated specimens showed that, at the end of 5 freeze–thaw cycles, the strength of the 
specimens was 409 kPa. After 10 freeze–thaw cycles, the strength of the specimens 
decreased to 373 kPa. This result showed that the strength of the treated specimens 
had 1.82 folds more strength compared to that of untreated clay. Adding lime to the 
soil caused long-term pozzolanic reactions and nanosilica had an accelerating effect 
on the reactions in the soil medium. Besides, the formation of viscous gel increased 
the durability of the specimens when they were subjected to freeze–thaw cycles. 

4 Conclusion 

The effect of nanosilica and lime treatment on the unconfined compressive strength 
of a clay soil was assessed. The outcomes of the study are as follows: 

(1) As a result of lime treatment of the clay soil, the maximum dry unit weight 
decreased and the optimum moisture content of the soil increased. 

(2) The unconfined compressive strength decreased with freeze–thaw cycles in the 
clay and the lime treated clay. The strength of the clay was 205 kPa and the 
strength of 5% lime treated clay was 221 kPa. After 10 cycles of freeze–thaw, 
the strength of the clay and 5% lime treated clay decreased to 160 and 195 kPa, 
respectively.
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(3) The addition of nanosilica at different rates from 0.3 to 1% on clay soil 
showed some strength gain between 7 and 28 days. The highest strength was 
obtained with 0.7% nanosilica content. However, the strength of solely lime 
treated specimens were greater than the specimens that were treated with solely 
nanosilica. 

(4) The unconfined compressive strength of the specimens treated with the optimal 
amount of nanosilica and lime was 2.25 and 2.83 folds of the untreated clay after 
7 and 28 days of curing, respectively. These results were the highest strength 
values obtained among the other experimental groups. The strength of 7-day 
specimens obtained after 10 freeze–thaw cycles was 373 kPa, being 1.82 times 
more than the strength of the untreated clay. 
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Improvement of Shear Strength 
of Fine-Grained Soils by Waste Glass 

Victor Ojotisa and Ayse P. Balkis 

Abstract Due to clay having little or no impressive engineering properties causes 
a need to develop its properties prior to construction taking place as foundation play 
a very essential and important role hence the need for soil stabilization techniques. 
This study focuses on the utilization of waste glass in stabilizing and improving the 
soil shear strength parameters. Waste glass passing 0.075 µm sieve and 0.300 µm 
sieve was sequentially added in soil with 0, 6, 8, 10 and 12%. According to unified 
soil classification system the soil is low plasticity clay, CL. Direct shear strength 
tests were performed on un-stabilized soil and waste glass added sample to see the 
effect of waste glass addition on cohesion and angle of internal friction. From the 
results obtained 10% was found to be optimum addition value for waste glass for this 
since it improves cohesion values from 4 to 12 kPa for 0.300 µm sieve passing added 
waste glass and 4–17 kPa for 0.075 µm sieve passing added waste glass while angle 
of internal friction showed a continual decrease for each waste glass added which 
may be attributed to the characteristics of the waste glass and chemical compositions. 
Results showed 8% to be the optimum value as internal angle of friction and cohesion 
values peaked but showed decrease as the percent increased afterwards. Waste glass 
increases the cohesion amongst the soil particles thereby changing the shear strength 
parameter for the soil. Waste glass is a suitable stabilizer for clay soil. 

Keywords Cohesion · Direct shear test · Internal angle of friction · Soil 
stabilization ·Waste glass
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1 Introduction 

Soil since inception of time, has always been a crucial and essential building material. 
However some soils may have low mechanical properties which needs improvement. 
Such properties include shear strength, lateral earth pressure, consolidation, bearing 
capacity, slope stability and permeability & seepage amongst others. In which shear 
strength relates to the amount of shear a substance or material can endure or abide 
and not fracture. Shear strength knowledge is crucial as it’s used in the design of 
foundations, embankments for dams, roads, pavement, excavations, levees etc. the 
analysis of the stability of slope is evaluated using shear strength and the bearing 
capacity of the soil. A method to overcome weakness of soil is called stabilization 
in which materials are injected or mixed with the soil to attain certain results which 
show a positive result on the properties and also an economical way to do so. Shear 
strength of soils depend on certain factors such as stress history, water content, soil 
structure, drainage conditions, rate of load, degree of saturation and soil composition 
amongst others. Waste is a big issue especially as the rate in which waste is generated, 
for example agriculture, private or commercial industries or hospitals etc. can’t meet 
up with its rate of safe disposal without harming the area, environment etc. due to 
massive amount of waste. Emissions from waste sites or landfills are not of good 
benefit to the environment, humans or the ozone layer. A way to solve this dilemma 
is to recycle and reuse such materials by making them useful to certain needs and 
demands. Due to this dilemma, using waste glass a stabilizer was established. The 
aim of this study is to check the geotechnical properties of soil mainly shear strength 
which has been mixed and stabilized with waste glass at 0, 6, 8, 10 and 12% with 
tests conducted in a laboratory. This percentages were used in this study in relation 
with percentages used in previous studies, to have comparison values and also to see 
how it affects the clayey soil properties as well as to determine an optimum value. 
Ibrahim et al. [1] used waste glass on expansive soil [CH]. Tests such as Atterberg 
limits, unconfined compressive strength etc. was conducted with waste glass added 
in 6, 12, 18, 27, and 36% of the dry weight of soil. Results from the tests conducted 
showed a positive result and showed that the characteristics improved by adding 
glass. Olufowobi-Ogundoju et al. [2] used waste glass with clay soil. Tests such 
as moisture content, specific gravity, particle size distribution Atterberg limits, and 
direct shear tests were conducted. The soil was classified as a group 4–6 which was 
fair to poor. Waste glass was added in percent such as: 2,5,10 and 15%.Maximum 
values for cohesion and angle of friction were obtained at 10% waste glass although 
15/5 cement was used as based throughout. Maximum cohesion and angle of internal 
friction values of 17.0 and 15.0 respectively were obtained at 10% glass powder 
content [3] used a clay soil sub grade with waste glass. They carried out tests such as 
compaction (optimum moisture content), CBR, and Atterberg limits. The soil was a 
7–6 clay soil. Results showed that 10% waste glass was optimum percent to add by 
the dry unit weight of the soil to improve the subgrade. Sambo [4] used a black cotton 
soil which was obtained at about a depth of 7 m and mixed it with waste glass. Tests 
such as liquid limit, plastic limit, optimum moisture content, California bearing ratio
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Table 1 Physical properties 
of soil 

Properties Values 

Water content % 11.05 

Plastic limit % 14 

Liquid limit % 29 

Plasticity index % 15 

Specific gravity 2.55 

Soil Type: CL, Lean clay 

and maximum dry density were carried out. Waste glass was added in 0, 2, 4, 6, 8% 
replacement by weight. 8% showed the best results. 

2 Research Significance 

In this research waste glass (powdered) will be used in stabilizing soil. Shear strength 
test was be conducted. Two major engineering properties will be namely cohesion[c] 
and angle of internal friction [f] as they determined the shear strength of a soil. 
Comparison will be made between the cohesion and internal angle of friction values 
for raw soil sample and soil sample mixed with waste glass. A comparison will be 
made with previous studies to see if the optimum value obtained for them correspond. 

3 Materials 

3.1 Soil 

The research was conducted by utilizing different materials such as soil, waste glass, 
and distilled water. The soil was oven dried and sieved to obtain fine soils [0.075 µm 
passing]. Only the fine part was used in this study which was 0.075 µm sieve passing. 
The grain size distribution of the soil was obtained in accordance with ASTM D421. 
The physical properties of the soil used are shown in Table 1 and sieved soil is shown 
in Fig. 1.

3.2 Waste Glass 

The waste glass was obtained locally, cleaned, crushed using the Los Angeles abra-
sion machine then sieved to obtain 0.075 and 0.300 µm size passing. Sieved waste
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Fig. 1 0.075 µm sieve  
passing soil

Fig. 2 0.075 µm sieve  
passing waste glass 

glass of 0.075 µm passing and 0.300 µm passing is shown in Figs. 2 and 3, respec-
tively. Figures 4 and 5 show the soil sample before and after mix. Waste glass was 
added to the soil sample by the dry unit weight of the soil. 

Fig. 3 0.300 µm sieve  
passing waste glass 

Fig. 4 Soil with waste glass 
before mix
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Fig. 5 Soil with waste glass 
after thorough mix 

4 Results and Discussions 

4.1 Direct Shear Test 

This test was conducted in drained conditions. As stated in the early part of this 
article the test was conducted with two different waste glass size sample namely 
0.300 µm sieve passing and 0.075 µm sieve passing. Pace rate was kept constant 
throughout at 0.5 mm/min. Each test completion time until failure ranged from 10 
to 13 min’ with 13 min’ been maximum and 10 min’ minimum. For both 0.300 and 
0.075 µm, cohesion showed a positive increase up till 10% addition. Figure 6 graph 
which indicates cohesion values against WG% addition for 0.3 µm and show 10% 
WG peaking while Fig. 7 graph indicates angle of internal against WG% addition 
for 0.3 µm and show the gradual decrease as WG increased. Figures 8 and 9 show a 
combined graph of cohesion and angle of internal friction values for 0.300 µm while 
Figs. 10 and 11 show a bar graph of cohesion values and angle of internal friction. 
These figures show even at 6% addition of waste glass for 0.300 and 0.075 µm 
respectively there is a continuous decrease as the percent goes up. These values 
corresponds with studies from AbdulZahra (2018), Benny et al. (2020) study which 
found 8% to be the optimum WG added to clay soil subgrade otherwise there will be a 
decline in value. Dadkhahs’ et al. [5] pointed out the inverse increase and decrease can 
be antecedent towards the shape of the shear box and density as well. The variation in 
the results could also be attributed to soil types for example black cotton soil showed 
8% to be optimum, likewise for high plasticity soil and the gradation or granular 
nature of the waste glass (Sambo 2019, Javed 2020). Jared (2020) shear strength 
parameter of soil showed the waste glass mixtures changed as there was increase 
cohesion but decrease in angle of friction among the soil particles mainly after 10%. 
It can be determined that the angle of internal friction and cohesion values for the 
soil would increase when Waste glass powder has been added to maximum value of 
10% Al-neami et al. [6], Javed and Chakraborty [7]. Jareds’ (2020) study showed 
10% to be the optimum percent value to add waste glass (Tables 2 and 3).
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Fig. 6 Cohesion against 
WG% 0.300 µm 
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Fig. 7 Angle of internal 
friction against WG% 
0.300 µm 
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Fig. 8 A combined line 
graph of cohesion with 
WG%
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4.2 Microstructural Analysis of WG in Fine Soil 

Scanning electron microscopy (SEM) was conducted in each percent replaced but 
only was 0.075 µm at 8% and 0.300 µm at 8% is included in this paper. Circular prints 
on the images indicate waste glass. X-ray power diffraction (XRD) was conducted
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Fig. 9 A combined line 
graph of angle of internal 
friction 
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Fig. 10 A line graph of 
cohesion against WG% of 
0.300 µm 
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Fig. 11 A line graph of 
angle of internal friction 
against WG% of 0.075 µm
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in the same fashion and 0.075 at 8% and 0.300 at 8% is included in this paper with 
02si (quartz) been the highest mineral content which can be attributed to the waste 
glass and soil type. Other elements contained include CaCO3, AlO4, S-Ti2, Mg-O 
etc. Some elements, on the other hand, have to be missing for good bonding with



500 V. Ojotisa and A. P. Balkis

Table 2 Shear strength 
parameter for 0.300 µm 
WG% added mixture 

0.300 µm 

% of waste glass Angle of internal friction[0] Cohesion [kPa] 

0 31 4 

6 26 3 

8 25.5 6 

10 22.4 12 

12 22 11 

Table 3 Shear strength 
parameter for 0.075 µm 
WG% added mixture 

0.075 µm 

% of waste glass 
added 

Angle of internal 
friction[0] 

Cohesion [kPa] 

0 31 4 

6 30 0 

8 26 14 

10 20.9 17 

12 20 8

Fig. 12 SEM of 0.075 µm at 8% with 2000 magnification (author)

other elements to build a powerful compound that might maintain weak soil (Figs. 12 
and 13). 

5 Conclusion 

For this study, multiple direct shear tests were carried out on low plasticity soil 
samples with various waste glasses been added at certain percent which have been 
sieved through 0.300 and 0.075 µm respectively with the intent to check how it 
impacts the shear strength.
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Fig. 13 Energy dispersive x-ray of 0.075 µm glass at 8% replacement (author)

For both 0.300 and 0.075 µm samples, cohesion showed a positive increase up 
till 10%waste glass addition. Angle of internal friction on the other hand showed a 
decrease as waste glass percent increased. There is increase in the frictional forces 
due to the movement of the soils particles which increase the shear strength for the 
granular materials. The test carried out for this test was bounded to direct shear test 
with drained conditions. The variation in the results could also be attributed to soil 
type for example black cotton soil showed 8% to be optimum, likewise for high 
plasticity soil and the gradation or granular nature of the waste glass according to 
literature. Shear strength parameter of soil showed the waste glass mixtures changed 
as there was an increase for cohesion but decrease in angle of friction among the 
soil particles mainly after 10%. According to the recent finding done, it can be said 
that the angle of friction and cohesion values for the soil would increase when Waste 
glass powder has been added to maximum value of 10%. Comprehensively it can be 
decided that utilization of waste glass for soil stabilization is a suitable, effective, 
cheap and environment friendly in terms of pollution. 

Further studies should be considered with drainage factors for the shear tests and 
also using various soils types to compare the results. A focus could be in regards to 
how the chemical composition of waste glass affects soil properties and the values 
obtained in terms of cohesion and angle of internal friction. Tests can be conducted 
with various direct shear test box sizes, and the results obtained should be evaluated 
accordingly.
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