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Introduction

This volume contains eight papers that were accepted and presented at the
GeoChina 2021 International Conference on Civil Infrastructures Confronting
Severe Weathers and Climate Changes: From Failure to Sustainability, held in
Nanchang, China, September 18 to 19, 2021. It contains research data, discussions
and conclusions focusing on a number of related geotechnical aspects of infras-
tructure. Topics include issues related to civil infrastructure such as
temperature-induced lateral earth pressure on bridge abutment, subsidence of
high-speed rail and expressway, application of recycled rubber mats, railway ballast
evaluation, hurricane protection floodwall, tunnel portal stability, deep excavation
case study and properties of contaminated soils. Various types of research were
used in the various studies, including field measurements, numerical analyses and
laboratory measurements. This findings and results should lead to more resilient
infrastructure design, maintenance and management. It is anticipated that this
volume will support practices regarding the optimal management and maintenance
of civil infrastructures to support a more resilient environment for infrastructure
users.
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Response of Approach to Integral Abutment
Bridge Under Cyclic Thermal Movement

L. Sigdel(B), A. AI-Qarawi, C. Leo, S. Liyanapathirana, P. Hu, and V. Doan

School of Engineering, Western Sydney University, Sydney, NSW, Australia
18549889@student.westernsydney.edu.au

Abstract. Integral abutment bridges (IABs) are increasingly preferred over
expansion joint bridges due to their ease of construction, and lower maintenance
and repair cost. However, no consistent design guidelines exist for IABs due to the
complexities associated with soil-structure interactions and nonlinear behaviour
of the backfill soil used for the abutments. The temperature-induced cyclic move-
ment of a bridge abutment causes an increase in lateral earth pressure on the
abutment wall, which could lead to stress ratcheting. After a number of ther-
mal cyclic movements, permanent soil densification and settlement at the bridge
approach will result. In order to study abutment-soil interactions at a different
magnitude of cyclic loading, model scale experiments have been conducted, and
soil deformations were observed and measured using particle image velocime-
try (PIV) technique. Test results show that the number of loading cycles has an
important effect on the escalation of lateral earth pressure and soil deformation of
the retained soil. Furthermore, the formation of soil settlement and heaving was
notably increased with an increase in the amplitude of cyclic movement. Findings
of the research presented here assist to define the important parameters to con-
sider in the design of the IABs, besides the possible effects on bridge approach at
different magnitudes of cyclic movement.

1 Introduction

Traditionally, bridges are designed and constructed with expansion joints and bearings
to accommodate the bridge expansion and contraction due to the temperature changes.
However, expansion joints and bearings need regular maintenance as a result of deck
movement, traffic loading, trapped debris and moisture intrusion. In this respect, expan-
sion joint degradation is a constant cause of costly maintenance work (Biddle et al.
1997; Wasserman and Walker 1996; White 2007). Failure to maintain the joints would
eventually lead to overstressing and structural damage to the bridge structure, which
must be avoided. In response to this, Integral Abutment Bridges (IABs) have increas-
ingly become the design method of choice for bridge engineers to eliminate expansion
joints and bearings problems. However, there is a complex soil-structure interaction
mechanism between the retained soil and bridge abutment during expansion and con-
traction of the bridge deck due to daily and seasonal temperature changes. The cyclic
thermal loading causes an increase in lateral earth pressure on the bridge abutment and
abutment foundation (Clayton et al. 2006; England et al. 2000; Kim and Laman 2010;

© The Author(s), under exclusive license to Springer Nature Switzerland AG 2021
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Lehane 2011; Springman et al. 1996) and also results in soil deformations adjacent to
the abutment.

The pressure exerted by the backfill on the abutment, and extent and depth of the soil
settlement behind the abutment are dependent on many factors, including the magnitude
and frequency of abutment movement due to thermal effects, properties of the backfill
material, and the depth and type of abutment.

Therefore, it is instructive to identify the relative importance of each parameter
and its effects on the design of the bridge abutment. Since the increase in earth pressure
behind the integral abutments depends on the soil deformations, and the two aremutually
dependent, it is necessary to explore the soil-structure interactions associated with the
IABs. Many earlier studies (Clayton et al. 2006; Cosgrove and Lehane 2003; England
et al. 2000; Kim and Laman 2010; Lehane 2011; Razmi and McCabe 2020; Springman
et al. 1996; Sandberg et al. 2020; Tapper & Lehane 2005) had investigated the pressure
distribution developed on the abutment due to the expansion and contraction of the
superstructure from temperature variations. An experimental study conducted by Huang
et al. (2020) to examine the combined effect of abutment-soil interaction and pile-soil
interaction under cyclic horizontal displacement has also supports the ratcheting effects
behind the abutment. Huang et al. also reported that the shape of the pressure distribution
was depend on the magnitude of horizontal displacement.

PD6694–1 (BSI 2011), the current design practice of IABs in the UK incorporated
the soil ratcheting effects to establish the soil lateral stress profile during the service
period of the bridge. It has specified that for the integral abutments that accommodate
the thermal movement by rotation and/or flexure displacement, the design stress profile
depends on the at-rest earth pressure condition, the flexibility of the abutment wall, and
stiffness of the soil beneath the foundation of the abutment wall. However, for the shorter
height end screen abutments such as bank pad abutment and semi integral abutments,
which accommodate thermal movement by translational without rotational movement,
specified design lateral stress is independent of wall stiffness and soil-structure interac-
tion. The PD6694–1 suggested a linear increase of earth pressure corresponding with the
value K∗

d over the top half of the retained height of the wall, but the earth pressure then
decreases linearly from K∗

d γH/2 to K0γH towards bottom of the abutment. For abut-
ments subjected to cyclic translational movement, PD6694–1 clause 9.4.4 recommends
the following equation to calculate the Kd∗:

K ∗ d = K0 +
(
40d

′
/H

)0.4
Kp;t (1)

whereK∗
d , γ , H, d

′
d , Kp;t are the earth pressure coefficient, unit weight of soil, retained

height, wall movement at H/2 and passive earth pressure coefficient based on triaxial
test, respectively.

As shown in Eq. (1), it is instructive to study the soil-structure interactions under
different magnitudes of cyclic thermal movements to establish not only the impact of
earth pressure but also the backfill deformation that determine the design of IABs. This
study forms part of an investigative effort to establish an engineering approach to either
rectify or at least alleviate the build-up of earth pressure and settlement/heave at the
approach of an integral abutment bridge. By doing this, the outcome of this research
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will help to minimise the practical limitations and improve the design of approach
embankments to IABs.

In order to capture and understand the complex soil-structure interactions of an
IAB with different magnitudes of cyclic translational movements, the particle image
velocimetry (PIV) technique was used. PIV is an image-based deformation measure-
ment technique based on digital image correlation principles (DIC), which has been
widely used for measuring deformations in geotechnical model tests (Stanier et al. 2015;
Deng and Haigh 2018). DIC is an image-based deformation measurement technique that
analyses the sequences of digital images captured during tests and calculates fields of
incremental displacement at the chosen surface of the test specimens under mechanical
loading (Sutton et al. 1983). GeoPIV-RG software is an improved image-based analysis
program which implements the principle of PIV using the normalised cross-correlation
framework developed by Stanier et al. (2015), and White et al. (2003). The research in
this paper used the GeoPIV-RG software implemented in MATLAB to study the soil-
abutment interactions. The brief description of the development and performance of the
GeoPIV software is given by Stanier et al. (2015), White and Take (2005) and White
et al. (2003).

The principle of PIV analysis is graphically presented in Fig. 1. The PIV algorithm
tracks the texture (i.e. the spatial variation of brightness) of test patch within the area of
interest through a series of images and then produces the trajectories of each test patches
in a subsequent image. The initial reference image is divided into a mesh of PIV test
patches within the area of interest, and then the highest degree of match between the
patch from an initial image 1 (time = t1) and patch from the following image 2 (time =
t2) gives the displaced position of the same patch (u2, v2). The analysis is continued for
all the sequential images to obtain the complete trajectories of each test patch.

Fig. 1. Overview of PIV-DIC analysis principles (White and Take 2002)
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This paper describes the soil structure interactions of an IABs by tracking the soil
deformation behind the abutment wall, which is obtained during the cyclic translational
movement of an abutmentwall within a geotechnicalmodel tank. The cyclic translational
movement was imposed on the model wall in an active and passive direction to simulate
the bridge deck expansion and contraction during thermal temperature variations. The
deformations tracked by the GeoPIV, together with the lateral earth pressure readings are
used to study the soil-structure interactions of an IAB. Comparative studies at different
magnitudes of wall movements were performed, and the measured pressure distribution
and soil deformations are analysed and discussed.

2 Experimental Programme

2.1 Model Tank and Backfill Soil

The laboratory model tank used for the experiment has dimensions of 1000 × 250 ×
300 mm (length, breadth, height). It contains a transparent Perspex window of 40 mm
thickness at the front and back panels. The model tank contains the retained soil of 660
× 248 × 230 mm (length, breadth, height). A movable vertical wall with dimensions
of 300 mm × 248 mm × 13 mm (height, width, thickness) is attached to the tank
and connected with a movable bar and two supporting rods to prevent any rotational
movement during translational wall movement, as shown in Fig. 2. All three bars are
connected to a rigid frame, and the movement of the wall is controlled by an external
screw connected to the centre of the rigid frame. The wall was freely sitting on the
bottom of the model tank, and the configuration of the rods and wall was set-up in
such a way that the movement is genuinely cyclic translational. Eighteen permanent
control markers with known object-space coordinates were positioned at the transparent

Fig. 2. The experimental set-up
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window to calibrate the image space coordinates to the object space coordinates using
the subroutine provided in GeoPIV-RG.

Locally acquired siliceous sand was used as the backfill material. Sieve analysis
(Fig. 3) showed that the sand was of uniform size, with particle size ranging from 300 to
425 µm. The sand was loosely placed in the test chamber for all three series of tests, for
which the drop height was maintained as 0 mm. For a given value of cyclic translational
movement, the integral bridge abutment supporting loosely placed backfill would surely
develop the maximum settlement trough; therefore, these experiments limited to the
loose backfill. The obtained dry density of the siliceous sand was 1.596 g/cm3, and the
friction angle established from triaxial tests was 30°.
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Fig. 3. Particle size distribution

2.2 Instrumentation

Three earth pressure cells of 50 mm outside diameter were used to measure the earth
pressure during the tests. The pressure cell was placed at 30 mm, 80 mm and 130 mm
height from the bottom of the tank, and all of them were centrally located along the
width, and mounted on the thin Perspex sheet, which has a thickness of 10 mm on the
side of the backfill soil and attached to the moving wall. A load cell was mounted at
90 mm height from the bottom to measure the lateral force applied to the moving wall.
A linear variable differential transformer (LVDT) is installed at the top of the wall to
record and monitor the wall movement. The earth pressure cells, load cell and LVDT
were connected to the data acquisition unit, and the real-time data were transferred and
recorded to the computer using the GDSLAB control and acquisition software.

An 18- megapixel digital camera (Canon EOS 550D) was used to capture the images
during the tests for the PIV analysis. The camera was controlled from the computer by
the EOS utility software. The camera was positioned at a distance of 500 mm away from
the front side of the transparent window for all three experiments, and the same position
was maintained throughout the tests. Two white LED lights of 20W used as a lighting
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source were placed at two sides of the model tank to provide uniform illumination at the
exposed face of the model tank.

2.3 Test Procedure

The testing set-up was the same for all three experiments. All tests were performed and
analysed for twenty cycles of translational wall movement, with the magnitude of the
cyclic translational movement (d) of 0.5 mm, 1 mm and 2 mm, respectively. The wall
was initially positioned at the neutral position andmoved to the passive direction (inward
wall movement) and then active direction (outward wall movement), which represented
deck expansion following deck contraction due to the temperature variations. The speed
of wall movement was set at 1mm/min. The negative displacement represents the inward
movement of the wall towards the soil, and positive displacement represents an outward
movement of the wall away from the soil.

3 Results and Discussion

The formation of the vertical soil settlement and heave behind the wall during the tests
was recordedmanually in combinationwith theGeoPIV results. The recorded pressure at
three pressure cells, and load cellmeasurements during the cyclic translationalmovement
of the wall were analysed and interpreted together with the soil deformations observed
from the image analysis. For comparison, the recorded lateral earth pressure distribution
is presented together with Rankine passive earth pressure and Coulomb passive earth
pressure.

The soil deformation after 20 cycles of 0.5 mm cyclic horizontal wall movement is
shown in Fig. 4. As we can see from Fig. 4, the soil behind the wall vertically settled
down from the original ground surface and somewhere away from the wall, soil started
to deposit on the ground surface. The vertical soil settlement and soil upheaving profiles
behind thewall after 10 and 20 cycles of translationalmovement are plotted in Figs. 5 and
6 respectively. The soil profiles in Fig. 5 and 6 show that the amount of soil settlement
and soil surface upheaving increases, as expected, with the number and magnitude of
cyclic wall movements. The vertical soil settlement after 20 cycles of 0.5 mm cyclic
wall movement was 10 mm. At the 20th cycle, the soil settlement has increased by more
than 200% for 1 mm of cyclic wall movement, and by 300% for 2 mm of cyclic wall
movement in comparison with that for 0.5 mm of cyclic wall movement. The results
show that the degree of settlement increases with an increase in the magnitude of the
cyclic movement, whereas at a given magnitude, the rate of settlement was at the highest
level initially but decreases with the number of cycles.

It was observed that the amount of soil heaving increases with the amplitude of wall
movement. The maximum height of the heaving mound is correlated to the movement
amplitude. After 20 cycles, the maximum height of the heave was approximately double
the height produced after 10 cycles. During ± 2 mm wall movement, the soil heaved up
to a height of 5 mm from the original ground surface after 20 cycles, which is 1.67 and
10 times higher than the maximum heave height obtained for ± 1 mm and ± 0.5 mm of
wall movement, respectively.
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Fig. 4. Soil deformation after 20 cycles of 0.5 mm cyclic translational movement
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Fig. 5. Settlement profile for three tests after 10 cycles

The calculated resultant displacements of retained soil and vector plots of soil defor-
mation using the GeoPIV-RG are shown in Figs. 7 and 8. The maximum resultant dis-
placement after 20 cycles due to the ± 1 mm of wall movement was 200% greater than
that of the ± 0.5 mm of wall movement. The maximum resultant displacement at 20
cycles due to ± 2 mm of wall movement was approximately 12% higher than the max-
imum displacement obtained during ± 1 mm of wall movement. The presence of the
active wedge can be observed for all 3 magnitudes of wall movement after 20 cycles.
The width of the wedge was about 60 mm for all three tests from the PIV analyses. The
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passivewedge is less well defined and appears at best only at an incipient stage during the
± 1mm and± 2mm of wall movement. Also, as shown in the vector plots in Fig. 8b and
8c, sand was displaced from the toe of the wall towards the surface resulting in surface
heave. As discussed earlier, the heaving increased with increasing wall displacement.

The vector plots further confirm that the extent of soil displaced downwards in the
proximity of the abutment wall correlates to the magnitude of wall movement. As shown
in Fig. 8a, minimal downward soil displacements were observed with the± 0.5 mmwall
movement, but these increased significantly during the ± 1 mm and ± 2 mm of wall
movements (Fig. 8b, 8c). Displacements of the sand away from the abutment wall also
increased with increasing cycles of wall movement. It is expected that the changes in the
density of the sand and arching effects due to particle rearrangements and displacements
would result in changes in the lateral earth pressure.

The earth pressure distribution recorded by the pressure cells during the 20th cycle
is shown in Fig. 9, where, H is the height of the retained soil and d is cyclic translational
movement. The results showed that the earth pressure at the maximum passive position
is significantly higher than the recorded pressure at active and neutral positions. The
maximum passive earth pressure at the 20th cycle suggests that the build-up of lateral
earth pressure was not affected significantly due to changes in the magnitude of wall
movement. Here, the maximum passive pressure at the 20th cycle was almost same as
that for ± 0.5 mm and ± 1 mm of wall movement. The ± 0.5 mmmovement resulted in
a maximum passive pressure that is approximately 2.5% higher than that of the ± 2 mm
movement. This could be attributed to the soil densification and arching effects behind
the wall.

The distribution of the passive earth pressure along the height of the abutment wall
after 5, 10 and 20 cycles is presented in Fig. 10. For comparison, theoretical Rankine
and Coulomb passive earth pressure distributions are also plotted in Fig. 10. For the
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Fig. 7. Sand resultant displacement after 20 cycles: (a) ± 0.5 mm; (b) ± 1 mm; (c) ± 2 mm
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Fig. 8. Vector plots of sand deformation after 20 cycles: (a) ± 0.5 mm; (b) ± 1 mm; (c) ± 2 mm
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Fig. 9. Lateral earth pressure distribution during the 20th cycle

Coulomb passive earth pressure, soil-wall friction angle (δ) is taken as δ = (2/3)ϕ,
where ϕ is the soil friction angle.

Figure 10 shows that the rate of increase of lateral earth pressure was significantly
higher for first 5 cycles, which is approximately 70% of the maximum built-up pressure
at the 20th cycle during ± 1 mm and ± 2 mm of wall movement, and 50% of the total
build-up pressure during ± 0.5 mm of wall movement. It is also observed that with
the increase in the magnitude of the wall movements, the rate of development of the
maximum lateral earth pressure also increased.

The passive earth pressure distribution presented in Fig. 10(a) shows that the recorded
passive earth pressure eventually exceeded the theoretical Rankine passive earth pressure
for all three tests. After five cycles, during ± 1 mm and ± 2 mm of wall movement, the
passive earth pressure was greater than the Coulomb passive earth pressure from a depth
of 180 mm below the surface to the toe of the wall (at depth 230 mm), whereas, for the
± 0.5 mm of wall movement, the passive pressure was less than the Coulomb passive
pressure throughout the total depth of the abutment wall. After 10 cycles (Fig. 10(b)),
the passive earth pressure recorded in all three tests exceeded the Coulomb passive earth
pressure from a depth of 160 mm to the toe of the wall. In the top half of the abutment
wall, the increase of lateral earth pressure is significantly less than the Coulomb passive
earth pressure in the bottomhalf during the 20 cycles ofmovement. These results indicate
that the soil densification, yielding and arching effects of a quite complicated form led
to the increase in lateral earth pressure in the bottom and lower middle region of the
abutment wall (up to 100 mm from the toe).

The maximum passive pressure with number of cycles at different height location
of the abutment wall is plotted together with the Rankine and Coulomb passive earth
pressures in Figs. 11, 12, and 13. Is has been shown that the rate of increase of the passive
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cycles; (c) 20 cycles
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pressure at pressure cell 2, which is located at a height of 80 mm from the bottom, is
higher than the lateral earth pressure recorded at pressure cell 1, and pressure cell 3.
These results show that the pressure is continuously building up at a relatively higher
rate in the middle region than the bottom region of the abutment wall. As mentioned
above, this indicates that continuous particle displacements and rearrangements (see
Fig. 8) leading to soil densification/loosening, yielding and arching effects helped to
increase the soil pressure in the middle region of the abutment wall.

The earth pressure at pressure cell 1 remained below the limit of Coulomb passive
earth pressure for all three experiments. However, it exceeded the Coulomb pressure
after between 13 to 17 cycles for all three tests at pressure cell 2, and after 8 cycles or
less for all three tests at pressure cell 3. This implies that passive lateral earth pressure
prediction using the Coulomb and Rankine passive theories may under predict the earth
pressure of integral bridge abutment subjected to thermal temperature variations.
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Fig. 11. Passive earth pressure variation with the number of cycles at pressure cell 1 (130 mm
from bottom)

The maximum passive force recorded at each cycle of all three experiments is shown
in Fig. 14. It shows that the passive force is increased with the increase in the magnitude
of cyclic translational movement; however, only a 10% increase of maximum passive
force is recorded with 100% increase in the magnitude of wall movement. The rate of
increase of passive force is observed to decrease with increasing number of cycles until
gradually levelling off as the maximum residual force is reached, which is in agreement
with the variations of lateral earth pressure with increasing number of cycles.
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4 Conclusion

This paper discussed the interactions of an integral abutment wall and the retained soil
performed at three different magnitudes of cyclic translational movements (0.5 mm,
1 mm and 2 mm) in a laboratory model tank. Experimental observations and GeoPIV
analysis results is used to study the stress variation together with the soil deformation
during the wall movement. Main conclusions based on the analysis results are outlined
below:

1. Thermal-induced cyclic translational movement of wall causes the continuous soil
settlement and heaving behind the abutment wall. This increases with the increase
in the magnitude of wall movement and the number of cycles of wall movement.

2. With an increasing number of cycles and magnitude of wall movement, soil den-
sification/loosening, passive yielding and arching effects started to develop and an
incipient mobilised passive wedge-shaped region started to form. The kinematics is
quite complicated. Therefore, it is necessary to develop a better understanding of the
design lateral earth pressure profile which takes into account the influence of density,
yielding and arching effects in the backfill soil as a result of complex soil-structure
interactions, which is still lacking in current design practices.

3. The pressure variations along the height of the abutment show that the maximum
passive pressure resides at the bottom of the abutment. This distribution and GeoPIV
analysis suggest that the higher lateral stress increases correspond to the locations
where the most soil densification and yielding occurred. Therefore, it seems that the
stress profile does not correspond to that suggested by PD6694–1, where the maxi-
mum lateral stress is located at mid-depth of the abutment. The results suggest that
further clarification may be needed for the abutments with shorter height subjected
to cyclic translational movements only.
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In reality, the seasonal temperature variations will superimpose with the daily tem-
perature during the seasonal changes, which could generate stress profiles different to
what was observed in this study. Also, based on the type and flexibility of the abutment
wall, and boundary condition at top and bottom of the abutment wall, the movement of
the abutment wall could be translational, rotational, or combination of both. The study
of the soil-structure interactions for different modes of wall movement, including the
erratic movements of the wall, which may characterise the yearly, seasonal and daily
temperature variations will be explored in the future.
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Abstract. Choshui River alluvial fan-delta (CRAFD) has been and still is the
single-largest subsiding area in Taiwan. Some key infrastructures, including Tai-
wan High Speed Rail (THSR) and Expressway 78 (Expwy78) that come across
this area, are suffering serious problems by the subsidence. Due to complexity
of the issue, causes of the subsidence and their influences are not easily iden-
tified and quantified. This paper tends to disclose the above puzzles through a
numerical approach that would allow separate applications of various factors and
examination on their individual effects. The intersection of THSR and Expwy
78 is our primary concern since the subsidence at this location has become most
serious along the entire route of THSR and the induced differential settlements
are threatening the safety of the transportation artery. An 8-year subsidence mon-
itoring data at the study site is used for calibration of material data adopted in
the subsequent analyses. Results indicate the computed subsidence is 147.0 cm,
or a rate of 10.53 cm/year, for a period approximately starting with the Expwy78
construction (01/1998–12/2011) and covering complete ranges of construction of
Expwy78 and THSR of the site. Contributions due to various factors would be the
greatest by previous overpumping (55.2%), followed by soil creeping (14.1%),
groundwater fluctuations (11.8%), Expwy78 loading (11.6%), and the least by
THSR loading (7.3%). Assessments also indicate around 1/5 and 4/5 of the total
subsidence, respectively, occurred as the compression in soils with depths<70 m
and >70 m, where 70 m is the average installation depth of THSR piles. Com-
pression at shallower depths would be the greatest by Expwy 78 loading, and thus
may trigger a major part of negative skin frictions and discount bearing capacity of
the piles. Compression of deeper soils would be caused primarily by the previous
overpumping, and would hence lead to significant settlements and distortions of
vertical alignment of THSR structures.
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1 Subsidence Issue

Land subsidence has been and is currently as well a significant threat to the living envi-
ronment and transportation facilities to the western alluvial plains of Taiwan. Figure 1
indicates the locations of previous and present subsiding areas in the island. Since 1950s,
Taipei basin has experienced substantial subsidence due to the excessive extraction of
groundwaters for municipal purposes (Chen et al. 2007). Started approximately from
1970s as the booming of fishery farming (Fig. 2(a)), the west-coastal plains of Taiwan
have become subsided as a result of overpumping of fresh groundwater, which also
caused serious seawater intrusions into the ground (Hung et al. 2010). The groundwater
tables were estimated lowered by more than 20 m along the coastline and about 4 m to
the eastern boundaries of the plains (Chia et al. 1996, Chen et al. 2010).

As seen in Fig. 1, the western plains are still subsiding at present, especially in the
area, ChoshuiRiver alluvial fan-delta (orCRAFD),with ameasuredmaximumsubsiding
rate of 6.5 cm/year in 2019 (WRA 2019). The CRAFD is the largest alluvial deposit in
Taiwan, encompassing Changhua County to the north and Yunlin County to the south.
The deposit was formed by the longest river (Choshui River; Fig. 1) of the island and
its tributaries, as well as by the influences of the sea (Taiwan Strait) (CGS 1999). In the
past 200,000 years or so, the sea levels has been raised and lowered by± 100 m several
times in the history due to glacial retreats and advances (Chappell and Shackleton 1986),
and thus contributed to the marine (delta) sedimentations to the western portion of the
CRAFD.

In recent decades, previously significant subsidence areas along the coastline have
gradually moved inlands. Figure 3 shows the shift of the subsidence hot spots in Yunlin
County, the southern part of CRAFD, during the period of 1992–2011 (WRA 2011). The
shift in subsidence areas was due mainly to the economic growth in the mid-CRAFD, as
well as influences arise from the construction of several key transportation arteries, such
as Taiwan High Speed Rail (THSR) and Expressway 78 (Expwy 78), passing across the
area (Fig. 3). Excessive pumping of groundwaters for the purposes of agricultural, indus-
trial and municipal activities has caused significant subsidence in the mid of CRAFD
and threatened the safety of these transportation facilities.

The transportation safety of THSR has become a public concern since early 2000s.
The alarm finally triggered in 2009 as the differential settlements between THSR piers
have become so great that approached the design limits in angular distortion of 1/1000 for
simple supported viaducts and 1/1500 for continuous viaducts (Hung et al. 2010, WRA
2011). The most serious section of THSR that suffered vertical alignment distortions
was located at its intersection with Expwy 78. Since the construction period of Expwy 78
was approximately parallel to that of the previously-said subsidence shifting, one would
suspect that, besides excessive pumping, the Expwy 78 embankment loading could also
have had influences on the differential settlements of THSR piers.

Figure 4 is a photo taken at the intersection area, indicating Expwy 78 embankment
as well as THSR piers that suffered the most angular distortions. Table 1 presents the
subsidence (i.e., pier settlement) history at the intersection of Expwy 78 and THSR.
Although the subsidence rate appeared decreasing in 2000s, the magnitude of THSR
pier settlements remained significant and was detrimental to the transportation safety
of the facility. Figure 2(b) shows an agricultural pumping well and the vegetation field
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Fig. 1. Ground subsidence regions in Taiwan and study area (base map:WRA 2019; https://www.
wra.gov.tw/cp.aspx?n=3679).

(a) Fishery farming (b) Agricultural planting

Fig. 2. Fishery and agricultural farming along west-coastal plains of Taiwan extracting excessive
groundwaters and causing ground subsidence.

adjacent to the THSR, suggesting the groundwater extraction for agriculture purposes
would be influential to the THSR safety as well.

It is obvious that the factors affecting on the subsidence of intersection area and the
transportation safety of THSR would have included the excessive pumping of ground-
water and the loading of Expwy 78 embankment. In fact, the loading of THSR piers as
well as the groundwater fluctuations and the natural creeping of soil deposits would also
be the potential causes for the subsidence. The normal consolidation of soil deposits due
to natural deposition process, however, is generally believed to have completed since
the CRAFD deposits where the project site is located was formed in late Quaternary

https://www.wra.gov.tw/cp.aspx%3Fn%3D3679
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(a) 1992~1999 (b) 2003~2011

Fig. 3. Transition of subsidence areas in Yunlin County, the southern part of CRAFD, between
1992 and 2011 (base map: WRA 2011).

Table 1. Yearly subsidence at the intersection of THSR and Expwy 78 (WRA 2011)

Year Yearly subsidence
(cm/year)

Accumulated
subsidence
(cm)

2004 15.0 15.0

2005 10.6 25.6

2006 8.7 34.3

2007 7.5 41.8

2008 7.0 48.8

2009 6.5 55.3

2010 6.8 62.1

Note: Average subsidence rate = 8.87 cm/year

period in about 200,000 years ago (CGS 1999). In view of enormous thickness of soils
in CRAFD (>750 m; CGS 1999, Hung et al. 2010), we anticipate a small amount of
secondary compression (or creeping) of the soil deposits would be existing even if the
normal consolidation of deposits due to natural deposition process could have completed
for quite a long time.

The aim of this study is therefore set to determine the influences of various factors on
the subsidence at the intersection area of THSR and Expwy 78, with particular interest
in the estimation of their potential effects on the compression of soils at separate depth
intervals of 0–70 m and >70 m. It is noted that the length of THSR group piles in the
intersection area is around 70 m below the ground, as shown in Fig. 5. Land subsidence
or soil compressions would have effects on the THSR pier structure in two folds. For the
deposit with depth >70 m, the compression in soils would settle THSR pier structures
and hence distort the vertical alignment of THSR route. Alternatively, for the deposit
with depth<70m, the compression in soils would cause negative skin frictions on THSR
piers and thus detriment to the bearing capacity of the group piles.
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Expwy 78
THSR

P7-513 P7-514

Fig. 4. Intersection of THSR and Expwy 78 Embankment (viewing NE).

Fig. 5. Schematic illustration of THSR group piles and Expwy 78 embankment.

A numerical tool is adopted in this study for the assessment of influences of various
factors on the subsidence at intersection area and the compression of soils at different
depth intervals due to various factors. As shown in Fig. 6, three computation points (A,
B and C) on the ground surface are assigned. Point A is located approximately 200 m
away from both THSR and Expwy 78 and the subsidence at this location is considered
with negligible influence by the loadings of these two transportation facilities. Point B
is located along the THSR route approximately 200 m south of the intersection. The
subsidence at this location is considered to be affected primarily by the THSR loading,
in addition to the subsidence at Point A. Point C is located at the intersection of THSR
and Expwy 78. The subsidence at this location is due mainly to the loadings of these
two transportation facilities, in addition to the subsidence at Point A.

By assuming applicability of the principle of superposition, the influence of THSR
pier loading can be assessed by subtracting the computed subsidence at Point A from that
at Point B. Likewise, the influence of Expwy 78 embankment loading can be evaluated
by subtracting the computed subsidence at Point B from that at Point C. The influences
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of soil creeping, excessive groundwater pumping (or termed as “previous overpumping”
in the following sections) and groundwater fluctuation can be estimated in the numerical
computations at Point A by switching on or off separately during the application of pre-
vious overpumping or groundwater level variations. Results of the numerical assessment
will be discussed in Sects. 3 and 4.

Fig. 6. Location of study area and calculation points in numerical simulation.

2 Background Information

Prior to numerical simulations, some background information pertaining to natural or
human factors that would have had impacts on the subsidence of the study area is
described herein. These factors include site geology and hydrogeology setups, ground-
water overpumping history, and THSR and Expwy 78 construction histories at the
site.

2.1 Geology and Hydrogeology

As mentioned previously, the CRAFD was formed by alluvial depositions of Choshui
River and its tributaries as well as by marine depositions due to seawater level changes
in glacial periods some 200,000-year ago. Hence, the CRAFD consists of alternating
layers of alluvial and marine deposits (Chiang et al. 1996, CGS 1999).

As shown in Fig. 7, a typical EW section across the fan-delta and the study area,
the alluvial deposits mainly contain coarser particles like cobbles, gravels and coarse-
medium sands, with their sizes distributed becoming finer from east to west. The alluvial
deposits are generally abundant in groundwater and thus the water resources (aquifers)
of the area. Alternatively, the marine deposits include finer particles, such as fine sands,
silts and clays, which are distributed along the western coastline and near-shore regions.
As the characteristics of low hydraulic conductivity, the marine deposits become barriers
(aquitards) in the CRAFD. It is noted that the marine deposits to the western coastline or
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near-shore regions are generally unified and become a closed boundary of the CRAFD,
thus render the aquifers in CRAFD as an underground reservoir (CGS 1999).

The thickness of soil deposits in CRAFD is still uncertain, however, limited docu-
ments indicated that no bedrockwas encountered up to a depth of 750mbelow the ground
surface (Hung et al. 2010). Within the upper 300m deep, four sets of aquifer-aquitard
layers are identified, where the second aquifer (Aquifer 2 or F2; Fig. 7) has been the
major water resource layer of the area (CGS 1999). In recent decades, however, the depth
for groundwater pumping has become deeper and reached the third or fourth aquifers
(F3 or F4) due to the demands of economic growth in the mid of CRAFD (Hung et al.
2010).
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Fig. 7. Geology and hydrogeology profile of the area (based map: Chiang et al. 1996).

Figure 8 illustrates the observed piezometric levels in Aquifers F1, F2 and F3 at some
monitoring stations near the study area. As seen, the piezometric levels in F2 and F3 are
substantially lower than the one for F1, indicating excessive groundwater pumping has
been occurring for some time in these layers and their influences are still continuing.
We notice that the long-term trend of piezometric levels in F2 and F3 remains slightly
declining, suggesting the influences of previous overpumping in deeper aquifers are not
appreciably easing or recovering.

2.2 Previous Overpumping

Substantial lowering of piezometer levels in deeper aquifers of CRAFD as mentioned
above was due mainly to excessive extraction of the groundwaters, and its influence on
the subsidence of the site had been enormous. As shown in Fig. 3, the inland movement
of subsidence hot spots of Yunlin County, in a period between 1992 and 2011, was
in relation to the economic growth of mid-CRAFD, that involved more groundwater
consumptions from deeper ground for agricultural, industrial and municipal activities.

It’s difficult, however, to clearly define the period of excessive groundwater extraction
of the area. In view of the observed inland shifting of subsidence hot spots that started
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Fig. 8. Groundwater levels of confined aquifer layers in CRAFD (Chang et al. 2020).

approximately in mid 1990s (Fig. 3(a); Hung et al. 2010, WRA 2011, Li 2013), as
well as a new agriculture polity promulgated in about the same period that encouraged
local farmers to raise more water-consumptive vegetables instead of rice (Ho and Wang
2012), we notice that the significant drops in groundwater levels of the study area might
have occurred approximately in the period of 1995–1997, and then became more or less
stabilized ever since. This period, from the beginning of 1995 to the end of 1997, is
therefore termed as the “previous overpumping” stage and adopted in the subsequent
numerical simulations.

2.3 Expwy 78 and THSR Construction Histories

In the study areawhere twomajor transportation arteriesmeet, the loadings of these facil-
ities (THSR viaduct/pier structure and Expwy 78 embankment) would play important
roles on the land subsidence as well as the interactions on either of the facilities.

As mentioned previously and shown in Fig. 5, the THSR facility consists of viaducts
and piers (i.e., group concrete piles; a pile arrangement of either 3 × 4 for P7–513 &
P7–514 or 2 × 3 for other nearby group piles) with each pile a diameter of 2 m and an
installation depth of around 70 m into the ground. Although point loads are adopted in
the numerical simulations as the way of application of the loading by THSR facility,
it should be noted that, since loading is applied on the pile head, the loading actually
transmitted through a considerably rigid member of the pile along its shaft and at the
base into the ground. Hence, THSR loading on the ground would involve influences in
both shallower and deeper deposits.

For the loading by Expwy 78 embankment, a strip-type of surface loading is assumed
in the numerical simulations. The loading of Expwy 78 embankment would primarily
affect the compression of soils in shallower depths.
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The other issue regarding the influence of subsidence behavior would be the timing
of loading. Figure 9 illustrates the timeline of constructions of THSR and Expwy 78
facilities in the study area. In contrast to the short-period construction of THSR piers
and viaducts, the construction of Expwy 78 embankment at the intersection had taken
a much longer time, involving three major stages encompassing the THSR construction
of the site. In view of the characteristics and timing of the loading, we expect the
subsidence behavior as well as influences on the THSR facility of the area would bemore
complicated due to the involvement of lengthy construction of Expwy 78 embankment.

Fig. 9. Timeline for THSR and Expwy 78 constructions.

3 Numerical Simulation Scheme

A numerical software, Plaxis3D, is employed for the assessment of subsidence of the
study area and influences due to various factors. As shown in Fig. 10, a 3D numerical
model is set up which mimics the onsite arrangement of the two major transportation
facilities (Fig. 6; THSR and Expwy 78). Material stratification of the site is assumed in
terms of aquifers and aquitards revealed by the subsurface explorations with boreholes
to a depth of 300 m from the ground. The loading and timing of constructions of THSR
viaducts/piers and Expwy 78 embankment are based on the associated construction
drawings as well as the timelines indicated in Fig. 9. As shown in the construction reports
of THSR, the vertical loadings on P7–513 and P7–514 are approximately 38,500kN
each, while the loadings for the remaining piers of the study area are in the range of
25,000–26,000kN (Sinotech 2003). As illustrated in Figs. 5 and 9, the width of the
Expwy 78 embankment is about 55 m and the final height of embankment is 5.5 m in the
intersection area. Significant drops in groundwater (or piezometer) levels and subsequent
groundwater fluctuations are based on the previous overpumping period as mentioned
above and the observed groundwater fluctuations (Fig. 8) at the nearby stations of the
study area.

Details of the numerical simulations can be referring toChang et al. (2020). Figure 10
indicates the numerical model adopted in the analysis, including 4 sets of aquifer (red
color)/aquitard (light blue color) to a depth of 300 m, based on results of subsurface
exploration of the site, and a 300 m-thick soil layer, termed as Base Soil (light yellow
color), to represent remaining soil deposits in the deeper ground. The figure also shows
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the locations of THSR piles, represented as point loads acting on pile heads, and Expwy
78 embankment, represented as a strip loading on the ground. Generally, numerical
simulations are conducted preliminarily with an assumed material data set to verify the
results of 8-year onsite monitoring at Points A ~ C (10/2003–12/2011; Fig. 6). The
assumed material data is calibrated and modified such that the computed subsidence of
the ground at Points A ~ C and compressions of various material layers are comparable
with those of the onsite monitoring. Results indicate the computed subsidence at Points
A, B and C are 54.6 cm, 59.1 cm and 69.4 cm, respectively, which compare well with the
monitoring data of 55.7 cm, 61.2 cm and 70.6 cm. The numerical simulations are then
employed to predict the subsidence behavior of the site with a much longer computation
period (01/1998–12/2011)which covers full-ranges of construction of THSR andExpwy
78 facilities at the site. With this longer period of computation, the influences of THSR
and Expwy 78 loadings can therefore be completely assessed.

(a) Material layer stratification (b) FEM meshes, Expwy 78 and THSR loadings

Fig. 10. FEM model adopted in numerical simulations.

4 Numerical Assessment Results

The aims of numerical simulations in this study are to examine the contributions of
various factors on the subsidence of intersection area of THSR and Expwy 78, as well
as the influences of various factors on the compression of soils with depths <70 m and
>70 m, that would have dissimilar effects on the safety of THSR viaduct/pier structures.
Results of the numerical simulations are discussed as follows.

4.1 Contributions of Various Factors on Ground Subsidence

Results of numerical simulations on the subsidence of study area due to various factors
are shown in Fig. 11 and summarized in Table 2. The computation period started from
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1998/1/1 and ended on 2011/12/31, a 14-year time which covers full-ranges of THSR
and Expwy 78 constructions of the site. As indicated, the computed total subsidence at
the intersection area reaches 147.0 cm, or an average subsiding rate of 10.53 cm/year.
This subsidence has included the influences due to groundwater-related factors, such as
previous overpumping and soil creeping, as well as by the loadings of THSR and Expwy
78 facilities.

Table 2. Computed subsidence due to various factors at the intersection of THSR and Expwy 78
in a duration between 01/1998 and 12/2011

Influence
factor

Subsidence of the
ground

Compression in soils
0–70 m deep

Compression in soils >70
m deep

(cm) (%) (cm) (%) (cm) (%)

Soil
creeping

20.68 14.1 0.85 2.7 19.83 17.2

Previous
overpumping

81.25 55.2 8.91 28.3 72.34 62.6

Expwy78
Embankment
loading

17.09 11.6 13.51 42.9 3.58 3.1

THSR pile
loading

10.67 7.3 5.55 17.6 5.12 4.4

Groundwater
fluctuation

17.35 11.8 2.66 8.5 14.69 12.7

Sum: 147.04
(10.53
cm/year)

100.0 31.48
(2.25 cm/year)

100.0 115.56
(8.28 cm/year)

100.0

Figure 11 visualizes the influences of various factors on the subsidence of the site.
It’s obvious that the previous overpumping contributes the greatest (55.2%) to the subsi-
dence, followed by soil creeping (14.1%), groundwater fluctuation (11.8%), Expwy 78
loading (11.6%), and the least by THSR loading (7.3%). It is noted that over 80% of the
subsidence is due to groundwater-related factors (i.e., soil creeping, previous overpump-
ing, groundwater fluctuation), and the contributions by loadings of THSR and Expwy
78 account for less than 20%.

It is also noted that the computed compression in soils with depths<70m is 31.5 cm,
or 21.4% of the total subsidence (note: average compression rate of 2.25 cm/year). The
computed compression in soils with depths >70 m would be 115.6 cm, or 78.6% of the
total subsidence (note: average compression rate of 8.28 cm/year). Apparently, around
1/5 of the subsidence occurs in shallower depths (<70 m) of the deposit and would
tend to develop negative skin frictions and thus potentially impair the bearing capacity
of THSR piles. On the other hand, around 4/5 of the subsidence would be generated at
deeper depths (>70 m), which would settle the THSR piles and hence distort the vertical
alignment of THSR route.
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Fig. 11. Influence of various factors on subsidence at the intersection of THSR and Expwy 78
between 01/1998 and 12/2011.

4.2 Influence of Soil Creeping on Compression of Soils

Figure 12 shows the influences of soil creeping on the ground subsidence as well as the
compression of soils with depths< 70 m. In view of significant thickness of the deposit
(600 m thick in the numerical model), a majority portion (19.83 cm) of subsidence due
to soil creeping occurs at greater depths (>70 m), only a small amount (0.85 cm) would
generate at shallower depths (<70 m). Hence, soil creeping would be more influential
to the distortion of THSR vertical alignment than the bearing capacity of THSR piles.
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Fig. 12. Influence of soil creeping on compression of soils at the intersection of THSR and Expwy
78 between 01/1998 and 12/2011.

4.3 Influence of Overpumping on Compression of Soils

Figure 13 shows the influences of previous overpumping on the ground subsidence as
well as the compression of soils with depths<70 m. Since previous overpumping is the
most significant factor on the ground subsidence, the computed compression in soils
with depths >70 m is also substantial, and would be the greatest among other factors
as indicated in Table 2. Previous overpumping also produces appreciable compression
in soils with shallower depths (<70 m). Numerical simulations indicate previous over-
pumping would be a key factor on both the distortion of THSR vertical alignment and
the bearing capacity of THSR piles.

4.4 Influence of Expwy 78 Loading on Compression of Soils

Figure 14 shows the influences of Expwy 78 loading on the ground subsidence as well
as the compression of soils with depths <70 m. Although Expwy 78 loading is a minor
factor on the overall subsidence, the computed compression in shallower soils (<70
m), however, has become the greatest among other factors, as indicated in Table 2. In
viewing that Expwy 78 embankment, with a width (B) of approximately 50m, exerted
a strip load on the ground, considerable stress increments and compressions would be
generated to a depth of around two times the strip width (i.e., 2B or 100m). Alternatively,
the computed compression in soils in deeper ground (>70 m or 100 m) would therefore
be insignificant as compared with the one in shallower depths.

As the construction of Expwy 78 embankment at the intersection has been divided
into three separated stages, the computed subsidence due to embankment loading
responds in relation to the construction stages. It is noted that the second stage of con-
struction (2003–2004) appears to be the most influential on the subsidence of ground
as compared with those in the other two construction stages. Given the fact that the
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Fig. 13. Influence of previous overpumping on compression of soils at the intersection of THSR
and Expwy 78 between 01/1998 and 12/2011.

placements of the first two construction stages of Expwy 78 embankment were nearly
the same, the greater subsidence computed in the second stage would have appeared
due to several possible reasons. The THSR pier loading that was in place approximately
9 months prior to the second construction stage would have been influential to enhance
the subsidence. The construction period in the second stage (~2 years) was appreciably
shorter than that of the first stage (~3 years), leading to a more intensive surcharge and
hence greater subsidence of the ground. Groundwater fluctuations during the period of
second construction stage appeared more severe than those of the first stage, and might
have contributed to a more subsidence of the second stage construction.

4.5 Influence of THSR Loading on Compression of Soils

Figure 15 shows the influences of THSR loading on the ground subsidence as well as
the compression of soils with depths <70 m. As mentioned previously, THSR structure
exerts point load on the pile head and transmits through the shaft and tip of pile into
the ground. In accordance, both the soils along pile shaft and below pile tip would be
subjected to compression. Although THSR loading produces the least contribution to
the total subsidence of the site, the compressions in soils with depths <70 m and >70
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Fig. 14. Influence of Expwy 78 embankment loading on compression of soils at the intersection
of THSR and Expwy 78 between 01/1998 and 12/2011.
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Fig. 15. Influence of THSR pier loading on compression of soils at the intersection of THSR and
Expwy 78 between 01/1998 and 12/2011.

m would appear to be equivalent, as shown in the figure, due to characteristics of the
loading.
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4.6 Influence of GWT Fluctuation on Compression of Soils

Figure 16 shows the influences of groundwater fluctuations on the ground subsidence as
well as the compression of soils with depths< 70 m. During numerical simulations, the
groundwater fluctuations are assigned based on the observed data as shown in Fig. 8.
However, limitations of the numerical software prohibit the use of complete sets of data
with detailed measurements, but only allow for simplified versions of the groundwater
measurements. Hence, the observed groundwater data is simplified and assigned with
the average values in wet and dry seasons of the year. As seen in the figure, the ground
subsides or rebounds in accord with the lowering or rising of groundwater levels, due to
the changes in wet-dry seasons and the activities for agriculture farming. Groundwater
fluctuations would have more influences on the compression of soils in deeper ground.
For the shallower depths (<70 m), however, the compression in soils would be minor.
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Fig. 16. Influence of groundwater level fluctuation on compression of soils at the intersection of
THSR and Expwy 78 between 01/1998 and 12/2011.

5 Concluding Remarks

This paper presents results of numerical simulations on the subsidence behavior of
ground at the intersection of THSR and Expwy 78, with emphases on the contributions
of various factors on the subsidence as well as the influences of various factors on the
compression of soils at shallower depths (i.e., < 70 m; the installation depth of THSR
piles) and at deeper depths (i.e., > 70 m). The period for numerical simulations starts
from 01/1998 and ends 12/2011, which covers full-ranges of constructions for THSR
and Expwy 78 facilities at the intersection. In accordance, the results of simulations are
able to reflect complete contributions on the subsidence by the loadings of these two
transportation facilities. Some key findings of this study are summarized as follows:
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• The subsidence of the study area is complicated byvarious influence factors, including:
soil creeping, previous overpumping, groundwater fluctuation, and loadings of THSR
viaducts/piers and Expwy78 embankment.

• For the 14-year period of concern (01/1998–12/2011), the numerical simulations
reveal the total subsidence in the intersection area would be 147.0cm, or an aver-
age subsiding rate of 10.53 cm/year. The key contributing factor is found to be the
previous overpumping (55.2%), followed by soil creeping (14.1%), groundwater fluc-
tuation (11.8%), Expwy 78 loading (11.6%), and the least by THSR loading (7.3%),
where the structural-related factors (i.e., THSR and Expwy 78 loadings) account for
< 20% contribution on the total subsidence of the site.

• Numerical simulations indicate around 1/5 (or 21.4%) of total subsidence occurs
as the compression in soils with depths < 70 m, and about 4/5 (or 78.6%) of total
subsidence arises from the compression in soils with depths> 70 m. Accordingly, the
compression rate in shallower soil deposits (<70 m) would be 2.25 cm/year, which
would likely pose an unfavorable effect of negative skin friction and thus impair
the bearing capacity of THSR piles installed within this depth range. Alternatively,
the compression rate in deeper soil deposits (>70 m) would be 8.28 cm/year. The
compression of deeper ground would settle THSR viaducts/piers and hence distort
the vertical alignment of THSR route.

• For soil compressions in shallower depths (<70 m), the major influencing factor
would be the Expwy 78 embankment loading, which accounts for 42.9% contribution
of the compressions at this depth range. The Expwy 78 embankment exerts a static
strip-load on the ground, and would be more pronounced on the stress increments and
compressions as well in the shallower soil deposits.

• For soil compression in deeper ground (>70m), themajor influencing factor would be
the previous overpumping,which accounts for 62.6%contribution of the compressions
at this depth range. Previous overpumping that occurred approximately in the period of
1995–1997 significantly dropped the groundwater (or piezometer) levels, as evidenced
by themonitoring data shown in Fig. 8, producing considerable and sustained straining
on the ground mass. The influence of previous overpumping would be lasting for a
long time until the piezometric levels of the onsite aquifers could be recovered and
back to their original elevations.

• Numerical simulations reveal soil creeping would play an appreciable role on the
subsidence of the study area (i.e., 14.1% of the total subsidence, or an average subsid-
ing rate of 1.48 cm/year). Without groundwater infiltrations/evaporations or human
activities like groundwater pumping and structural loading, the ground would still
be sinking, as a result of secondary compressions (or creeping) of the enormously
thick soil deposits of the CRAFD. Soil creeping occurs after the completion of pri-
mary consolidation, in a form of minor reorientations and slight adjustments of soil
“grains” into a more stabilized arrangement. The primary consolidation due to natural
deposition process of the soil deposits in CRAFD is believed to have completed for
a long time, and the minor subsidence of ground at present, without the influences
of groundwater infiltrations/evaporations and human activities, is due mainly to the
creeping of the ground.

• As indicated previously, THSR facility would be suffered by the subsidence of the
study area, causing negative skin frictions and reducing bearing capacity of THSR
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piles due to the compression of soils in shallower depths (<70 m), as well as settling
and distorting vertical alignment of THSR route as a result of the compression of soils
in deeper ground (>70 m). The shallower depth compression is contributed mainly
by the Expwy 78 embankment loading, while the deeper ground compression is con-
tributed mainly by the previous overpumping. To ease the threat to THSR facility, this
study suggests the identified key contributing factors, Expwy 78 embankment weight
and previous overpumping, should be carefully dealt with. One potential mitigation
measure would probably include a removal of earthen fill of the Expwy 78 embank-
ment and a replacement with a light-weight structure, such as elevated road with box
girders and pile foundation, EPS fill, etc. Other mitigation measure may also include a
restriction of groundwater pumping and an enhancement of groundwater recharging,
etc.
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Abstract. This paper summaries the results of a study on the use of recycled
rubber mats for improved performance of ballasted tracks. One solution used
to minimise ballast degradation (breakage) is to use an innovative recycled rub-
ber mat, known as rubber-energy-absorbing drainage mat (READ), manufactured
from end-of-life tires to provide a cost-effective solution to conventional tracks.
When placed underneath the ballast, the energy-absorbing nature of the rubber
mats decreases the load that is transferred to the ballast, so the ballast experi-
ences less deformation and breakage. In this study, a series of large-scale triaxial
tests are conducted to investigate the performance of the READS in the attenua-
tion of cyclic and dynamic loads and subsequent reducing of ballast degradation.
Numerical modelling using the Discrete Element Method (DEM) is conducted to
investigate the improved performance of ballast in amicromechanical perspective.
Evolutions of contact forces and contour stress distributions during cyclic tests are
investigated through coupled DEM-FEM model.

Keywords: Recycled rubber mat · Transport geotechnics · Ballast · Breakage ·
Discrete Element Method (DEM)

1 Introduction

Australian rail sector must continuously upgrade its track network and adopt innova-
tive technology to reduce the cost as well as increased passenger comfort. Ballast layer
plays a crucial role in transmitting the train loading to underlying track-formation layers
at a reduced stress level [1]. The ballast grains experience significant degradation and
breakage when subject to heavy hauls freight trains and moving. Due to ballast break-
age, Australian rail industry spends a significant budget in terms of track maintenance,
together with improving the ground before track construction where soft and saturated
subgrade soils induce considerable difficulties in design and construction [2].

The degradation of ballast aggregates (breakage) significantly influences the shear
strength of ballast. Sun et al. [3] conducted large-scale tests on ballast and found that

© The Author(s), under exclusive license to Springer Nature Switzerland AG 2021
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confining pressure (i.e., lateral confinement) and frequency have a significant influence
on the breakage of ballast under cyclic loading. Leng et al. [4] conducted cyclic tests
on coarse-granular aggregates and the test results showed that there were two separate
deformation stages of a rapid increase in deformation initially followed by a steady-
state of plastic strain after a given loading cycle. These findings were in agreement with
previous literature [5–8], among others. Previous studies found that particle breakage
could happen even at small-stress level [9, 10]. In addition, previous studies indicated
that increased lateral confinement for ballast resulted in decreased peak friction angles
[11].

Research on the application of elastic inclusions (geosynthetics, geocell) for
improved performance of tracks and subsequently decreased ballast breakage has
been well documented [12–18], among others. Field trials carried out on fully instru-
mented tracks at Singleton, NSW Australia proved that rubber mat could reduce ballast
deformation apart from reduced breakage [19, 20].

There is a lack of study on the use of recycled rubbermats for reducing the breakage of
ballast grains from amicro-mechanical perspective. This paper reports the main findings
of the study on the use of large-scale triaxial tests and discrete element modelling (DEM)
on the breakage responses of railway ballast.

2 Large-Scale Triaxial Cyclic Tests

A large-scale triaxial testing apparatus designed and built at the University of Wollon-
gong can accommodate a testing sample of 300 mm diameter and 600 mm high, as
detailed in Fig. 1a. Materials tested in the laboratory including ballast, capping mate-
rials and recycled rubber mat as shown in Figs.1b–c. The ballast was cleaned and then
passed through a set of standard sieves (53–9.5 mm) followed the Australian Standards
(AS2758.7–2015) [21]. Upon drying, the ballast grains were coloured to help in quan-
tifying the amount of breakage after each test. A mixture of sandy soil was adopted for
a subgrade layer while a mixture of sand and crushed-rock was adopted for capping.

2.1 Sample Preparation and Testing Procedure

A tested sample was filled by a 200 mm thick subgrade at the bottom and compacted
to a density of ρ = 18.5 kN/m3. A 100 mm-thick capping was then compacted to ρ =
20.5 kN/m3. A layer of rubber mats was then put on top of the capping. A ballast layer
(300 mm thick) was placed and compacted to a ρ = 15.5 kN/m3. After preparing the
specimen, it was filled with water and left overnight to saturate the specimen. Cyclic
tests were started under qcyclic-max = 230kPa, qcyclic-min = 30kPa, frequencies: f = 10–
40Hz and a constant confining pressure of σ 3 = 20kPa. All tests were sheared up to
N = 500,000 cycles. During these tests, the permanent vertical displacement, εa and
volumetric strain, εv were measured. Ballast aggregates were recovered after each test,
then sieved, and the changes in size distributions were recorded to investigate the amount
of breakage.

Measured test data showed that the recycled rubber mats decreased deformation and
breakage of ballast. This was because the mat could absorb cyclic and impact loads
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(i.e. energy) that led to less energy was transferred to ballast aggregates and thereby
decreased breakage. The inclusion of rubber mat reduced the breakage up to 30.8% and
35.3% when subjected to frequencies of f = 10, 20 Hz, respectively. Detailed of test
results were reported earlier by Indraratna et al. [22] and some of the test data were
re-used in this study for the calibration of the DEM model.

Fig. 1. (a) a schematic section of triaxial apparatus; (b)mixed ballast in different colours following
the gradation; (c) capping aggregates; and (d) recycled rubber mat (READS)
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3 Discrete Element Modeling

A discrete element method (DEM) has been widely used to study micro-mechanical
responses of granular aggregates [23–28], among others. It is well documented that
due to excessive computational time required to carry out cyclic tests in DEM, most
of the previous DEM simulations were initiated to only a few thousand loading cycles.
Given the excessively computational cost of simulating an actual track embankment
in DEM having different layers of track substructure (i.e., ballast, capping, subgrade),
thereby a coupled discrete-continuum modelling approach that utilises advantages of
both numerical schemeswith acceptable computational effort and accuracy is introduced
in this study.

3.1 Coupled DEM-FEM

Ballast with varied geometries and sizes were digitalised in DEM by bonding many
cylindrical together via parallel bond (Fig. 2a). The breaking (disconnection) of those
bonds was approximately considered to represent particle breakage. Micro-mechanical
parameters adopted for the DEM analysis were selected by calibration with laboratory
test data as presented inTable 1. Figure 2b shows a schematic diagramof a coupledDEM-
FEMmodel for the large-scale triaxial test, where the subgrade, capping and rubber mat
was simulated by the continuummethod. The schematic diagram of exchanging of forces

(Fn, Fs) and displacement
(
Ẋ [E]
i

)
between a discrete grain and continuum element at

its interface is presented in Figs. 2c-d.
Contact forces at their interface can be calculated as:
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Vi = Ẋ [C]
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i,E are the velocities of elements and discrete grains. Ẋ [P]
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the translation and rotation of a grain, and eijk is the permutation symbol.
The velocity of continuum elements at the interface is then calculated as:
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where, Njis a shape function, determined by: Nj = (1 + ξo)(1 + ηo)/4, j =
1, 2, 3, 4; and ξo = ξiξ, ηo = ηiη; ξi and ηi are coordinates of nodes. Shear and

normal forces are distributed to the nodal force, F[
E,j]

i via shape function Nj:

F[
E,j]

i = F [E]
i + F [C]

i Nj (6)

During load application, contact forces DEM domain (Zone 1) is transferred to con-
tinuum domain (Zone 2); and the displacements of continuum elements, are transferred
back to the DEM – Zone 1 as boundary conditions. More detail on the model calibration,
application of loading and boundary conditions, and laboratory test results can be found
in [22].
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Fig. 2. (a) Simulated ballast grains; (b) coupled DEM-FEM model; and (c) interaction of a grain
and an element; and (d) force and moment exchanges (modified after [24])
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Table 1. Micro-mechanical parameters adopted for DEM analysis

Parameter Value

Particle density (kg/m3) 2500

Friction coefficient 0.82

Contact normal stiffness (N/m) 2.52 × 108

Contact shear stiffness (N/m) 1.26 × 108

Contact normal stiffness of wall (N/m) 1.25 × 108

Shear stiffness of wall (N/m) 0.625 × 108

Parallel bond stiffness (N/m) 6.84 × 1010

Parallel bond shear strength (N/m2) 486 × 104

Parallel bond radius multiplier 0.50

3.2 Predicted Stress-Strain Behaviour of Ballast

Figure 3 presents predicted cyclic stress-strain from the coupled DEM-FEM model
at varied load cycles N subjected to a frequency, f = 20 Hz. The predicted strains
remarkably increase up to about 5.5% at the first N = 1000 load cycles, followed by

Fig. 3. Applied cyclic stress versus axial strain εa at varying load cycle, N
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slightly increased strains up to N = 5,000 cycles. After this cycle, the ballast remains
relatively unchanged to the end of the simulation (N = 10,000 cycles). This indicated
that ballast aggregates exhibited remarkable compression and re-arrangement during the
initial stage of loading, but after achieving a threshold compression, any subsequently
applied loads would resist further deformation and instead, accelerate ballast breakage.

3.3 Simulated Ballast Breakage

The accumulation of bond breaking with increased N subjected to 4 frequencies of f
= 10–40 Hz is presented in Fig. 4. It is noted that the breaking of bonds (Br) within a
simulated particle was considered to represent particle breakage. It is worth mentioning
that Br is different from the actual ballast breakage measure in the laboratory, the Br

could supply an indication of the extent of breakage occurs. FromDEM-FEMsimulation,
the Br increases with an increase in load frequency, f and this trend are similar to the
ballast breakage measured in the laboratory data. Subjected to a given f , the number of
broken bonds increases significantly within the first N = 5,000 cycles; and then keeps

Fig. 4. Predicted contact bond breaking at different frequencies, f = 10–40 Hz with and without
recycled rubber mat (adopted from Indraratna et al. 2020 – with permission from ASCE).
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almost unchanged at subsequent loading cycles. The inclusion of a recycled rubber mat
underneath the ballast layer leads to a decreased Br ; and this could be attributed to the
energy-absorbing characteristics of the rubber mat.

3.4 Contact Force Distributions

Figure 5 presents the distributions of contact forces in the ballast layer and vertical
stresses predicted for capping and subgrade layers. Vertical stress contours in the capping
and subgrade layers at different load cycles N are also presented where the contour
was captured under f = 20 Hz. It is seen that the applied cyclic loads are distributed
to particles through contact force chains where each contact force is represented at
the contact point having a thickness proportional to the force magnitude. Upon cyclic
loading, large contact forces appeared and concentrated beneath a top-loading plate. It

N = 100 cycles
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Fig. 5. Distributions of contact forces in ballast layer and vertical stresses predicted for capping
and subgrade: (a) without rubber mat; and (b) with a rubber mat (adopted from Indraratna et al.
2020).
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is clearly seen that the inclusion of rubber mat could increase the contact areas among
ballast particles and underneath layers, widen the distribution of vertical stresses; and
this in turn decrease magnitude of contact forces the interfaces. Predicted vertical stress
at the capping is large at the interfaces with the ballast grains, whereby it is predicted
to significantly decrease with depth. An increased applied load cycle N, leads to an
increased number of contact force and increased contact force magnitude. This could be
associated with the densification and re-arrangement of particles.

4 Conclusions

The following findings can be established:

• Measured laboratory test data proved that the axial deformation, εa increased with
an increased N and the higher frequency applied the higher εa was measured. Ballast
grain showed a large axial strain, εa within the first N = 1000 cycles, followed by a
slight increase in the εa at a decreased rate.

• The inclusion of a recycled rubber mat resulted in decreased axial strain and breakage
of ballast. This was because the mat absorbed cyclic and impact loads and thereby
reduced particle breakage of up to 30.8% and 35.3% when subjected to f = 10, 20Hz.

• A coupled DEM-FEM model was introduced to investigate the applied cyclic load-
deformation responses of ballast, where discrete grains were modelled by the DEM
and the continuummedia (REAM, capping and subgrade) were modelled by a contin-
uum media. From the coupled discrete-continuum model (coupled DEM-FEM), the
predicted amount of broken bonds (i.e., mimicking particle breakage) increased with
increased frequency (f = 10–40 Hz) and it decreased with the inclusion of a rubber
mat.

• The force distributions were studied, and they showed that the forces distributed non-
uniformly across the ballast specimens and the inclusion of a rubber mat decreased
the magnitude of contact forces which also implied for a reduced particle breakage.
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Abstract. Ballast degrades through wear and breakage due to the cumulative
actions of traffic. This study evaluated ballast degradation using the Los Angeles
abrasion (LAA) and cyclic loading tests, changes in the ballast aggregates shape
indexes (form, angularity, surface texture and volume) were also evaluated using
image analysis techniques. A typical freight train with an average speed of 120
km/h and 30 tonnes capacity was simulated for the cyclic loading test. Series of
LAA and cyclic loading tests were conducted on separate samples of the same
gradations, and the changes in the aggregates shape indexes were determined
using the Aggregate image measuring system (AIMS) package and a 3D laser
scanner before and after each of the tests. The image-based assessment revealed
that ballast degradation is related to the particle edge breakage and surface wear.
The overall experimental results showed that ballast degradation is more profound
in the ballast early stageof service, and the degradation indexhas a good correlation
with the changes in aggregate shape indexes. The results also revealed that the two
tests gave different degradation indexes, hence a relationship between the ballast
degradation index and the number of load cycles with the number of LAA drum
turns is proposed to reflect the effect of the number of train’s axle load cycles on
ballast degradation.

1 Introduction

Ballast degradation through attrition andbreakage during operations affects the structural
performance of the railway track system. Conventionally, the ballast is designed to;
“provide a solid bed for the sleepers, distribute stresses from the sleeper bearing area
to a bearable limit at the surface of the subgrade soil, facilitate maintenance operations
for the track riding quality, and provide rapid drainage” (Lu and McDowell 2010). Over
time, ballast degrades and foul due to heavy haul trains cyclic loading and maintenance
tamping. The edges of the ballast particles break and rearrange resulting in settlement
of the track system, hence reducing the volume of voids (Han 2012; Indraratna et al.
2014). Attrition of ballast begins at the construction stage during tamping, produces
pulverized ballast particles that continue after the railway is open to traffic, and subject
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to environmental conditions that further results in the ballast degradation and fouling of
the ballast voids (Danesh et al. 2018; Guo et al. 2019 and Qian et al. 2017).

With the railway sector contributing immensely to the continuous rapid economic
growth of China and the high demand for Chinese products, the Chinese government
intensified effort to continue expanding its railway system to its full capacity (Cui et al.
2018). This, for instance, will improve the transportation of coal from a mining site to
generation plants and manufactured products to national export points and other interna-
tional destinations. To meet up with the demand, the annual tonnage increases and lead
to more numbers of traffic load cycles. Hence, the ballast deteriorates progressively due
to increasing load cycles (Indraratna et al. 2016). Studies on railway ballast degradation
have been conducted using different approaches; Los Angeles abrasion test, Crushing
test, and cyclic loading test as reported in the literature.McDowell et al. (2005) conducted
a study in a Laboratory by simulating the effects of both train loading and ballast tamping
on four granitic rocks. The results revealed that the amount of ballast degradation agrees
with that of the Los Angeles Abrasion (LAA) test. Aursudkij (2007) conducted simi-
lar research on three different types of rock. He concluded that Los Angeles Abrasion
(LAA) test results correlate well with ballast degradation under cyclic loadings. Röthlis-
berger et al. (2006) reported that Los Angeles Abrasion (LAA) test results correlate well
with ballast degradation induced by railway traffic. Nålsund et al. (2013) conducted a
comparative assessment of ballast degradation using a large-scale triaxial and full-scale
rail track model tests with empirical laboratory test methods on Norwegian ballast mate-
rials. They reported that the LA abrasion test results correlated with the actual material
breakdown. Qian et al. (2014), and (2017) characterized ballast aggregate degradation
using LA abrasion tests and aggregate image analysis. The results revealed that with
a decrease in particle angularity and surface texture, the percentage of fines increased.
Hence a good correlation between the ballast fouling index and the aggregate morpho-
logical changes was observed. Sun et al. (2014) reported from their study that ballast
degradation correlates with its volumetric shrinkage under cyclic loading conditions.

Although researchers have been working on quantifying ballast degradation using
different approaches (empirical and mechanistic methods), studies relating the two
approaches have been relatively scarce in the literature. Developing a relationship
between the two approaches would enable railway engineering practitioners to ascertain
the number of load cycles at which the rail track will be due for maintenance using the
preliminary LAA test result data of the ballast material. In view of this, the current study
aims at; (i) Evaluating ballast degradation using the LAA test method that is purely
empirical, and using the cyclic loading test method that is mechanistic. (ii) Ascertaining
changes in the ballast particles morphological properties under different loading condi-
tions. (iii) Carrying out a comparative analysis of results from the two tests and propose
a relationship between the number of train-axle-load cycles and ballast degradation.

2 Material and Methods

2.1 Material

The ballastmaterial used for this study is a 100%crushed granite collected fromXiangxi-
ang quarry about 114 kmaway fromChangsha inHunan province, China. The aggregates
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with different particle sizes were carefully selected, washed, oven-dried, and air-dried at
room temperature. The specimens were prepared by mixing the aggregates according to
the target proportion, as per the People’s Republic of China Railway Industry-standard
gradation (TB/T 2328.14-2008) requirements as shown in Fig. 1.

2.2 Methods

2.2.1 Los Angeles Abrasion (LAA) Test

To simulate the degradation of ballast particles that is closer to the real situation on the
field, Fischer (Fischer 2018) suggested a Los Angeles abrasion test without steel balls.
He argued that in actual circumstances ballast particles are not subject to adverse stresses
in the field like the one induced by the steel balls. The Los Angeles abrasion (LAA) test
was performed in accordance with ASTM Standard C535 (ASTM 2009) but without
the steel balls. The drum rotates at an average speed of 33 revolutions per minute, and
for each test, the drum rotated 250 times. Afterward, material passing each sieve was
collected and recorded. Particles larger than 9.5 mm were collected for image analysis
using the Aggregate Image Measurement System (AIMS) and 3D laser scanner.

2.2.2 Cyclic Loading Test

The specimens for the cyclic loading tests were prepared in accordance with the gra-
dation requirement and compacted to a density of 1512 kg/m3. A typical heavy haul
freight train with an average speed of 120 km/h corresponding to a frequency of 16.5Hz
obtained as 0.138V (Indraratna et al. 2014; Sun et al. 2014) and axle load of 30 tons
which corresponds to 288 kPa (Esveld and Esveld 2001) was simulated. Series of cyclic
loading tests were conducted at varying load cycles from 200000 – 1000000 cycles at
an interval of 200000. Tests were conducted with maximum deviator stress of 288 kPa
and the minimum stress was set to 45 kPa for all tests. The specimens were sieved after
loading using standard sieves, material passing each sieve was collected and recorded.
Particles larger than 9.5mmwere collected for image analysis using theAggregate Image
Measurement System (AIMS) and some selected ones were scanned using a 3D laser
scanner. The ballast degradation index was estimated using Marsal’s Breakage index
(Bg) (Marsal 1967).

Marsal’s breakage index (Bg): the breakage index proposed byMarsal (Marsal 1967)
is determined as the summation of positive values of the difference in percentage bymass
of total material retained on the same sieve size after the test (Koohmishi and Palassi
2018). The differences in percentage retained on each sieve size (�Wk ) is determined
as follows;

�Wk = Wki −Wkf (1)

Where; Wki and Wkf ; are the percentages by mass retained on sieve size k before and
after the test respectively. Marsal’s breakage index (Bg) is adopted for this study because
of its simplicity and accuracy (Indraratna and Salim 2002).
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2.2.3 Image Analysis

AIMS software was used to determine the essential morphological indices (are the angu-
larity index (AI), the surface texture (ST) index, and the flat and elongated (F&E) index).
These three key indices are as illustrated in Fig. 3. AIMS angularity index quantifies the
total changes in the particle edge sharpness characteristics on a scale of 0–10000. It is
categorized into four groups (low, moderate, high, and extremely angular), as illustrated
in Fig. 4. The F&E index quantifies the index of the longest to the shortest dimensions
of a particle in an assembly of flat, elongated, cubical particles. The ST index quantifies
the roughness of a particle through an erosion-dilation image analysis technique on a
scale of 0–1000. It is also categorized into four groups, as illustrated in Fig. 5. The image
analysis was conducted to determine the changes in particle size and shape after each
test before mixing all materials for the next tests (Fig. 2).
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Fig. 1. Gradation of crushed granite ballast material (TB/T 2328.14–2008)

3 Results and Discussion

3.1 Degradation

The gradation curves obtained from the sieve analysis of the ballast after 2000 turns of
the LA abrasion drum at an interval of 250 turns are as presented in Fig. 6. The figure
also presents the corresponding values of the breakage index obtained after every 250
turns of the LAA test. It can be seen that with an increase in the number of turns of the
LA abrasion test drum, the specimen’s gradations shift gradually to the right, and the
breakage index increases at a decreasing rate. Figure 7 presents the changes in gradation
after the cyclic loading test with the corresponding breakage indices at an interval of
200000 load cycles. A similar trend to that of the LAA test was observed; an increase in
the number of load cycles yields an increase in breakage index. It is clearly shown that
with an increase in the number of LAA drum turns and load cycles, the breakage index
(Bg) values increase. The increase in breakage index could be attributed to the breakage
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Fig. 2. Second-generation of aggregate
imaging measurement system (AIMS)

Fig. 3. Key morphological descriptors (Masad
and Fletcher 2005)

Fig. 4. Particles angularity

Fig. 5. Particles surface texture
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and splitting of larger particles into smaller ones. Hence, the particles become rounded
due to wear and abrasion of the particles’ sharp edges with an increase in the number
of load cycles/LAA drum turns. Therefore, ballast degradation in the field is attributed
primarily to the breakage of sharp corners during service. These findings agree with the
works of Indraratna et al. (2014); (2013)and Qian et al. (2017).
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Fig. 6. Gradation changes of ballast specimen after LA abrasion test
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Fig. 7. Gradation changes of ballast specimen after cyclic loading test

Figures 8 and 9. Presents the ballast degradation trends in terms of breakage index
(Bg) values against the number of LAA drum turns and the number of load cycles respec-
tively. Figure 8 presents the relationship between the breakage index (Bg) and the number
of turns of the LAA (NLAA) test. The result indicates that with an increase in NLAA, the
breakage index also increases, which implies that the particles keep degrading through
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sharp corners breakage, attrition of asperities, and splitting of larger particles. Based on
the data presented in Fig. 8. A best-fit equation with a coefficient of determination

(
R2

)

of 99.56%, the data can be represented in Eq. (2 and 3).

Bg = 17.0233+ 1.2347NLAA − 32611.2014N−1.5
LAA (2)

NLAA = 0.9728e0.3921Bg (3)

Where; Bg is the breakage is index and NLAA is the number of turns of the LAA test
drum.

The relationship between breakage index (Bg) and the number of load cycles for
the cyclic loading test is as illustrated in Fig. 9. The test result revealed that with an
increase in the load cycles, the breakage index of the particles also increases. Hence, it
indicated that the ballast continues to degrade with an increase in load cycles. Therefore,
in order to ascertain ballast degradation in the field during service, a relationship between
breakage index (Bg) and the number of load cycles based on the data presented in Fig. 9
is proposed as in (4 and 5). The proposed relationship could help railway practitioners
to plan for railway ballast maintenance.

Bg = −30.0943+ 1.8286× 10−13
(
N2
cyc

)
+ 2.8397ln

(
Ncyc

)
(4)

NCYc = 76381.52e0.2857Bg (5)

Where; Bg is the breakage index and Ncyc is the number of load cycles.
However, from the data presented in Figs. 8 and 9, 10. Illustrates a proposed relation-

ship between the number of turns of the LAA test drum and the number of load cycles.
This relationship can also be presented in (6). This relationship could aid practitioners
in predicting the load cycles at which the railway ballast is due for maintenance.

NCyc = 4.79× 108 − 1.76× 107e
(−4.58×10−4NLAA

)
− 4.63× 108e

(−1.04×10−5NLAA
)

(6)

3.2 Imaging Assessment

The image analysis was conducted before and after each test for both LAA and cyclic
loading tests. The imaging techniques were employed to assess the changes in the parti-
cle morphological properties in terms of three independent indexes; form (flatness and
elongation), angularity, and surface texture. The changes in morphological features of
ballast aggregate were characterized during the degradation process using the AIMS
package, and a 3D laser scanner was used to capture the 3D images in order to evaluate
the changes in the particle volume and surface area. Table 1 illustrates the changes in the
AI angularity index, ST Surface texture, flat and elongated index, Volume, and surface
area of a single aggregate particle at intervals of the number of LA abrasion drum turns.
It appears that with an increase in number of LA abrasion drum turns, the particles
lose their asperities, sharp corners, and become rounded, and hence, all the image-based



Appraisal of Railway Ballast Degradation 55

250 500 750 1000 1250 1500 1750 2000 2250
8

10

12

14

16

18

20

B
re

ak
ag

e 
ra

ti
o 

(B
g)

 (%
)

Number of LAA  turns (NLAA)

 Experimental Breakage Index (Bg)

 Model: Bg=17.0233+1.2347NLAA- 32611.2014N-1.5
LAA

R2=99.56%
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Fig. 9. Relation between the breakage index and the number of load cycles.

indexes decrease. This conforms to the rate of ballast degradation. Table 2 presents the
morphological changes of some selected particles at some intervals of the number of
load cycles. The changes in particle morphological properties increase with an increase
in load cycles. However, comparing the rate of changes in particles morphological fea-
tures, it was observed that the LAA test yielded a higher rate of particles abrasion and
breakage than the cyclic loading test. This could be due to the severity of the particles
breakage and rate of abrasion under the LAA test in the laboratory being higher than in
the field, which agrees with findings of Moaveni et al. (2016).
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4 Conclusion

This study evaluated ballast degradation using the Los Angeles abrasion (LAA) and
cyclic loading tests. Changes in the ballast aggregate shape indexes (form, angularity,
surface texture, and volume)were also evaluated using image analysis techniques. A typ-
ical heavy haul freight train with an average speed of 120 km/h and 30-tons capacity was
simulated for the cyclic loading test. At the end of the study, the following conclusions
are constituted.

I. The test results revealed that theLAA test and the cyclic loading test yielded different
breakage index and changes in morphological properties. It is observed that the
degradation indexes under different testing conditions correlate with the rate of
changes in the ballast morphological properties.

II. Relationships between ballast breakage index
(
Bg

)
with the number of turns of

LAA test drum (NLAA) and the number of load cycles (NCyc) are proposed. The
relationships are as presented below;

Bg = 17.0233+ 1.2347NLAA − 32611.2014N−1.5
LAA (7)

NLAA = 0.9728e0.3921Bg (8)

Bg = −30.0943+ 1.8286× 10−13
(
N2
cyc

)
+ 2.8397ln

(
Ncyc

)
(9)

NCYc = 76381.52e0.2857Bg (10)

NCyc = 4.79× 108 − 1.76× 107e
(−4.58×10−4NLAA

)
− 4.63× 108e

(−1.04×10−5NLAA
)

(11)
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These relationships could aid railway practitioners in predicting the number of load
cycles at which the railway ballast is due for maintenance.

Table 1. Image-based shape index properties of a single particle through the degradation process
based on LA abrasion tests.

Number of Turn of LAA test 
drum

0 500 1000 1500 2000

Properties 

Volume ( ) 51078.03 50730.81 50298.64 49359.29 49033.34
Area ( ) 7691.377 7485.89 7359.21 7177.91 7104.52
Angularity index (AI) 2887.70 2517.26 2242.85 2112.30 2036.80
Surface texture Index (SI) 358.59 245.42 225.69 206.30 201.30
Flatness & Elongation Index 1.86 1.84 1.79 1.71 1.54

Table 2. Image-based shape index properties of a single particle through the degradation process
based on cyclic loading test

Number of Load Cycles 200,000 400,000 600,000 800,000 1,000,000
Before After Before After Before After Before After Before After

Properties 

Volume ( ) 41741.56 41626.36 41918.06 41876.98 37571.70 37494.04 35537.90 35180.89 46276.88 45964.24
Area ( ) 7014.41 6995.18 7193.29 7189.96 6616.51 6603.45 6670.24 6626.64 7565.30 7426.14
Angularity index (AI) 2995.73 2798.45 2721.55 2302.6 2631.65 2299.56 2312.30 2038.80 2671.57 2333.41
Surface-texture Index (SI) 338.59 322.45 258.79 249.59 248.41 235.69 296.40 271.70 284.90 250.50
Flatness & Elongation 
Index 1.83 1.83 1.76 1.72 1.89 1.89 1.71 1.68 1.91 1.88
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Abstract. This paper presents a comprehensive review on the finite element anal-
yses for the performance-based design of the Floodwall, an important component
of hurricane storm surge barrier for New Orleans, Louisiana. The finite element
models are calibrated and verified with a lateral pile load test, and they are used
to derive the design hurricane storm surging loads on the Floodwall. Such storm
surging loads are used to determine the seepage cut-off depth of the wall based
on design seepage criteria. The settlement of the Floodwall during its design life
is estimated by the finite element consolidation analysis with considering soil-
pile-interaction. Finally, a brief discussion is given to the finite element stability
analysis for an effective remediation design of the submerged rock dike of the
Floodwall using a soil cut-off structures at the dike toe.

1 Introduction

In 2005, Hurricane Katrina hit the city of New Orleans, Louisiana, and the storm surge
overwhelmed the existing levee system of the Inner Harbor Navigation Canal (IHNC),
resulting in a devastated flooding of the city (Duncan et al. 2008; IPET 2007). In order
to protect the city from future hurricanes, the U.S. Army Corps of Engineers decided to
build a storm surge barrier across Lake Borgne on the east of New Orleans between the
Mississippi River-Gulf Outlet (MRGO) and the Gulf Intercoastal Water Way (GIWW).
An important component of the surge barrier is the 3.2-km long Floodwall (Huntsman
2011; Reid 2013). The general soil profile at the construction site consists of Holocene
age mash and soft clay overlying Pleistocene deposits. Due to the deep soft ground
condition, the Floodwall was designed as a laterally braced piled wall, with a submerged
rock dike over the MRGO channel. The high storm surge loading combined with the
very deep soft soils created significant design challenges for the Floodwall. These design
challenges include determining the appropriate hurricane storm surge loads on the wall,
estimating the settlement of the wall during its design life, and evaluating the global
stability of the wall under design storm surge loading. A safe and cost-effective design
of the Floodwall "floating" in soft-medium-stiff clays required a thorough understanding
of the soil-pile-interaction to satisfy design requirements for structural strength and
serviceability. For this purpose, finite element Soil-Structure-Interaction (SSI) analysis
models were developed to assess the performance of the Floodwall under the design
hurricane surge condition (Dong and Schwanz 2011; Dong 2016).
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This paper presents a comprehensive review on finite element model analyses that
were used to assess the performance of the Floodwall under storm surging loads, with
respect to several important geotechnical aspects, including soil-pile interaction, seep-
age, settlement and rock dike stability. First, the general condition of the subsurface
profile at the site and the details of the Floodwall are presented. Next, the finite element
SSI model are briefly described. Then, the calibration and verification of the soil input
parameters and finite element model with the results of a lateral pile load test are dis-
cussed. The finite element SSI seepage analyses are used for deriving the appropriate
hurricane storm surge loads on the wall, which are used to determine the seepage cut-
off of the wall. Next, the finite element settlement analysis that is used to estimate the
consolidation of the Floodwall over the MRGO channel with a submerged rock berm is
described. Finally, a brief discussion is given to the finite element stability analysis for
the effective remediation design of the submerged rock dike of the Floodwall using a
soil cut-off structures at the toe.

2 General Subsurface Profile

The general subsurface profile at the construction site include a very soft organic surficial
clay (or Marsh) layer underlain by the Interdistributary and Prodelta soft clay deposits.
The soft clay is underlain by Pleistocene medium and stiff clay, with an intrusion layer
of nearshore gulf (Interdelta) sand in some areas. Both soil borings and field Cone Pen-
etrometer Tests (CPT) were made at several locations to determine the soil profile and
shear strengths along the structure alignment. The soil profile and design soil shear
strengths for a typical Floodwall design ranch are shown in Table 1 (EUSTIS 2009). In
Table 1, γ sat , su, φ, Nuukh and kv represent the saturated unit weight, shear strength,
internal friction angle, undrained Poisson ratio, horizontal and vertical hydraulic con-
ductivities of soil layers. The soil hydraulic conductivities were estimated based on the
design manual DIVR-1110-1-400 (USACE 1998).

Table 1. General soil profile and design parameters

Elevation (m) Soil Type (USCS) γsat (kN/m3) su (kPa) � (deg) νu kh/kv (10−3 m/day)

0 to −3.7 PT 10.8 4.8 0.4 1.7/0.5

−3.7 to −6.1 CH 16.5 5.0 0.4 1.7/0.5

−6.1 to −15.2 CH 15.7 5.0 –21.7 0.4 1.7/0.5

−15.2 to −18.3 CH 17.3 25.2 –32.3 0.4 1.7/0.5

−18.3 to −21.3 SM 19.7 30 0.4 73.5/37.0

−21.3 to −35.1 CH 18.1 37.3–60.0 0.42 1.7/0.5

−35.1 to −51.8 CL 17.4 52.3–91.9 0.45 1.7/0.5

Below −51.8 CL 17.4 52.3–103.9 0.45 1.7/0.5
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3 Floodwall

The Floodwall is built over the Lake Borgne and MRGO at the east of New Orleans,
South Louisiana, with a total length of about 3.2 km. Along with a sector gate over
the GIWW, the Floodwall creates a surge barrier to prevent future storm surges from
entering the City of New Orleans during hurricane seasons. The typical Floodwall is
composed of vertical precast post-tensioned cylindrical concrete piles with an outside
diameter of 1.7 m and a thickness of 15.2 cm. These large diameter cylindrical concrete
piles are driven closely and braced by steel-pipe batter piles with a batter angle of 34°
(or a slope of 1 H:1.5 V). The embedment length of the plumb piles of the Floodwall
is about 35 m from the mudline at EL-4.6 m, and their center-to-center spacing is 1.8
m. The steel batter piles have a wall thickness of 1.9 cm above EL-8.2 m and 1.3 cm
below and were driven into the ground to EL-58 mwith a center-to-center spacing of 3.6
m. The interstitial space between plumb cylindrical piles of the Floodwall was closed
by the irregular pentagonal closure piles with jet grout applied to seal the gap between
the closure and cylindrical piles. The Floodwall provides a flood protection to El +
7.6 m with wave deflectors to El+ 7.9 m. Figure 1 shows a photograph of the Floodwall
during construction. The soft clay foundation conditions and large storm surge loading
combined to create design challenges of the Floodwall. A safe and cost-effective design
of the Floodwall “floating” in soft-medium-stiff clayey soils required a thorough under-
standing of soil-pile-interaction to satisfy design requirements for structural strength and
serviceability. For this purpose, soil-structure-interaction finite element model analyses
were conducted to assess the performance of the Floodwall under design hurricane surge
loading conditions.

Fig. 1. Floodwall with batter piles during construction

4 Finite Element Model

4.1 Model Configurations

The finite element SSI model of the Floodwall were developed using a commercial
geotechnical computational program PLAXIS 2D (Brinkgreve 2002). In the 2D finite
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element model, the elasto-plastic plate (or beam) elements were used for both vertical
and batter piles. The structural properties (e.g. axial stiffness and flexural rigidity) of
elementswere determinedbydividingpile properties by the pile center-to-center spacing.
This smearing approach was also applied to define unit weights of beam elements. The
connection of the vertical pile to the cap beam is fixed, but a pinned connection was
used for the batter pile to cap beam. The advanced hardening soil model was used
in the finite element analyses to describe the nonlinear soil reaction behavior to pile
deformation (Brinkgreve 2002; Duncan and Chang 1970). The computational domain
was discretized using high order (6-node) triangular elements. To save the computational
time, a finer mesh was used in the soil wedges adjacent to vertical piles while the coarser
mesh was used in the region far from the Floodwall structure. Sensitivity analyses have
been performed to verify the accuracy of such selected finite element mesh. Based on
the soil shear strength characteristics, an average strength reduction factor of 0.67 was
applied to the soil-structure interface elements to simulate the soil adhesion to piles.
The standard fixity boundary conditions were used in the finite element model, i.e.
fixed in horizontal direction on the vertical boundaries and fixed in both horizontal and
vertical directions on the bottom of the model. A close boundary condition was also
set on the bottom of the model during the groundwater seepage calculations. Figure 2
shows the finite element model configuration. The calculation phases were created in
the finite element modeling for major construction sequences such as construction of the
dredged channel, installation of piles and the placement of scour stone layer. Additional
calculation phases were also created for different design loads cases, including hurricane
loading case. Based on the evaluation of geological and hurricane condition, the long-
period surging load to the top ofwall is considered critical for the design of the Floodwall,
and it is modeled as the hydrostatic water load in the finite element analyses.

Flood sideProtected side

Fig. 2. Finite element model configuration of the Floodwall

4.2 Lateral Pile Load Test

To better model the soil-pile-interaction behavior in the 2D finite element SSI analysis,
the lateral resistance of local soft clays to laterally loaded large-diameter piles were cali-
brated by the results of a lateral pile load test. The lateral pile load test was performed on a
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Fig. 3. Field measurements and numerical predictions of load-deflection behavior of the test pile

prototype cylindrical precast post-tensioned concrete pile of the Floodwall (Reese 2009).
Using the revised Matlock approach (Matlock 1970; Lee and Gilbert 1979; Dong and
Schwanz 2011), the in-situ stiffness’s of soft clay under the single pile deformation were
derived and they are used in 2D finite element models to reflect 3D pile-soil-interaction.
Figure 3 shows the comparison of the numerical predictions and field measurements on
the deformation of tested pile under different test loads. The good agreement of numer-
ical predictions with field measurements supports the reconciliation of soil stiffness’s
with the p-y interpretation from the lateral pile load test and the rigorousness of the finite
element modelling for the soil-pile interaction.

5 Soil Structure Interaction

5.1 Pile-Soil Interaction

The plumb piles of the Floodwall were installed closely, resulting in the overlapping of
the activated passive soil wedges of laterally loaded adjacent piles. Such overlapping
would result in an increase in the soil stress level within the interfered passive wedges of
the pile, and consequently leading to an increase in soil strain based on the stress-strain
relationship of the soils. In order to take into account this pile group interaction effect,
soil wedges from pile tips to mudline are introduced in the 2D finite element models
in the vicinity of the plumb pile wall (see Fig. 1). Using the soil wedge concept, the
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group effect of closely spaced vertical cylinder piles of the Floodwall was taken into
consideration in the soil finite element model by reducing soil strength and stiffness
parameters by a group reduction factor (Ashour et al. 1998; 2004; Dong and Schwanz
2011).

5.2 Active Pore Pressures

First, the finite element model was used to investigate the storm surging loads on the
Floodwall under design hurricane conditions, which would induce a high-water level at
EL7.5mat flood side and a low-water level at EL0.5mat the protected side, respectively.
The corresponding hydrostaticwater pressures on thewall to this high and lowwater level
are shown Fig. 4(a). Both steady-state and transient seepage analyses were performed
using soil hydraulic conductivity as shown in Table 1, and corresponding steady-state
and transient pore water pressures on the Floodwall in the soil layers are also shown in
Fig. 4(a). The steady-state pore pressures correspond to the long-term ultimate stage of
the subsurface flow under storm surging condition, which would only be achieved in a
relatively long period in the clayey soil materials. The transient pore water pressures, on
the other hand, correspond to the short-term subsurface flow state under storm surging
condition,which only takes place in the shallow soil layers during one-day surging period
due to low permeability of soils. However, both long-term steady state and short-term
transient pore water pressures do not include the water surcharge effect on foundation
soft soils under the storm surging condition. During one-day storm surging period, the
foundation clay layers can be considered to have undrained behaviors, and therefore,
excess pore water pressures would develop under the water volume surcharge on the
flood side. Such excess pore pressures also include the effect of soil volume change due
to the SSI effects of the Floodwall with adjacent soils. Thus, the active pore pressures
on the Floodwall under storm surge loading condition consists of the transient pore
pressures and the excess pore pressures due to the undrained behavior of the clay layers
(Dong, 2016). Such active pore pressures are captured by the finite element SSI analysis,
and they are shown in Fig. 4(a) as well.

5.3 Model Results

With the verification of the finite element model with lateral pile load tests and com-
prehension on storm surging loads on the wall, the finite element SSI models were
used to assess the performance of the Floodwall under design hurricane loading con-
dition. Figure 4(b) shows the computational results of the unfactored bending moment
distribution along the vertical pile corresponding to critical design load case including
high storm surge water pressures on the flood side. Figure 4(b) also includes numerical
results from a p-y curve-based GROUP model analyses (Reese et al. 2010). In GROUP
model analyses, the storm surge induced net unbalanced pressures on the vertical pile
wall below the mudline were derived from the finite element SSI analysis. A very good
agreement of the design bending forces on the vertical pile was observed between the
finite element analysis and GROUP model as shown in Fig. 4(b). The discrepancy in
the numerical results in pile bending moment below EL-15 m mainly attributes to the
fact that the finite element model analysis indicate the soil movements in the vicinity
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of piles, which would release the restrains on piles and reduce the bending demands on
piles. Such soil movements were not included in the GROUP analysis.

(a) Pressure distributions         (b) Bending moments of plumb piles 
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Fig. 4. Outputs of finite element SSI analyses of the Floodwall

6 Seepage Cutoff

As stated previously, closure piles with grout soil columns were installed between the
cylindrical piles to provide a seal to reduce leakage. The depth of the grouted soil
column for seepage cutoff was determined based on three seepage criteria as required by
Hurricane and Storm Risk Reduction System Design Guide (HSDRRS) (USACE 2012)
including exit gradient, Terzaghi piping and heave criteria (Terzaghi 1995; Dong 2012).
The exit gradient criterion requires that the critical hydraulic gradient of subsurface
flows be greater than the exit gradient, to avoid zero effective stress condition. Terzaghi
piping criterion requires that the buoyant weight of overlying soils be greater than the
upward seepage force at seepage cut-off tip, to avoid an effective heave phenomenon
that a mass of soil may be lifted initially then followed by piping. The heave criterion is
like Terzaghi piping criterion but is based on total stress approach. Using these design
criteria and the active pore water pressures obtained from finite element SSI analyses,
as presented in Fig. 3(a), the distributions of safety factors for seepage cut-off along the
Floodwall in one design reach per different design criteria are calculated and shown in
Fig. 5. The dashed red lines in Fig. 5 represent the minimum factors of safety required by
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the HSDRRS for each seepage criterion. Based on these minimum factors of safety, the
required seepage cut-off depth of the Floodwall for each criterion can be easily obtained
from these safety factor distributions.

(a) Exit gradient                  (b) Terzaghi piping         (c) Total weight heave 
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Fig. 5. Distributions of safety factors based on design seepage cutoff criteria

7 Settlement Analyses

7.1 Consolidation Model

The southern portion of the Floodwall was built across the MRGO channel that has a
maximum depth of about 12.8 m below mean sea level at the EL + 0.0. This portion of
Floodwall is referred as theMRGOClosure, and it requires a submerged rock berm with
a top elevation to EL-4.5 m over the outlet channel to provide lateral supports to the wall.
The berm consists of two rock dikes on both sides of the wall with a side slope of 1 V:9 H
and a sand core in between to facilitate driving of the piles. A final 6-feet rip rap stone
layer with a side slope of 1 V:3 H was placed atop of the sand core for scour protection.
The max length of the berms along the channel at top and bottom are about 49 and 175
m, respectively. The placement of the rock berm with a maximum thickness of about 8.2
m induces a significant consolidation of the soft soils beneath. Such settlement had to
be addressed in the design of the MRGO Closure. For this purpose, a finite element soft
soil creep (SSC) model (Brinkgreve 2002) was created to estimate the consolidation of
the MRGO Closure during its 50-year design life. Figure 6 shows the cross section of
the MRGO Closure at the center of outlet channel with a mudline at EL-12.8 m.

7.2 Consolidation Calculations

First, the consolidation of the rock berm along the central line of the outlet channel
(with a thickness of about 8.2 m) with a 50-year design life was investigated using



Design and Analyses of the Hurricane Protection Floodwall 67

Fig. 6. Cross section of the MRGO Closure with rock berm at the outlet channel center (mudline
at EL-12.8 m)

the 2D finite element SSC model. The corresponding settlement profiles corresponding
to different time spans, obtained from the finite element consolidation analyses, are
shown in Fig. 7(a). These numerical predictions indicated a settlement of about 45 cm
for the MRGO berm along its center line in 50 years. However, these consolidation
calculations are only for the rock berm and they do not consider the influence of the
Floodwall structures built through it. To estimate the settlement of the MRGO Closure
during its design life, the finite element model was rerun again with the Floodwall pile
structures. The equivalent structural properties of the vertical and batter piles in the 2D
finite element model were determined by considering the spacing of vertical pile and
batter pile. The unit weight of vertical pile includes the weight of closure piles, jet grout
around pile and buoyance effects. The corresponding settlement profile along the center
line of the berm, obtained from the finite element analyses, is shown in Fig. 7(b). It can
be seen by comparing Figs. 7(a) and 7(b) that the less consolidation of the berm can be
expected due to the interaction between pile and soils. With the pile structures installed,
the adjacent settling soil under surcharge will create down-drag forces on the piles, and
thus the surcharge loads are transferred to deeper more competent soils. The settlement
of the MRGO Closure in 50 years is approximately equal to the soil settlement of about
20 cm at the vertical pile tip elevation of EL-40 m (see Fig. 7(b)).

8 Stability of Rock Berm

8.1 Deep-Seated Soil Failure Below Rock Dike.

During the construction of the rock berm of the MRGO Closure, field observations
indicated rotational displacements of the rock berm and implied a global slip movement
of the soft soils beneath the rock dike on the flood side. Bathymetric surveys identified
mud waves at toe of the rock dike on the flood side, accompanying a displacement of
the sand core and the upper portion of rock dike. This deep-seated soil failure beneath
the rock dike was successfully captured by the finite element stability analysis (Dong
et al. 2012). The φ-c reduction approach was used in the finite element stability analysis.
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Fig. 7. Finite element settlement estimates of the MRGO Berm

The analysis showed a safety factor of 1.1 for the as-built condition of the rock dike,
indicating a marginally stable conditions of the rock dike as observed. This deep-seated
slip failure in the weak soil layer created displacement of dick crest and a mud wave at
the rock dike toe as shown in Fig. 8(a).

8.2 Soil Cut-Off Structures

In order to increase the stability of the rock berm, the rock dike on the flood side was
redesigned with a sheet-pile soil cut-off structure at its toe. The penetration depth and
grade of the sheet-pileswere determined based on the finite element SSI stability analysis
with a minimum target safety factor of 1.5. Figure 8(b) shows the corresponding critical
failure surface with a safety factor equal to 1.51, obtained from finite stability analysis
with a sheet pile embedment of 13m.With such embedment length, the sheet pile cut-off
structure penetrated through the weak soil layer and embedded into the stronger soils
below. It can be seen from the Fig. 8(b) that the slip failure surface and mud wave that
occurred previously in the weak soil layer were successfully cut-off by the sheet pile
wall.
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(a) As built rock dike deformation 

(b) Failure surface with sheet pile cut-off

Sand core
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Fig. 8. Finite element stability analysis results of rock dike

9 Conclusions

Finite element model analyses have been successfully used for the performance-based
design of the Floodwall that was built in the soft soil foundation to satisfy the design
requirements for hurricane storm surge barrier system. The soil input parameters and
the finite element models are calibrated and verified by the results of a lateral pile
load test. The finite element SSI analyses are used to address several important design
challenges including determining appropriate hurricane storm surge loads on the wall
and the seepage cut-off depth of the wall, predicting the settlement of the wall during its
design life, and the effective remediation design of the rock berm of theMRGOClosure.
With the aid of the finite element modeling analyses, the Floodwall was designed safely
and economically.

References

Ashour, M., Norris, G.M., Pilling, P.: Lateral loading of a pile in layered soil using the strain
wedge model. J. Geotech. Geoenviron. Eng. 124(4), 303–315 (1998)

Ashour, M., Pilling, P., Norris, G.M.: Lateral behavior of pile group in layered soils. J. Geotech.
Geoenviron. Eng. 130(6), 580–592 (2004)

Brinkgreve, R.B.J.: PLAXIS Manual. Delft University of Technology & PLAXIS b.v, The
Netherlands (2002)

Dong, W., Schwanz, N.: Finite element soil-pile interaction analysis of Floodwall in soft clay. In:
Han, J., Alzamora, D.E. (eds.) Proceedings of Geo-Frontiers 2011-Advances in Geotechnical
Engineering, Dallas, Texas, pp. 4378–4387 (2011)



70 W. Dong and R. Bittner

Dong, W.: Finite element seepage analysis of the floodwall in South Louisiana.In: Proceedings of
Ports 2016: Port Engineering, New Orleans, Louisiana, pp. 223–232 (2016)

Dong, W., Yao, S., Hill, A., Neil, S.: Investigations of stability improvements for submerged
embankment on soft clay in South Louisiana. In: Proceedings of ASCE GeoCongress 2012-
State of the Art and Practice in Geotechnical Engineering, Oakland, California, pp. 624–633
(2012)

Duncan, J.M., Brandon, T.L., Wright, S.G., Vroman, N.: Stability of I-walls in new orleans during
Hurricane katrina. J. Geotech. Geoenviorn. Eng. 134(5), 681–691 (2008)

Duncan, M., Chang, C.Y.: Nonlinear analysis of stress and strain in soils. J. Soil Mech. Found.
ASCE 96(5), 1629–1653 (1970)

EUSTIS: Geotechnical Interpretation Report (GIR). EUSTIS Engineering LLC, NewOrleans, LA
(2009)

Huntsman, S.R.: Design and construction of the lake borgne surge barrier in response to Hurricane
karina. In: Magoon, O.T., Noble, R.M., Treadwell, D.D., Kim, Y.C. (eds.) Proceedings of the
2011 Conference on Coastal Engineering Practice, pp. 117–130 (2011)

IPET. Performance Evaluation of the New Orleans and Southeast Louisiana Hurricane Protection
System. Final Report of the Interagency Performance Evaluation Taskforce, US Army Corps
of Engineers (2007)

Lee, P.Y., Gilbert L.W.: Behavior of laterally loaded pile in very soft clay. In: Proceedings 11th
Annual Offshore Technology Conference, Houston, pp. 387–395 (1979)

Matlock, H.: Correlations for design of laterally loaded piles in soft clay. In: Proceedings Second
Annual Offshore Technology Conference, Houston, pp. 577–594 (1970)

Reese, L.C., et al.: Report of Lateral Pile Load Test in Primary Floodwall System at Inner Harbor
Navigation Canal. Orleans and St. Bernard Parishes, Louisiana (2009)

Reese, L.C., Wang, S.-T., Vasquez, J.: A Program for the Analysis of a Group of Piles Subjected
to Vertical and Lateral Loading. Version 8, Ensoft, Inc., Austin, Texas (2010)

Reid, R.L.: Defending New Orleans, special report. Civil Eng. Mag. ASCE 83(11), 48–67 (2013)
Terzaghi, K., Peck, R.B., Mesri, G.: Soil Mechanics in Engineering Practice-, 3rd edn. JohnWiley

& Sons, New York (1995)
U.S. Army Corps of Engineers. Hurricane and Storm Damage Risk Reduction System Design

Guidelines, Section 3.0 − Geotechnical (Updated 12 Jun 2008), New Orleans District
Engineering Division, New Orleans, LA (2012)

U.S. Army Corps of Engineers. Soil Mechanics Design Data, Section 8 − Ground Water and
Seepage, DIVR 1110–1–400 Engineering and Design, Mississippi Valley Division Vicksburg,
Mississippi (1998)



Study on Stability of Tunnel Portal Section
Based on Strength Reduction Shortest

Path Method

Wei Wang, Guiqiang Gao(B), Mingjun Hu, Yanfei Zhang, and Haojie Tao

School of Civil Engineering, Central South University, Changsha 410075, China
albertgao@csu.edu.cn

Abstract. It is very significant tomaintain the stability of surrounding rock during
the entire lifetime of the tunnel. Generally speaking, the stability of the surround-
ing rock in the portal section of the tunnel is the worst. Therefore, it is meaningful
to study the instability mechanism and factors affecting the instability of the sur-
rounding rock in the tunnel portal section. In this paper, we studied the stability of
tunnel surrounding rock based on a novel double strength reduction method (the
strength reduction shortest path method). The double strength reduction method
was used to reduce the cohesion and internal friction angle with different reduction
factors in the stability analysis of surrounding rock.We used the overall safety fac-
tor to evaluate the stability of the tunnel. The smaller the overall safety factor, the
more likely the tunnel is to lose stability. The influence of strength parameters of
surrounding rock on the stability of the portal section was discussed emphatically.
The results show that: As the reduction ratio λ increases, the length of the strength
reduction path first decreases and then increases, which indicates that there is a
shortest strength reduction path; It is reasonable to take the drastic change of the
vault displacement as the instability criterion; As the initial internal friction angle
and the initial cohesion increase, the length of the strength reduction shortest path
and the overall safety factor increase, in which the effect of the internal friction
angle is more significant.

This paper can provide a new method for studying the stability of the tunnel
portal section and provide a useful reference for future tunnel construction.

Keywords: Shallow buried mountain tunnel · Tunnel portal section ·
Surrounding rock stability · Double strength reduction method · The shortest
strength reduction path method

1 Introduction

The surrounding rock of the tunnel portal section is usually severely weathered. The rock
mass there is loose and broken, which probably leads to slope instability. Therefore,
it is of great practical significance to analyze the instability mechanism, and factors
affecting the instability of the surrounding rock in the tunnel portal section. At present,
the commonly used methods for stability analysis of rock and soil mass include the limit
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equilibrium method [1, 2], limit analysis method [3, 4], and strength reduction method
[5]. Among all the methods, when using the strength reduction method, the safety factor
and failure position of the slope can be obtained without assuming the location and
form of the slip plane. And large-scale finite element software such as ABAQUS, Midas
can provide convenience for the solution. Consequently, this method is widely used in
engineering and is the dominating method to analyze the stability of complex rock and
soil mass.

The reduction mechanism of the traditional strength reduction method is to reduce
the cohesion and internal friction angle in the same proportion. By increasing the reduc-
tion coefficient, the overall safety factor can be obtained when the rock and soil reach
the critical instability state [6, 7]. However, this method ignores that the cohesion and
internal friction angle have a different impact on the stability of rock and soil. To make
up for the defect of the traditional strength reduction method, the double strength reduc-
tion method that uses different reduction factors was proposed [8–11]. When the double
strength reduction method is used to study the stability of tunnels, the uncertainty of
tunnel instability modes will reduce the applicability of commonly used instability cri-
teria. Therefore, it is necessary to focus on determining an instability criterion suitable
for tunnel stability analysis. Besides, determining the appropriate reduction coefficient
is the key and basis for the application of this method. There are few studies on the
stability of the tunnel portal section based on the double strength reduction method at
present. And most relative studies used two-dimensional models, which couldn’t reflect
the engineering geological conditions and the distribution characteristics of the free face.
The three-dimensional model based on the strength reduction method is usually used in
slope stability research [12, 13].

In this paper, based on a novel double strength reduction method (the strength reduc-
tion shortest path method), a three-dimensional model of the tunnel portal section was
established to reveal the instability law of rock and soil mass. The research results of this
paper could provide a reference for scientific researches and engineering application of
tunnel engineering.

2 Strength Reduction Shortest Path Method

2.1 Reduction Mechanism

To obtain reasonable reduction factors, ISAKOV et al. [14] proposed a new method,
namely the strength reduction shortest path method, in a study on the subgrade stability
in 2010. Then they successfully applied this method to the slope stability analysis in
2014 [15]. They reduced the cohesion c and the internal friction angle ϕ according to
different reduction factors. The reduction factor of cohesion was Fc, and the reduction
factor of internal friction angle was Fϕ , as shown in formula (1). The definition of the
reduction factors in this method is the same as that of the double strength reduction
method. {

Fc = c0
cSRT

Fφ = tanφ0
tanφSRT

(1)
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Where c0 and ϕ0 are the initial cohesion and the initial internal friction angle, respec-
tively, cSRT and ϕSRT are the reduced cohesion and the reduced internal friction angle,
respectively.

The ratio of Fc to Fϕ is defined as the parameter reduction ratio λ, namely λ =
Fc /Fϕ . In Fig. 1,M0 represents the original state of the tunnel,Mn represents a certain
limit state of the tunnel (n is a positive integer). The reduction path L can be obtained
by connecting M0 and Mn, and its expression is show in formula (2).

L =
√(

1 − 1

FC

)2

+
(
1 − 1

Fϕ

)2

(2)

The reduction ratio λ theoretically has innumerable values, and correspondingly
there are countless reduction paths. The limit state line is obtained by connecting all the
limit state points. Lk is the traditional strength reduction path, and its intersection point
with the limit state line isMk . Among all reduction paths, there must be a reduction path
that is the shortest, which is expressed as Lmin in Fig. 1. Through this shortest reduction
path (the shortest path of strength reduction), the tunnel can reach the limit state at the
fastest from the initial state.

Fig. 1. Schematic diagram of the limit state line

Pan Jiazheng proposed the principle of maximum and minimum stability of rock
and soil mass [16]. He believes that when the rock and soil mass become unstable, the
sliding surface will provide the maximum anti-sliding force it can provide. However,
this maximum anti-sliding force is the smallest of all potential sliding surfaces. Pan’s
principle is similar to the strength reduction shortest path method and can help us get a
physical interpretation of the strength reduction method.

2.2 Definition of the Overall Safety Factor

When calculating the overall safety factor of the shear failure of the tunnel surrounding
rock based on the traditional strength reduction method, because the cohesion and the
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internal friction angle are reduced in the same proportion, the overall safety factor is
Fs = Fc = Fϕ . In this case, the overall safety factor has a clear physical meaning and
can be solved simply. However, when adopting the double strength reduction method,
it is difficult to calculate the overall safety factor. This is because the cohesion and the
internal friction angle have different reduction factors, and their effects on the overall
safety factor are difficult to evaluate quantitatively.

While ISAKOVproposed the strength reduction shortest pathmethod, he also defined
the overall safety factor (as shown in formula (3)). We adopted this overall safety factor
defined by ISAKOV in this paper. By substituting formula (2) into formula (3), the final
expression of overall safety factor can be obtained, as shown in formula (4).

Fs = 1

1 − L
/√

2
(3)

Fs = 1

1 −
√(

1 − 1
FC

)2 +
(
1 − 1

Fϕ

)2/√
2

(4)

3 3D Model Establishment and Result Analysis

In this paper, ABAQUS was used to calculate the model. To reduce the influence of the
different buried depths of the tunnel vault, we set the model upper surface to be flat. The
size of the model is shown in Fig. 2. The height, the span, the buried depth of the tunnel
profile is 8.18 m, 10.79 m, and 10.79 m separately. Parameters of surrounding rock in
the model: bulk density γ = 20kN/m3, initial cohesion c0 = 150kPa, initial internal
friction angle ϕ0 = 24◦, elastic modulus E = 1.3GPa, Poisson’s ratio υ = 0.35.

Fig. 2. Schematic diagram of the model (unit: m)
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Fig. 3. Arch crown settlement curves under different reduction ratios

The arch crown settlement at the tunnel portal section under different reduction ratios
is shown in Fig. 3.

By substituting the reduction factors corresponding to displacement mutation points
in Fig. 3 into formula (2) and (4), we got the lengths of reduction paths and the overall
safety factors under different reduction ratios separately. The calculation results are
shown in Table 1.

Table 1. The overall safety factors under different reduction ratios

λ Fc Fϕ L2 Fs

0.5 1.741 3.481 0.689 2.421

0.6 1.788 2.979 0.635 2.292

0.7 1.813 2.589 0.578 2.162

0.8 1.860 2.325 0.539 2.079

0.9 1.918 2.131 0.511 2.022

1.0 1.981 1.981 0.491 1.981

(continued)



76 W. Wang et al.

Table 1. (continued)

λ Fc Fϕ L2 Fs

1.1 2.025 1.841 0.465 1.931

1.2 2.100 1.750 0.458 1.918

1.3 2.145 1.650 0.440 1.884

1.4 2.223 1.588 0.440 1.882

1.5 2.241 1.494 0.416 1.838

1.6 2.240 1.400 0.388 1.787

1.7 2.295 1.350 0.386 1.783

1.8 2.340 1.300 0.381 1.775

1.9 2.414 1.271 0.389 1.788

2.0 2.534 1.267 0.411 1.829

Fig. 4. The arch crown settlement curve under different reduction ratios
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It can be seen fromTable 1 that as the reduction ratio λ increases, the reduction factor
of cohesion gradually increases, while the reduction factor of internal friction angle
gradually decreases. The reduction ratio λ and the overall safety factor Fs corresponding
to the shortest path are 1.8 and 1.775, respectively. Research results show that the strength
reduction shortest path method is suitable for the stability analysis of surrounding rock
of the three-dimensional tunnel model.

The arch crown settlement of the tunnel excavation face (Y = 50) under different
reduction ratios is shown in Fig. 4.

By substituting the reduction factors corresponding to displacement mutation points
in Fig. 4 into formula (2) and (4), we got the lengths of reduction paths and the overall
safety factors under different reduction ratios separately. The calculation results are
shown in Table 2.

Table 2. The overall safety factors under different reduction ratios

λ Fc Fϕ L2 Fs

0.5 1.813 3.625 0.725 2.514

0.6 1.900 3.167 0.693 2.430

0.7 1.925 2.750 0.636 2.293

0.8 2.038 2.547 0.628 2.275

0.9 2.045 2.272 0.574 2.155

1.0 2.108 2.108 0.552 2.108

1.1 2.137 1.943 0.518 2.037

1.2 2.190 1.825 0.500 1.999

1.3 2.275 1.750 0.498 1.996

1.4 2.310 1.650 0.477 1.954

1.5 2.346 1.564 0.459 1.920

1.6 2.400 1.500 0.451 1.905

1.7 2.465 1.450 0.450 1.901

1.8 2.520 1.400 0.445 1.894

1.9 2.600 1.369 0.451 1.905

2.0 2.676 1.338 0.456 1.914

It can be seen from Table 2 that the reduction ratio corresponding to the shortest
path of the tunnel excavation face is 1.8, which is equal to that of the portal section. In
both cases, the displacement mutation of the vault is taken as the instability criterion.
However, the overall safety factor of the portal section is 1.894, which is greater than that
of the excavation face (1.775). The above indicates that under normal circumstances,
the portal section will lose stability first and is the most dangerous part of the tunnel.

In Fig. 5-a, the abscissa value represents the distance between the current section
and the tunnel portal section (Y = 0), and the ordinate value represents the settlement of
the vault. With the increase of the distance from the portal, the settlement of the tunnel
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vault decreases gradually. Figure 5-b and Fig. 5-c are the settlement diagram and the
plastic deformation diagram separately. The tunnel portal section is located at the red
box. The number of free faces of the tunnel portal is more than that of tunnel trunk and
tunnel excavation face. According to the principle of material mechanics, the more free
faces a material has, the more likely it is to break. It can be seen from the figures that
the portal section has the largest vault displacement, and its plastic deformation of the
arch waist is the largest. Therefore, it can be concluded that the portal section (Y = 0)
is the dangerous section of the tunnel model.

Fig. 5. Arch crown settlement andplastic deformation at different distances from theportal section
(λ = 1.8)

Figure 6 shows the distribution of surrounding rock deformation within the range of
0-50m from the tunnel portal. Because the constraint of the portal section is less than
others in the tunnel, the displacement of surrounding rock in the portal is larger. And
the displacement trend of vault and ground surface is subsidence. As the tunnel section
moves from the portal to the tunnel excavation face, the surrounding rock displacement
of the tunnel section shows a decreasing trend. The largest plastic deformation of all
sections occurs at the arch waist. And the plastic deformation of the arch waist at the
tunnel portal section is the greatest among all sections. With the tunnel section moving
from the portal to the tunnel excavation face, the plastic deformation of the surrounding
rock decreases. As the calculation time increases, the plastic deformation at the waist
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expands both in the X direction and the Y direction. However, it is faster to extend in
the X direction than in the Y direction. Besides, the plastic zone in the two directions
gradually extends to the ground surface.

Fig. 6. The plastic deformation diagram of the tunnel with the increase of calculation time (λ =
1.8)

The original equilibrium state of rock and soil mass at the portal is destroyed due to
excavation. As a result, the rock and soil mass will have the corresponding displacement.
When the vault displacement changes drastically, the tunnel vault and surrounding rock
on the ground surface will collapse rapidly, which will lead to tunnel instability.
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4 Influence of Strength Parameters on Stability of Surrounding
Rock at the Tunnel Portal

4.1 Influence of Initial Internal Friction Angle

Four conditions of initial friction angle were set to be 20°,22°,24°, and 26°. The initial
cohesion was set to be 150kPa, and the surrounding rock parameters were selected
according to grade V surrounding rock. Based on the above information, the calculated
data are shown in Table 3 and Table 4.

Table 3. Path lengths and overall safety factors at initial internal friction angles of 20° and 22°

ϕ0 = 20◦ ϕ0 = 22◦

λ Fc Fϕ L2 Fs λ Fc Fϕ L2 Fs

0.5 1.700 3.400 0.668 2.369 0.5 1.700 3.400 0.668 2.369

0.6 1.756 2.927 0.619 2.254 0.6 1.788 2.979 0.635 2.292

0.7 1.775 2.536 0.557 2.118 0.7 1.794 2.563 0.568 2.140

0.8 1.813 2.266 0.513 2.026 0.8 1.813 2.266 0.513 2.026

0.9 1.841 2.045 0.470 1.940 0.9 1.853 2.058 0.476 1.953

1 1.925 1.925 0.462 1.925 1 1.918 1.918 0.458 1.918

1.1 1.953 1.775 0.429 1.862 1.1 1.964 1.785 0.434 1.872

1.2 1.954 1.628 0.387 1.785 1.2 2.040 1.700 0.429 1.864

1.3 1.983 1.525 0.364 1.744 1.3 2.100 1.616 0.420 1.845

1.4 2.044 1.460 0.360 1.737 1.4 2.170 1.550 0.417 1.840

1.5 2.100 1.400 0.356 1.730 1.5 2.175 1.450 0.388 1.787

1.6 2.160 1.350 0.356 1.729 1.6 2.240 1.400 0.388 1.787

1.7 2.210 1.300 0.353 1.725 1.7 2.295 1.350 0.386 1.783

1.8 2.216 1.231 0.336 1.695 1.8 2.295 1.275 0.365 1.746

1.9 2.286 1.203 0.345 1.710 1.9 2.361 1.243 0.370 1.755

2 2.375 1.187 0.360 1.737 2 2.416 1.208 0.373 1.760

As can be seen from Table 3 and Table 4, the reduction ratio (corresponding to the
shortest path of strength reduction) is the same for the four conditions with different
initial internal friction angles, all of which are 1.8. The shortest path length (Lmin) and
the overall safety factor (Fs) corresponding to the four conditions all increase with the
increase of initial internal friction angle (ϕ0). When λ is 1.8, the vault settlement under
four initial internal friction angle conditions is shown in Fig. 7.When the reduction factor
is the same, the higher the initial internal friction angle is, the smaller the settlement
of the arch crown is. When the displacement changes drastically, the reduction factor
increases with the increase of the initial internal friction angle (ϕ0).
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Table 4. Path lengths and safety factors at initial internal friction angles of 24° and 26°

ϕ0 = 24◦ ϕ0 = 26◦

λ Fc λ Fc λ Fc λ Fc λ Fc

0.5 1.741 3.481 0.689 2.421 0.5 1.700 3.400 0.668 2.369

0.6 1.788 2.979 0.635 2.292 0.6 1.775 2.958 0.629 2.277

0.7 1.813 2.589 0.578 2.162 0.7 1.813 2.589 0.578 2.162

0.8 1.860 2.325 0.539 2.079 0.8 1.918 2.397 0.569 2.143

0.9 1.918 2.131 0.511 2.022 0.9 1.981 2.201 0.543 2.088

1 1.981 1.981 0.491 1.981 1 1.981 1.981 0.491 1.981

1.1 2.025 1.841 0.465 1.931 1.1 2.063 1.875 0.483 1.967

1.2 2.100 1.750 0.458 1.918 1.2 2.130 1.775 0.472 1.945

1.3 2.145 1.650 0.440 1.884 1.3 2.210 1.700 0.469 1.940

1.4 2.223 1.588 0.440 1.882 1.4 2.240 1.600 0.447 1.897

1.5 2.241 1.494 0.416 1.838 1.5 2.285 1.523 0.434 1.872

1.6 2.240 1.400 0.388 1.787 1.6 2.340 1.463 0.428 1.861

1.7 2.295 1.350 0.386 1.783 1.7 2.345 1.380 0.405 1.818

1.8 2.340 1.300 0.381 1.775 1.8 2.340 1.300 0.381 1.775

1.9 2.414 1.271 0.389 1.788 1.9 2.428 1.278 0.393 1.797

2 2.534 1.267 0.411 1.829 2 2.525 1.263 0.408 1.824
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Fig. 7. Comparison of tunnel vault settlement under different initial internal friction angles (λ =
1.8)
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Fig. 8. Reduction curves under different initial internal friction angles

It can be seen from Table 3, Table 4, and Fig. 8 that under the limit state, with the
increase of initial internal friction angle, both the reduction factor of internal friction
angle and the reduction factor of cohesion increase, but the growth rate of both gradually
slows down. Therefore, in the actual project, when strengthening the surrounding rock, it
is unreasonable to increase the internal friction angle blindly. Because when the internal
friction angle exceeds a certain value, the improvement measures are neither economic
nor ideal.

With the increase of the initial internal friction angle, although the reduction factor
under the limit state increases, the growth rate of the reduction factor under different
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reduction proportions is not equal. The internal friction angle reduction factor in the range
of λ = 1.0− 1.8 in Fig. 8-a and cohesion reduction factor in the range of λ = 1.2− 2.0
in Fig. 8-b are extracted, as shown in Fig. 9.

Fig. 9. Diagram of reduction factors under different reduction proportions

From Fig. 9-a, when the reduction ratio λ is in the range of 1.0–1.4, with the increase
of the initial internal friction angle, the increase rate of the reduction factor Fϕ is greater.
That is, the internal friction angle in this range has a greater contribution to the resistance
of the surrounding rock to deformation. From Fig. 9-b, when the reduction ratio λ is in
the range of 1.4–1.6, with the increase of the initial internal friction angle, the increase
rate of reduction coefficient Fc is greater. That is, the cohesion in this range contributes
more to the resistance of the surrounding rock deformation.
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The essence of the double strength reduction method can explain the above phe-
nomenon. The essence of the double strength reduction method is to obtain the reduction
factor of cohesion and the reduction factor of the internal friction angle separately (the
two factors are not equal). Then the strength parameters of the rock and soil mass are
reduced according to the determined reduction factors so that the rock and soil mass
reaches the limit state from the initial state. In the reduction process, because of the
different initial setting conditions (different reduction ratios), the coordination between
strength parameters is complex. The analysis in this paperwell reflects this essence.How-
ever, more research is needed on the influence of the reduction law of double strength
parameters on the stability of surrounding rock.

Figure 10 shows the comparison of tunnel plastic deformation under different initial
internal friction angles. It can be seen from the figure that with the increase of the initial
internal friction angle, the failure form of the surrounding rock remains unchanged
when the vault displacement changes drastically, and the plastic deformation shows a
decreasing trend.

Figure 11 shows the comparison of tunnel settlement displacement under different
initial internal friction angles. It can be seen from the figure that with the increase of the
initial internal friction angle, the failure form of the surrounding rock remains unchanged
when the vault displacement changes drastically, and the settlement shows a decreasing
trend.

Fig. 10. The plastic deformation of the tunnel under different initial internal friction angles
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Fig. 11. Tunnel settlement displacement diagram under different initial internal friction angles

4.2 Influence of Initial Cohesion

Three conditions of initial cohesion were set to be 100 kPa, 150 kPa, and 200 kPa. The
initial friction angle was set to be 24°, and the surrounding rock parameters were selected
according to grade V surrounding rock. Based on the above information, the calculated
data is shown in Table 5.

It can be seen from Table 3 that with the increase of initial cohesion c0, the reduction
ratio λ corresponding to the shortest path Lmin increases. With the increase of initial
cohesion c0, both the shortest path length and safety factor show an increasing trend.
The square of reduction path length L2 and reduction ratio λ corresponding to different
initial cohesion c0 in Table 3 were extracted, and the extracted data were parabola fitted,
as shown in Fig. 12.

In Fig. 12, the positions of the three parabolas gradually move up with the increase of
the cohesion, which proves that the path length shows an increasing trend; The symmetry
axis of the parabola also gradually moves to the right with the increase of the cohesion,
that is, the reduction proportion corresponding to the shortest path increases.

It can be seen from Table 5 and Fig. 13 that under the limit state, with the increase of
the initial cohesion, both the reduction factor of internal friction angle and the reduction
factor of cohesion show an increasing trend. But the growth rate of the two will show a
downward trend, which is consistent with the law under different initial internal friction
angle conditions. Therefore, in the actual project, when strengthening the surrounding
rock, it is unreasonable to increase the cohesion blindly. Because when the value of the
cohesion exceeds a certain value, the improvement measures are neither economic nor
ideal. With the increase of initial cohesion, although the reduction factor in the limit
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Table 5. Path lengths and safety factors corresponding to different initial cohesions

c0 = 100KPa c0 = 150KPa c0 = 200KPa

λ Fc Fϕ L2 Fs Fc Fϕ L2 Fs Fc Fϕ L2 Fs

0.5 1.250 2.500 0.400 1.809 1.741 3.481 0.689 2.421 2.150 4.300 0.875 2.954

0.6 1.300 2.167 0.343 1.707 1.788 2.979 0.635 2.292 2.263 3.771 0.851 2.877

0.7 1.400 2.000 0.332 1.687 1.813 2.589 0.578 2.162 2.319 3.313 0.811 2.753

0.8 1.450 1.813 0.297 1.627 1.860 2.325 0.539 2.079 2.361 2.951 0.769 2.633

0.9 1.438 1.597 0.232 1.517 1.918 2.131 0.511 2.022 2.488 2.764 0.765 2.621

1 1.475 1.475 0.207 1.475 1.981 1.981 0.491 1.981 2.572 2.572 0.747 2.572

1.1 1.54 1.4 0.205 1.470 2.025 1.841 0.465 1.931 2.613 2.375 0.716 2.490

1.2 1.596 1.33 0.201 1.464 2.100 1.750 0.458 1.918 2.580 2.150 0.661 2.353

1.3 1.641 1.263 0.196 1.456 2.145 1.650 0.440 1.884 2.576 1.981 0.620 2.255

1.4 1.678 1.198 0.191 1.447 2.223 1.588 0.440 1.882 2.695 1.925 0.626 2.271

1.5 1.752 1.168 0.205 1.471 2.241 1.494 0.416 1.838 2.719 1.813 0.601 2.212

1.6 1.846 1.154 0.228 1.510 2.240 1.400 0.388 1.787 2.780 1.738 0.590 2.189

1.7 1.96 1.153 0.258 1.560 2.295 1.350 0.386 1.783 2.890 1.700 0.597 2.205

1.8 2.064 1.147 0.282 1.602 2.340 1.300 0.381 1.775 2.970 1.650 0.595 2.200

1.9 2.159 1.136 0.303 1.637 2.414 1.271 0.389 1.788 2.898 1.525 0.547 2.097

2 2.27 1.135 0.327 1.679 2.534 1.267 0.411 1.829 2.988 1.494 0.552 2.107
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Fig. 12. Path lengths at different reduction proportions

state increases, the growth rate of the reduction factor in different reduction proportion
ranges is not equal. Extract the reduction factor data of Fig. 13, as shown in Fig. 14.

FromFig. 14-a, when the reduction ratio λ is in the range of 0.5–1.1, with the increase
of the initial cohesion, the increase rate of the reduction factor Fϕ is greater. That is, the
initial cohesion in this range has a greater contribution to the resistance of surrounding
rock to deformation. From Fig. 14-b, when the reduction ratio λ is in the range of 0.5–
2.0, with the increase of the initial cohesion, the growth rate of the reduction factor Fc
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Fig. 13. Reduction curve under different initial cohesions

is nearly unchanged. That is, the reduction ratio λ will not have a significant impact on
the increase of the reduction factor of cohesion.

Figures 15 and 16 show the tunnel plastic deformation and tunnel settlement dis-
placement under different initial cohesions respectively. It can be seen from the figures
that with the increase of the initial cohesion, the failure form of the tunnel surround-
ing rock remains unchanged when the vault displacement changes drastically, and the
settlement shows a decreasing trend.
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Fig. 14. Variation chart of reduction factors under different reduction ratios
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Fig. 15. Tunnel plastic deformation under different initial cohesions

Fig. 16. Tunnel settlement displacement diagram under different initial cohesions
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5 Conclusion

In this paper, a three-dimensional model of the tunnel portal section was established
and analyzed. The stability analysis results of the surrounding rock at the tunnel portal
verified the applicability of the strength reduction shortest path method to the three-
dimensional model. Besides, the stability of tunnel surrounding rock with different
strength parameters was studied by a numerical method, and the changing rules of the
surrounding rock failure form were analyzed. The main conclusions are as follows.

1) As the reduction ratio λ increases, the length of the strength reduction path decreases
first and then increases. And the variation conforms to the parabolic characteristics,
indicating that there is the shortest path for the strength reduction. Thence the appli-
cability of the strength reduction shortest path method in the finite element analysis
of the three-dimensional tunnel model is verified.

2) It is reasonable to select the tunnel portal section as the most dangerous section in
the three-dimensional model with a flat ground surface.

3) By comparing and analyzing the influence of strength parameters on the reduction
factors, it was found that under the limit state, with the increase of strength param-
eters, both the reduction factor of internal friction angle and the reduction factor of
cohesion increase. But their growth rate both shows a downward trend. Therefore,
in the actual project, when strengthening the surrounding rock, it is unreasonable to
increase strength parameters blindly. Because when the strength parameters exceed
a certain value, the improvement measures are neither economic nor ideal.

4) Through the comparative analysis of the influence of strength parameters on the plas-
tic deformation and settlement of the tunnel portal section, we found that the stability
of the tunnel portal section increases with the increase of the strength parameters.
But the change of the strength parameters has no significant effect on the failure
mode of the tunnel portal section. In practical engineering, the reinforcement of the
surrounding rock of the tunnel portal section can enhance the overall stability of
the tunnel. But reinforcement measures can’t change the distribution of dangerous
parts. Therefore, continuous accident prevention should be carried out at the tunnel
portal section.

5) The simulation in this study is based on the theoretical model and can predict the
trend of soil deformation in case of tunnel failure. However, there may be some
deviations from the actual tunnel conditions, and actual engineering simulations
will be the next direction of research.
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Lessons and Mitigation Measures Learned
from One Deep Excavation Failure Case

Wei Xiang, Yu-shan Luo(B), and Zhi-rong Liang

Shanghai ShenYuan Geotechnical Co. Ltd., Shanghai 200011, China

Abstract. Deep excavations, most of those are temporary retaining structures,
have not attracted enough attention from all parties involved in projects. Nowa-
days there have been numerous failures of deep excavations, and mostly have sig-
nificant impacts on the safety of the excavation and the surrounding environment,
especially in congested urban areas with poor hydrogeology and geology condi-
tions. However, many failure cases remained unpublished and poorly explored due
to complex reasons. The reported failure cases were too scarce to provide enough
lessons to improve corresponding guidelines. Therefore the database needs more
supplement cases. This paper briefly presents the failed case of a deep excavation
in soft soil area in downtown city of Shanghai, China, which had an excavation
area of about 25,000 m2 and two-story basements. According to the field investi-
gation, forensic studies and preliminary analysis, the main reasons for the failure
was pointed out. Furthermore the re-checking calculations and mitigation mea-
sures were described briefly. The direct cost of repairing and rebuilding the failed
excavation was more than 20million RMB (about 2.8 million dollars), muchmore
expensive than savings. Preserving some redundancy in design and construction
is essential. This failed case report is expected to help deep excavations attract
more attention and avoid similar failures.

Keywords: Deep excavations · Failures · Case histories · Forensic study ·
Mitigation measures

1 Introduction

With the rapid development of underground-space such as subway, tunnel, underground
garage, underground commercial mall and so on, a number of excavations have emerged,
and become much larger and bigger than before due to the scarce available ground
resources in congested urban areas. However, deep excavation always has the potential
to cause unfavorable effects on nearby ground as well as structures and facilities around
it, especially in soft soils (Hu et al. 2003; Wang et al. 2010).

Being a temporary structure inmost projects, the investment/cost for excavations and
corresponding retaining structures is usually extremely restrained, and in consequence
the reserved safety factors are much smaller than that of permanent structures. Although
design and construction of excavations are stringently regulated by national and local
codes, numbers of excavation failures (such as surrounding subsidence, groundwater
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inrushing, huge displacement of retaining walls and even fracture, etc.) still occur from
time to time (Gong, et al. 2012; Jebelli et al. 2010). Therefore, it is necessary to sum-
marize the experiences and lessons of the failures and provide reference to help avoid
similar tragedies.

As field performance is a collective reflection of various factors involved in a real
excavation, experience from the field performance of previous deep excavations provides
a useful guidance in practical design. In recent decades, a series of studies helped us
improve the understanding of the performance of deep excavations, and provided lots of
experience when estimate the magnitude of movements or to check the rationality of the
numerical analysis/field data of deep excavations. (Long 2001; Yoo 2001; Moormann
2004;Wang et al. 2010).However in the excavation database, failure reports are relatively
limited, especially lacking the failure data in China. In spite of the fact that failures could
provide awealth of information to help improve excavation research, design, construction
and management, many failure cases still remain unpublished and poorly explored due
to problems of disputes and litigation. Unfortunately, the scarce reported failures failed
to attract sufficient attentions of all parties involved in projects, failed excavations are
still happening.

This paper briefly presents the failed case of a deep excavation in soft soil area in
downtown city of Shanghai, China. According to the field investigation, forensic studies
and preliminary analysis, the main reasons for the failure was pointed out. Furthermore
the re-checking calculations and mitigation measures were described briefly. This failed
case study shows how relevant factors “eat up” the safety factor and led to failure, so
as to extend failure cases database and help deep excavations attract more attention and
avoid similar failure cases.

2 Project Overview

The Failed case of the deep excavation was located in soft soil area in downtown city
of Shanghai, China. The project comprised a two-story basements, and the excavation
area and perimeter of the project were about 25000 m2 and 480 m, respectively. The
excavation depth of the site was mostly 8.7 m, where the site elevation of ground surface
was leveled to not higher than 3.40 m inWusong elevation (the elevation above Wusong
Sea level). Unless otherwise specified, the elevation below is Wusong elevation.

Figure 1 shows the layout and surrounding environment of the failed project. The
environment was not quite complex, surrounded by a small river (about 6 m–10 m in
width and 0.4 m–0.9 m in depth) to the north, a 28 m-wide municipal road to the east,
a public green land to the west and internal construction site (the construction work
of the south 1-story basement was finished, up to ground level) to the south. The main
protection objects around the project were themunicipal road and underground pipelines
in the East.
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Fig. 1. Sketch of the surroundings around excavations

2.1 Geology and Ground Condition

The project site was situated at Yangtze River Delta alluvial plain. According to the
geotechnical investigation report and the divisionwork ofGao et al. (1986) the subsurface
soils at the construction site were mainly thick soft soils comprising Quaternary alluvial
and marine deposits. As shown in Table 1, from ground surface to a depth of about
30 m, the soil profile could be divided into 4 layers, among which Layer ➁ and Layer ➄
could be subdivided into 2 sub-horizontal layers, respectively. The top layer is loose fill
mixed with lots of construction waste, having relatively poor engineering mechanical
properties. The Layer ➁1 and Layer ➁3 are over-consolidated and commonly referred
to as stiff surface crust. In this site, Layer ➂ was lacked. Layer ➃, where the excavation
was located on, was soft clay layer of thickness about 8.5 m–11.0 m. The soft clay
has relatively higher natural water content, void ratio and compressibility but lower
shear strength, which is one of the main unfavorable factors for deformation control
for excavations in soft areas. Underlying Layer ➃ was Layer ➄1-1 and Layer ➄1-2.
The fifth layer was mainly gray silty clay a with medium plastic and medium to high
compressibility. The physical and mechanical properties of Layer ➄ were much better
than that of Layer ➃.

2.2 Original Excavation Design Scheme

In the original excavation design, the excavation was constructed using the bottom-up
constructionmethod, bored piles andwaterproof curtainwere designed to be the retaining
system. Meanwhile, the excavation was supported by one level of reinforced concrete
strut. The section size of main RC struts was 1000 mm in width and 800 mm in height.
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Table 1. Physico-mechanical parameters of the soils

soil sequence
and description

h
(m)

γ

(kN/m3)
ϕ (°) C

(kPa)
Kv
(cm/s)

Kh
(cm/s)

k* (cm/s) qc(MPa)

➀Miscellaneous
Fill

1.8 18.0 10.0 10.0 / / 5.0E−4 0.65

➁1 Silty clay 1.8 18.4 19.5 21.0 2.73E−7 8.63E−7 9.0E−6 0.74

➁3 Sandy silt 3.3 18.6 31.0 5.0 6.94E−5 1.39E−4 4.1E−4 1.81

➃ Soft clay 10.4 16.8 11.5 11.0 8.03E−8 8.95E−8 6.5E−7 0.52

➄1–1 Silty clay 4.7 18.1 18.5 15.0 3.10E−7 1.94E−6 6.0E−6 0.71

➄1–2 Silty clay 4.3 18.2 19.0 16.0 4.83E−7 2.10E−6 8.5E−6 0.98

Note:Underlined datamean empirical values, while the othersmean standard values. h= thickness
of typical section;γ= unitweight;ϕ= angle of internal friction obtained fromdirect shear test; c=
cohesion obtained from direct shear test; kv= vertical coefficient of permeability; kh= horizontal
coefficient of permeability; k* = recommended coefficient of permeability. qc = measured cone
penetration test end resistance.

And the horizontal spacing of the struts was approximately 10 m. Figure 2 presents a
typical section of retaining structures.

The bored piles was designed embedding into the fifth layer to help retaining soil,
with 900 mm in diameter and 18.3 m in length. Moreover the bored piles were filled
with concrete strength grade of 30 (the underwater casting need to be improved by one
level). Herein the concrete strength (fcu,k) refers to the compressive strength of molded
150 mm cubes after 28 days’ curing should be more than 30 MPa, according to Chinese
codeMCPRC (GB50010–2010, 2015). This concrete grade C30 is somewhat equivalent
to fck,cub = C25/30 according to European Standard CEN (BS EN 1992-1-1, 2000).

The groundwater level in Shanghai is generally located at 0.5–1.0mbelow the ground
surface and the most unfavorable groundwater level (i.e. 0.5 m) was used in design.
Since the confined aquifer is very deep in the subsoil compared with the excavation
depth, the confined water pressure is not a risk in this project. Consequently two rows
of deep cement-soil mixing wall mixed by dual-anger mixer (Ø700 mm @500 mm)
were designed as waterproof curtain, to cutoff the phreatic water during excavation
construction. The waterproof curtain was designed 15.6m in length and 13% in cement
slurry by mass.

The lateral supporting RC strut was designed 2.1 m below ground surface, 6.6 m
above the bottom. The horizontal spacing of the temporary struts was mostly 6 m–10 m,
with concrete grade of C30.

Since the top 15 m soil deposits in this site are quite soft, the soils under the final cut-
ting surface need some ground improvement to increase stiffness and help control defor-
mations, especially in the middle of each side and those having deep water-collecting
wells inside. The weak soils were designed mixing with cement mixed by dual-anger
mixer (Ø700 mm @500 mm, 13% in cement slurry by mass).
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Fig. 2. Typical section of retaining structures at the failed zone

3 Excavation Failure Process and Forensic Studies

3.1 Excavation Failure Process

After the construction of central posts, deep cement-soil mixing waterproof curtain,
bored piles, ground improvement, and lateral RC struts (curing for over 7 days), the
excavation work started from northeastern part of the site. With the northeastern part
excavated to bottom and construction of plain concrete cushion was just set out, south-
eastern excavation was carried out. When the southeastern part was just excavated to
bottom and the northeastern excavated to edge of the retaining piles, large displacement
of retaining bored piles accumulated shifting towards excavation, central posts were
gradually uplifted, and three RC struts in the northeastern corner were suddenly broken
(see in Fig. 3), followed by the municipal road nearby collapsed, with one of the water
supply pipelines damaged seriously. The water from the damaged pipeline rushed into
the excavation, fortunately, no human-casualties were reported. View of the broken RC
struts and flooding excavation could be seen in Fig. 3.
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Fig. 3. Picture of the failed deep excavation

In order to avoid further expansion of the settlement and damage, the emergency plan
was adopted in-time. The northeastern and northwestern part was temporary backfilled
until the deformation was stable. Specially, the areas closed to retaining piles were
backfilled with gravel soil (adding some cement slurry as soil improvement) to help
control deformation. The distribution range of backfill treatment could be seen in Fig. 4.

3.2 Field Investigation and Testing

The failed excavation had drawn lots of attentions from different parties involved in
this excavation construction, not limited to the construction investor, designer, moni-
tor, and constructor and so on. With a series of investigation and testing conducted by
three different independent third parties (ranging from non-professional operations, soil
parameters, design reviews, retaining system tests, monitoring data reviews), the reasons
of the failed excavation were carefully studied and analyzed.

3.3 Forensic Studies and Discussions for the Excavation Failure

Here the “forensic study” is similar to reverse engineering, namely the end result is known
and one then looks for plausible reasons for the failure. After preliminary analyses, the
contributing reasons of the failed excavation were conclude as follows.

1) Insufficient length of retaining bored piles
Core drilling tests were carried out in 8 retaining bored piles, and the investigated length
were compared with original design length, as shown in Table 2. The first 3 piles, mostly
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Fig. 4. Schematic diagram of the failed excavation (broken RC struts was marked by circles) and
temporary backfill treatment

located in eastern part, were tested by Company A and the 4th-8th pile (located in north,
west and south) were tested by Company B. Note that the A-1# and A-2# piles were
located in the collapse area where the displacement of retaining piles were quite large,
the coring operation was incomplete and discontinuous. Hence, the length of this two
piles were estimated from the length of steel reinforcement cage.

Table 2 indicates that the length of tested retaining bored piles were all insufficient,
0.46 m–1.60 m shorter than original design. According to the geotechnical investigation
report, the elevation of bottom of Layer ➃ was -12.05 m--14.19 m. The shortest tested
piles probably embedded only 0.31 m underneath Layer ➄1-1, where the insufficient
embedded depth was too small to provide anchoring force. Large deformation thus
generated quickly from the bottom and finally led to “kicking” failure of the whole
excavation.
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Table 2. Comparison of tested and designed length for retaining bored piles

Test No Elevation of pile-bottom
(m)

Length of retaining pile (m) Difference between
tested and designed
length (m)Designed Tested Designed Tested

A-1# -16.1 -14.9 18.3 17.1 -1.2

A-2# -16.1 -14.6 18.3 16.8 -1.5

A-3# -16.1 -14.5 18.3 16.7 -1.6

B-4# -16.1 -14.59 18.3 16.79 -1.51

B-5# -16.1 -15.21 18.3 17.41 -0.89

B-6# -16.1 -15.13 18.3 17.33 -0.97

B-7# -16.1 -15.64 18.3 17.84 -0.46

B-8# -15.5 -14.92 16.4 15.82 -0.58

Note: (1) The top elevation of retaining piles was + 2.20;
(2) Underlined data were inferred from the length of steel reinforcement cage;
(3) Difference between tested and designed pile length=length of tested pile – length of designed
pile.

2) Inadequate strength of retaining bored piles
Table 3 lists the tested concrete compressive strength (fcu,k) of the core sample from
core drilling tests conducted by two different independent third party. The cylindrical
strength (fck) is about 24% lower than cubic strength (fcu,k) in Shanghai according to
Chinese national code MCPRC (GB50010–2010, 2015). Therefore the tested compres-
sive strength (fcu,k) listed in Table 3 was calculated by tested cylindrical strength (fck)
multiplied 0.76, i.e., fcu,k = 0.76fck.

Note that the tested compressive strength values of the 1st and 2nd piles (locations
near the collapse zone) were much lower than others, it is possible that the piles got
damaged more or less, thus these two results were not accurate to some extent and
recommended not to be included in the statistics.

As shown in Table 3, about 75% of the tested retaining bored piles had inadequate
compressive strength, and the difference with original design C30 was about 1.3 MPa–
6.3 MPa. Inadequate strength of piles will lead to lower Ec and further lower bearing
capacity against horizontal earth pressure, which is another factor contributing to the
failure.

3) Poor quality of reinforced concrete struts
The original design required the RC struts to be straight so as to decrease the external
forces. However, the in-situ investigation found out that at least 21% of the struts in
excavated zone had deflection like fish belly beyond the requirements of design and
standards. In the northeast side of the excavation where struts had visible ruptures or
even broken, a series of investigations detecting the reinforcement and concrete qualities
were carried out in 15 different RC struts by CompanyC. The investigation indicated that
the reinforcement arrangement and quantity of the tested struts basicallymeet the original
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Table 3. Comparison of tested and designed strength (fcu,k) for retaining bored piles

Test No Concrete compressive strength f cu,k of piles
(MPa)

Difference between tested and
designed concrete compressive
strength of piles (MPa)Designed Tested

A-1# 30.0 16.68 -13.32

A-2# 30.0 15.89 -14.11

A-3# 30.0 23.70 -6.30

B-4# 30.0 23.90 -6.10

B-5# 30.0 28.70 -1.30

B-6# 30.0 27.80 -2.20

B-7# 30.0 32.00 2.00

B-8# 30.0 31.00 1.00

Note: (1) Underlined data were probably disturbed by collapse, not included in statistics and
forensic studies;
(2) Difference between tested and designed concrete compressive strength of piles= fcu,k of tested
pile –fcu,k of designed pile.

design requirements. However, there were 5 RC struts (over 30% of the tested sample)
having insufficient concrete strength, the difference with original design (concrete grade
C30) was about 0.3 MPa–7.3 MPa. For the strut having fcu,k of 22.7 MPa, the maximum
axial compressive force it could bear was only 75.7% of the original design.

In addition, quite a lot of RC struts (over 20%) had visiblemissing edges and corners.
Smaller section area of RC struts will inevitably lead to less bearing capacity, even fail
to meet the design requirements. Therefore, when there is a dynamic/impact load or
the retaining bored piles had larger deformation, RC struts having low straightness
would have larger eccentric loads and bending moment. Compounding the problems are
the defects of struts (missing edges and corners, eccentric error, inadequate strength).
Gradually the struts will be less effective, leading to a decrease in the stability of the
retaining system, and even developed to failure.

4) Invalid monitoring data
Overall, the environment of this project is not complex and even kind of loose, only the
municipal road and adjacent pipelines needed more protection. Whereas, good environ-
ment was directly related to the failure. Through recalculation and back analysis on data
got from in-situ investigations, the maximum deflection of the retaining wall was over
50 mm, the central posts were uplifted over 30 mm, and the deformation rate exceeded
3 mm/d, which already surpassed the allowable value according to original design and
the Shanghai code (SUCTC, DG/TJ08–61-2018, 2018). However, in the monitoring
report, data were tampered to be normal. It was said that some measuring points were
not actually monitored for several days, which means the monitoring data were some-
what invalid, and did not truly reflect the real performance of the excavation. Lack of
vigilance and invalid monitoring data resulted in ignoring the unusual performance of
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the excavation, the rate and amount of deformation increased more and more, finally the
accident occurred.

4 Re-checking Calculation and Mitigation Design

Before further measures were taken to repairing or even rebuilding the excavations, a
series of re-checking calculations were conducted with the program, FRWS 8.2 (2018).
For this project, the limit equilibrium method was used for overall stability of retaining
system calculation, moreover, the horizontal coefficient of subgrade based on elastic
foundation beam was chose to predict displacement based on the Chinese code and
Shanghai local standard (MCPRC, JGJ120–2012,2012 and SUCTC,DG/TJ08–61-2018,
2018).

For this excavation, the required factors of stability are as follows:

• Fso=1.3, Fsb=1.6, SafetyLevel II, according toChinese standard (MCPRC, JGJ120–
2012,2012);

• Fso = 1.25, Fsb = 1.9, Safety Level II, according to Shanghai local standard (SUCTC,
DG/TJ08–61-2018, 2018).

Typical results of re-checking calculations were shown in Table 4 and 5.

Table 4. Parameters for different models in re-checking calculation

Model No Length of
retaining bored
pile (L/m)

Strength of
retaining
bored pile
(fcu,k/Mpa)

Stiffness of
reinforced
concrete struts
(EA/kN)

Surcharge on
the municipal
road (P/kPa)

Remarks

M1 18.3 m 30 2.16 × 107 20 Original
design

M2 16.7 m 20 1.12 × 107 30 Worst
condition
(collapsed
zone)

M3 16.7m 20 2.16 × 107 10 Mitigation
measure A

M4 20.3 m 30 1.12 × 107 10 Mitigation
measure B
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Table 5. Calculated results of different re-checking models

Model
No

Maximum
wall
horizontal
displacement
(δhm/ mm)

Maximum
ground
settlement
(δvm/ mm)

Maximum
wall bending
moment (M/
kN.m/m)

Axial force
of the
struts
(F/ kN/m)

Factor of
overall
stability
(Fso)

Factor of
stability
against basal
heave (Fsb)

M1 31.9 39.5 1259.7 351.5 1.93 1.59

M2 38.8 51.2 1239.1 387.7 1.57 1.27

M3 23 31.1 745.9 183.5 (1st) 1.75 1.39

373.1 (2nd)

M4 21.1 25.7 794.3 198 (1st) 2.45 1.96

356.8 (2nd)

Note: (1) Underlined data are the axial force of the second struts (added);
(2) In M2~M4, the parameters of miscellaneous fill (mainly ϕ and c) were discounted to some
extent, taking the effect of collapse into consideration.
(3) Fso= ratio of anti-sliding moment to sliding moment based on Swedish slice method; Fsb=
ratio of the resistant shear force to the driving shear force along a certain slip surface, based on
Prandtl theory.

After several trials, the mitigation measures for this failed excavations (mainly the
typical section as shown in Fig. 2) could be divided into categories: Mitigation measure
A and B.

• Mitigation measure A (for zones bored piles were still effective):
1) repair the visible cracks, missing edges and corners of the RC struts; cut off and
rebuild the broken struts; 2) add another level of RC struts; 3) restrict the surcharge on
surrounding road to nomore than 10 kPa; 4) add trestles, platforms and corresponding
central posts to help organize construction works inside the excavation.

• Mitigation measure B (for zones where bored piles were broken or not effective):

Besides the mitigation measures in Mitigation measure A, the following measures
are still needed (refer to Fig. 5).

1) clear underground obstacles and increase ground stiffness with deep cement-soil
mixing wall; 2) install new bored piles inside the deep cement-soil mixing wall; 3)
improve soils between the original failed retaining pile and new retaining piles, and
those inside excavation (under the bottom).
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Fig. 5. Typical mitigation measures of retaining structures at the failed zone (Mitigation measure
B)

5 Concluding Remarks

This paper presents a failed case of a deep excavation in soft soil area in downtown city of
Shanghai, China. After field investigation, forensic studies and preliminary analysis, four
main reasons of excavation failure were concluded: (1) insufficient length of retaining
bored piles led to poor anchoring and kicking failure; (2) inadequate strength of retaining
bored piles; (3) poor quality of reinforced concrete struts in straightness, strength and
section area; (4) invalid monitoring data and ignoring the unusual performance of the
excavation.

Further consulting andmitigation designwere carried outwith a series of re-checking
calculations based on limit equilibrium approach and elastic foundation beam method.
Finally, the direct cost of repairing and rebuilding the retaining system was more than
20 million RMB (about 2.8 million dollars) in total, more expensive than savings of
jerry works and original design optimization. Another important lessons could be learn
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from this case are summarized as follows. Although retaining systems for excavation are
temporary, the optimization design, jerry-build construction and other relevant factors
together “eat up” the safety factor, good design and construction should still preserve
rational or relevant redundancy. The cost of this redundancy is far less than the cost of
failure and increased repair or even rebuild.
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Abstract. Studying on the influence of heavy mental contents and moisture con-
tents on dielectric properties of soil and its internal mechanism, which is the basis
of quantitative detection of soil pollution by ground penetrating radar (GPR). Tak-
ing zinc contaminated soils as an example, soil cakes are made by adding zinc salt
solution of different mass concentration into silty clay. Then, the complex permit-
tivity of soils in different wet densities, different moisture contents were measured
by vector network analyzer. The laws of variation of complex permittivity were
summarized and grey relational analysis was carried out. Finally, the mechanism
of influence of various factors on dielectric properties of zinc contaminated soil
was explained by dielectric theory. The results show that the real part of complex
permittivity of zinc contaminated soil is most affected by moisture content, which
increased with the increase of moisture content, the correlation between real part
and moisture content was 0.93. The imaginary part of complex permittivity is
most affected by zinc salt content, which increased with the increase of zinc salt
content, the correlation between imaginary part and zinc salt content was 0.77.

1 Introduction

Soil is an important natural resource, crucial for survival and development of human soci-
ety. The problemof soil pollution inChina is increasingly seriouswith rapid development
of economy. According to a report on the national general survey of soil contamination
issued in 2014, the over standard rate of heavymental of soil pollution in China is 16.1%.
Among them, cadmium, nickel and other heavy metals are the most prominent inorganic
pollution [1]. It is urgent to carry out the assessment and remediation of heavy metal
contaminated soil. Ground Penetrating Radar (GPR) is used more and more frequently
in detection of contaminated soil because of its advantages of non-destructive and high
efficiency. Its basic principle is to infer the dielectric properties of soil according to the
reflected wave characteristics of GPR, and the pollution degrees of contaminated soil
could be understood. The dielectric property of soil refers to the ability of soil medium
to store and lose electrostatic energy with the electric field, which is represented by the
real part and imaginary part of complex permittivity, respectively. On the one hand, after
cadmium, nickel and other heavy metal ions penetrate into the soil, it will change the
phase composition and structure of soil [2], which are reflected in the real and imagi-
nary parts of the complex permittivity. On the other hand, complex permittivity is a key
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parameter for quantitative detection of soil pollution by GPR, and its value is affected
by saturation and salt content of soil. Therefore, it is necessary to master the relation-
ship between complex permittivity and soil physical parameters to realize quantitative
detection of contaminated soil.

In recent years, domestic and overseas scholars have done a lot of research on soil
dielectric properties and achieved some results: Liu [3] have found that there is a rela-
tionship between soil dielectric properties and its physical parameters; Gao [4] has found
that moisture content affects the sensitivity of geological radar to the content change of
heavy metal pollutants in soil; Neng [5], Qiao [6] and Liu [7] studied the soil dielectric
properties with different moisture content and chromium (CR) concentration, and the
soil permittivity increased with the increase of moisture content and chromium concen-
tration was found. Dhiware M D [8] studied the influence of soil physical and chemical
properties on its dielectric properties; Orange A [9] found that the dry density of soil was
directly proportional to the permittivity, and the effect of dry density on the dielectric
properties was related to soil type; Kabir H [10] found that soil moisture was the main
factor affecting its dielectric properties. Until now, part of the current studies still regard
the complex permittivity as a constant, which not only does not consider the influence of
frequency on soil dielectric properties, but also rarely carries out the mechanical anal-
ysis on the changes of soil dielectric properties from the dielectric point of view, and
does not establish the relationship between the complex permittivity and soil moisture
content, dry density and salt content. In this paper, zinc pollution was taken as an exam-
ple, the complex permittivity of soil with different moisture contents, densities and zinc
pollution degrees was measured by vector network analyzer and calculation software,
and the change rules were summarized. Then, the correlation analysis was carried out
by GRA. Finally, the test results were analyzed from the perspective of Dielectrics. The
results can help to provide theoretical basis for the quantitative detection of heavy metal
contaminated soil.

2 Test Method and Results

2.1 Test Method

The experiments were divided into three groups by using single factor analysis method,
studying the factors of moisture content, wet density and zinc ion content. Soil samples
with different zinc ion contents (0, 200, 400, 600, 800, 1000, 1200, 1400, 1600, 2000,
2500 and 3000mg · kg−1), different wet densities (1.5, 1.6, 1.7, 1.8, 1.9 and 2.0 g · cm−3)
and different moisture contents (14, 15, 16, 17, 18, 19, 20 and 21%) were prepared. The
soil used in the experimentwas taken fromadeep foundationpit 5mdeep inNanningCity,
and the original soil is silty clay. The elemental composition of the initial soil was cali-
brated by Semi-quantitative Spectrometric Analysis. According to the current national
standard Soil environmental quality agricultural land soil pollution risk control standard
(Trial) (GB 15618–2018), the risk screening value of zinc element was determined. The
original soil can be considered as pollution-free soil. Then the original soil was dried,
crushed and sieved. Calculating the required solution mass based on designed parame-
ters, dissolving the prepared reagent in the corresponding deionized water, shaking and
melting evenly, and spraying evenly into the soil sample through the spray pot. After the
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preparation of soil samples, the soil sampleswere packagedwith plasticwrap and kept for
12 h to mix water, reagents and soil as much as possible to ensure the uniformity of soil
samples. Finally, the soil was pressed into samples in ring knife that was 60mmdiameter
and 20 mm high. The compaction process is shown in Fig. 1.

The complex permittivity of soil samples was measured by KEYSIGHT E5061B
vector network analyzer. The frequency range was 100 ~ 3000 MHz, the sampling
interval was 25 MHz, and the test environment was 20 ± 1 °C. The test method was
open circuit reflection coaxial probe terminal. During the measurement, the samples are
placed on the gravity scale, and the contact strength between coaxial probe and each
sample is ensured to be consistent by observing the reading of the gravity scale. Vector
network analyzer and coaxial open circuit terminal probe were shown in Fig. 2 and
Fig. 3, respectively.

Fig. 1. Compaction of soil
sample

Fig. 2. Vector network analyzers Fig. 3. Coaxial
terminal probe

2.2 Test Result

ε’r and ε”r stand for the real part and imaginary part of complex permittivity, respectively.
Figure 4 shows the variation curves of complex permittivity of pollution-free soil with
different moisture contents (Density is 2.0 g · cm−3). It can be seen that both real
and imaginary parts of soil complex permittivity increase with the increase of moisture
content. In the low frequency range, both real and imaginary part decrease with the
increase of frequency, and the decrease trend of imaginary part become more obvious
when the moisture content become higher. In the high frequency range, the real part
gradually tends to be stable while the imaginary part shows an increasing trend, and the
increase trend become more obvious when the moisture content become higher.

Figure 5 shows the variation curves of complex permittivity of pollution-free soil
with different wet densities (moisture content is 17%). It can be seen that both real and
imaginary parts of soil complex permittivity increase with the increase of wet density.
In the low frequency range, both real and imaginary part decrease with the increase
of frequency. In the high frequency range, the real part tends to be stable while the
imaginary part increases.

Figure 6 shows the variation curves of soil complex permittivity with different zinc
pollution degrees (moisture content is 17%, density is 2.0 g·cm−3). It can be seen that
both real and imaginary parts of soil complex permittivity increase with the increase of
zinc pollution. In the low frequency range, both real and imaginary part decrease with
the increase of frequency. When the concentration of zinc ions become higher and the
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imaginary part become larger, the downward trend of imaginary part with frequency
become more obvious. In the high frequency range, the real part gradually tends to
be stable while the imaginary part shows an increasing trend. The increasing trend of
imaginary part become more obvious when the zinc ion contents become lower.

Fig. 4. Variation curves of complex
permittivity of pollution-free soil with
different moisture contents

Fig. 5. Variation curves of complex
permittivity of pollution-free soil with
different wet densities

Fig. 6. Variation curves of soil complex permittivity with different degrees of zinc pollution

2.3 Grey Correlation Analysis

Correlation degree is a measure of correlation between different factors in one system
and the value of that is high when the change trend of the two factors is consistent. Grey
Relation Analysis is to analyze the influence degree of each factor on the main behavior
of the system. The degree of correlation refers to the degree of geometric differences
between curves. The initialization method is used for dimensionless processing of the
experimental data before the analysis to reduce analysis error. The calculation process
is as follows formula (1) ~ (2) [11].

ξ0i =
�(min) + ρ�(max)

�0i(κ) + ρ�(max)
(1)
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r = 1

n

n∑

i=1

ξi(κ) (2)

Among them, ξ0i = correlation coefficient, �(max) = maximum difference of two
levels, �(min) = minimum difference of two levels, �0i(K) = the absolute difference
between each point on the xi curve of each comparison sequence and each point on
the reference sequence x0 curve, ρ = distinguishing coefficient, the value is 0.5, r =
correlation degree, k = different time or point, the value is 1,2,3…n.

Figure 7 shows the grey correlation coefficient curves of different factors and the
real and imaginary parts of soil complex permittivity. The black, red, blue and pink lines
represent the grey correlation coefficients of complex permittivity withmoisture content,
frequency, salt content and density, respectively. It can be seen from Fig. 7(a) that the
black curve is above the other three curves, which means that the real part is affected by
moisture content mostly and the correlation coefficients is 0.9285. Similarly, blue curve
is above the other three curves in Fig. 7(b), which means the imaginary part is affected
by salt content mostly and their correlation coefficients is 0.7688.
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Fig. 7. Curves of correlation coefficients between different factors (a) real part of complex
permittivity, (b) imaginary part of complex permittivity

3 Mechanism Analysis of Complex Permittivity Variation

3.1 Basic Principles

Permittivity is a physical quantity to characterizes the ability of substance to keep charge.
The permittivity in constant electric field is a real number, while the permittivity in
alternating electric field is a complex number, which is called complex permittivity. It
is composed of the real part representing the ability to store and release electric energy
instantaneously and the imaginary part representing the loss of power. The free charge in
themedium begin tomove, producemany electric dipoles arranged along the direction of
external electric field and forma certain polarization intensitywith an external alternating
electric field, which called polarization of the medium. The polarization intensity is a
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physical quantity that characterizes the polarization degree of medium. According to the
Debye relaxation relation:

ε
′
r = ε∞ + (εs − ε∞)

(1 + ω2τ 2)
, ε

′′
r = (εs − ε∞)ωτ

(1 + ω2τ 2)
(3)

tan δ =
σ

ωε′
e
=

ε′′
e

ε′
e

(4)

Among them, εs = the permittivity in electrostatic field, ε∞ = the permittivity in
optical frequency, ω = the frequency of applied electric field. τ = relaxation time. The
process of polarization can be divided into three stages: First, when the frequency is low,
the electric field changes slowly so that the dielectric polarization can completely keep
up with the change of external electric field, and the numerical value is equal to the static
permittivity εs. Then, With the increase of frequency, the dielectric begins to fail to lose
pace with the change of electric field, and the loss of dielectric begins to increase and
reach the extreme value in a period of time. At last, when the frequency increases to a
certain value, the polarization can not keep up with the change of external electric field
completely because the electric field changes rapidly. Only instantaneous polarization
occurs in medium, and ε

′
r gradually reduces to optical frequency permittivity ε∞.

3.2 Influence Mechanism of Frequency on Dielectric Properties

It can be seen from Fig. 4 to Fig. 6 that the real part of the complex permittivity decreases
with the frequency at low frequency and tends to be stable at high frequency. Accord-
ing to formula 3–1, the real part is inversely proportional to the frequency, when the
polarization of the medium is in second stage so that the phenomenon of polarization
relaxation appears in the medium, which leads to the decrease of the energy obtained
by the material molecules. The real part is thus reduced. Then, in high frequency range,
the contaminated soil gradually tends to state of unpolarization, and the real part finally
tends to be stable. On the other hand, the imaginary part of the complex permittivity
decreases with frequency at low frequency and increases with frequency at high fre-
quency. Because conductivity loss is the main dielectric loss in low frequency range.
With the increase of frequency, the polarization degree, loss and the imaginary part
decreases; When frequency range is high, the polarization loss is the main dielectric
loss. With the increase of frequency, the polarization increases, the loss of medium and
the imaginary part increases. The results in Fig. 6 show that the conductivity loss of free
charge always dominates when zinc ions invade the soil because zinc ions have higher
conductivity than water molecules.

3.3 Influence Mechanism of Different Factors on Dielectric Properties

Figure 8 shows the variation curves of soil complex permittivity with moisture content at
certain wet density and zinc pollution degree in different frequencies. It can be seen that
both the real part and the imaginary part are positively correlated with moisture content
in different frequencies, and the increasing proportion of real part with moisture content
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is greater than that of imaginary part at the same frequency. The permittivity of soil as a
whole is determined by permittivity of the three phase in soil. The relative permittivity of
air is about 1 [12], while the value of relative permittivity of water at room temperature
is 76.6. The increase of moisture content not only increases the content of water in soil,
but also reduces the volume of air in soil, which increases the permittivity of soil. In
addition, bond water is the main form of water in soil and the ion mobility is poor when
the moisture content is low. With the increase of moisture content, the ion movement
is enhanced and the polarization is intensified [13]. Therefore, the real part increases
with the increase of moisture content. However, the intensification of ion motion also
increases the probability of collision, resulting in the increase of conductivity loss, so
the imaginary part also increases with the increase of moisture content.

Fig. 8. Variation curves of complex
permittivity of soil with zinc pollution with
moisture contents

Fig. 9. Variation curves of complex
permittivity of zinc contaminated soil with wet
densities

Figure 9 shows the variation curves of soil complex permittivity with wet density
at certain zinc pollution degree and moisture content in different frequencies. It can be
seen that the real part and imaginary part are positively correlated with wet density in
different frequencies.Similar to the effect of variation of moisture content, the increase
of wet density not only reduces the volume of air in the soil, but also increases the mass
of water and solid particles, which increases the permittivity of the whole soil. On the
other hand, the increase of wet density means that particles in soil are arranged more
closely, and the probability of collision increases when the medium moves with the
external electric field, which intensifies the electrical conductivity loss. As a result, the
imaginary part increases.

Figure 10 shows the variation curves of soil complex permittivity with zinc pollution
degree at certain moisture content and wet density in different frequencies. It can be
seen that the complex permittivity of soil is positively correlated with the degree of zinc
pollution in different frequencies. At the same frequency, the proportion of imaginary
part with the increase of moisture content is far more than that of the real part, and
the change trend of imaginary part with the degree of zinc pollution is quite different
due to different frequency: its increasing proportion decreases sharply with the increase
of frequency. With the increase of zinc ion concentration, the amount of free charge
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Fig. 10. Variation curve of complex permittivity of zinc contaminated soil with different ion
contents

in soil increases. With the influence of external electric field, the polarization effect of
medium is enhanced and the real part is increased. When the salt content is low, the
dielectric loss caused by polarization effect of soil can be ignored, and the loss caused
by soil polarization is large, which can not be ignored when the salt content is high
[14]. Moreover, the increase of free charge in soil leads to the increase of ion collision
probability, the imaginary part is affected by loss of polarization and conductivity, which
makes that the increasing trend is far beyond the real part. In the previous study, it is found
that the metal ion concentration has little effect on the electromagnetic wave velocity of
GPR, which is inconsistent with the experimental results that the real part of complex
permittivity increases with the increase of metal ion concentration. As far as the test
results of this paper are concerned, without considering the factors such as experimental
means and errors, it can be inferred that the moisture content of soil sample in this test is
smaller than before. The variation trend of the real part with ion concentration depends
on the sum of the enhancement of polarization effect of metal ions and the weakening
of orientation polarization effect of water molecules. Therefore, the weakening of water
molecular orientation polarization effect becomes not obviouswhen themoisture content
becomes smaller, which leads to an obvious upward trend in the proportion of real part
with the increase of zinc pollution degree. The variation of the real part of the complex
permittivity with the concentration of metal ions needs to be further studied in the future.

4 Conclusion

• The complex permittivity of soil with different moisture contents, wet densities and
zinc ion contents was measured by vector network analyzer, and the correlation coef-
ficient of complex permittivity with moisture content, wet density, salt content of soil
and external electric field frequency was obtained by Grey Relation Analysis. The
results show that the real part of complex permittivity is affected by moisture content
mostly, and the correlation degree was 0.9285. The imaginary part is affected by the
salt content mostly, and the correlation degree is 0.7682. Variation trend of imaginary
part with frequency is significantly different because of the differences of soil physical
parameters.
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• Based on the dielectric theory, the mechanism of complex dielectric properties of
zinc contaminated soil was analyzed. The results show that the increase of moisture
content, wet density and salt content can enhance the polarization effect of medium
and increase the loss of medium in different degrees, resulting in the increase of the
real and imaginary parts of complex permittivity. The increase of frequency weakens
the polarization effect, leading to the decrease of real part of complex permittivity.
The imaginary part decreases first and then increases because the dielectric loss is
dominated by conductivity loss in low frequency range, while the dielectric loss is
dominated by polarization loss in high frequency range.

• The value of permittivity obtained by vector network analyzer fluctuates to some
extent because of the influence of test method, temperature and non-uniformity of soil
sample. At present, the data can only qualitatively analyze the influence of various
factors on the complex permittivity of zinc contaminated silty clay.More stable testing
methods should be found in future study. A large number of tests should be carried out
for more metal pollutants and soil types to establish quantitative relationship model.
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