
Lecture Notes in Civil Engineering

Erol Tutumluer
Soheil Nazarian
Imad Al-Qadi
Issam I. A. Qamhia   Editors

Advances in 
Transportation 
Geotechnics IV
Proceedings of the 4th International 
Conference on Transportation 
Geotechnics Volume 3



Lecture Notes in Civil Engineering

Volume 166

Series Editors

Marco di Prisco, Politecnico di Milano, Milano, Italy

Sheng-Hong Chen, School of Water Resources and Hydropower Engineering,
Wuhan University, Wuhan, China

Ioannis Vayas, Institute of Steel Structures, National Technical University of
Athens, Athens, Greece

Sanjay Kumar Shukla, School of Engineering, Edith Cowan University, Joondalup,
WA, Australia

Anuj Sharma, Iowa State University, Ames, IA, USA

Nagesh Kumar, Department of Civil Engineering, Indian Institute of Science
Bangalore, Bengaluru, Karnataka, India

Chien Ming Wang, School of Civil Engineering, The University of Queensland,
Brisbane, QLD, Australia



Lecture Notes in Civil Engineering (LNCE) publishes the latest developments in
Civil Engineering—quickly, informally and in top quality. Though original
research reported in proceedings and post-proceedings represents the core of
LNCE, edited volumes of exceptionally high quality and interest may also be
considered for publication. Volumes published in LNCE embrace all aspects and
subfields of, as well as new challenges in, Civil Engineering. Topics in the series
include:

• Construction and Structural Mechanics
• Building Materials
• Concrete, Steel and Timber Structures
• Geotechnical Engineering
• Earthquake Engineering
• Coastal Engineering
• Ocean and Offshore Engineering; Ships and Floating Structures
• Hydraulics, Hydrology and Water Resources Engineering
• Environmental Engineering and Sustainability
• Structural Health and Monitoring
• Surveying and Geographical Information Systems
• Indoor Environments
• Transportation and Traffic
• Risk Analysis
• Safety and Security

To submit a proposal or request further information, please contact the appropriate
Springer Editor:

– Pierpaolo Riva at pierpaolo.riva@springer.com (Europe and Americas);
– Swati Meherishi at swati.meherishi@springer.com (Asia - except China, and

Australia, New Zealand);
– Wayne Hu at wayne.hu@springer.com (China).

All books in the series now indexed by Scopus and EI Compendex database!

More information about this series at http://www.springer.com/series/15087

mailto:pierpaolo.riva@springer.com
mailto:swati.meherishi@springer.com
mailto:wayne.hu@springer.com
http://www.springer.com/series/15087


Erol Tutumluer · Soheil Nazarian · Imad Al-Qadi ·
Issam I. A. Qamhia
Editors

Advances in Transportation
Geotechnics IV
Proceedings of the 4th International
Conference on Transportation Geotechnics
Volume 3



Editors
Erol Tutumluer
Department of Civil and Environmental
Engineering
University of Illinois at Urbana-Champaign
Urbana, IL, USA

Imad Al-Qadi
Department of Civil and Environmental
Engineering
University of Illinois at Urbana-Champaign
Urbana, IL, USA

Soheil Nazarian
Department of Civil Engineering
The University of Texas at El Paso
El Paso, TX, USA

Issam I. A. Qamhia
Department of Civil and Environmental
Engineering
University of Illinois at Urbana-Champaign
Urbana, IL, USA

ISSN 2366-2557 ISSN 2366-2565 (electronic)
Lecture Notes in Civil Engineering
ISBN 978-3-030-77237-6 ISBN 978-3-030-77238-3 (eBook)
https://doi.org/10.1007/978-3-030-77238-3

© The Editor(s) (if applicable) and The Author(s), under exclusive license to Springer Nature
Switzerland AG 2022
This work is subject to copyright. All rights are solely and exclusively licensed by the Publisher, whether
the whole or part of the material is concerned, specifically the rights of translation, reprinting, reuse
of illustrations, recitation, broadcasting, reproduction on microfilms or in any other physical way, and
transmission or information storage and retrieval, electronic adaptation, computer software, or by similar
or dissimilar methodology now known or hereafter developed.
The use of general descriptive names, registered names, trademarks, service marks, etc. in this publication
does not imply, even in the absence of a specific statement, that such names are exempt from the relevant
protective laws and regulations and therefore free for general use.
The publisher, the authors and the editors are safe to assume that the advice and information in this book
are believed to be true and accurate at the date of publication. Neither the publisher nor the authors or
the editors give a warranty, expressed or implied, with respect to the material contained herein or for any
errors or omissions that may have been made. The publisher remains neutral with regard to jurisdictional
claims in published maps and institutional affiliations.

This Springer imprint is published by the registered company Springer Nature Switzerland AG
The registered company address is: Gewerbestrasse 11, 6330 Cham, Switzerland

https://doi.org/10.1007/978-3-030-77238-3


Contents

Tunnels

Investigation on the Dynamic Response of a High-Speed Railway
Tunnel Located Beneath an Airport Runway and Uneven
Settlement of the Runway . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 3
Feizhi Xiao, Jizhong Yang, and Yao Shan

Influence of Shield Slurry Property on Filter Cake Quality
in Sand Stratum . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 17
Weitao Ye, Longlong Fu, and Shunhua Zhou

Dynamic Response and Long-Term Settlement of Four
Overlapping Tunnels Subject to Train Load . . . . . . . . . . . . . . . . . . . . . . . . . 33
Xiangliang Zhou, Quanmei Gong, Zhiyao Tian, and Yao Shan

Dynamic Stability of Soft Soil Between Closely and Obliquely
Overlapped Metro Tunnels Subjected to Moving Train Loads . . . . . . . . 49
Hui Li, Quanmei Gong, Honggui Di, Weitao Ye, and Zhi Liu

Research on Calculating Quantity of Utility Tunnel with Revit
Secondary Development . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 63
Qi Zhang, Qian Su, and Yan Yan

The Influence of Variation in Groundwater Table on Ground
Vibrations from Underground Tunnels . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 75
Chao He, Shunhua Zhou, Honggui Di, and Xiaohui Zhang

Experimental Studies on Three Types of Vibration Isolators
for Buildings Near Subways . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 89
Tao Sheng, Xue-cheng Bian, Wei-xing Shi, Jia-zeng Shan,
and Gan-bin Liu

Dynamic Response of Floating Slab Track with Variation
on Failure Position of Steel Spring . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 103
Xiaolin Song, Linfeng Xue, Fangzheng Xu, and Jianping Wei

v



vi Contents

The Effect of Boundary Permeability on the Dynamic Response
of the Layered Saturated Ground Subjected to an Underground
Moving Load . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 113
Yijun Li, Anfeng Hu, Kanghe Xie, and Rong-tang Zhang

The Effect of Excavation Unloading on the Deformation
of Existing Underlying Shield Tunnel . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 125
Min-yun Hu, Jing-tian Yang, Li-dong Pan, Kong-shu Peng, and Yu-ke Lu

Intelligent Construction in Earthworks: Technology and
Management

Field Testing of Automatic Frequency Control for Intelligent
Compaction of Embankments . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 143
Carl Wersäll and Andreas Persson

An Experimental Study on the Estimation of Field Compaction
States and Stress-Strain Properties of Unbound Granular
Materials from Laboratory Test Results . . . . . . . . . . . . . . . . . . . . . . . . . . . . 153
Sou Ihara, Kairi Magara, Mitsutaka Okada, Hiroyuki Nagai,
Shohei Noda, Yoshiaki Kikuchi, and Fumio Tatsuoka

A Stress–Dependent Approach for Estimation of Drum–Soil
Contact Area . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 167
Aria Fathi, Cesar Tirado, Sergio Rocha, Mehran Mazari,
and Soheil Nazarian

An Earthworks Quality Assurance Methodology Which Avoids
Unreliable Correlations . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 179
Burt G. Look

Intelligent Construction for Infrastructure—The Framework . . . . . . . . 193
George K. Chang, Guanghui Xu, Antonio Gomes Correia,
and Soheil Nazarian

Geo-statistical Evaluation of the Intelligent Compaction
Performance in a Reclaimed Base Project . . . . . . . . . . . . . . . . . . . . . . . . . . . 205
Maziar Foroutan, Ahmad Ghazanfari, Hamid Ossareh,
and Ehsan Ghazanfari

CCC Systems for Vibratory and Oscillatory Rollers
in Theoretical and Experimental Comparison . . . . . . . . . . . . . . . . . . . . . . . 217
Johannes Pistrol, Mario Hager, and Dietmar Adam

Numerical Assessment of Impacts of Vibrating Roller
Characteristics on Acceleration Response of Drum Used
for Intelligent Compaction . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 231
Zhengheng Xu, Hadi Khabbaz, Behzad Fatahi, Jeffrey Lee,
and Sangharsha Bhandari



Contents vii

Evaluating the Influence of Soil Plasticity on the Vibratory
Roller—Soil Interaction for Intelligent Compaction . . . . . . . . . . . . . . . . . . 247
Sangharsha Bhandari, Behzad Fatahi, Hadi Khabbaz, Jeffrey Lee,
Zhengheng Xu, and Jinjiang Zhong

De-icing Test of the Externally Heated Geothermal Bridge
in Texas . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 261
Omid Habibzadeh-Bigdarvish, Teng Li, Gang Lei, Aritra Banerjee,
Xinbao Yu, and Anand J. Puppala

Climatic Effects on Geomaterial Behavior Related to Mechanics
of Unsaturated Transportation Foundations

Effect of Relative Density on the Drained Seismic Compression
of Unsaturated Backfills . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 277
Wenyong Rong and John S. McCartney

Frost Heave Protection of Concrete Pavement Subgrades . . . . . . . . . . . . . 289
Chigusa Ueno, Yukihiro Kohata, and Kimo Maruyama

Effect of Traffic Load on Permeability of Remolded Kaolin . . . . . . . . . . . 305
Jian Zhou, Linghui Luo, Hao Hu, Jie Xu, and Yicheng Jiang

Characterization of an Expansive Soil in Southwest Brazilian
Amazon—Behavior of an Expansive Subgrade in a Flexible
Pavement . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 323
Victor Hugo Rodrigues Barbosa, Maria Esther Soares Marques,
Antônio Carlos Rodrigues Guimarães, and Carmen Dias Castro

Moisture Influence on the Shakedown Limit of a Tropical Soil . . . . . . . . 337
Gleyciane Almeida Serra, Antonio Carlos Rodrigues Guimaraes,
Maria Esther Soares Marques, Carmen Dias Castro,
and Artur Cortes da Rosa

Long-Term In-Situ Measurement of Soil Suction in Railway
Foundation Materials . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 349
Rick Vandoorne, Petrus Johannes Gräbe, and Gerhard Heymann

A Tool for Estimating the Water Content of Unsaturated
Railway Track Formation Layers . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 363
Ivan Campos-Guereta, Andrew Dawson, and Nick Thom

Hydro-Mechanical Behavior of Unsaturated Unbound Pavement
Materials Under Repeated and Static Loading . . . . . . . . . . . . . . . . . . . . . . 377
Ehsan Yaghoubi, Mahdi M. Disfani, Arul Arulrajah,
Jayantha Kodikara, and Asmaa Al-Taie

Development of a Linear Equilibrium Suction Model Based
on TMI and Climatic Regions for Oklahoma . . . . . . . . . . . . . . . . . . . . . . . . 391
Amir Hossein Javid, Hussein Al-Dakheeli, and Rifat Bulut



viii Contents

Use of Steel Slags in Earthworks—Hydraulic Properties of Steel
Slags and Granulometrically Modified Steel Slags Under
Saturated and Unsaturated Conditions . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 403
Elissavet Barka and Emanuel Birle

Long-Term Performance of Ballastless High-Speed Railway
Track Under the Conditions of Ground Water Level Variations . . . . . . . 415
Hongming Liu, Xuecheng Bian, Lili Yan, and Yunmin Chen

Mechanism of Pore Pressure Increase of Saturated Granular
Materials Subjected to Repeated Loads . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 423
Chuang Zhao, Xuecheng Bian, Yunmin Chen, and Lili Yan

Experimental Study on Soil–Water Retention Properties
of Compacted Expansive Clay . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 433
Debojit Sarker and Jay X. Wang

Rainfall-Induced Deformation on Unsaturated Collapsible Soils . . . . . . 447
Hamed Moghaddasi, Ashraf Osman, David Toll, and Nasser Khalili

Experimental Study on the Effect on Stress Release Holes
to Decrease Frost Heaves of Fine Particle Fillers in Northern
China . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 457
Tianxiao Tang, Yupeng Shen, Xin Liu, and Ruifang Zuo

Numerical and Experimental Study of the Unsaturated
Hydraulic Behavior of a Railroad Track Profile Considering
Fouled Ballast Subjected to Tropical Climate Condition . . . . . . . . . . . . . . 467
Guilherme Castro, José Pires, Rosangela Motta, Robson Costa,
Edson Moura, Liedi Bernucci, and Luciano Oliveira

Laboratory Study on Frost Heave of Ballast . . . . . . . . . . . . . . . . . . . . . . . . . 483
Feng Guo, Yu Qian, Yi Wang, Dimitris C. Rizos, and Yuefeng Shi

Study of the Influence of Rainwater on the Railway Track . . . . . . . . . . . . 493
Luisa Carla de Alencar Menezes,
Antonio Carlos Rodrigues Guimarães, and Carmen Dias Castro

Slope Stability

Predicting the Stability of Riverbank Slope Reinforced
with Columns Under Various River Water Conditions . . . . . . . . . . . . . . . 513
Cong Chi Dang, Liet Chi Dang, and Hadi Khabbaz

Landslide at Govindghat—Investigation and Stabilization
Measures . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 525
Ravi Sundaram, Sanjay Gupta, Minimol Korulla, Rudra Budhbhatti,
and Pankaj Mourya



Contents ix

Earth Pressure, a Load, or a Resistance: Formulation
of the ‘What You Design is What You Get’ Model for Stability
Design of Propped Cantilever Walls . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 541
C. K. S. Yuen

Maintenance Planning Framework for Rock Slope Management . . . . . . 555
Roman Denysiuk, Joaquim Tinoco, José Matos, Tiago Miranda,
and António Gomes Correia

Geohazard in Consequence of Ignoring Primary Stress State
and Failure to Observe the Construction Process of Stabilizing
Constructions Designed . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 569
Juraj Ortuta and Viktor Tóth

Inverse Analysis of a Failed Highway Embankment Slope
in North Texas . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 583
Burak Boluk, Sayantan Chakraborty, Anand J. Puppala,
and Navid H. Jafari

Investigating the Effect of Direction of Grass Roots on Shear
Strength of Soil and Stability of Embankment Slope . . . . . . . . . . . . . . . . . 595
Jakob Schallberger and Lalita Oka

Runoff Water Management on Karstic Terrain and Stability
of Slopes and Foundations in Northern Spain . . . . . . . . . . . . . . . . . . . . . . . 607
F. Collazos Arias, J. C. Mas Bahillo, D. Castro-Fresno,
J. Rodriguez-Hernandez, E. Blanco-Fernandez, L. Castanon-Jano,
D. Garcia-Sanchez, and I. Beltran Hernando

Application of FEA in a Highway Fill Embankment Slope
Stability Failure Study . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 623
Jiliang Li and Thiago Leao

Assessment of Innovative Slope Repair Techniques . . . . . . . . . . . . . . . . . . 635
M. G. Winter, I. M. Nettleton, R. Seddon, D. Leal, J. Marsden,
and J. Codd

Challenges Associated with Construction of Highways on Steep
Side Slopes Covered with Colluvium from Hunter Expressway
Project Australia . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 649
Sudarshan Aryal and Robert Kingsland

Asset Management

Analysis of BIM Implementation on Railway Infrastructures
Through an Application to Rail Track Rehabilitation
and Inspection . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 665
José Neves, Zita Sampaio, and Manuel Vilela



x Contents

Targeted Asset Management on Ageing UK Railway
Embankments—Wrabness . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 677
Ian Payne, Simon Holt, Isaac Griffiths, and Stuart Fielder

Integrated Technology Geological Surveys . . . . . . . . . . . . . . . . . . . . . . . . . . 691
Gennadii Boldyrev

Present Demands on Earth Structures in Transport Engineering
in Europe . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 699
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Investigation on the Dynamic Response
of a High-Speed Railway Tunnel Located
Beneath an Airport Runway and Uneven
Settlement of the Runway

Feizhi Xiao, Jizhong Yang, and Yao Shan

Abstract The rapid development of the high-speed railways and air transportation
networks is leading to an increasing demand of the combination of these twomodes of
transport. Somemodern integrated transport hubs have been operated, and at least 32
airports in China are planning to combine air transportation with high-speed railway
transportation. To realize the “seamless transfer” between the airport and the high-
speed railway station, some high-speed railways were constructed beneath airport
runways. It is necessary to study the dynamic interaction between these two kinds
of infrastructures. Based on a project with a high-speed railway tunnel beneath an
airport pavement in south China, an aircraft–runway interactionmodel and a vehicle-
tunnel-foundation coupling model are proposed to investigate the dynamic response
of the complete system. In this paper, the cumulative plastic deformation of the
airport runway caused by the dynamic load of high-speed trains is comprehensively
predicated. The influence of the aircraft dynamic load on the deformation of the
tunnel and the operation safety of high-speed trains is investigated. The results show
that the settlement of airport runway rises to 9.80 mm after ten years of operation of
the high-speed railway. The amplitudes of the vertical and horizontal displacement
of the tunnel affected by the aircraft dynamic load are 0.192 mm and 0.099 mm,
respectively. The rate of wheel load reduction of the high-speed train is not evidently
excited by the aircraft dynamic load.
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Keywords High-speed railway tunnel · Aircraft–train interaction · Dynamic
response · Operation safety

1 Introduction

With the development of China high-speed railway and expansion of urban areas
in recent years, the development of comprehensive transport hubs has become an
increasing concern in large cities. Comprehensive transport hub integrates multiple
modes of transportation, such as railway, aviation and urban transportation. Some
high-speed railway tunnels inevitably passed under the existing airports. Both
aircrafts and high-speed trains have high requirements for infrastructure deforma-
tion. Thus, it is necessary to investigate the construction, and operation requirements
are met in the intersection between the airport runway and the high-speed railway.

In recent years, several constructions of tunnels beneath airport runways were
carried out.Most of themwere highway tunnels and subway tunnelswith an operation
speed of less than 100 km/h. There is still no precedent of a high-speed railwaywith a
speed of 350 km/h passing under the airport. Previous studies concerning the tunnels
constructed beneath the airport mainly concentrated on the following two aspects.

Based on the strict criteria of foundation deformation of the airport, the influence
of the tunneling on the deformation of the airport infrastructure has been widely
investigated. Gao et al. [1] monitored the variation of the plane curvature of the apron
and the differential settlement of the pavement plates by an in-situ test. Xiao and Lai
[2] analyzed the airport runway settlement and surrounding soil disturbance caused
by shield tunneling. The reasonable buried depth of the shield tunnel was proposed.
With the similar methodology, the settlement characteristics of the airport pavement
due to the tunnel construction have been investigated [3–5]. Wei [6] utilized a finite
element analysis (FEA) model to analyze the effect of train load on the vibration
characteristics of the tunnel and of the airport runway. The results indicated that the
main stress of the tunnel increased, and the vertical displacement decreased with the
increase of buried depth.

Otherwise, some researchers indicated that the impact load of the aircraft played
an important role on affecting the service performance of the tunnel structure. Based
on a modern integrated transport hub in east China, Zhang et al. [7] analyzed the
stress of the tunnel under the aircraft load. Gao et al. [8] used an FEA model to
calculate the dynamic response of the tunnel structure under the moving aircraft
load. The displacement and tunnel lining stress were employed as criteria.

In view of the above, two main issues were mainly concerned in existing research
works: (1) the deformation of the airport pavement due to the tunnel construction
and the long-term dynamic train load; (2) the influence of the impact load of the
aircraft on the construction safety and service performance of the buried tunnel.
However, the operation speed of the rail transit tunnel was limited to 100 km/h
in previous cases. To investigate the dynamic interaction between the high-speed
railway tunnel (350 km/h) and the airport runway, an aircraft–runway interaction
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model and a vehicle-tunnel-foundation coupling model are proposed in this paper.
The long-term settlement of the runway due to the dynamic train load is predicated
as well as the effect of aircraft load on the operation safety of the high-speed train.

2 Background

A high-speed railway tunnel is planned to be constructed beneath an airport runway
in south China. The railway is a double line passenger dedicated line with a design
operation speedof 350km/h.The tunnel is 15.5m inwidth and12.7m inheight. There
is an underground transfer hall in front of the terminal to realize convenient transfer
between the railway station and the airport. The layout of these two infrastructures
and the distribution of the strata are illustrated in Fig. 1.

The width of the runway is 60 m. The buried depth of the tunnel is 10 m, and the
tunnel bottom is located in strongly weathered granite.

This is the first case around the world that the high-speed railway tunnel with an
operation speed of 350 km/h constructed beneath the airport runway with shallow
buried depth. Compared with the existing underpass cases, the irregularity control in
this case is stricter. The train loads in higher frequencies may lead to greater ground
settlement and affect the operation safety of the aircraft. Thus, it is necessary to
investigate the safety of the intersection. In addition to the two aspects concerned
in the existing research works, the stricter criteria of the track irregularity is another
significant issue needed to be paid attention to.

a b

Fig. 1 Layout of runway and tunnel and the distribution of the strata. a Sketch of railway and
airport. b Cross section of high-speed railway tunnel
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3 Long-Term Settlement of the Runway Due
to the Dynamic Train Load

To investigate the influence of the high-speed train load on the deformation of airport
runway, a vehicle-tunnel-foundation coupling model is proposed. The high-speed
train load is applied to obtain the deviatoric stress in the soil. Combined with the
cumulative plastic strain model of the soil, the uneven settlement of the ground is
calculated.

3.1 Model

AFEAmodel of the vehicle-tunnel-foundation system is realized in softwareMIDAS
GTS (refer to Fig. 2). Lv et al. [9] indicated that the length of the model in the
horizontal direction should be longer than 8 times the diameter of the tunnel to
prevent the wave reflecting. To guarantee the calculation accuracy, the length, the
width and the height of the model are chosen as 200 m, 120 m and 52 m, respectively
(refer to Fig. 2). According to results in the literature [10], the size of the finite
elements should be smaller than the 1/6 of minimum wavelength of the shear wave
in different soil strata. Considering the calculation efficiency, the mesh size of soil
in the vicinity of the tunnel is chosen as 1.4 m.

The tunnel, soil, airport runway and track slab are simulated by three-dimensional
solid elements. The vehicle system is established based onmulti-body dynamics. The
coupling between the vehicle system and the track is realized by wheel–rail contact
forces. The linear elastic model is used for tunnel, airport runway and track slab. The
Mohr–Coulomb model is used for soil.

In the dynamic analysis of the model, the reflection of the wave is generated at the
boundary of the model, thus affecting the correctness of calculation results. To elimi-
nate the influence of boundary, the three-dimensional viscoelastic artificial boundary
around the periphery of themodel is utilized to simulate the soil in semi-infinite space.
It is realized by adding a parallel spring damping system to the boundary nodes and
setting the tangent and normal spring stiffness and damping coefficient. According

Fig. 2 Vehicle-tunnel-foundation FEA model
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to the recommended coefficients [11], the modified coefficients of viscoelastic arti-
ficial boundary in tangential and normal directions are chosen as 0.67 and 1.33,
respectively.

3.2 Analysis of Calculation Results

Model Parameter. Parameters of the soil strata and of the slab track (CRTS I double
block) are listed in Tables 1 and 2, respectively.

Wheel/rail force. CRH380 series electric multiple units (EMUs) are temporarily
recommended for the train of this line with a maximum operation speed of 350 km/h.
The vehicle model is illustrated in Fig. 3, and the vehicle parameters are shown in
Table 3.

The German low interference spectrum of the track irregularity is used as the
excitation of the system. The calculated wheel–rail contact force as a function of the
time is shown in Fig. 4.

Results. To simulate the process of train passing through tunnel, the calculated
wheel–rail contact force is applied on the FEA model of runway-soil-tunnel system.
The traffic of the high-speed railway line consists of approximately 50 trains per day,
including 34 low-speed (80 km/h) trains and 16 high-speed (350 km/h) trains. The
deviator stress field of the foundation subjected to the passing trains with different
operation speeds is calculated by utilizing the vehicle-tunnel-foundation coupling

Table 1 Parameters of soil stratification

Classification Parameter Thickness (m)

E (MPa) G (MPa) μ

Runway cement concrete 35,000 15,217.4 0.15 0.4

Cement-stabilized macadam base 400 166.7 0.2 0.38

Apron filling 100 40 0.25 6.8

Filling 120 49.2 0.22 10

Soft soil 30 11.1 0.35 2.14

Silty clay 60 23 0.3 7.9

Completely weathered granite [12] 50 19.2 0.3 5.17

Strongly weathered granite [12] 150 60 0.25 7.04

Weakly weathered granite [12] 400 166.7 0.2 7.4

Table 2 Parameters of slab track

Specifications E (MPa) μ Density (kg/m3)

Rail 60 kg/m 206,000 0.3 7800

Slab – 36,500 0.17 2500
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Fig. 3 Vehicle rail coupling model

Table 3 Vehicle parameters

Parameter Value Parameter Value

Mass of the vehicle body 33,766 kg Stiffness of secondary
suspension

2291 kN/m

Mass of the bogie 2400 kg Damping of primary
suspension

196 kN s/m

Mass of the wheelset 1850 kg Damping of secondary
suspension

1174 kN s/m

Pitch inertia of the vehicle body 186700 kg m2 Bogie semi-pivot
spacing

8.75 m

Pitch inertia of the bogie 1753 kg m2 Bogie semi-wheelbase 1.25 m

Stiffness of primary suspension 2352 kN/m

Fig. 4 Wheel–rail contact
force
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Fig. 5 Deviator stress at different position. a Deviator stress at the middle line. b Deviator stress
at 10 m from the middle line. c Deviator stress at 20 m from the middle line

model. The deviator stresses of the soil as functions of the depth beneath the tunnel
are shown in Fig. 5. The corresponding position of each figure is shown in Fig. 2.

The deviator stress can be used to calculate soil cumulative plastic strain with
regard to a certain number of cyclic train loads. Then, the differential settlement of
airport runway can be obtained by integrating soil strain along the depth [13]. The
soil cumulative plastic strain model improved by Li and Selig [14] is employed,

εp = a

(
σd

σs

)m

Nb, (1)

where εp is the cumulative plastic strain (%); a, b and m are the parameters for
soil type, soil properties and stress state, respectively; σd is the deviator stress; σs is
the soil static strength; N is the number of repeated load applications. Parameters a,
b and m are chosen based on the laboratory tests [14].

The foundation differential settlements along the runway in cases with different
operation periods are shown in Fig. 6. The magnitudes of the differential settlements
along the runway with operation periods of 0.5 year, 1 year, 3 years, 5 years and
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Fig. 6 Ground settlement evolution after different operation periods

10 years are 5.71 mm, 6.60 mm, 7.89 mm, 8.65 mm and 9.80 mm, respectively. Both
the criterion of the total foundation settlement and the criterion of the differential
settlement listed in the “Code for Geotechnical Engineering Design of Airport” are
met.

4 Influence of Aircraft Load on Service Performance
of the Tunnel and the Operation Safety of the High-Speed
Trains

The take-off and landing loads of aircraft may cause large deformation and addi-
tional stresses of tunnel linings, which directly affect the structure durability and the
operation safety of the passing trains, e.g., the rate of wheel load reduction.

4.1 Deformation and Stresses of the Tunnel Linings Under
Aircraft Loads

Based on the model described in Chap. 3, the impact load of the aircraft is applied
to predict the structural deformation. The buried depth of the tunnel is 10 m, and the
compactness of the backfill above the tunnel is chosen as 96%. The FEA model is
shown in Fig. 7.

Figure 8a shows the lining deformation of the tunnel in the most unfavorable
position under the aircraft load. The overall deformation diagram of the tunnel is
shown in Fig. 8b. The results reveal that the deformation of the tunnel bottom is
relatively small, while the maximum deformation of structure is observed on the
tunnel top.
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Fig. 7 Tunnel deformation model

a b

Fig. 8 Deformation of the tunnel. a Deformation in the cross section. b Overall deformation of
tunnel

The amplitudes of the deformations and stresses of all measuring points are listed
in Tables 4 and 5. The maximum vertical deformation of the tunnel is 0.192 mm,
and the maximum horizontal deformation is 0.099 mm. Under the impact load of the
aircraft, the deformation of the tunnel structure is very small. Themaximumprinciple

Table 4 Maximum deformation of measuring point

Point D1 D2 D3 D4 D5

Maximum vertical deformation/mm 0.154 0.156 0.192 0.178 0.179

Maximum horizontal deformation/mm 0.066 0.081 0.076 0.099 0.071

Table 5 Maximum stresses of measuring point

Point S1 S2 S3 S4 S5 S6 S7 S8 S9 S10

σ1/kPa 39.8 52.9 25.6 45.5 45.4 51.4 44.2 73.9 23.0 79.0

σ3/kPa −58.4 −46.0 −114.1 −33.7 −95.8 −83.5 −129.0 −41.0 −113.4 −93.8
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stress (σ1) is 79.0 kPa, and the minimum principal stress (σ3) is −129.0 kPa. The
effect of the aircraft load on the service performance of the tunnel is not obvious.

4.2 Dynamic Response of the Track Due to the Aircraft Load

A multi-body dynamic model is employed to investigate the tire–pavement interac-
tions during the aircraft taxiing. The maximum take-off mass of the Boeing 747-400
aircraft is approximately 398 t, and the aircraft taxiing speed is chosen as 260 km/h.
The dynamic simulation model of B747-400 is illustrated in Fig. 9.

With the excitation of the Class-A highway spectrum, the dynamic tire–pavement
contact forces are obtained. The vertical force of a single tire of the main landing
gear during the taxiing process before the take-off is shown in Fig. 10:

The impact force of the aircraft directly affects the dynamic irregularity of the
high-speed track. The most unfavorable condition was selected to investigate the
dynamic response of the track. When the Boeing 747 is passing over the tunnel, the
high-speed train is passing through the tunnel with a speed of 350 km/h. The wheel

Fig. 9 Dynamic model of aircraft

Fig. 10 Vertical force of a
single tire
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a b

Fig. 11 Rail vibration displacement and velocity. a Rail vibration displacement. b Rail vibration
velocity

load reduction rate is calculated to evaluate the operation safety of the high-speed
train.

Figure 11a shows the rail vertical displacement as a function of the time. When
the aircraft is approaching the top of the tunnel, the vertical deflection of the rail
is amplified. The maximum value of rail displacement rises to 0.14 mm. The rail
deflection decreases when the aircraft leaves the tunnel.

Figure 11b shows the vertical velocity of the rail as a function of the time. The
amplitude of the velocity is approximately 0.0013 m/s.

According to the vehicle–track coupling model, the displacement and the velocity
of rail are utilized to calculate the wheel–rail contact force. Then, the rate of wheel
load reduction r is obtained by

r = 1− Pd
Ps

, (2)

where Pd is the dynamic wheel–rail contact; Ps is the static wheel load.
The time history curve of the wheel load reduction rate during the first vehicle

of CRH380 EMUs passes through the tunnel at a speed of 350 km/h is illustrated in
Fig. 12. Although the vertical deflection and velocity of the rail are changed when
the aircraft passes over the tunnel, the variation of the vertical force is not obvious.
Figure 12b shows that the aircraft load has small effect on the wheel load reduction
rate. Therefore, the take-off and landing of aircraft have no obvious influence on the
operation safety of the high-speed railway.

5 Conclusion

In this paper, a series of FEA simulations are carried out to investigate the inter-
actions between a buried high-speed railway tunnel and an airport pavement based
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Fig. 12 Wheel load reduction rate. a Full period. b Zooming on the results

on an intersection project in south China. The long-term settlement of the runway
foundation due to the dynamic train load is predicted as well as the effect of aircraft
load on the operation safety of the high-speed train. Three conclusions can be drawn:

1. Under the long-term cyclic loads of the high-speed train, the settlement trough
along the runway is generated. Both the criterion of the total foundation settle-
ment and the criterion of the differential settlement listed in the “Code for
Geotechnical Engineering Design of Airport” are met after 10 years’ operation
of the high-speed railway.

2. Under the long-term aircraft loads, the maximum vertical and horizontal defor-
mations of the tunnel are 0.192 mm and 0.099 mm, respectively. The influence
of the aircraft load on the service performance of the tunnel is very small.

3. The impact force of the aircraft on the pavement has limited effect on the deflec-
tion and the vertical velocity of the track. The wheel load reduction rate of the
high-speed train is stable during the take-off and the landing of aircraft.
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Influence of Shield Slurry Property
on Filter Cake Quality in Sand Stratum

Weitao Ye, Longlong Fu, and Shunhua Zhou

Abstract Slurry preparation and pressure maintenance of slurry balance shield
should be carefully treated during tunneling in complex sand stratum. On basis of
the slurry shield tunnel project in Fuzhou, slurry pressure was determined by two
different theoretical methods. Then, an indoor test was conducted to explore the
influence of constituents on slurry property. The influence of slurry properties on
filter cake forming process under different slurry pressure was also analyzed through
slurry penetration test. The test results indicate that the bentonite and silt soil had
dominated influence on relative density, while the bentonite andCMChad dominated
influence on viscosity. It is found that the water discharge, which is the index to eval-
uate the effect of filter cake, decreases firstly and then increases as slurry relative
density increases. The water discharge also decreases as slurry viscosity increases.
Meanwhile, the influence of viscosity on the water discharge was found less than
that of relative density. Finally, a segmented slurry control scheme suitable for sand
stratum in Fuzhou was presented.

Keywords Slurry shield · Slurry property · Slurry penetration test · Filter cake ·
Water discharge

1 Introduction

Slurry shield is widely used in tunnels beneath rivers or in high permeable strata [1,
2]. When the property of shield slurry is suitable for the strata, a filter cake is formed
on the excavation face which is significant to maintain the stability of the face during
tunneling. Otherwise, the slurry particles will flow away through the pore which may
result in potential instability of the excavation face [3–5]. Therefore, the focal point
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in slurry shield tunneling is to prepare a kind of high-quality slurry to hold effective
support pressure on the excavation face.

Currently, the slurry used in slurry shield mostly consists of water and bentonite.
Sometimes additives are used in order to enhance the property of the slurry. There are
different kinds of additives that include polyanionic cellulose (PAC), carboxymethyl
cellulose (CMC), polyacrylamide and other polymers for different functional require-
ments [6, 7]. Fritz [8] found a combined action of all additives including Caebocel
C190, bentonite, sand and vermiculite for the successful construction of Zimmerberg
Base Tunnel. Cui [9] found a kind of additive called biodegradable pregelatinized
starch (PGS) which is harmless to the environment.

With the above constituents, the key point is to determine the suitable components
and corresponding proportion of the slurry. It is an effective way to evaluate the
performance of filter cake through water discharge [10–13], pore pressure [14] and
the form of filter cake [15, 16] by slurry penetration tests. It is believed that the
water discharge decreases with the increase of slurry viscosity and relative density
which is the mass of a substance divided by the mass of the same volume of water.
Correspondingly, the conversion of pore pressure is more effective. In addition, it
is revealed that sand stratum is mainly filled by small bentonite and clay particles,
and gravel stratum is filled by cluster of slurry particles. However, the influence of
slurry properties on the filter cake quality is so far explored by single factor analysis
according to the existing studies.

In this paper, the combined effect of slurry relative density and viscosity is synthet-
ically considered. Meanwhile, the role of slurry relative density and viscosity on
the form of filter cake is analyzed after the tests. Then, a segmented slurry control
scheme is given and applied in site, which proved that the proposed slurry proportion
is suitable to the sand stratum in Fuzhou.

2 Engineering Background and Slurry Pressure Setting

2.1 Engineering Background

The interval between Jinxiang Station and Xiangban Station is shown in Fig. 1
which is 1580 m long. Slurry shield passes through the medium-coarse sand layer
in the section near the station and the silt soil layer under the river which has high

Fig. 1 Strata profile of shield tunneling construction in Fuzhou
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requirements for the construction control of the shield and the preparation of the
slurry.

2.2 Slurry Pressure Setting

Static earth pressure theory and Terzaghi loosening earth pressure theory are used
to calculate the earth pressure of the first 600 rings in Jinxiang–Xiangban interval.
In the section of deep soil layer, it is useful to calculate earth pressure by Terzaghi
loosening earth pressure theory, while static earth pressure theory can be used to
calculate earth pressure for thin soil layer across the river.

Horizontal static earth pressure can be calculated by

σv = P0 +
∑

γi hi

where P0 is surface load, γ is the unit weight, and h is the soil depth.
Terzaghi loosening earth pressure can be calculated by

σv = B(γ − c/B)

K tan ϕ

(
1− e−K tan ϕ·Z/B

) + P0e
−K tan ϕ·Z/B

where K is the lateral soil pressure coefficient, c is the cohesion force of soil, ϕ
is the internal friction angle of soil, B is the width of Trapdoor, and Z is depth of
tunnel.

Based on the full earth pressure theory, the earth pressure can be calculated
according to the stratum parameters of Jinxiang–Xiangban interval in Fuzhou.
Considering water pressure and building pressure, the final slurry pressure is shown
in Fig. 2.

3 Shield Slurry Preparation

3.1 Laboratory Test

Laboratory test is designed to explore the influence of different materials and propor-
tion on slurry relative density and viscosity. Shield slurry used in the tests consists of
bentonite, silt soil and carboxymethylcellulose which is called CMC for short. The
use of silt soil from the tunnel in Fuzhou is for green and economic recycle.

In order to explore slurry properties under different materials and proportion, five
groups are designed by controlling variable method which focus on the changes of
slurry relative density and viscosity. The results are taken for 1 h and 1 day.
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Fig. 2 Slurry pressure of Jinxiang–Xiangban interval

3.2 Influence of Materials on Shield Slurry

It is shown in Fig. 3 that slurry relative density increaseswith the increase of bentonite
and silt soil. By tests#1, #2, #4 and #5, the effect of bentonite on slurry relative density
is slightly greater than that of silt soil, which is due to the deposition of some coarse
particles from silt soil. Meanwhile, slurry standing time has little effect on slurry
relative density.
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Fig. 3 Slurry relative density under different materials
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As shown in Fig. 4, slurry viscosity increases with the increase of bentonite and
CMC. It is seen from test#3 that the effect of CMC on slurry viscosity is remarkable.
By test#5 and #6, silt soil has little influence on the increase of slurry viscosity. By
test#1, test#2 and test#3, CMCand bentonite have synergistic effect on the increase of
slurry viscosity. Meanwhile, slurry standing time has great effect on slurry viscosity.
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Fig. 5 Test apparatus of
slurry infiltration
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4 Slurry Penetration Test Design

4.1 Experimental Apparatus

A self-made device is adopted in slurry penetration tests which is shown in Fig. 5.
The main body of the device is an organic glass cylinder whose inner diameter is
14 cm and height is 30 cm. The upper part of the device is an aluminum plate which
is connected to the external air compressor by an outlet hole. The bottom of the
device is provided with a water outlet hole, and the filtration water is collected by
measuring cup in the test and weighted by electronic scale constantly. The materials
in the device are divided into three layers from bottom to top which include gravel
cushion, coarse sand and slurry.

4.2 Experimental Materials

Initial shield slurry is made with water and bentonite. Then, silt soil is added to the
slurry to adjust relative density, while CMC is added to the slurry to adjust viscosity.
The stratum material is from medium-coarse sand stratum in Fuzhou whose sand
grains gradation is shown in Fig. 6.

Fig. 6 Grading curve of
medium-coarse sand
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4.3 Experimental Procedure

Follows are the methods of the laboratory tests. First, prepare slurry and make it
fully hydrated. Second, configure the middle coarse sand in the test. The sand is put
into the cylinder by five parts. Third, saturate the middle coarse sand and set still
for 12 h. After the completion of saturation, fill the container with the slurry. Forth,
apply preset slurry pressure, and each stage lasts 3 min. During the tests, record the
filtration water discharge each 10 s.

4.4 Experimental Scheme

The effects of slurry pressure, relative density and viscosity are studied by factorial
design. There are 16 groups divided by slurry relative density and viscosity which
are shown in Table 1. According to the pressure calculated in the second section, the
test pressure is divided into four levels from 0.1 to 0.4 MPa. Besides, the relative
density deviation is controlled at ±0.01, and the viscosity deviation d is controlled
at ±1 s.

Table 1 Experimental scheme under different experimental factor

Group Relative density Viscosity (s) Bentonite (g) Silt soil (g) CMC (g) Water (g)

1 1.05 18 60 125 0.6 1000

2 1.05 22 60 100 1 1000

3 1.05 26 60 120 2.2 1000

4 1.05 30 60 125 3.2 1000

5 1.12 18 80 550 0.3 1000

6 1.12 22 80 450 0.4 1000

7 1.12 26 80 480 2.6 1000

8 1.12 30 80 460 3 1000

9 1.18 18 80 700 0.1 1000

10 1.18 22 80 850 0.3 1000

11 1.18 26 80 800 0.8 1000

12 1.18 30 80 700 1.3 1000

13 1.25 18 100 1000 0 1000

14 1.25 22 100 1100 0.3 1000

15 1.25 26 100 980 0.8 1000

16 1.25 30 100 1160 1.1 1000
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5 Results of Laboratory Experiment

5.1 Final Water Discharge

The finalwater discharge of slurry penetration tests is showed in Fig. 7. It is found that
the final water discharge is the largest when the slurry relative density is 1.05. When
the slurry relative density is 1.12 and 1.18, the results are smaller. But it becomes
larger with a slurry relative density that is up to 1.25. It can be concluded that the
final water discharge decreased firstly and then increased as slurry relative density
increased.

Compared with the results under different viscosity in Fig. 7, when the slurry
relative density is 1.05, the final water discharge decreases during the process slurry
viscosity increases from 18 to 26 s, but increases when slurry viscosity is 30 s. In
other slurry relative density, the final water discharge decreases with the increase of
viscosity.

Under the same relative density of shield slurry, the maximum difference of the
final water discharge with different slurry viscosity is 3.6 L/m2 at 0.4MPa. Under the
same viscosity of shield slurry, the maximum difference of the final water discharge
with different slurry relative density is 7 L/m3 at 0.4 MPa, which shows that the
influence of slurry viscosity on the results of the tests is less than that of slurry
relative density.

It is known that the finalwater discharge increaseswith the increase of test pressure
from Fig. 7. When the test pressure is larger, the penetrating speed of fine particles
in the slurry and the accumulating speed of coarse granules on the surface will be
faster.
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Fig. 7 Final water discharge in the tests
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Fig. 8 Water discharge during filter cake forming process

5.2 Water Discharge During Filter Cake Forming Process

The final water discharge can be divided into two parts. One is water discharge during
filter cake forming process which reflects the form of filter cake and the velocity of
its formation. The other is the water discharge per second after filter cake formation
which reflects the penetrability of the filter cake.

Figure 8 is the comparison of the water discharge of filter cake forming process
under different experimental factors. The water discharge decreases firstly and then
increases with the increase of relative density and increases with the increase of
viscosity. When the slurry relative density is 1.05, the water discharge is larger,
which means the influence of relative density is dominant. When slurry relative
density is more than 1.12, relative density and viscosity have the same affection on
the test results.

5.3 Water Discharge Per Second After Filter Cake Formation

Figure 9 is a comparisonmap of the water discharge per second after the formation of
filter cake. As shown in Fig. 9, the larger the slurry viscosity is, the smaller the water
discharge per second is, while the larger the slurry relative density is, the larger the
water discharge per second is. Combined with the form of filter cake after the test, it
is known that the contents of CMC and bentonite are significant to the permeability
of filter cake.
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Fig. 9 Water discharge per second after filter cake formation

5.4 Filter Cake Formation Time

At present, there are many definitions of filter cake formation time. Wei Daiwei
defined the time when pore pressure conversion reaches the maximum as filter cake
formation time. Wu Di took the time when pore filling rate is up to 80% as filter cake
formation time. In this paper, filter cake formation time is regarded as the time when
the water discharge is stable or when the slope of discharge–time curve is less than
5.1 × 10−3 L/m2/s.

Figure 10 is the comparison of filter cake formation time under different experi-
mental factors. It is found that filter cake formation time decreases with the increase
of slurry relative density. The larger slurry relative density is, the more particles in
slurry are, so the stratum can be permeated or accumulated faster. Filter cake forma-
tion time decreases with the increase of slurry viscosity because the cohesiveness
between particles is better when slurry viscosity is larger. Thus, the space network
structure can be formed faster in the particles filling process.

5.5 The Form of Filter Cake

The form of slurry penetration can be obtained after tests, and the typical form of
which under the constant viscosity of 26 s and different relative density are shown
in Fig. 11.

Table 2 lists the form of slurry penetration under different slurry relative density.
It is known that when slurry relative density is larger, the slurry penetrating distance
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Fig. 10 Filter cake formation time

is shorter, and the filter cake is thicker, which means when slurry relative density
increases, the form of filter cake changes from clogging in stratum to filter cake.

6 Slurry Control Scheme and Application

6.1 Slurry Control Design

The slurry shield in Fuzhou adopts a cutter head which has six spokes. The time
required for two adjacent spokes to reach the same position is filter cake formation
time which means filter cake will be destroyed by six times for a circle. Table 3 lists
the two failure time intervals of filter cake.

The slurry control plan is given by cutter speed, filter cake formation time and
the water discharge of tests, as shown in Table 4. Silt soil layer under the river has
a small permeability coefficient. When the slurry pressure is enough, the stability of
tunnel face can be controlled, so the properties of the slurry can be reduced properly.

6.2 Application in Site

During slurry shield tunneling through the layer under the river in Fuzhou, it is useful
to take silt soil from silt ground layer as one of slurry materials. The proportioning
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a  relative density 1.05               b  relative density 1.12 

c  relative density 1.18               d  relative density 1.25 

Fig. 11 Form of slurry penetration under different slurry densities

Table 2 Form of slurry penetration under different slurry density

Relative density The form of filter cake Thickness of filter cake
(mm)

Slurry penetrating
distance (mm)

1.05 Filter cake and clogging 1 15

1.12 Filter cake and clogging 2 5

1.18 Filter cake and clogging 4 3

1.25 Filter cake 6 0

of slurry is bentonite: silt soil: CMC: water = 80:600:2:1000. The 20th–50th rings
in Jinxiang–Xiangban interval are taken as the test section. In this section, slurry
relative density is controlled between 1.12 and 1.18, and viscosity is 26–30 s. At
the same time, revolution of the shield cutter is controlled at 0.5–1.5 rpm which is
shown in Fig. 12. In Fig. 13, it is known that the torque of cutter head is stable, and
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Table 3 Time interval between two destruction of filter cake

The form shield cutter
head

Rotation rate (rpm) Time of a lap (s) Two failure time intervals
of filter cake (s)

Six spokes distribute 60°
uniformly

0.3 200 33.3

0.5 120 20

0.8 75 12.5

1 60 10

1.5 40 6.7

2 30 5

Table 4 Proposed projects of
slurry preparation

Stratum Relative density Viscosity (s) Materials

Sand 1.15 ± 0.03 26–30 Bentonite, silt soil
and CMC

Silt soil 1.15 ± 0.05 22–30 Bentonite, silt soil
and CMC

Fig. 12 Slurry relative
density and revolution of the
shield cutter of 20th–50th
rings

24 36 48 60 72

20 30 40 50 60

1.00

1.05

1.10

1.15

1.20

1.25

number of ring

re
la

tiv
e 

de
ns

ity

distance from origin (m)

 relative density
 Rev

0.0

0.5

1.0

1.5

2.0

2.5

3.0

3.5

R
ev

 (r
pm

)

the ground settlement is small which proves the proportioning of slurry from tests
result is suitable.

7 Conclusions

1. The bentonite and silt soil have dominated influence on the relative density of
the slurry, while the bentonite and CMC have dominated influence on viscosity
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Fig. 13 Torque of cutter
head and the ground
settlement of 20th–50th rings
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in slurry preparation. Meanwhile, slurry standing time has great effect on slurry
viscosity.

2. The water discharge decreases firstly and then increases with the increase of
slurry relative density which however decreases as slurry viscosity increases.
Meanwhile, it increases as slurry pressure increases. When the slurry relative
density is larger and the slurry viscosity is higher, the formation time of filter
cake is shorter and the water discharge is smaller during filter cake forming
process.

3. The form of slurry penetration in coarse sand stratum is filter cake and clogging.
When slurry relative density is larger, the slurry penetrating distance is shorter
and the filter cake is thicker, which means the form of filter cake changes from
clogging in stratum to filter cake as slurry relative density increases.

4. On the basis of the results of laboratory tests, the complex strata and the slurry
shield machine, a segmented slurry control scheme is presented. The in-situ
construction shows that the segmented slurry control scheme performed well.
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Dynamic Response and Long-Term
Settlement of Four Overlapping Tunnels
Subject to Train Load

Xiangliang Zhou, Quanmei Gong, Zhiyao Tian, and Yao Shan

Abstract With continued development of urban rail transit networks, the quantity of
overlappingmetro tunnels is increasing. Long-term service performance of the tunnel
structure can be threatened a lot by complicated dynamic response of tunnel–ground
system under train load, especially in the overlapping cases. Based on a case of
four overlapping tunnels in soft clay region, dynamic response of the tunnel–ground
system and long-term settlement of the tunnels are investigated with finite element
method (FEM) and empirical method. It is shown that, maximum acceleration and
dynamic principal stress of the lining in overlapping zone are 48.2% and 19.8%,
respectively, larger than that in non-overlapping zone. The ten-year accumulation
settlement of the tunnel in overlapping zone is 173.7% larger than that in non-
overlapping zone. Uneven settlement occurs in the overlapping zone, and the radius
of curvature of the tunnel (12,461 m) exceeds the requirements of the specification
(15,000 m). Grouted reinforcement can control the uneven settlement well. Radius
of curvature of the tunnel can be refined to 33,967 m, which meets the requirements
of the specification.
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1 Introduction

With urgent demand of traffic accessibility, the scale of urban rail transit networks
is constantly expanding. As a result, the quantity of overlapping metro tunnels is
increasing. Dynamic response of the structure–foundation system in overlapping
cases is much more complicated than that in a single operation tunnel. Complicated
dynamic response of the overlapping area may induce significant long-term subsoil
deformation, which threats long-term service performance of the tunnel.

Dynamic response of a single tunnel structure subject to train vibration has been
investigated by various methods. Acceleration duration curves of the tunnel lining
under train vibration were measured in field tests [1, 2]. Numerical models were also
established to analyze the acceleration and dynamic stress on the tunnel lining [3,
4]. Dynamic responses of tunnels in an elastic half space were studied by analytical
method [5]. Furthermore, dynamic responses of two parallel tunnels or two overlap-
ping tunnels have also been studied in the literatures [6–8]. The general law shows
that dynamic responses of tunnel lining in multi-tunnel situation are larger than that
in single tunnel situation.

Long-term settlement of foundation under train load has also been noticed in
literatures. The settlement contains two parts [9, 10]: (1) plastic settlement caused
by cumulative plastic strain; (2) consolidation settlement caused by dissipation of
cumulative pore pressure. There are two types of computational algorithms used
to calculate plastic settlement of the foundation subject to dynamic train load: a
constitutive model and an empirical model. The constitutive model includes the
yield criterion, hardening rules, and flow rules [11, 12]. Numerical analysis was
combined with soil constitutive models to calculate the soil plastic deformation of
the subgrade caused by train loads. Thismethod has definite physical significance that
reflects the deformation mechanism of subgrade soil subject to cyclic train loading.
However, it requires many calculations, even with a few cyclic loading applications,
and therefore is unrealistic for predicting the long-term uneven settlement of founda-
tion after millions of loading cycles. In engineering, an empirical model can be used
more easily than a constitutive model. Considering calculation cost, the realistic and
common used algorithm to calculate the above-mentioned two parts settlement is
based on empirical models: Step 1, numerical model or analytical model can be used
to calculate the dynamic deviator stress of subsoil under once train operation; Step 2,
empirical models can be used to describe the relationship of cumulative plastic strain
and cumulative pore pressure in soil element with times of the applied repeated load
under the certain dynamic deviator stress, which were obtained from laboratory tests
[13–16]; step 3, the plastic settlement of subsoil can be calculated by integrating
soil strain along the depth, and the consolidation settlement can be calculated by
Terzaghi’s one-dimensional consolidation theory. Through the above process, long-
term settlement of a single tunnel case [16] or two tunnels overlapping case [9] has
been predicted. The results show that the settlement in multi-tunnel cases is always
greater than that in a single tunnel case.
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Most of the aforementioned studies concentrate on a single tunnel case or two
tunnels overlapping case. Few studies focused on a four overlapping tunnels case,
which is amore common case in practical. In this paper, based onABAQUS software,
a tunnel-foundation FEM model is established to analyze the dynamic response of
tunnel lining and the foundation soil in the situation of four overlapping tunnels under
train vibration. Long-term settlement of the tunnels in overlapping zone and non-
overlapping zone is calculated and analyzed. These findings can provide a reference
for maintenance of the service performance of four overlapping tunnels.

2 Engineering Background

Nanjing Metro Line 3 has been in operation since 2015. Metro Line 5, designed to
cross below Metro Line 3, is expected to be in service in 2022. The lining of Metro
Lines 3 and 5 is both 6.2 m in outer diameter and 5.5 m in inner diameter.

The typical profile is presented in Fig. 1. Buried depth of the two tunnels of Metro
Line 3 is 9.8 m. The clear distance between the tunnels of Metro Line 3 and 5 is only
1.95 m. The groundwater level is 0.5 m below the ground surface. The typical strata
are composed of 2.5 m thick filling, 2 m thick silty clay-A, 12.5 m thick mucky silty
clay, 6.5 m thick silty clay-B, and silty clay layer-C to the depth of 50 m. Metro Line
3 is located within the mucky silty clay layer, and Metro Line 5 is mainly located in
the mucky silty clay layer silty clay layer-B.

26.5m

12.5m

2m2.5m

6.5m8.8m

9.8m

6.2m

1.95m
6.2m

Miscellaneous soil-filling
Silty clay layer-A

Mucky silty clay layer

Silty clay layer-B

Silty clay layer-C

Metro Line 5

Metro Line 3

Fig. 1 Typical soil profile at the site
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Table 1 Parameter settings for finite element analysis

Materials Unit weight γ /(kN/m3) Dynamic elastic modulus
E/(MPa)

Poisson ratio v

Miscellaneous soil-filling 19.3 41 0.33

Silty clay layer-A 19.4 69 0.31

Mucky silty clay layer 17.9 31 0.38

Silty clay layer-B 20.1 73 0.32

Silty clay layer-C 20.3 56 0.32

Track bed 25 31,500 0.2

Lining 25 27,600 0.2

3 Numerical Calculations

3.1 Description of Calculation Model

Tunnel–ground FEM model was established to compute dynamic response of four
overlapping tunnels and subsoil under train load. The experience in the literatures
[17–19] shows that an elastic constitutive model is accurate enough to calculate
the dynamic deviatoric stress in subsoil under train vibration. Thus, for calculation
simplification, the soil and structures are considered to be described with linear–
elastic constitutive. The parameters settings are shown in Table 1.

To eliminate boundary effects, horizontal scale of the model is 8–10 times of the
tunnel diameter, the size of the finite elements is smaller than the 1/6 times minimum
wavelength of soil layers, and a high accuracy calculation results can be reached [20].
The minimum shear wave velocity is 146 m/s (in mucky silty clay). The frequency of
shear wave under subway train load is 10 Hz [21, 22]. Therefore, the minimum shear
wavelength is 14.6 m. When the size of the finite elements is less than 2.43 m, it can
meet the accuracy requirements of dynamic calculation. Thus, the model length is
100 m in horizontal direction; the bottom boundary of the model is 30 m below the
ground level, and the upper surface of model is the free face of the ground level. The
model mesh is divided into 0.5–2 m regular hexahedral elements. The finite element
model is presented in Fig. 2.

3.2 Selection of Measuring Point

Bai and Li [7] studied dynamic responses of two overlapping tunnels case and found
that the dynamic amplification effect was most significant when the trains met at the
intersection of the tunnels. Moreover, in this case, four trains would reach the longest
meeting time at the intersections when the trains met at the intersection. Thus, the
case that trains of Metro Line 5 and trains of Metro Line 3 meet at the intersection
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Fig. 2 Finite element model

can be considered as the most unfavorable situation, which is the studied case in this
paper.

One of the tunnels in Metro Line 3 is chosen for analysis. As is seen in Fig. 3,
three vertical sections are chosen for analysis. Section 1 is the center of overlapping
zone on Metro Line 3, Sect. 2 is the intersection of Metro Line 3 and 5, and Sect. 3
is thought to be in the non-overlapping zone (the reason will be discussed later). On
the tunnel lining, tunnel vault (A) and tunnel invert (B) are chosen for analysis. In
subsoil, the soil elements on the red lines L1, L2, and L3 are chosen for analysis.

3.3 Load Application

The wheel–rail contact force is transmitted through the fastener to the track bed and
then to the tunnel structure. In this paper, the train load is simulated by applying a
concentrated force at the corresponding position of the fastener. The fastener force
time history curve of a fastener is shown in Fig. 4. The speed of train running is
54 km/h, and phase difference is applied to adjacent fasteners to simulate metro
driving.

The fastener force time history curve of a fastener shown in Fig. 4 is obtained from
the vehicle–track vertical coupled dynamic model [23] in Fig. 5. Each train carriage
consists of a vehicle body, two bogies, and four wheels sets. The vertical and pitch
motion of the vehicle body and bogie and the vertical motion of the wheel set are
considered. Suspensions are simulated as springs and dampers. The train adopts three
same carriages, which can reflect the periodic distribution of the train axle along the
bogie and the vehicle body. The parameters of vehicle refer to the type A vehicle
of Nanjing Metro. A pair of rails is modeled by using an infinity Euler beam with
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Fig. 3 Selection of measuring point: a plan and b profile

discrete supporters. The infrastructure of the rails is treated as a discrete system with
supporter units which shall be arranged according to the actual spacing of fasteners.
Each support unit of the track consists of two-layer spring–damper system, and the
support block is replaced with equivalent discrete mass bodies. Meanwhile, Hertz’s
theory [24] is applied to calculate the wheel–rail contact force.
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Fig. 4 Time history curve of
fastener force
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Fig. 5 Vehicle–track vertical coupled dynamic model

3.4 Verification of the Numerical Model

Si [25] measured the vertical acceleration on the track slab in a metro tunnel of which
the train type, running speed, and tunnel structure parameters are the same with this
study. Considering the case in Si [25] is a two parallel tunnels, the numerical accel-
eration in the non-overlapping section is chosen to be compared with the measured
data in Si [25], the time history curve of vertical acceleration in the center of the track
bed is shown in Fig. 6, and the power spectral density (PSD) of vertical acceleration
is shown in Fig. 7. As shown in Fig. 6, acceleration amplitude in the center of the
track bed in this numerical simulation is 1.26m/s2 that is quite similar with the results
in field measurement (1.18 m/s2). As shown in Fig. 7, the energy distribution range
of the numerical acceleration is basically consistent with that in the field measured
acceleration, which is also concentrated in the range of 60–120 Hz. These results
indicate the reliability of the numerical models.
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Fig. 6 Time history curve of vertical acceleration in the center of the track bed: a numerical and
b measured
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3.5 Calculation Method for Long-Term Settlement

Settlement caused by cumulative plastic strain. The settlement caused by the
cumulative plastic strain can be calculated by integrating soil strain along the depth:

Sd =
∫

ε
p
h dh (1)

where ε
p
h = cumulative plastic strain; h = the depth;

The equation for calculating the cumulative plastic strain under repeated loading
proposed by Chai and Miura [12] is expressed as follows:

ε p = a

(
qd
q f

)m(
1+ qs

q f

)n

Nb (2)

where qd = dynamic deviator stress; qs = the initial static deviator; q f = the
static failure deviator stress; a,m, b, and n are parameters related to the physical and
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mechanical properties of subsoil, and n = 1.0 is suggested by Chai; N = number of
repeated load applications, and N = 327,300 times/year.

The dynamic deviator stress qd can be calculated as

qd = σ1d − σ3d = √
3J2d

=
√
1

2

[(
σxd − σyd

)2 + (
σyd − σzd

)2 + (σzd − σxd)
2
]
+ 3

(
τ 2
xyd+τ 2

yzd+τ 2
zxd

) (3)

where J2d is the second invariant of the dynamic stress deviator. In this paper, soil
deviator stress is calculated by tunnel-foundation interaction model.

The initial static deviator qs can be calculated as

qs = σ1s − σ3s =
√
3J2s (4)

where J2s is the second invariant of the static stress deviator.
The static failure deviator stress q f can be calculated as

⎧⎨
⎩
q f = 2τ f

τ f = ccu · cosϕcu

1− sin ϕcu
+ (1+ K0)

2
σz · sin ϕcu

1− sin ϕcu

(5)

where τ f = undrained shear strength; ccu = soil cohesion; ϕcu = soil internal
friction angle; K0 = soil lateral pressure coefficient, and σz = soil gravitational
stress.

Settlement caused by dissipation of cumulative pore pressure. Cumulative
consolidation settlement caused by dissipation of cumulative pore pressure can be
calculated by Terzaghi’s one-dimensional consolidation theory:

Sv =
n∑

i=1

mvi hi ui (6)

where mvi = the coefficient of volume compressibility of the ith element; hi =
the thickness of the ith element; ui = the cumulative pore pressure of the ith element.

The equation for calculating the cumulative pore pressure under repeated loading
proposed by Hyde [13] is expressed as follows:

u

pc
= α2N

γ (7)

where pc = the initial consolidation pressure; α,γ are parameters related to the
physical and mechanical properties of subsoil, can be calculated as
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Table 2 Soil parameters of long-term settlement calculation

Soil layers Parameters of cumulative
plastic strain

Parameters of pore pressure

a m b A B C D

Miscellaneous
soil-filling

1.28 2.51 0.182 0.225 1.316 0.217 −0.018

Silty clay
layer-A

1.17 2.58 0.178 0.206 1.203 0.212 −0.017

Mucky silty
clay layer

1.31 2.47 0.212 0.204 1.347 0.252 −0.022

Silty clay
layer-B

1.15 2.61 0.174 0.202 1.182 0.207 −0.018

Silty clay
layer-C

1.19 2.57 0.181 0.2100 1.202 0.216 −0.019

⎧⎪⎪⎪⎨
⎪⎪⎪⎩

α = A

(
qd
2pc

)B

γ = C

(
qd
2pc

)D
(8)

The initial consolidation pressure pc can be calculated as

pc= (1+ 2K0)

3
σz (9)

Dynamic triaxial test of Nanjing soft soil was carried out by Luo [26]. In this
paper, the experimental results are fitted to determine the relevant soil parameter. As
a result, the parameters for long-term settlement calculation are illustrated in Table
2.

4 Computation Result Analysis

4.1 Dynamic Response of Overlapping Tunnel

The vertical acceleration and maximum principal stress of tunnel vault and invert in
Sects. 1, 2, and 3 are presented inFig. 8. The amplitudes of acceleration andmaximum
principal stress on the analysis sections are presented in Fig. 9. The general law can
be drawn that (1) amplitudes of acceleration and maximum principal stress on tunnel
vault are always smaller than that on tunnel invert; (2) amplitudes of acceleration and
maximum principal on the three sections: Sect. 2 > Sect. 1 > Sect. 3; (3) in the low-
frequency range (0-50 Hz), there is a peak value of acceleration energy at 23.1 Hz,
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Fig. 8 Dynamic response of the tunnel: a time history curve of vertical acceleration of tunnel vault,
b time history curve of vertical acceleration of tunnel invert, c power spectral density of vertical
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Fig. 9 Amplitude of dynamic response on the analysis sections: a vertical acceleration and
b maximum principal stress

which is excited by the wheel axle passing through adjacent sleepers with an interval
of 0.625 m when the train runs at a speed of 54 km/h. In the high-frequency range,
the acceleration energy distribution range of the three sections is basically the same,
which is mainly concentrated in the range of 60–120 Hz. However, the amplitude of
vibration energy in the overlapping area is greater than that in the non-overlapping
area.
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Fig. 10 Dynamic deviator stress reduction coefficient with depth: a Sect. 1, b Sect. 2, and c Sect. 3

The results shown that there is an amplification effect of dynamic response in the
overlapping area. The acceleration amplitude on Sect. 2 is 48.3% larger than that on
Sect. 3, and the maximum principal stress amplitude on Sect. 2 is 19.8% larger than
that on Sect. 3. The maximum principal stress is much smaller than the tensile stress
of concrete, and long-term settlement of subsoil will be discussed later.

4.2 Long-Term Settlement of Overlapping Tunnel

Dynamic deviator stress of subsoil along the depth at Sects. 1, 2, and 3 is presented
in Fig. 10. General law of the dynamic deviator stress shows that: Sect. 2 > Sect. 1 >
Sect. 3. The dynamic deviator stress of the subsoil just below the tunnel is 3.65 kPa
of Sect. 3 and 4.62 kPa of Sect. 2.

At Sect. 1, due to running of Metro Line 5, the dynamic deviator stress decreases
with depth till the tunnel spring of Metro Line 5, then increases to the extremum
(2.23 kPa) at the tunnel invert of Metro Line 5, and decreases in the subsoil. At
Sect. 2, the dynamic deviator stress reduces with depth till the tunnel vault of Metro
Line 5–3.25 kPa. The dynamic deviator stress at the tunnel invert (4.18 kPa) is much
larger than that at the tunnel vault (3.25 kPa), and then, the stress decreases with
depth in the subsoil. As for Sect. 3, the dynamic deviator stress reduces to 50% of
its maximum value at the depth of 4 m below the tunnel, 20% at the depth of 11.6 m,
which are in agreement with the results in the literature [14], proving the results in
this simulation.

Long-term settlement of subsoil is computed using formula (3–11). The develop-
ment of tunnel settlement (subsoil deformation) with year is presented in Fig. 11. The
settlement caused by cumulative plastic strain is larger than the settlement caused by
consolidation under excessive pore pressure. The settlement develops sharply in the
first year and then develops slowly in the subsequently years. After 10 years’ oper-
ation, the total settlement of Sects. 1, 2, and 3 is 28.3 mm, 46.2 mm and 16.9 mm,
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respectively. The ten-year accumulation settlement of the tunnel in overlapping zone
(Sects. 2) is 173.7% larger than that in non-overlapping zone (Sects. 3). Finally, a
“W”-shaped settlement trough will appear in the overlapping area (Fig. 12 shows
a half of the trough). In the tenth year, radius of curvature of the tunnel of Metro
Line 3 is 12,461 m, and the relative bending is 1/692 due to the accumulated subsoil
deformation, which exceeds the specification requirements of the radius of curvature
greater than 15,000 m and the relative bending less than 1/2500 [27]. Thus, measures
should be taken to control the significant uneven settlement.

To avoid uneven settlement induced from train vibration, grouted reinforcement
is designed to be taken with a zone of 1.8 m outside of the linings Metro Line 5.
Settlement of the reinforced case is also computed and comparedwith the natural state
case. Material properties of soil will be improved after grouted reinforcement, and

Fig. 12 Total settlement of
tunnel as a function of
distance from Sect. 1
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the experimental parameters (a, b, m) after soil reinforcement can be referred from
literature [28]. As a result, settlement along the tunnels after ten years of grouted state
case is shown in Fig. 12, compared with the natural state case. It is shown that uneven
settlement can be controlled well with grouted reinforcement, and the maximum
settlement of the tunnel is reduced from 46.2 to 26.9 mm after reinforcement. The
radius of curvature of the tunnel is refined to 33,967 m, and the relative bending is
reduced to 1/2717,whichmeets the requirements of the specification [28]. In addition,
Sect. 3 that is 1.5D (D is the diameter of tunnel) away from the overlapping zone is
hardly affected by the dynamic amplification effect from the overlapping zone (as
seen in Fig. 12, and settlement is hardly changed in the sections that is 1.5D away).
Thus, Sect. 3 is reasonable to be thought as a study point in the non-overlapping zone
compared with the overlapping zone.

5 Conclusions

Dynamic responses of four overlapping tunnels were analyzed using 3D FEM
model, and the long-term settlements of the overlapping tunnels were evaluated.
The following conclusions can be drawn.

1. Compared with non-overlapping zone, there is a dynamic amplification effect
in the overlapping zone. The acceleration and maximum principal stress value
reach the maximum value at the intersection of the tunnels. The amplitudes of
acceleration and maximum principal stress of lining in overlapping zone are
48.2% and 19.8% larger than that in non-overlapping zone, respectively.

2. There is an amplification effect of subsoil dynamic deviator stress in overlapping
zone. In non-overlapping zone, the dynamic deviator stress decreases to 50%
of the maximum value at the depth of 4 m below the tunnel and reduces to 20%
at the depth of 11.6 m below the tunnel. In the overlapping area, due to the
interaction effect of the lower tunnel, there is an extremum of dynamic deviator
stress at the position of lower tunnel invert.

3. The settlement caused by cumulative plastic strain is larger than the settlement
caused by consolidation under excessive pore pressure. The settlement develops
sharply in the first year and then develops slowly in the subsequent years. The
dynamic interaction zone of overlapping tunnel (overlapping zone) is about
1.5D (D is the diameter of tunnel). Due to the difference of dynamic response in
overlapping and non-overlapping zone, quite large uneven settlementmay occur
on the tunnels, which can lead to deterioration of its service performance. The
ten-year accumulation settlement of the tunnel in overlapping zone is 173.7%
larger than that in non-overlapping zone. The radius of curvature of the tunnel
of Metro Line 3 is 12,461 m, and the relative bending is 1/692 due to accumu-
lated settlement, which exceeds the requirements of the specification. Grouted
reinforcement can control the uneven settlement well. Themaximum settlement
of the tunnel is reduced from 46.2 to 26.9 mm by the tenth year, radius of the
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tunnel curvature is refined to 33,967 m, and the relative bending is reduced to
1/2717 after reinforcement, which meet the requirements of the specification.
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Dynamic Stability of Soft Soil Between
Closely and Obliquely Overlapped Metro
Tunnels Subjected to Moving Train
Loads

Hui Li, Quanmei Gong, Honggui Di, Weitao Ye, and Zhi Liu

Abstract The problem in dynamic stability of soft soil between closely and
obliquely overlapped metro tunnels during operation will aggravate cumulative
settlements which affects the safety of metro systems. Based on Shenzhen Metro
Line 5 and Line 11 overlapped tunnels, a three-dimensional vehicle-track-tunnel-
soil model has been established. Meanwhile, the dynamic shear strain and its transfer
characteristics of the soft soil layers between overlapped tunnels under moving train
loads has been studied. In longitudinal direction, the most unfavorable position for
the soft soil is located in the place where the maximum overlapped degree exists
between two tunnels. In transverse direction, the dynamic shear strain in soft soil
between tunnels diffuses obliquely at a certain angle from the archwaist of tunnel and
gradually decreases with the increase of distance. It also increases nonlinearly with
the number of operating lines. Besides, the dynamic stability of soft soil was evalu-
ated by the cyclic threshold shear strain parameters of Vucetic and the value exceeds
the linear cyclic threshold shear strain. The plastic deformation of soft soil under
moving train loads will accumulate obviously and the dynamic stability problem
cannot be ignored. Therefore, high-pressure jet grouting pile is adopted to reinforce
the soft soil between two tunnels. And the result shows that the dynamic shear strain
of soft soil after reinforcement is much smaller than that before.
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Keywords Overlapped metro tunnels · Soft soil · Dynamic stability · Dynamic
shear strain · Soil reinforcement

1 Introduction

With the rapidly growing population inmetropolitan areas, the metro plays an impor-
tant role in relieving urban traffic pressure and bringing convenience to people’s
daily life. Meanwhile, the influence of vibration produced by the train operations on
surrounding environment cannot be ignored [1]. The long-term cyclic train loads can
lead to cumulative settlements in soft soil which affect the safety of metro systems
[2, 3]. Besides, these phenomena are more serious in overlapped structures [4]. Gao
et al. [5] found the settlement caused by simultaneous operation of two trains is much
greater than the sum of single train. Jia et al. [6] pointed out a vibration amplifying
area existence within a certain distance in horizontal direction of overlapped tunnels.
Besides, Yu et al. [7] concluded the distance between overlapped tunnels has a great
effect on ground vibration. Therefore, an investigation on dynamic response of the
soft soil induced by underground railways between overlapped tunnels is necessary
and desirable.

Numerical modeling approaches are able to consider the nonlinear behaviors of
soil, patterns of train load as well as dynamic response of structures. Degrande et al.
[8] presented a 3D coupled finite element–boundary element model to simulate the
dynamic interaction between tunnel and soil due to the operation of metro trains. By
considering segmental joints, Gharehdash and Barzegar [9] used a 3D elastic–plastic
finite difference method to study the dynamic response of a tunnel and surrounding
soil under vibrations. Yaseri et al. [10] developed a scaled boundary finite-element
method to analyze vibrations from underground tunnels. He et al. [11] presented a
3D analytical method from a tunnel embedded in multi-layered half-space to predict
ground vibrations. However, the above-mentioned studies mainly focus on single
tunnel model.

As a result, most numerical models only consider the dynamic response of single
tunnel and surrounding soil, ignoring the influence between tunnels. On the other
hand, the existing researches of overlapped tunnels focus more on ground vibration
and cumulative settlement, having less attention on dynamic stability of the soil. For
soft soil which can be easily affected by cycling vehicle loads, the dynamic stability
is even more needed in engineering practice. Therefore, based on Shenzhen Metro
Line 5 and Line 11 overlapped tunnels, a 3D vehicle-track-tunnel-soil model has
been established in this paper. This model has also been validated by comparison
with the measured data of Line 5. Furthermore, the dynamic shear strain and transfer
characteristics of the soft soil layers between overlapped tunnels under moving train
loads have been studied. The dynamic stability of soft soil was evaluated by the
cyclic threshold shear strain parameters [12]. Then a highly efficient method of soil
reinforcement was presented.
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8° ~ 17°

Fig. 1 Schematic diagram of overlapping of Metro Line 5 and Line 11 in Shenzhen, China

2 Numerical Method of Dynamic Response Between
Overlapped Tunnels

2.1 The Closely and Obliquely Metro Tunnels

With the development of rail transit in China’s metropolitan areas, the formation
of overlapped metro tunnels is inevitable. Most typically, Shenzhen Metro Line 5
passes over Metro Line 11 tunnels in an oblique angle of 8°–17°, which can be seen
from Fig. 1. These overlapped tunnels with a distance of less than 3 m are over 70 m
in length. Besides, the weak intercalations between the tunnels are silt and sandy
clay. And the design speed of Line 5 is 80 km/h, as for Line 11 is 120 km/h, which
is much faster than the average velocity. Combined with these complex engineering
situations, the 3D vehicle-track-tunnel-soil model established in this paper includes
two main parts: 3D track-tunnel-soil model and vehicle-track coupled model.

2.2 Three-Dimensional Track-Tunnel-Soil Model

Figures 2 and 3 show the transverse section of overlapped metro tunnels under the
soil layers together with the finite-element mesh of 3D ABAQUS model close to the
actual engineering conditions. The size of the simulated region (140, 225, and 50m in
length in the x-, y-, and z-direction, respectively) is selected through sensitive studies
beyond which further extension of lengths has a negligible effect on the half-space
response. The 3D track-tunnel-soil model consists of four overlapped tunnels, track
beds, and the corresponding soil layers, in which the upper tunnels pass over lower
tunnels in an oblique angle of 8°–17°. In addition, the upper tunnels have an internal
radius of 2.7 m and an external radius of 3 m. The lower tunnels have much larger
size, with an internal radius of 3 m and an external radius of 3.35 m. The tunnels are
also modeled as a whole, without considering the circumferential and longitudinal
joints of segments. The depth of the tunnels at their center is taken to be 10 and
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Fig. 2 The transverse section of overlapped metro tunnels together with the soil layers
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Fig. 3 Section setting of numerical model

19.15 m. The soil is considered to be formed by horizontally layered soil with the
material properties listed in Table 1. The material models used in the FE analysis are
all linear elastic.

For a dynamic finite element analysis, an artificial boundary is required to define a
finite region that can simulate the original unboundeddomainwell. Thismodel adopts

Table 1 Material properties for the homogeneous model

Material h (m) ρ (kg/m3) Ed (MPa) υd

Tunnel / 2500 34,500 0.20

Track bed / 2500 30,000 0.20

Plain soil 5.5 1750 27 0.48

Silt 8.0 1560 18 0.48

Sandy clay 5.5 1860 81 0.47

Completely decomposed granite 5.0 1900 117 0.46

Highly decomposed granite 5.0 1950 153 0.45

Moderately decomposed granite 21.0 2550 450 0.45
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the 3D infinite element boundary, which can simulate the absorption of reflected and
scattering waves on the boundary. Translations in vertical and rotations are restrained
at the bottom of model. Meanwhile, translations in transverse direction and rotations
are restrained at the vertical faces of model. There are 3 sections set in this model
along the y-direction, spaced 16 m apart, to study the influence of overlap degrees
on the dynamic shear strain of soft soil, as shown in Fig. 3.

Since the presence of damping and radiation attenuation is caused by the incre-
ment of propagation distance, waves will not propagate unlimited in soil layers. The
Rayleigh damping coefficients are calculated from the damping ratio of material
and the natural frequency of the whole model in order to reflect the dissipation of
vibration in soil layers. They can be expressed as:

[C] = α[M] + β[K ] (1)

where [M] is the mass matrix; [K ] is the stiffness matrix; α and β are the damping
coefficients.

If the damping ratio ξi remains unchanged in a certain frequency range wi ~ wk ,
according to the orthogonal condition of vibration mode, the damping coefficients
can be determined:

⎧
⎪⎪⎨

⎪⎪⎩

α = 2wiwk

wi + wk
ξ

β = 2

wi + wk
ξ

(2)

In order to determine these damping coefficients, two circular frequencies wi and
wk are needed. In this paper, the vibration frequency is relatively high, and the main
frequency range from 1 to 150 Hz, which is shown in Table 2.

In this numerical model, most of elements are eight-node linear brick elements,
the average element size is approximately 0.3 m in both width and height around
the tunnel and gradually increases from the tunnel to the boundaries. The sizes
are generated to meet the requirements for simulating highest frequency of loading
considered [13].

The train loads are simulated as moving point loads. Considering the phase differ-
ences of each point load, the fastener forces calculated from vehicle-track coupled
model are applied to the track beds of tunnels. Besides, the left and right trains of
Line 5 and 11 are simulated to travel in the opposite directions, and these trains meet
at the cross-section which has the maximum overlapped degree of tunnels (Sect. 2).

Table 2 Rayleigh damping
coefficients and circular
frequencies for the
homogeneous model

wi (Hz) wk (Hz) α β

1 150 0.624 0.000105
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2.3 Vehicle-Track Coupled Model and Cycling Vehicle Load

To simulate the moving train loads mentioned above, the classical vehicle-track
vertical coupled dynamic model is adopted to calculate the fastener force caused by
the train operations. Considering wheel sets, bogies, and 3 vehicles, the model has
7 rigid-bodies and 10 degrees of freedom which is simulated as a multi-rigid-body
system, as shown in Fig. 4. The parameters of vehicle refer to the A-type vehicle in
Shenzhen Metro, in order to reflect the periodic law of train operations. All the parts
of the vehicle in service neglect their deformation, the operation speed is assumed to
be constant as well as the accelerations and decelerations of the vehicle parts are also
ignored in this model. And the connections between the parts are replaced with the
equivalent spring-damper systems. A pair of rails is modeled by using the infinity
Euler beam with discrete supporters. The infrastructure of the rails is treated as a
discrete system with sleeper supporter units which shall be arranged according to
the actual spacing of fasteners. Each support unit of the track consists of two-layer
spring-damper system and the support block is replacedwith equivalent discretemass
bodies. Meanwhile, the normal forces between the wheel and rail are calculated by
nonlinear spring based on Hertz contact theory. Then, the wheel-rail vertical coupled
cross iterative approach is adopted to calculate the fastener force under different

0v

+∞−∞

Fig. 4 Schematic diagram of vehicle-track coupled model
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Fig. 6 Acceleration in the center of the track bed a transverse and b vertical

running speeds of metro trains. The time history of fastener force is shown in Fig. 5.
The negative value indicates the direction of fastener force is vertically downward.

2.4 Verification of the Numerical Model

During the case of four-line operation, the vertical and transverse accelerations are
obtained from the track bed center in left tunnel of Line 5 (Sect. 2). Meanwhile, the
numerical data are compared with the measured data in the same position in Fig. 6.

The train is simulated as 3 vehicles in the numerical model comparing with the
6 vehicles in reality. In Fig. 6, the calculated transverse acceleration amplitude is
1.5 m/s2 and the vertical acceleration amplitude is 2.0 m/s2. The numerical results
closely match the field data which have the same acceleration amplitude and peak
separation, indicating the reliability of both numerical models and input parameters.

3 Numerical Results and Discussions

3.1 Characteristics of Dynamic Shear Strain Distribution

The soft soil between the tunnels ofMetro Line 5 and 11 are silt and sandy clay, which
can easily result in unrecoverable plastic deformation subjected to long-term train
loads. Therefore, using dynamic shear strain to evaluate the dynamic stability of the
soft soil. The dynamic shear strain can be divided into longitudinal shear strain along
the tunnel (γxy), vertical shear strain along the tunnel (γxz) and vertical shear strain
along the cross-section (γyz). Comparing the above dynamic shear strains during the
train operation in left tunnel of Line 5, the vertical shear strain along the tunnel (γxz)
has the maximum value which indicates the dominant position of dynamic stability.
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In this paper below, the dynamic shear strain all refers to the vertical shear strain
along the tunnel (γxz) and its distribution is shown in Fig. 7.

The largest dynamic shear strain of soil is concentrated on the place near the arch
waist of tunnel and the boundary between soil layers (less than arch waist). Besides,
the dynamic shear strain of left and right sides near the tunnel is opposite in direction
and their absolute value is close to each other. Considering dynamic shear strain
distribution, the value diffuses obliquely at a certain angle from the arch waist of
tunnel and gradually decreases with the increase of distance. Therefore, under the
influence of train loads, the dynamic stability of soil near arch waist is the most
significant problem, followed by the boundary between soil layers.

In the same condition as above, select the points near the arch waist (which has
the maximum dynamic shear strain) in different sections to study the influence of
overlap degree on dynamic shear strain of soft soil. The results are shown in Fig. 8.

It can be seen from Fig. 8 that the dynamic shear strain with positive direction
in Sect. 2 is 8% higher than other sections; the dynamic shear strain with negative
direction in Sect. 2 is 5% higher than others. These prove that the overlap degrees
of tunnels have a positive effect on dynamic shear strain of soft soil. More attention
should focus on the place which has the maximum overlapped degree between two
tunnels.

Fig. 7 Dynamic shear strain
distribution of soil around
the tunnel
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Fig. 9 Dynamic shear strain distribution of soil around the tunnel under different conditions a the
left tunnel of Line 5, b the left tunnel of Line 11

In order to study the influence of multi-line operation on dynamic shear strain, the
following conditions are simulated respectively: the single-line operation in the left
tunnel of Line 5 (5L), the single-line operation in the left tunnel of Line 11 (11L),
the double-line operation in the left tunnels of Line 5 and 11 (5L11L), the four-line
operation in both tunnels of Line 5 and 11 (5L5R11L11R). During the case of multi-
line operation, all these trains operate simultaneously and meet at the cross-section
which has the maximum overlapped degree of tunnels (Sect. 2). In Fig. 9, there is
a comparison of maximum dynamic shear strain around the tunnel during different
conditions. In this figure, 0° represents the soil near the arch top of tunnel and 180°
represents the soil near the arch bottom of tunnel.

For the soil around tunnel of Line 5, the maximum dynamic shear strain during
the double-line operation (5L11L) and four-line operation (5L5R11L11R) increases
by 5.7 and 6.5% compared with the single-line operation (5L). For Line 11, the
maximum dynamic shear strain during the double-line operation (5L11L) and four-
line operation (5L5R11L11R) increases by 45.4 and 51.9%comparedwith the single-
line operation (11L). By the available, the dynamic shear strain of soft soil between
tunnels increases nonlinearly with the number of operating lines. The dynamic shear
strain of soil around the tunnel of Line 11 is much easier affected by multi-line
operation than Line 5, which indicates the effect of moving train load in the soft
soil transmits more easily from the top down. And the increment of the four-line
operation is close to double-line operation, which means the interaction of train
operation between the left and right lines is less.

The dynamic shear strain distribution of soil is close to symmetry. In Fig. 9a, the
soil around tunnel of Line 5 reaches the maximum value at both sides of the arch
waist, the minimum value at the arch top. There is a significant increment at the arch
bottom than in other positions. Meanwhile, in Fig. 9b, the soil around tunnel of Line
11 reaches the maximum value at same place of Line 5, but gets the minimum value
at the arch bottom which is contrary with Line 5. In particular, there is a significant
increment at the arch top of Line 11 which can be easily affected by the operation of
Line 5 (upper tunnels). During the case of two-line operation (5L11L) and single-line
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operation (11L), the biggest increment at arch top can be 338.9%which is even larger
than the 51.9% increment of arch waist. Above all, the moving train load operated
in upper tunnels has more effects on the arch top of lower tunnels.

3.2 Cyclic Threshold Shear Strain Parameters and Dynamic
Stability Analysis

Dynamic parameters of soil include dynamic strength, dynamic elasticity modulus,
and shear modulus, damping ratio as well as dynamic shear strain threshold. The
dynamic shear strain is one of the most important factors to control the dynamic
response of soft soil subjected to long-term vibration loads. In this paper, using the
cyclic strain thresholds [12] that represent the change in cyclic behavior and proper-
ties of soil to divide these different cyclic strain regimes. In the above theories, there
are two types of cyclic threshold shear strains for different types of soil based onprevi-
ously published data, the linear cyclic threshold shear strain, γtl , and the volumetric
cyclic threshold shear strain,γtv , with γtv > γtl . For cyclic shear strains below γtl ,
soil behaves essentially as a linear elastic material. Between γtv and γtl , soil behaves
markedly nonlinear but remains largely elastic because permanent changes of its
microstructure still do not occur or are negligible. Above γtv , soil becomes increas-
ingly nonlinear and inelastic, with significant permanent microstructural changes
taking place under cyclic loads. Because of the discreteness of data, the volumetric
cyclic threshold shear strain, γtv can be divided into the average γtv,M and the lower
limit γtv,U [14], which shows in Fig. 10.

In the previous study, the maximum dynamic shear strain of soil is located in the
silt layer, whose plasticity index Ip is 20.2. During the case of four-line operation,
the maximum dynamic shear strain of silt layer, 7.973 × 10–5, is even larger than

Fig. 10 Categorization of
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the linear cyclic threshold shear strain γtl , 1.3 × 10–5, and close to the lower limit
volumetric cyclic threshold shear strain γtv,U , 1.7× 10–4. These indicate the silt layer
will have unrecoverable plastic deformation subjected to long-term train loads which
will affect the safety of metro systems. Therefore, the appropriate reinforcement
measures should be taken to reinforce the soft soil between the two tunnels.

3.3 Reinforcement Measures and Effect Evaluation

In order to meet the need of dynamic stability of soft soil between closely and
obliquely overlapped tunnels during operation, φ 600 high-pressure jet grouting pile
is adopted to reinforce the silt layerwhereLine 5 is located. The silt layer is reinforced
with a length of 225 m longitudinally as well as within 4.95 m outside the tunnels
on transverse direction. In vertical, the reinforcement area shall within 2 m around
tunnels and keep a reasonable distance from existing tunnels (Line 11), as shown in
Fig. 11.

Using composite modulus method to calculate the elastic modulus of reinforce-
ment areas and adjust material parameters of 3D track-tunnel-soil model. In this
model, the elastic modulus of area around tunnels (Part I) shall be 126 MPa and the
area between two tunnels (Part II) shall be 99 MPa. Figure 12 shows the comparison
between dynamic shear strain of silt layer before and after reinforcement during
four-line operation.

After reinforcement, the maximum dynamic shear strain of soil around the left
tunnel of Metro line 5 decreases from 7.973 × 10–5 to 2.847 × 10–5, which is
35.7% before reinforcement. At the same time, the value around the left tunnel of
Metro line 11 decreases from 4.377 × 10–5 to 3.887 × 10–5, which is 88.8% before
reinforcement. By the available, the reinforcement of the silt layer not only has a
good effect on decreasing the dynamic shear strain of soil around the tunnel of Line 5,
but also have a certain effect on Line 11. Of course, there are significant decrements
at the arch bottom of Line 5 and arch top of Line 11 after reinforcement than other

Fig. 11 Reinforcement of
silt layer around the tunnel
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Fig. 12 Comparison of dynamic shear strain of soil around the tunnel before and after reinforcement
a the left tunnel of Line 5, b the left tunnel of Line 11

positions. In conclusion, the reinforcement measure mentioned above has a good
guarantee effect on the dynamic stability of soft soil subjected to long-term train
loads.

In addition to the above, it should be noted that there are so many important
factors that will influence the dynamic stability of soft soil between two tunnels.
For instance, changing the cross angle of overlapped tunnels, choosing the effective
floating slab track system (FSTS), increasing the distance between tunnels will have
a positive effect on the dynamic stability of soft soil. Therefore, further research
on the influence of different factors on the dynamic stability of soft soil between
overlapped metro tunnels subjected to moving train loads is warranted.

On the other hand, the reported field study of the dynamic response of over-
lapped metro tunnels during operation is rather limited; therefore, further research
on comparisons between simulations and in situ measurement is needed.

4 Conclusions

In this paper, a 3D vehicle-track-tunnel-soil model has been established and the
model is validated by comparison with the measured data of Line 5. Furthermore,
the dynamic shear strain and transfer characteristics of the soft soil layers between
overlapped tunnels subjected to moving train loads have been studied. Besides, the
dynamic stability of soft soil was evaluated by the cyclic threshold shear strain
parameters. The main conclusions in this paper were as followed:

1. In longitudinal direction, the most unfavorable position for soft soil is located
in the place where has the maximum overlapped degree between two tunnels.

2. In transverse direction, the dynamic shear strain of soft soil between tunnels
diffuses obliquely at a certain angle from the arch waist of tunnel and gradually
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decreases with the increase of distance. There is a dynamic shear strain ampli-
fying area existence within the boundary between soil layers which is less than
the arch waist of tunnel.

3. The dynamic shear strain of soft soil between tunnels increases nonlinearly with
the number of operating lines. In vertical direction, the effect of moving train
load in soft soil transmits more easily from the top down and the moving train
load operated in upper tunnels has more effects on the soil near arch top of
lower tunnels. The interaction between the left and right lines is less during
train operation.

4. During multi-line operation, the dynamic shear strain of soft soil between
tunnels exceeds the linear cyclic threshold shear strain of Vucetic which means
the plastic deformation of soft soil will accumulate obviously. Therefore, high-
pressure jet grouting pile is adopted to reinforce the soft soil between two
tunnels. And the result shows that the dynamic shear strain of soft soil after
reinforcement is much smaller than that before.
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Research on Calculating Quantity
of Utility Tunnel with Revit Secondary
Development

Qi Zhang, Qian Su, and Yan Yan

Abstract A practical cost estimation about the design model of the utility tunnel is
essential for the management of the utility tunnel in the design stage. However, the
process for quantity calculation based on the design model from the utility tunnel is
inefficient because of the inaccurate recognition. Issues in quantity calculation will
be resolvedwith themethod related to Revit secondary development (RSD) proposed
in the paper. On the basis of Application Programming Interface (API), program-
ming language C#, and programming platform Visual Studio, we established a tight
correspondence between the design model of utility tunnel and the external database
for quantity calculation. Consequently, results of the quantity calculation based on
utility tunnel depended on the clarified model of utility tunnel were available. A case
of utility tunnel in the new southern district of Nanjing was studied. It has shown that
the results of RSD are better than that of the existing third-party calculation software,
in terms of recognition accuracy and data integrity. The results of the study verified
the reliability of method proposed in the paper.

Keywords Utility tunnel · Quantity calculation ·Method · Secondary
development · Revit

1 Introduction

Ground pipe gallery is the public tunnel that could be able to accommodate multiple
municipal pipelines, and it plays a crucial role in relieving traffic congestion [1].
Recently, the speed of ground pipe gallery construction has been accelerated in
China, and the total mileage of ground pipe gallery was more than 7800 km by April
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2018.With the rapid expansion of underground pipe gallery construction, researchers
have become to focus on effective cost estimation of it in the design stage [2]. As
the basis of cost estimation, the result of quantity calculation not only is significant
in the control and determination of cost but also directly affects the quality of cost
estimation [3]. In general, there are three standard methods for quantity calculation:
manual computation, computer-aided table (e.g., Excel), and graphic calculation
[4]. However, various problems (e.g., heavy workload, high repeatability and low
efficiency) has been found in manual computation and computer-aided table, making
neither of these methods is suitable for quantity calculation [4, 5]. Although quantity
could be recognized intelligently from design drawing by graphic calculation, the
recognition accuracy is not high enough in the process of drawing identification
[6]. Therefore, improvement in the accuracy of quantity calculation has been paid
attention to.

Building Information Modelling (BIM) is a model based on 3D technology, and
it has the capacity in containing information about a building itself, which makes it
feasible to modify and extract relevant information at different stages (e.g., planning,
design, and construction) [7]. Besides, the quantity calculation of a buildingwithBIM
has been proved [8].

Liu et al. [9] provided the relationship between various information (e.g., quantity)
and BIM. Kang et al. [10] researched the quantity calculation with BIM. The result
showed that BIM is time-saving and high-precision. Wang et al. [11] accomplished a
real-time quantity calculation by developing the construction resource management
system of BIM 4D. Deng et al. [12] applied BIM on multiple design schemes of a
national road for quantity calculation, and it turned out to be effective. Wei et al. [13]
created a calculation method of auxiliary materials required in house construction.

The model of the underground pipe gallery based on BIM was usually completed
with Revit. At present, there are twomainways to calculate the quantity of themodel:
theQTO (Quantity TakeOff) insideRevit and the third-party calculation software [14,
15]. As a third-party method, the quantity of Revit model is calculated by the soft-
ware with a plug-in inside designed for extracting the data from the Revit. However,
it is easy to lead to quantity data leakage because of the process of extracting by
plug-in, and it would affect the accuracy of calculation result. Besides, as Chinese
character has the feature of multiple meaning, it would bemore likely for recognition
error during the process of extraction when the item of Revit model needs be recog-
nized with Chinese character for further calculation, which strictly in accordance
with the software manual. The QTO of Revit is believed to be more accruable and
objective for calculation, but it cannot completely satisfy the Chinese requirement
[16]. To ensure the normalization of calculation result, classificatory and denominate
information of the model item, which should be in accordance with the Chinese stan-
dard specification, is required within the quantity calculation result based on Revit
model. However, calculation result of the QTO inside Revit cannot meet the require-
ment. Besides, attribute information related to quantity of Revit model is likely to
be dropped during the process of calculation conducted by the QTO inside BIM.
Besides, a survey to employees of construction firms located in southeastern U.S.
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[17] indicates the QTO inside Revit cannot provide 100% of data needed to execute
the quantity take-off, which reduces the accuracy of calculation results.

This paper proposes the method that is suitable for quantity calculation of under-
ground pipe gallery modeled in Revit. Be basis with secondary development in BIM
by using API, C#, and Microsoft Visual Studio, it turns out the quantity calculation
result by this method proposed is proved to be accurate, integrated, and applicable.
This paper is structured as follows. Section 2 states the methodology applied with
secondary development. In Sect. 3, a contrast analysis is performed to demonstrate
the applicability of themethod proposedwith an illustrative case. Section 4 concludes
the paper and discusses the perspectives.

2 Methodology

2.1 Method Design

The proposed method consists of four steps. In the first, information about items of
the underground gallery for quantity calculation should be imported into the external
database, according to relevant national standards (e.g., Specification of Quantity
Billing in Construction Projects). Secondly, after the modeling of underground pipe
gallery in Revit, the method runs to identify the item of the model with the same
component that existed in the database through checking the code of the item, as the
more accurate identification of code. Thirdly, the item identified would be assigned
with quantity calculation rule which satisfies the Chinese standard. Finally, calcu-
lation results could be obtained by employing the proposed method with a Revit
plug-in.

Figure 1 shows the method flowchart. The method steps are described in detail in
the following paragraphs.

2.2 Information Typing

Information about the items of the underground gallery for quantity calculation (e.g.,
the name, code, and calculation object of the item) should be typed into the identi-
fication database. All the information typed should be in accordance with relevant
national specifications strictly, especially the code. As the only marking during the
identification process, the code (see Fig. 2) is represented by nine Arabic numerals,
with requirements of Specification of Quantity Billing in Construction Projects in
China and actual design. The first and second digit of code stands for specification in
engineering metrology (e.g., house building and decoration engineering), the third
and fourth digit of code stands for specification in engineering project (e.g., concrete
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Fig. 1 Flow chart of the
proposed method

Fig. 2 The structure of code 01 05 05 002

Subdivisonal Project
Subproject
Engineering Project
Enginering Metrology
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and reinforced concrete engineering), the fifth and sixth digit of code stands for spec-
ification in subproject (e.g., cast-in-situ reinforcement concrete plate), and the rest
of digits stand for the subdivisional project (e.g., flat-slab).

2.3 Code Identification

The process of code identification is shown in Fig. 3. As the unique recognition
symbol, each part of code related to the item of the Revit model needs to be checked
whether it is matched with that in the identification database. If the code of item
could be matched with the code in the identification database, the process of code
identification will be done and ready for next steps. Otherwise, if not matched, the
result of identification would be marked with 0, and the process of identification
would be discontinued.

Fig. 3 Flowchart of code identification
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2.4 Items Assignment

In order to make results of quantity calculation precisely and meet the requirements
of Chinese specifications, it is necessary to assign the item of the design model
with rules for quantity calculation. The process of assignment is accomplished by
procedural programming. The main program is shown below.

If(category==record.Category&&family==record.Family&&type==record.Type) 
{ 
   IsDistinguish=1; 
   elementData.Number=record.Number; 
   elementData.ComputationalStandard=record.QuantityStandardId; 
   elementData.ComputationalStandardString=record.QuantityStandardIdString; 
   elementData.IsDistinguish=IsDistinguish; 
   if(record.QuantityStandardID==Convert.ToInt32(QuantityStandardEnum.None)) 
   { 
      elementData.Quantity=0; 
   } 
   else if(record.QuantityStandardId==Convert.ToInt32(QuantityStand-
ardEnum.Amount)) 
   { 

elementData.Quantity=1; 
   } 

else if(record.QuantityStandardId==Convert.ToInt32(QuantityStand-
ardEnum.Area)) 
   { 

elementData.Quantity=Convert.ToDouble(elementData.Area); 
   } 

else if(record.QuantityStandardId==Convert.ToInt32(QuantityStand-
ardEnum.Volume)) 
   { 

elementData.Quantity=Convert.ToDouble(elementData.Volume); 
   } 

else if(record.QuantityStandardId==Convert.ToInt32(QuantityStand-
ardEnum.Ton)) 
   { 

elementData.Quantity=0; 
   } 

else if(record.QuantityStandardId==Convert.ToInt32(QuantityStand-
ardEnum.Length)) 
   { 

elementData.Quantity=Convert.ToDouble(elementData.Length)/100; 
   } 



Research on Calculating Quantity of Utility Tunnel … 69

Fig. 4 The plug-in for quantity calculation in Revit

2.5 Developing Plug-In

To conduct quantity calculation conveniently in Revit, a plug-in is built. On the
basis of Revit API.dll, Revit APIUI.dll and the other interface for Revit, an external
command for quantity calculation based on secondary development is implemented
with Microsoft Visual Studio [18], and it could be set in the options tab of Revit as a
plug-in (see Fig. 4) by loading Add-in Manager and Revit lookup.dll from Software
Development Kit (SDK). By clicking the plug-in, the result of quantity calculation
based on the design model is available.

3 Application Analysis

A case of underground pipe gallery in Nanjing, Jiangsu Province, China is being
studied. The chosen case is about a ventilation shaft in the underground pipe gallery
whose cross-section dimension is variable because of the available depth of ground
surface soil, and under such circumstances, it is necessary to get the accurate quan-
tity calculation result, as the basis for the project cost budget. The section of the
ventilation shaft is a double tank. Meanwhile, the net width of the section is (3.8 +
2.0) m, and the clear height of the section is 3.6 m, with the buried depth is 3 m. The
structure of the underground pipe gallery is reinforced concrete. Thereinto, its design
working life is 100 years, and seismic fortification intensity is 7°. To visualize the
result and improvement of the proposed method, A calculation software commonly
employed in China is used to make comparisons. Relevant information in the admin-
istrative document of the underground pipe gallery is set as an evaluation criterion
for calculation results of different methods. Design model of the ventilation shaft is
shown in Fig. 5. Results are listed in Table 1.

As seen in Table 1, calculation results by the proposed method are close to results
from the document. However, calculation results of “010504001-Concrete walls-
Straight walls-450 mm” and “010504001-Concrete walls-Straight walls-500 mm”
calculated by the software are significantly different from the results from the docu-
ment. Besides, “010504003- Concrete walls-Shear walls-450mm” and “010504003-
Concretewalls-Shearwalls-500mm” are found in calculation results by the software,
which does not appear in results of design document and have been highlighted. To
explore the reason for calculation bias, detailed calculation results were exported
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Fig. 5 The design model of ventilation shaft in Revit

Table 1 Quantity calculation results from different methods and design document

Code Subproject Name Type (mm) Results of
the method
proposed

Results of
calculation
software

Results of
the
document

010504001 Concrete
walls

Straight
walls

300 12.20 m3 12.20 m3 12.19 m3

450 100 m3 70.46 m3 101.21 m3

500 5.21 m3 3.01 m3 5.32 m3

010505002 P.C. in situ Flat slab 100 35.63 m2 35.68 m2 33.87 m2

350 102.12 m2 103.12 m2 101.82 m2

500 140.85 m2 142.61 m2 141.26 m2

010504003 Concrete
walls

Shear
walls

450 \ 29.54 m3 \

500 \ 2.20 m3 \

from calculation software, as also seen in Table 1. From Table 1, it is easy to find out
the sum calculation result of “010504001- Concrete walls-Straight walls-450 mm”
and “010504003-Concrete walls-Shear walls-450 mm” is 100 m2, which is almost
equal to the result of “010504001- Concrete walls-Straight walls-450 mm” from
design document. Moreover, it is obvious to find out the sum calculation result
of “010504001- Concrete walls-Straight walls-500 mm” and “010504003-Concrete
walls-Shear walls-500 mm” is 5.21 m2 at the same time, which is much close to the
result of “010504001- Concrete walls-Straight walls-500 mm” from the document.
Based on detailed analysis and discussion, a wrong recognition for items of Revit
model has been made, which leads to weirdly sorting them during the process for
obtaining data by the calculation software, and it would be able to get inaccurate and
incomplete calculation results.
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Table 2 Cost estimation
results from different methods
and design document

Methodology Cost estimation (CNY)

The method proposed 84.23

Calculation software 68.08

Results of document 84.44

It indicates that some errors existed in the process of importing the data from
the Revit model into the calculation software. Meanwhile, the recognition accuracy
and ability to ensure data integrity of the method proposed is validated. It can be
interpreted that the result calculated by the proposed method is much close to that
of the administrative document, which demonstrates its applicability.

To estimate the impact of themethod proposed and the calculation software in cost
estimation, based on quantity calculation results and the underground pipe gallery
construction unit price promulgated byMinistry of Housing andUrban–Rural Devel-
opment of the People’s Republic of China (MOUHURD), A comparison table of cost
estimation is given (see Table 2). As seen in Table 2, there is a slight deviation in cost
estimation result between the method prosed and the document (less than 0.2486%),
however, the estimation result by the software is greatly different from the result of
the document (more than 19.37%). It is clear that the current quantity calculation
method (e.g., calculation software) may have a difference on the effectiveness of
cost estimation, while the method proposed could provide the basis for accurate cost
estimation.

4 Conclusion and Perspective

This paper develops the method based on secondary development to get quantity
calculation results of underground pipe gallery model in Revit. Themethod proposed
includes four main steps: information typing, code identification, item assignment,
and developing a plug-in. Items for quantity calculation, which is in accordance with
relevant national specifications, are typed into the external identification database. In
the second step, each segment of the code related to the item from the Revit model
needs to be checked whether it is matched with that in the external identification
database, on the condition that the identification of code is more accurate than that of
Chinese character. If the code of item fromRevit model could bematchedwith that in
the external identification database, the process of code identification would be done
and ready for next steps. In the third step, programming completed in Microsoft
Visual Studio would be used to assign with the calculation rule which meets the
requirement in China, tomake the calculation result more precise. In order to conduct
the processes of quantity calculation conveniently, a plug-in based on RevitAPI.dll,
RevitAPIUI.dll, Revitlookup.dll, and Add-in manager is established into Revit in the
fourth step.
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A case is conducted to illustrate the performance of the proposed method by
analyzing the difference in results obtained from the method proposed and the calcu-
lation software. The method proposed is proved to get improvement in recognition
accuracy and data integrity, in comparison to the performance of the calculation
software. Furthermore, the applicability of the method proposed is testified.

This study reveals a great potential for applying new approaches of quantity
calculation in the design stage of underground pipe gallery. The proposed method
could lay the foundation of cost estimation. Then, to verify the effectiveness of the
method proposed ulteriorly, more kinds of commercial calculation software (used in
or outside China) would be compared with the method proposed in recognition accu-
racy and data integrity, and improvements on the method proposed would be made
depending on the comparative performance. Further, we can develop the method
proposed into the cost estimation platform for effective management of cost in the
design stage by introducing the price system of cost estimation.
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The Influence of Variation
in Groundwater Table on Ground
Vibrations from Underground Tunnels

Chao He, Shunhua Zhou, Honggui Di, and Xiaohui Zhang

Abstract This paper investigates the influence of the variation in the groundwater
table on ground vibrations from underground tunnels by an analytical model. The
saturated porous medium is used to model the soil layer under the groundwater table,
and the dry single-phasemedium is applied to simulate the soil above the groundwater
table. The transfer matrix method and wave transformation are applied to derive the
solution for a tunnel in a dry/saturated layered half-space. Ground vibrations from a
tunnel in a three-layered half-space are computed by using the proposed model. The
numerical results demonstrate that the vibration levels increase as the groundwater
table drops. The displacement field is similar to that of a saturated half-spacewhen the
groundwater table is above the tunnel, while it is similar to that of a dry single-phase
half-space as the groundwater table is under the tunnel.

Keywords Train-induced vibration · Underground tunnel · Saturated porous
medium · Groundwater table · Transfer matrix method
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1 Introduction

Vibrations induced by subway traffic has a significant influence on the environment
[1]. The vibrations transmitting to the nearby buildings may cause annoyance to resi-
dents and interference with sensitive equipment. Therefore, more and more attention
has been paid to predict the train-induced vibrations.

The numerical methods, such as the finite element (FE) model [2–5], finite
element–boundary element (FE-BE)model [6–12], finite/infinite element model [13,
14], and finite element finite-perfectly matched layers model [15, 16], have become
popular tools to predict the ground vibrations induced by railway traffic. On the
other hand, analytical methods with high-computational efficiency were also widely
developed to calculate subway-induced vibrations. For example, Forrest and Hunt
[17, 18] proposed the pipe-in-pipe (PiP) model to predict ground vibrations from a
tunnel in a full-space, which was further improved by many researchers [19–22]. He
et al. [23] developed a theoretical model to investigate the effect of the tunnel ring
joint on the dynamic responses from underground tunnels. Hussein et al. [24] firstly
developed a fictitious force method, which a layered Green’s function was applied to
the PiP model to extend it to a layered half-space. However, due to the assumption
that the tunnel response is not affected by ground surface and layer interfaces, the
accuracy of this model deteriorates when the distance between the tunnel and the
ground surface or layer interfaces is less than twice the tunnel diameter. He et al. [25,
26] recently proposed a 3D analytical method to calculate ground vibrations from a
single tunnel or twin tunnels in a multi-layered elastic half-space. Since fully couple
is considered between the tunnel and surrounding soil in thismethod, a good accuracy
can be obtained even for a close distance between the tunnel and ground surface or
layer interfaces. However, those models for the vibration prediction from tunnels in
a multi-layered half-space simplified the soil as a single-phase medium. In practice,
many subway lines were constructed in the saturated soil, and the groundwater table
changes with the seasons.

This paper is aimed to investigate the influence of variation in groundwater table on
ground vibrations fromunderground tunnels. The soil is considered as a dry/saturated
multi-layered half-space. A dry single-phase elastic medium is used to simulate
the soil above the groundwater table, while the soil under the groundwater table is
modeled as a saturated porous medium. The transfer matrix method is applied to deal
with wave propagation in the multi-layered medium. The tunnel is considered as a
cylindrical shell. The tunnel is coupled with the soil via the boundary conditions at
the tunnel-soil interface.

2 Formulation

As shown in Fig. 1, the soil involvingQ horizontal layers on the top of a homogeneous
half-space is simulated by Biot theory [27, 28]. The groundwater table is located at
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Fig. 1 A circular subway
tunnel embedded in a
multi-layered half-space
with the groundwater table at
a depth of dw

a depth dw under the ground surface. For the sake of simplicity, capillary action
is not accounted for in this study. Therefore, a dry single-phase elastic medium is
applied to model those soil layer, which can be simulated through special parameter
setting to eliminate the effect of pore water. The tunnel is embedded in the S-th layer
(source layer). As the geometries and material of the tunnel and soil are assumed to
be invariant in the longitudinal direction, the proposed model can be derived in the
frequency and wavenumber domains via the following Fourier transforms:

ˆ̃f (kz, ω) =
+∞∫

−∞

+∞∫

−∞
f (z, t)ei(kz z+ωt)dzdt (1)

where z is the longitudinal coordinate and t is the time; kz denotes the longitudinal
wavenumber, and ω denotes the angular frequency.

The Biot’s theory [27, 28] is used to simulate wave propagation in the satu-
rated porous medium. If the tunnel is not situated at the q-th layer (i.e., q �= S), the

displacement ˆ̃u(q)
, pore-fluid pressure ˆ̃p(q) and soil stress ˆ̃τ (q)

are obtained through
the derivations proposed by Zhou et al. [9], which are written as:

ˆ̃u(q) = 1
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(q)

u j (x(q) , ky, kz, ω)

]
dky,
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ˆ̃p(q) = 1

2π
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ˆ̃τ (q) = 1

2π
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where ky denotes the horizontal wavenumber and ω = 2πf represents the angular

frequency.
ˆ̃
φ,

ˆ̃
ϑ , and

ˆ̃
ψ are thewave functions for solid displacements, pore-fluid pres-

sure and stresses, respectively, andAdj, uj are the corresponding unknown coefficients.
The subscripts d and u represent that the plane waves are transmitted downward and
upward. The expressions of those wave functions are given in Ref. [29].

According to Eq. (2), the variables in at the q-th layer (i.e., q �= S) can be re-
expressed in the double wavenumber and frequency domains as
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where the coefficient matrixes D(q)

d , D(q)
u , S(q)

d , S(q)
u , E(q)

d , and E(q)
u are determined by

Eq. (2). A(q)

d and A(q)
u are the 4 × 1 unknown coefficient vectors.

Then, through the transfer matrix method [25], the unknown coefficient vectors
A(S−1)

d , A(S−1)
u in the (S − 1)-th layer and A(S+1)

d , A(S+1)
u in the (S + 1)-th layer are

related via:

A(S−1)
d = − (RT(1)

d21 − T(1)
d11)

−1(RT(1)
d22 − T(1)

d12)A
(S−1)
u = QdA(S−1)

u (4)

A(S+1)
d = −

[
T(Q+1)
u21

]−1
T(Q+1)
u22 A(S+1)

u = QuA(S+1)
u (5)

with

R= − E(q)
u (h1)

[
S(1)
d

]−1[
S(1)
u

]
E(q)
u (h1) (6)

where the expressions of the transfer matrixes T(q)

di j and T(q)

ui j (i, j = 1, 2) were given
by He et al. [25].

The wave field in the source layer LS contains the up- and down-going plane

waves and the outgoing cylindrical waves. Thus, the variables ˆ̃u(S)
, ˆ̃P (S) and ˆ̃τ (S)

are
expressed in the wavenumber and frequency domains as
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ˆ̃u(S) = 2

π

+∞∫

0

4∑
j=1

(A(S)
d j

ˆ̃
φ

(S)

d j + A(S)
u j

ˆ̃
φ

(S)

u j )dky +
M∑

m=−M

4∑
j=1

At
mj

ˆ̃χmj (r, θ, kz, ω),

ˆ̃p(S) = 2

π

+∞∫

0

4∑
j=3

[
A(S)
d j

ˆ̃
ϑ

(S)
d j + A(S)

u j

ˆ̃
ϑ

(S)
u j

]
dky +

M∑
m=−M

4∑
j=1

At
mj

ˆ̃κmj (r, θ, kz, ω),

ˆ̃τ (S) = 2

π

+∞∫

0

4∑
j=1

(A(S)
d j

ˆ̃
ψ

(S)

d j + A(S)
u j

ˆ̃
ψ

(S)

u j )dky +
M∑

m=−M

4∑
j=1

At
mj

ˆ̃ηmj (r, θ, kz, ω)

(7)

where ˆ̃χmj , ˆ̃κmj , and ˆ̃ηmj represent the outgoing cylindrical wave functions for solid
displacements, pore-fluid pressure, and stresses, respectively, with At

mj being the
corresponding unknown coefficients. The expressions of those wave functions were
given in Ref. [29].

To handle the boundary conditions of the interfaces, the cylindrical waves need to
be transformed into the corresponding plane waves. This requirement can be solved
by the following integral representations of Hankel function of the first kind [30]:

H (1)
n (γ r)eimθ = 1

π

+∞∫

−∞

i−m

kx
ei(mβ+ky y+kx x)dky, x > 0 (8)

H (1)
n (γ r)eimθ = 1

π

+∞∫

−∞

im

kx
ei(−mβ+ky y−kx x)dky, x < 0 (9)

in which γ=
√
k2x+k2y is the radial wavenumber.

When x (S) > 0, substituting Eqs. (8) into (7) gives the variables
ˆ̃
�

(S)

of Ls in the
double wavenumber and frequency domains as

ˆ̃
�

(S)

=
[
D(S)

d D(S)
u

S(S)
d S(S)

u

][
E(S)
d (x(S)) 0

0 E(S)
u (x(S))

][
A(S)

d

A(S)
u

]
+

[
Dt

uE
t
u(x(S))At

StuE
t
u(x(S))At

]
(10)

When x (S) < 0, Substituting Eqs. (9) into (7) gives the variables
ˆ̃
�

(S)

of Ls in the
double wavenumber and frequency domains as

ˆ̃
�

(S)

=
[
D(S)

d D(S)
u

S(S)
d S(S)

u

][
E(S)
d (x(S)) 0

0 E(S)
u (x(S))

][
A(S)

d

A(S)
u

]
+

[
Dt

dE
t
d(x(S))At

StdE
t
d(x(S))At

]
(11)

where the components of matrixes Dt
u , D

t
d , S

t
u , S

t
d ,E

t
u(x(S)), and Et

d(x(S)) are given
by
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⎧⎪⎪⎪⎨
⎪⎪⎪⎩

Dt
u( j, l + 4m + 4M) = D(S)

u ( j, l)Tumj/k
(S)
x j

Dt
d( j, l + 4m + 4M) = D(S)

d ( j, l)Tdmj/k
(S)
x j

Stu( j, l + 4m + 4M) = S(S)
u ( j, l)Tumj/k

(S)
x j

Std( j, l + 4m + 4M) = S(S)
d ( j, l)Tdmj/k

(S)
x j

,

j = 1, 2, 3, 4
l = 1, 2, 3, 4
m = −M, ..., M

Et
u( j + 4m + 4M, l + 4m + 4M)

=

⎧⎪⎪⎪⎨
⎪⎪⎪⎩

eik
(S)
xs x(S) , j = l = 1, 2

eik
(S)
xp1x(S) , j = l = 3

eik
(S)
xp2x(S) , j = l = 4

0 , j �= l

,
[
Et
d(x(S))

] = [
Et
u(x(S))

]−1
(12)

in which kxj = kxs for j = 1, 2, kxj = kxp1 for j = 3, and kxj = kxp2 for j = 4; Tumj

and Tdmj are expressed as

Tumj = i−m =
⎧⎨
⎩
eimβs

eimβp1

eimβp2

, Tdmj = im =
⎧⎨
⎩
e−imβs βs = arcsin(ky/krs), j = 1, 2
e−imβp1 βp1 = arcsin(ky/krp1), j = 3
e−imβp2 βp2 = arcsin(ky/krp2), j = 4

(13)

Next, according to the continuity conditions at the upper interface (x(S) = ht1) and
lower interface (x(S) = ht2), the combination of Eqs. (3), (4), (5), (9) and (10) gives
the relationship between A(S)

d j ,A
(S)
u j , and At

mj as

A(S)
d j =

M∑
m ′=−M

4∑
j ′=1

Ld
jm ′ j ′ A

t
m ′ j ′ , A(S)

u j =
M∑

m ′=−M

4∑
j ′=1

Lu
jm ′ j ′ A

t
m ′ j ′ (14)

with

[
Ld

jm ′ j ′
] = −[

K−1
u1 Kd1 − K−1

u2 Kd2
]−1[

K−1
u1 Kt1 − K−1

u2 Kt2
]
,[

Lu
jm ′ j ′

] = −[
K−1

d1 Ku1 − K−1
d2 Ku2

]−1[
K−1

d1 Kt1 − K−1
d2 Kt2

]
,

Kd1 =
[
(D(S−1)

d Qd + D(S−1)
u )−1D(S)

d − (S(S−1)
d Qd + S(S−1)

u )−1S(S)
d

]
E(S)
d (ht1),

Ku1 =
[
(D(S−1)

d Qd + D(S−1)
u )−1D(S)

u − (S(S−1)
d Qd + S(S−1)

u )−1S(S)
u

]
E(S)
u (ht1),

Kt1 =
[
(D(S−1)

d Qd + D(S−1)
u )−1Dt

u − (S(S−1)
d Qd + S(S−1)

u )−1Stu
]
Et
u(ht1),

Kd2 =
[
(D(S+1)

d Qu + D(S+1)
u )−1D(S)

d − (S(S+1)
d Qu + S(S + 1)

u )−1S(S)
d

]
E(S)
d (−ht2),

Ku2 =
[
(D(S+1)

d Qu + D(S+1)
u )−1D(S)

u − (S(S + 1)
d Qu + S(S + 1)

u )−1S(S)
u

]
E(S)
u (−ht2),

Kt2 =
[
(D(S+1)

d Qu + D(S+1)
u )−1Dt

d − (S(S + 1)
d Qu + S(S + 1)

u )−1Stde
]
Et
d(−ht2)

(15)
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Next, the variables in the source layerLs also need to be expressed in the cylindrical
coordinate system to impose the boundary conditions of cavity surface. The following
relationships are introduced to satisfy this requirement [30]:

ei(ky y−kx x) =
M∑

m=−M

i−meimβ Jm(γ r)eimθ ,

ei(ky y+kx x) =
M∑

m=−M

ime−imβ Jm(γ r)eimθ

(16)

The substitution of Eqs. (14) and (16) into (7), the variables ˆ̃u(S)
, ˆ̃P (S), and ˆ̃τ (S)

are expressed in the cylindrical coordinate system as

ˆ̃u(S)

=
M∑

m=−M

4∑
j=1

⎡
⎣ 1

2π

+∞∫

−∞

ˆ̃χ R
mj

M∑
m ′=−M

4∑
j ′=1

(Tumj L
d
jm ′ j ′ + Tdmj L

u
jm ′ j ′)A

t
m ′ j ′dky + At

mj
ˆ̃χmj

⎤
⎦,

ˆ̃p(S)

=
M∑

m=−M

4∑
j=3

⎡
⎣ 1

2π

+∞∫

−∞

ˆ̃κ R
mj

M∑
m ′=−M

4∑
j ′=1

(Tumj L
d
jm ′ j ′ + Tdmj L

u
jm ′ j ′)A

t
m ′ j ′dky + At

mj
ˆ̃κmj

⎤
⎦,

ˆ̃τ (S)

=
M∑

m=−M

4∑
j=1

⎡
⎣ 1

2π

+∞∫

−∞

ˆ̃ηR
mj

M∑
m ′=−M

4∑
j ′=1

(Tumj L
d
jm ′ j ′ + Tdmj L

u
jm ′ j ′)A

t
m ′ j ′dky + At

mj
ˆ̃ηmj

⎤
⎦

(17)

Next, the solution for the cylindrical shell can be obtained following the derivation
of the method proposed by Forrest and Hunt [17] and He et al. [26], which is given
by

Ktm

[
− ˆ̃Um,

ˆ̃Vm,
ˆ̃Wm

]T +
[ ˆ̃Qrzm, − ˆ̃Qrθm, − ˆ̃Qrrm

]T =
[ ˆ̃Fzm,

ˆ̃Fθm,
ˆ̃Frm

]T
(18)

where the expression of the 3 × 3 coefficient matrix Ktm was provided by He et al.

[26].
[ ˆ̃Fzm,

ˆ̃Fθm,
ˆ̃Frm

]T
represent the load components applied to the inside surface

of shell. For a unit point load with a frequency f 0 and velocity v0 radially applied to
the shell at the tunnel invert, the expression of the load is as follow:

[ ˆ̃Fzm,
ˆ̃Fθm,

ˆ̃Frm
]T = [

0, 0, εm (−1)m

2πa δ(w − 2π f0 + kzv0)
]T

(19)
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Combining Eqs. (17) to (19), the continuity conditions at the tunnel-soil interface
give

4∑
j=1

⎡
⎣ 2

π

+∞∫

0

εm(K′
tm

ˆ̃χ R

mj (r = a) + ˆ̃ηR

mj (r = a))

M∑
m ′=0

4∑
j ′=1

(Tumj L
d
jm ′ j ′ + Tdmj L

u
jm ′ j ′)A

t
m ′ j ′dky

+At
mj (K

′
tm

ˆ̃χmj (r = a) + ˆ̃ηmj (r = a)
]

= [
0, 0, εm (−1)m

2πa δ(w − 2π f0 + kzv0)
]T
(20)

In addition, the tunnel is assumed to be fully impermeable. Therefore, the pore-
fluid pressure gradient vanishes at the outside surface of the shell, which yields

4∑
j=3

⎡
⎣ 2

π

+∞∫

0

εm

ˆ̃κ R

mj

∂r

∣∣∣∣∣∣
r=a

M∑
m ′=0

4∑
j ′=1

(Tumj L
d
jm ′ j ′ + Tdmj L

u
jm ′ j ′)A

t
m ′ j ′dky + At

mj

∂ ˆ̃κmj

∂r

∣∣∣∣∣
r=a

⎤
⎦ = 0

(21)

The unknown coefficients At
mj can be calculated from Eqs. (20) and (21) for each

m. The coefficients A(q)

d j and A(q)

u j can subsequently be determined by the transfer
matrix method.

3 Numerical Results and Discussion

In this section, the impact of the variation in the groundwater table on train-induced
vibrations is investigated by a numerical case. A single tunnel in a three-layered
half-space is considered, as shown in Fig. 2. The depth of the tunnel center to the
ground surface is 15 m, and the total thickness of the first and second layers is fixed
at h1 + h2 = 25 m. The tunnel that is made of concrete with a Young’s modulus
Et = 50 GPa, Poisson’s ratio ν t = 0.3, density ρ t = 2500 kg/m3, and material
damping ratio β t = 0.015 has a mean radius a = 3 m and thickness h = 0.25 m.
Table 1 presents the parameter values used to model the soil layers. The first layer is
above the groundwater table, which has the same lamé constant as the second layer,
and density ρb = (1 – φ)ρs = 1089.6 kg/m3. By assigning the parameters ρ f =
0.001 kg/m3, α = 0.001, M = 1000 Pa, K = 105 m3kg−1 s, the effect of pore water
can be ignored [31]. Four values of the depth of the groundwater table are considered,
which are dw = 5 m, 10 m, 20 m, and 25 m. The cases of dw = 5 m and 10 m indicate
that the groundwater table is above the tunnel, as shown in Fig. 2a, while the cases of
dw = 20m and 25m represent that the groundwater table is under the tunnel (Fig. 2b).
dw = 0 m that represents a saturated poroelastic layered half-space is considered as
a reference case.
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Fig. 2 A single tunnel embedded in a three-layered half-space: a under the groundwater table and
b above the groundwater table

Table 1 Parameter values defining the properties of the three soil layers

Parameter First layer Second layer Third layer

First lamé constant, λ (Pa) 0.58 × 108 0.58 × 108 2.33 × 108

Second lamé constant, μ (Pa) 0.25 × 108 0.25 × 108 1.0 × 108

Density of bulk material, ρb (kg/m3) 1089.6 1489.6 1489.6

Material damping ratio, βs 0.05 0.05 0.05

Density of pore fluid, ρf (kg/m3) 0.001 1000 1000

Porosity, φ 0.4 0.4 0.4

First Biot parameter, a 0.001 1 1

Second Biot parameter, M 1000 6.13 × 109 6.13 × 109

Tortuosity, a∞ 1 1 1

Hydraulic permeability coefficient, K (m3kg−1 s) 1.0 × 105 1.0 × 10–7 1.0 × 10–7

Fig. 3 Geometry of a double-beam track system in a circular tunnel
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Table 2 Parameter values
defining the properties of the
track structures

Parameter Value

Bending stiffness of two rails, ErIr 10 × 106 Pa·m4

Loss factor of rails in bending, ηr 0.03

Mass of two rails per unit length, mr 100 kg/m

Normal stiffness of rail pads, krp 40 × 106 N/m2

Loss factor of rail pads, ηrp 0.1

Bending stiffness of slab in the vertical
direction, EsIs

1430 × 106 Pa m4

Loss factor of slab in bending, ηr 0.05

Mass of slab per unit length, ms 3500 kg/m

As shown in Fig. 3, track structures are subsequently considered as a double-
beam model. The rails and slab are simulated as an Euler–Bernoulli beam with
infinite length, respectively, while the rail pad and slab bearings are simplified as
spring with continuous supports. The derivations of the fully track model were given
by Forrest and Hunt [18]. The parameter values used to simulate the track structures
are presented in Table 2.

Figure 4 presents the real part of the vertical displacement (Real(ux)) on the ground
surface induced by a unit harmonic load of 40 Hz moving on the rails at 20 m/s. The
displacement fields in Fig. 4a–c show the similar trend, and the same wavelength. It
is indicated that when the groundwater table is above the tunnel, the displacement
distribution tends to that of the saturated poroelastic layered half-space. However,
when the groundwater table drops below the tunnel, as shown in Fig. 4d, e, the
displacement fields change, and the wavelength increases. The displacement field in
those cases tends to that of a dry single-phase layered half-space.

To quantitatively assess the effect of the variation in the groundwater table on
vibrations, the insert gain (IG) that represents the difference of vibration levels
between the four cases and the reference case (dw = 0 m) is defined as IG =
20log(|u|/|ur |). Figure 5 shows the vertical displacements and insert gain at three
observation points on the ground surface induced by a harmonic load moving at
20 m/s. in the low-frequency region, the variation in the groundwater table has a
small influence on the ground vibrations. The vibration levels increase slightly as the
groundwater table drops down. However, the effect of the variation in groundwater
table on the ground vibrations becomes significant when the frequency increases,
inducing IG values up to 20 dB. Due to the existence of the pore water, the compres-
sion modulus of the soil increases. Therefore, as the groundwater table drops down,
the soil stiffness decreases, resulting in higher vibration levels. However, when the
groundwater table is under the tunnel, the further drop in the groundwater table has
little effect on the ground vibration levels.
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Fig. 4 Vertical displacement fields on the ground surface in the cases of a dw = 0 m, b dw = 5 m,
c dw = 10 m, d dw = 20 m, and e dw = 25 m induced by a unit harmonic load of 40 Hz moving on
the rails at 20 m/s

4 Conclusions

An analytical model was proposed in this study to investigate the influence of the
variation in the groundwater table on the ground vibrations induced by underground
railways. The transfer matrix method was applied to deal with wave propagation in
the dry/saturated multi-layered half-space. By using the boundary conditions on the
tunnel-soil interface, the tunnel was coupled with the multi-layered soil.

The influence of the variation in groundwater table on the ground vibrations
was subsequently investigated through a numerical case. The displacement field is
similar to that of a saturated layered half-space when the groundwater table is above
the tunnel, while it is similar to that of a dry single-phase layered half-space when
the groundwater table is below the tunnel. When the groundwater table is above the
tunnel, the ground vibration levels increase as the groundwater table drops. When
the groundwater table is under the tunnel, the variation in groundwater table has little
effect on the ground vibration levels.
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Fig. 5 Vertical displacements and IG at points a (15 m, 0 m, 0 m), b (15 m, 5 m, 0 m), and c (15 m,
10 m, 0 m) on the ground surface for different groundwater table
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Experimental Studies on Three Types
of Vibration Isolators for Buildings Near
Subways

Tao Sheng, Xue-cheng Bian, Wei-xing Shi, Jia-zeng Shan, and Gan-bin Liu

Abstract This paper presents three types of vibration isolators to enhance the
comfort for residents inside buildings near subways. Stacked sandbags formed the
first type of isolator. An elastic and closed capsule filled with sand and rubber parti-
cles is the second type of isolator. The third type of isolator is laminated thick rubber
bearing with a sliding bottom. The materials and components of the three isolators
are described first. Then, the vertical stiffness values, the damping ratios, and the
ultimate bearing capacities of the above isolators are tested in a laboratory, and the
suppression effectiveness for subway-induced vertical vibrations are investigated by
two full-scale buildings near subway transportation. The results indicated that the
bearing capacity of the first isolator is the lowest, but the damping ratio is the highest.
For the second isolator, the vertical stiffness and damping ratio can be adjusted by
changing the mixture ratio of sand particles, and the bearing capacity is improved
significantly. For the third isolator, the damping ratio is the smallest, but the sliding
bottom is capable of isolating earthquake ground motions. After installation of the
three isolators, the human comfort inside the buildings satisfied the limit values,
proving that they are effective as base isolation methods for buildings near subways.

Keywords Stacked sandbags · Vertical stiffness · Subways · Field experiment ·
Base isolation
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1 Introduction

Subway transportation advantages include convenience, punctuality and low pollu-
tion, and therefore a large number of subway lines are planned, constructed or are
under construction all over the world. Especially in the Asian countries, the construc-
tion of subway networks has been a critical investment area since the beginning of
this century. However, such transportation networks may have negative influences
on human comfort inside buildings near them due to vibrations.

Generally speaking, there are three ways to solve this problem: source reduction
methods [1, 2], wave barriers in the ground [3, 4] and passive isolation methods
of buildings [5, 6]. Base isolation is one of the passive isolation methods and has
been proved to be one of the most effective ways by Cryer [7], Sharif [8], Sheng
et al. [9] and many other researchers [10, 11]. But the isolators used for buildings
near subway transportation are much more complicated and expensive. Moreover,
there are even several defects for the existing isolators. For example, the vertical steel
spring isolator [12] struggles to resist corrosion under humid conditions. Besides, the
bearing capacity of the steel spring is so small that only appropriate for lightweight
buildings. The laminated thick rubber isolator proposed by Sheng et al. [9] and Pan
et al. [11] cannot resist large shear deformations under earthquake ground motions.
So some more reliable vibration isolators should be deeply developed to meet all the
requirements under different engineering conditions.

Matsuoka et al. [13], Nakagawa et al. [14] and Liu et al. [15] discovered that
friction forces between soil particles in a soil bag are a benefit to dissipating vibration
energy. Inspired by the above research works, this paper presents two new types of
geosynthetics isolators to suppress the vertical vibrations of a building near subway
transportation. Then, for the buildings near subway transportation and in seismic
areas, a new type of isolator is developed from laminated thick rubber isolator to
enhance earthquake resistance functions. Furthermore, the mechanical properties
and suppression effectiveness of the new isolators are verified by pseudo-static tests
and field experiments.

2 Designs of the New Isolators

2.1 Stacked Sandbags

The sample size of each sandbag in this research is about 35 cm long, 25 cmwide and
8 cm thick. The bags are made of PET continuous filament nonwoven geotextiles,
the properties of which are listed in Table 1. For the PET bags, the tensile parameters
in the warp direction are the same as those in the weft direction. As a comparison,
the properties of the PE bags applied by Liu et al. [15] are also listed in Table 1. As
shown in the table, the tensile modulus of the PET bag is only one-tenth of that of the
PE bag, so the vertical stiffness of stacked PET sandbags is speculated to be much
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Table 1 The properties of the
PET bag and the PE bag [16]

Parameter PET bag PE bag

Mass per unit area (g/m2) 150 110

Thickness (mm) 1.2 Not listed

Tensile strength (kN/mm) 8 25 (warp); 16.2 (weft)

Tensile modulus (kN/m) 14.2 161 (warp); 138 (weft)

Tensile elongation (%) 50 25

Fig. 1 Particle size
distributions of the filling
sand

lower than ever before. At the same time, the tensile elongation of the PET bag is
two times more than that of the PE bag, so the bearing capacity of PET sandbags
may be enough for buildings.

Approximately 25 kg of dried sand particles are filled in each bag, and the bag
mouth is sealed by high-strength cotton thread with a manual sewing machine. The
sand with single and uniform gradations are filled in the bags to bear the weight of
the buildings, respectively. The particle size distributions are shown in Fig. 1.

2.2 The Improved Geosynthetics Isolator

The air spring has an enclosed space which is much similar to a sandbag. The capsule
of the air spring is composed by structural composite materials, which have excel-
lent performances of durability, toughness and wear resistance [17]. In addition, the
tensile strength of the capsule is much higher than that of the PET material, and the
elastic modulus is much lower. So, the stacked sandbags are developed to be a new
type of vibration isolator in this paper, which is composed by an air spring and filled
particle materials. In theory, the bearing capacity of the new isolator will be much
larger than that of stacked sandbags, and the vertical stiffness will be much smaller.
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Fig. 2 The new type of geosynthetics isolator

The three-dimensional graphic and the cross-section of the new isolator are depicted
in Fig. 2.

In order to adjust the vertical stiffness and the damping ratio of the isolator,
the filled particle materials are composed by sand and rubber particles. In theory,
when the proportion of sand particles increases, the damping ratio increases. Simi-
larly, when the proportion of rubber particles increases, the vertical stiffness value
decreases.

2.3 Laminated Thick Rubber Isolator

The laminated rubber bearing is characterized as high bearing capacity and small
horizontal stiffness, so it is widely used for seismic isolation. In theory, the thicker
the rubber layer is, the smaller the vertical stiffness of the rubber bearing is. But the
thickened rubber layer might reduce the shear deformation capacity of the isolator,
so a horizontal sliding layer made of polytetrafluoroethylene (PTFE, F4) plate is
designed to ensure the stability and safety of the isolator under earthquake ground
motions. The basic configurations and main components of the new isolator are
illustrated in Fig. 3.

Fig. 3 The thick rubber isolator and the main components [18]
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Table 2 Testing cases for the second isolator

Cases 1 (%) 2 (%) 3 (%) 4 (%) 5 (%)

Proportions Sand 100 75 50 25 0

Rubber particles 0 25 50 75 100

3 Test Programs

3.1 Mechanical Property Tests

The three new isolators were loaded from 0 kN to rupture failure status with a
hydraulic universal testing machine to investigate the ultimate bearing capacity, at
the speed of 1 kN/s. When the number of layers exceeds seven, the stacked sandbags
are unstable. So, the sandbags were stacked from one to seven layers in the following
tests. The diameter of the improved geosynthetics isolator is 280 mm, and the diam-
eter of the laminated thick rubber isolator is 240 mm. For the geosynthetics isolator,
there are five testing cases which are listed in Table 2.

To investigate the vertical stiffness values and damping ratios, the isolators were
cyclically loaded and unloaded four times, similarly to the loading method proposed
by Liu et al. [19]. To verify the shear performances, the laminated thick rubber
isolator was tested by a horizontal reflexive frame and a hydraulic universal testing
machine. The testing photos of the three isolators are shown in Fig. 4.

3.2 Field Experiments

A full-scale one-story masonry building was built near an existing subway trestle
in Ningbo, China. Figure 5a shows the front elevation of the masonry building,
and Fig. 5b shows the photo of the building. A systematic field experiment was
operated in this paper to investigate the suppression effectiveness of the first and the
second isolators for vertical vibrations inside the building. The photos of the installed
isolators are shown in Fig. 5c, d.

Moreover, a full-scale two-story masonry building was built above an existing
subway tunnel in Shanghai, China. Then, a systematic field experiment was operated
to investigate the suppression effectiveness of the third isolator for subway-induced
tri-axial vibrations. Figure 5e shows the side elevation of the building, and Fig. 5f
shows the photo of the building. The position relationship between the two-story
building and the subway tunnel is shown in Fig. 5g. The photo of the installed rubber
isolator is shown in Fig. 5h.

The dimensions of the one-story building were 3.0× 2.8× 2.8 m, corresponding
to length × width × height. The dimensions of the two-story building were 4.5 ×
3.0 × 5.6 m, corresponding to length × width × height. A base isolation layer and
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(a) Compression test of stacked 
sandbags. 

(b) Compression test of the geo-
synthetics isolator. 

(c)  Compression test of the rubber 
isolator. 

(d) Compression-shear test of the 
rubber isolator. 

Fig. 4 Mechanical properties tests of the three isolators

a top ring beam were designed for each of the buildings, both of which were made
of reinforced concrete. The thickness of the floor slabs was 100 mm.

4 Results and Discussion

4.1 Mechanical Properties

The tested force–deformation curves of the different stacked layers and different
gradations are illustrated in Fig. 6a. The steep local drops in the force–deformation
curves of Fig. 6a are seen as rupture failure statuses. The tested values of vertical
stiffness and damping ratio of stacked sandbags are listed in Fig. 6b. The ultimate
compressive stress of the sandbag filled with uniform gradation is a little smaller than
that filled with single gradation. Therefore, uniform gradation is more suitable for the
isolator. When the layer number increases from one to seven, the tensile strain of the
outside package increased significantly, and the ultimate bearing capacity becomes
lower and lower. The ultimate compressive strength of seven-layered sandbags in
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(a) The front elevation of the building. (b) The photo of the building. 

(c) The installed stacked sandbags. (d) The installed geosynthetics isolator. 

(e) The side elevation of the two-
story building. 

(f) The photo of the two-story 
building. 

(g) The building and the subway tunnel. (h) The installed thick rubber isolator.

Subway Trestle 

Full-scale building 

Full-scale 
building 

Stacked sandbags The second isolator 

Laminated thick 
rubber bearing 

Fig. 5 The building and the site of the field experiments
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Fig. 6 Tested results of the stacked sandbags

Fig. 6a is nearly 1.2MPawhich ismuch larger than that of an ordinary soil foundation.
The vertical stiffness of the seven-layered sandbags is as low as 3 kN/mm, and the
damping ratio is as high as 15%, which is appropriate for vertical vibration isolation
of buildings.

Besides, the strength, the vertical stiffness, and the damping ratio of seven-layered
sandbag is almost the same as those of four layered sandbag, proving that themechan-
ical properties of the isolator becomes stable when the layer number increases from
four to seven. Because the height-width ratio of seven-layered stacked sandbags is
too large to ensure the stability, the recommended layer of the isolator is four.

The testing vertical stiffness values and damping ratios of the improved geosyn-
thetics isolator are shown in Fig. 7. As the external form of the isolator gradu-
ally changes when the compressive stress increases, the vertical stiffness in Fig. 7a
increases gradually. The hardening phenomenon of rubber particles under compres-
sive stress also leads to the increasing phenomenon of the vertical stiffness. Further-
more, in Fig. 7a, b, the more the sand particles are included in the isolator, the larger

Fig. 7 Tested results of the geosynthetics isolator



Experimental Studies on Three Types of Vibration Isolators … 97

the vertical stiffness and the damping ratio are. This phenomenon proves that the
sand particles are benefits to increasing vertical stiffness and dissipating energy. So,
changing the mixture ratio of sand particles is an effective way to adjust the vertical
stiffness and damping ratio. When only filled with sand particles, the damping ratio
is high to 10%, which is similar to a high-damping rubber bearing. In addition, the
damping ratios in Fig. 7b are almost the same when the compressive stress increases,
proving the damping ratio has no relationship to the compressive stress.

The tested value of ultimate bearing capacity of the geosynthetics isolator is more
than 40 MPa, which is much larger than that of stacked sandbags and appropriate
for most buildings near subway transportation. However, the testing phenomenon
showed that the sand particles were crushed when the compression stress was more
than 25 MPa. In this case, the vertical stiffness becomes a stable constant when
the compression stress increases. Because the bearing capacity is determined by the
capsule, the degradation has no negative influence. The designed compression stress
of the isolator is less than 10 MPa, and therefore the degradation could be avoided
or delayed.

Figure 8a depicts the vertical force–displacement curves of the thick rubber
isolator, and Fig. 8b depicts the horizontal force–displacement curves. In Fig. 8b, a
thick rubber isolator with a fixed bottom was also tested to compare with the new
type of isolator with a sliding bottom. The pressure in Fig. 8b is 4.5 MPa.

The results in Fig. 8a show that the vertical stiffness of the isolator is nearly a
constant value under different pressure loads. The damping ratio calculated from the
hysteresis loop is only 2%. In Fig. 8b, the ultimate shear deformation are 100% of Tr

for the isolator with a fixed bottom. The parameter Tr is the total thickness of rubber
layers. As requested by the seismic design code of China [20], the ultimate shear
deformation of a laminated rubber isolator should be larger than 55% ofD and 300%
of Tr . The parameter D is the diameter of the isolator. Obviously the isolator with a
fixed bottom does not satisfy the design requirement, because the rubber layers are
much thicker than those of a normal rubber isolator. After adding a sliding bottom,

Fig. 8 Tested results of the thick rubber isolator
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the isolator starts to slide when the shear deformation reaches 68% of Tr . So, the
sliding layer is effective to protect the isolator and upper structure from instability
failure under large shear deformations.

4.2 Suppression Effectiveness of the Field Experiments

The natural frequency of the floor slab in the one-story building is identified as 80 Hz
by knocking tests. After the installation of stacked sandbags, the isolation frequency
in Fig. 5c is identified as 4.5 Hz. After the installation of geosynthetics isolators, the
isolation frequency in Fig. 5d is identified as 5.6 Hz. The mix proportion of sand is
25%, and that of rubber particles is 75%. Both of the isolation frequencies are much
lower than the natural frequency of the floor slab.

The natural frequency of the floor slab in the two-story building is identified as
60 Hz by knocking tests. After the installation of thick rubber isolators, the isolation
frequency in Fig. 5f is identified as 9.4 Hz.

As recommended by the standards of ISO 2631-2 [21], frequency vibration
levels (abbreviated as “frequency VLs”) are selected to evaluate the human vibra-
tion comfort inside the buildings. For the statistical significance, the frequency VLs
are averaged over the measured data corresponding to at least five individual train-
passing events. Figure 9 shows the averaged frequency VLs after the installation of
different isolators. According to the standard of China, The limit value for human
vibration comfort is determined to be 67 dB in this paper.

In Fig. 9a, the peakvalue of frequencyVLsdecreases by13dBafter the installation
of stacked sandbags. In Fig. 9b, the peak value decreases by 15 dB. In Fig. 9c,
the peak value decreases by 26 dB. All of the peak values satisfy the limit value
of human comfort. According to the principles of structure dynamics, because the
damping ratio of stacked sandbags is the highest, the suppression effectiveness is the
lowest. Nevertheless, the characteristic of high damping ratio is a benefit to resisting
resonance caused by other low-frequency environmental vibrations.

5 Conclusions

• The ultimate compressive strength of four-layered sandbags is nearly 1.2 MPa
which ismuchhigher than that of an ordinary soil foundation. The vertical stiffness
of the four-layered sandbags is as low as 3 kN/mm, and the damping ratio is as
high as 15%. These characteristics are appropriate for vertical vibration isolation
of buildings near subways.

• Changing the mixture ratio of sand particles inside the geosynthetics isolator
proved to be an effective way to adjust the vertical stiffness and damping ratio.
When only filled with sand particles, the damping ratio is 10%, which is similar
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Fig. 9 Tested values of frequency vibration levels inside the buildings
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to a high-damping rubber bearing. The ultimate bearing capacity is appropriate
for most buildings.

• The damping ratio of laminated thick rubber isolators is only 2%. The sliding
layer is effective to protect the isolator and upper structure from instability and
failure under large shear deformations.

• After the installation of three types of isolators, the peak value of frequency, VLs
decreased by 13 dB, 15 dB and 26 dB, respectively. All the peak values satisfied
the limit value for human comfort, proving the three isolators are effective for the
base isolation of buildings near subway transportation.
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Dynamic Response of Floating Slab
Track with Variation on Failure Position
of Steel Spring

Xiaolin Song, Linfeng Xue, Fangzheng Xu, and Jianping Wei

Abstract The steel spring floating slab track is widely adopted for its remarkable
performance on vibration isolation.With the increase of the operation time of floating
slab track, the damage or failure of the steel spring is inevitable, which will have a
bad effect on the track dynamics and vibration-mitigating effects. The steel spring’s
forces were calculated by the vertical coupled dynamics model for the metro and
the floating slab track. The dynamic response of tunnel and soil subjected to the
steel spring’s forces was analyzed. The influence of steel spring failure position
of floating slab track on the dynamic response of infrastructure was investigated.
The results showed that the failure position had a significant effect on the dynamic
characteristics. Although the infrastructure displacement varies little with the failure
position, the reaction forces of the steel springs and acceleration of the track, the
tunnel, and the soil notably increased when the steel spring failed at the end of the
track. The tunnel acceleration with one pair of damaged springs at the end of track
is 40% greater than that with the same failure springs in the middle of track.

Keywords Floating slab track · Steel spring · Dynamic response · Failure position

1 Introduction

Floating slab track is widely used in city metro system for its excellent performance
in vibration isolation [1]. Steel spring floating slab has lower dominant frequency
and longer service life than rubber one and has better vibration-mitigating effects
[2]. Steel spring floating slab tracks are getting more popular in the special vibration-
sensitive sections and became main technique for reducing track vibration in metro
traffic. The correlational research on floating slab track is becoming a topical subject
in the domain of urban rail transportation. Much important work on floating slab
track has already addressed different aspects. Due to the variation of track struc-
tures, vehicle types, operation environments, surrounding infrastructure parameters,
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and other factors, a way to fine-tune the floating slab track parameters to mitigate
vibration may not be directly applicable to the other systems. A solution may not be
applicable to all scenarios for allmetro tracks in different locations.Many researchers
focused on the parameter optimization and structural design for the floating slab track
[3–5]. The comparison of vibration-mitigating effects and dynamic performances has
already arousedwidespread attention from different perspectives [6–8]. The dynamic
characteristics and life analysis of steel spring and other track components are other
hot issues. However, with the increase of the operation time of floating slab track,
the damage or failure of the supporting component, such as the rail fastener and the
steel spring, is inevitable. The failure of steel spring will have a bad influence on
the vibration-mitigating effects and dynamic performances of the track [1]. Unfortu-
nately, correspondent studies on the floating slab are very limited [9, 10]. Therefore,
it is necessary to investigate the influence of the failure of the steel spring on the
dynamic response of floating slab track and the metro infrastructure. In this paper,
the influence of the failure position of the steel spring on the vibration characteristics
of the floating slab track will be investigated.

2 Numerical Analysis Model and Its Parameters

When a metro train runs along a tunnel, the wheel/rail force will be transferred via
the track, the tunnel, and the surrounding infrastructure to the ground. Especially, the
floating slab track parameters are related to vehicle types, operation environments,
parameters of surrounding soils. In order to investigate the influence of the failure
position of steel spring on the dynamic response of the track-tunnel-soil system,
the train, the track, the tunnel, and the soil were all involved in the whole system
numerical model. The whole model was composed by the train-track coupled sub-
model and the 3D finite element (FE) sub-model of the tunnel-soil. The link between
the two sub-models is the reaction forces of steel springs, which can be calculated by
the train-track coupled model. The loads subjected to the FE model are the reaction
forces of steel springs.

As the train-track coupled model and the corresponding parameters were detailed
introduced in the literature [1, 11] according to the classical train-track coupled
dynamics, the model and its parameters will not be mentioned in this paper.

According to the real parameters of one real metro line, the three-dimensional FE
model of the tunnel and surrounding soilwas established by the eight-node brick solid
element SOLID45, as shown in Fig. 1. The length of the model was 125 m, which
was five times of one slab length. Thewidth and the thickness of themodel were 80m
and 60m, respectively. The buried depth, the diameter, and the lining thickness of the
tunnel were 15m, 6m, and 0.3 m, respectively. The nodes at the bottom boundary are
fixed in all directions. Vertical and horizontal constraints were enforced to the cross
sections through both ends. The symmetrical boundary conditionwas subjected to the
symmetrical plane (XOZPlane). Tominimize the effect of the boundary condition on
the numerical result, the 3D viscoelastic artificial boundary was applied to the FEM
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Section M2

Section M1
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Fig. 1 Three-dimensional finite element model of tunnel and soil

model. The lining and the foundation base of the tunnel are made of C55 concrete.
The surrounding soils of the tunnel were composed of 9 layers of soil, which was
homogeneous and isotropic in each layer. The detailed dynamic material parameters
referred to literature [1, 12] and will not be listed.

In Fig. 1, five monitoring lines and two monitoring sections were marked on the
FE model. Two monitoring sections M1 and M2 corresponded to the cross-section
through the central and the end of the middle floating slab. Two lateral monitoring
lines (Line 1 and Line 2) corresponded to the ground lines through the Section M1
and M2, and the vertical monitoring lines (Line 4 and Line 5) were the intersection
of SectionM1 andM2 with track central section. The longitude Line 3 corresponded
to the intersection of the track central section with the ground. Point E and Point F
located in the tunnel wall, 1.25 m above the rail top.

The nodes at the bottom boundary are fixed in every direction. Vertical and hori-
zontal springs were applied at both end sections. In order to avoid the influence of
boundary, the non-reflected boundary is used in the three-dimensional finite element
model.

3 Numerical Calculation and Results Analysis

As the failure position of the steel springs may have a notable influence on the
dynamic response of the overall system. With the increase of the damaged steel
springs, the combination of the failure positionwill becomeverymultiple and compli-
cated. In this paper, only one pair of the steel spring damaged in the middle floating
slab was investigated. The failure position located in the end, the quarter, and the
middle of the slab, which was respectively named Case 1, Case 2, and Case 3. For
Case 2 and Case 3, the damaged springs were No. 6 and No. 11, respectively. The
diagram of the failure position were shown in Fig. 2. The reaction forces of the
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Fig. 2 Diagram of failure position for steel springs

Fig. 3 Reaction force of different steel springs

different steel springs were displayed in Fig. 3, which were the excitation of the FE
model.

3.1 Effect of Failure Position on Vibration of Track
and Tunnel

The rail displacement through sectionM1 andM2 in different cases (different damage
position) were shown in Fig. 4, and the peak displacement were shown in Fig. 5.

From Figs. 4 and 5, it could be seen that in SectionM1, the peak rail displacement
varied in a small range, and the displacement in Case 1 was slightly increased than
that in other cases. The maximum increment was only 9.58%. However, in section
M2, the displacement in Case 1was greater than that in other cases, and themaximum
increment reached 23.37%. It also showed that when the springs failed in the end
position, the rail displacement was greater than that when the springs failed in the
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Fig. 4 Rail displacement when steel spring damages in different position

Fig. 5 Rail peak displacement when steel springs damage in different position

middle position. That was to say the springs failed in the end position had a worse
effect not only on the rail displacement but also on the influenced range.

Figure 6 illustrated the acceleration of the tunnel wall in different points when
springs failed in different positions, and Fig. 7 summarized their peak values in
different cases.

Figures 6 and 7 showed that when one pair of steel springs failed in different
places, the dominated frequencies of the vibration acceleration of the tunnel wall
remained unchanged. It also indicated that when the springs were damaged in the
end, the acceleration of the tunnel wall was greater than that when the springs failed
in the middle section. The maximum increment of the peak accelerations in Point E
and Point F were 22.02% and 38.15%, respectively. The minimum increase occurred
when the middle springs failed. In a word, the steel springs failed in the end had a
worse effect on the vibration of the tunnel wall.
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Fig. 6 Acceleration property of tunnel wall when steel springs damage in different positions

Fig. 7 Peak acceleration of tunnel wall when steel springs damage in different positions
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3.2 Effect of Failure Position on Vibration and Attenuation
of Soil

When the steel springs failed in different position, the lateral distribution of the
displacement and the acceleration of the groundwas shown in Fig. 8. The longitudinal
distribution of the ground acceleration and the displacement along the Line 3 was
shown in Fig. 9, while the vertical distribution (along Line 4) of the acceleration and
the displacement of the soil was summarized in Fig. 10.

It is indicated from Fig. 8 that no matter where the springs failed, the failure
position had little influence on the lateral distribution of the ground displacement,
and the displacement variation could be negligible not only along Line 1 but also
along Line 2. When the springs failed in the end, the ground acceleration increased
remarkably, especially along Line 2. The peak acceleration of Point C increased
50.3% than that with no damage, while it only increased only 9.2% in Point B.

It also showed that in Case 1, when one pair of the springs failed in the end, the
ground acceleration increased sharply. The acceleration reached its maximum at the
ground 4.165 m away from section M1 along Line 3, and its value increased from
2.02 to 3.1 mm/s2. Similar to the lateral distribution of the ground displacement, the
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Fig. 10 Vertical distribution of displacement and acceleration of soil

effect of the failure position of the steel springs on the longitudinal distribution could
be ignored.

When the springs damaged in the end, the acceleration of the tunnel bottom
increased from 14.28 to 19.47 mm/s2 compared with that with no damaged springs,
and the increment achieved to 36.34%. However, the increment was only 13.87 and
3.08% in Case 3 and Case 2. Nomatter where one pair of the springs damaged or not,
the variation of the vertical distribution of the soil displacement could be ignored.
The maximum difference is only 5.1%.

4 Conclusions

The acceleration of the track, the tunnel wall, and the surrounding soil varied consid-
erably with the damage position of the one pair of the springs. When the springs
failed in one end of the floating slab, the acceleration increased remarkably than
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that with no damaged springs. The maximum increment of the acceleration respec-
tively reached 23.37% for the rail, 38.15% for the tunnel, and 50.3% for the ground.
However, the damaged position had little influence on the displacement of the track,
the tunnel, and the soil.
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The Effect of Boundary Permeability
on the Dynamic Response of the Layered
Saturated Ground Subjected
to an Underground Moving Load

Yijun Li, Anfeng Hu, Kanghe Xie, and Rong-tang Zhang

Abstract In this paper, the effect of boundary permeability on the dynamic response
of a layered poroelastic half-space under moving loads in a tunnel is studied analyt-
ically. The tunnel is modeled by an Euler–Bernoulli beam located between two
horizontal layers. The Biot’s dynamic equations for the poroelastic soil medium
are solved by utilizing the Helmholtz decomposition and Fourier transformation.
Combining the boundary conditions and the continuity conditions between each
layer, the explicit analytical solutions for the dynamic response of each layer in
the transformed domain are obtained by the transmission and reflection matrices
(TRM) method. The solutions in time–space domain are expressed in terms of infi-
nite Fourier-type integrals, which are evaluated by an adaptive version of extended
integral trapezoidal formula. The validity and accuracy of the proposedmethodology
and numerical integration scheme are confirmed by comparison with some existing
results. Two different boundary permeabilities are considered, and the numerical
results show that the influence of the boundary permeability on the dynamic response
is related to the permeability of the soil and the moving load speed.
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1 Introduction

The environmental effect induced by the underground trains is an issue that needs
to be of concern in the whole design and operation stages of the subway. Various
models have been established to estimate the vibrations induced by underground
moving trains. The simplified 2D beam model with an Euler–Bernoulli beam to
simulate the tunnel structure has been proposed to investigate the ground vibration
qualitatively [1–3]. The 3DPiPmodel [4, 5]was established and developed byForrest
and Hunt to calculate the train-induced vibration in a full-space. Lu [6] investigated
the dynamic response of a porous full-space with a cylindrical hole subjected to a
moving axisymmetric ring load. Yuan [7] provided a benchmark analytical solution
for the vibration of a half-space from the tunnel by using the transformation between
the cylindricalwaves and the planewaves.Many researchers have used the 2.5DBEM
and FEM to simulate the generation and propagation of vibrations from underground
railways [8–13]. The soil in the above studies is assumed to be a homogeneous
medium.Taking into account the layeredproperty of the ground, some layeredmodels
have been used to investigate the wave propagation in the layered ground subjected
to the trains in the tunnel [14–16]. It is proved that the effect of pore water cannot be
ignored in the dynamic analysis [17], and the analytical solutions for the vibration
of the layered saturated ground from the underground tunnel are rarely reported.

Therefore, based on Biot’s theory for the saturated poroelastic medium [18, 19],
the dynamic response of the multi-layered saturated ground with an embedded Euler
beam to simulate the tunnel structure is studied by employing the TRM method
[20, 21]. The motion equations of saturated layered are solved using the continuity
conditions and the boundary conditions of the coupled system. The results in the
time–space domain are calculated using the FFT method.

In practical engineering, the ground surface is usually untreated except for the
paved or built-on surface. Therefore, two different drainage conditions of the ground
surface are considered to investigate the dynamic response of the layered ground,
which are the permeable boundary condition corresponding to the natural (untreated)
surface and the impermeable boundary condition corresponding to the ground surface
with a concrete floor or a bituminous pavement.

2 Physic Model and General Solutions

The model of layered saturated ground-beam coupled system is shown in Fig. 1. It is
assumed that the deformations are plane strain in the x − z plane, i.e., εxy = εyy =
εyz = 0. The constitutive relations for the poroelastic medium can be expressed as
[18, 19]:

σi j = λδi jθ + μ(ui, j + u j,i ) − αδi j p (1)
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Fig. 1 Model of layered
saturated ground-beam
coupled system

p = −αMθ + Mζ (2)

whereui andwi denote the average solid displacement and theporefluiddisplacement
relative to the solid matrix in the i-direction (i = x, z), respectively; σi j is the total
stress of the bulkmaterial, andp is the excess porefluid pressure (suction is considered
negative); θ = ui,i is the dilatation of the solid skeleton; ζ = −wi,i is the volume of
fluid injection into a unit volume of the bulkmaterial; δi j is theKronecker delta; λ and
μ are Lame constants; α andM are Biot’s parameters accounting for compressibility
of the poroelastic medium.

The motion equations for the bulk material and pore fluid can be expressed in
terms of the displacements ui and wi as [18, 19]:

μui, j j + (λ + α2M + μ)u j, j i + αMwj, j i = ρüi + ρ f ẅi (3)

αMu j, j i + Mwj, j i = ρ f üi + mẅi + bẇi (4)

where the dot over a variable denotes the time derivative; ρ and ρ f are mass densities
of the bulk material and the pore fluid, respectively; ρ = nρ f + (1 − n)ρs , ρs is
the density of the solid skeleton, and n is the porosity of the porous medium; m is
the density-like parameter that depends on ρ f and the geometry of the pores; b is
a parameter accounting for the internal viscous friction due to the relative motion
between the solid matrix and the pore fluid. The parameter b is equal to the ratio
between the fluid viscosity and the intrinsic permeability of the medium (i.e., b =
η/k).

Equations (3) and (4) can be solved by introducing the following Helmholtz
decomposition:

ui = gradφ1 + curlϕ (5a)
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wi = gradφ2 + curl
 (5b)

By substituting the Eqs. (5) into Eqs. (3) and (4), the general solutions in
frequency-wavenumber domain for displacements ui and wi (i = x, z), stresses
σi j (i, j = x, z) and pore fluid pressure p can be obtained by using the Fourier
transformation [17]:

The motion equation of the Euler–Bernoulli beam is as follows:

ρB

∂2W

∂t2
+ E I

∂4W

∂x4
= F(t) + a[σzz(x, H − 0, t) − σzz(x, H + 0, t)] (6)

where W (x, t) denotes the vertical displacement of the beam; ρB and E I are the
mass density and bending stiffness of the beam, respectively; a is a characteristic
length associated with the length of the structure in the y-direction; F(t) denotes the
moving point load; σzz(x, H − 0, t) and σzz(x, H + 0, t) denote the vertical stress
in the soil beneath and above the tunnel, respectively.

The boundary and continuity conditions corresponding to the coupled system in
Fig. 1 can be expressed as:

When z = 0,

σxz(x, 0) = 0 (7a)

σzz(x, 0) = 0 (7b)

When z = zi (i = 1, 2, . . . , n − 1),

u(i)
x (x, zi ) − u(i+1)

x (x, zi ) = 0 (8a)

w(i)
z (x, zi ) − w(i+1)

z (x, zi ) = 0 (8b)

u(i)
z (x, zi ) − u(i+1)

z (x, zi ) = 0 (8c)

p(i)(x, zi ) − p(i+1)(x, zi ) = 0 (8d)

σ (i)
xz (x, z j ) − σ (i+1)

xz (x, zi ) = 0 (8e)

{
σ (i)
zz (x, zi ) − σ (i+1)

zz (x, zi ) = F(t) −
(
ρB

∂2W
∂t2 + E I ∂4W

∂t4

)
u(i)
z (x, zi ) = u(i+1)

z (x, zi ) = W (x, t)
(i = l) (8f)

σ (i)
zz (x, zi ) − σ (i+1)

zz (x, zi ) = 0 (i �= l) (8g)
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Two different drainage conditions of the free surface are considered. For the
drained free surface:

p(x, 0) = 0. (9a)

For the undrained free surface:

wz(x, 0) = 0 (9b)

If the bottom layer (i.e., the n + 1th layer) is a half-plane, as a result of the radiation
and finiteness conditions at infinity, the exponentially increasing terms of the n + 1th
layer will be discarded.

While if the n + 1th layer is the rigid bedrock, the boundary conditions are:

u(n)
x (x, zn) = 0 (10a)

u(n)
z (x, zn) = 0 (10b)

w(n)
z (x, zn) = 0

3 The Development of the TRMMethod

The solutions for the dynamic response of the jth layer can be expressed as follows:

ψ( j)(ξ, ω, z)6×1 =
[
D( j)

d (ξ, ω) D( j)
u (ξ, ω)

S( j)
d (ξ, ω) S( j)

u (ξ, ω)

]
×

[
W ( j)

d (ξ, ω, z)T W ( j)
u (ξ, ω, z)T

]
(11a)

ψ( j)(ξ, ω, z)6×1 =
[
iû

( j)

x û
( j)

z ŵ
( j)

z iσ̂
( j)
xz σ̂

( j)
zz p̂

( j)
]T

(11b)

W ( j)
d (ξ, ω, z) =

[
B( j)e−γ

( j)
1 (z−z j−1) D( j)e−γ

( j)
2 (z−z j−1) F ( j)e−γ

( j)
3 (z−z j−1)

]T
(11c)

W ( j)
u (ξ, ω, z) =

[
A( j)e−γ

( j)
1 (z j−z) C ( j)e−γ

( j)
2 (z j−z) E ( j)e−γ

( j)
3 (z j−z)

]T
(11d)

whereW ( j)
d (ξ, ω, z) andW ( j)

u (ξ, ω, z) are termed as down-going and up-going wave
vectors, and the matrixes D( j)

d (ξ, ω), D( j)
u (ξ, ω), S( j)

d (ξ, ω), and S( j)
u (ξ, ω) can be

deduced from the expression R(z) of Eq. (8).
From Eqs. (11c) and (11d), the following equations can be obtained:
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W ( j)
d (ξ, ω, z j−1) = [B( j)(ξ, ω) D( j)(ξ, ω) F ( j)(ξ, ω)]T (12a)

W ( j)
u (ξ, ω, z j ) = [A( j)(ξ, ω) C ( j)(ξ, ω) E ( j)(ξ, ω)]T (12b)

W ( j)
d (ξ, ω, z) = E ( j)(z − z j−1)W

( j)
d (ξ, ω, z j−1) (12c)

W ( j)
u (ξ, ω, z) = E ( j)(z j − z)W ( j)

u (ξ, ω, z j ) (12d)

where

E ( j)(�) =

⎡
⎢⎢⎣
e−γ

( j)
1 � 0 0

0 e−γ
( j)
2 � 0

0 0 e−γ
( j)
3 �

⎤
⎥⎥⎦

The continuity conditions in frequency-wavenumber domain can be expressed as:

ψ( j)(ξ, ω, z j ) = ψ j+1(ξ, ω, z j ), ( j �= l), (13)

According to equations given in Eq. (13), the down-going and up-going wave
vectors at the interface z = z j can be deduced:

[
W ( j+1)

d (z j )

W ( j)
u (z j )

]
=

[
T ( j)
d R( j)

u

R( j)
d T ( j)

u

][
W ( j)

d (z j )

W ( j+1)
u (z j )

]
(15)

where

[
T ( j)
d R( j)

u

R( j)
d T ( j)

u

]
=

[ −D( j+1)
d D( j)

u

−S( j+1)
d S( j)

u

]−1[ −D( j)
d D( j+1)

u

−S( j)
d S( j+1)

u

]
.

The matrixes R( j)
d (ξ, ω) and R( j)

u (ξ, ω) in Eq. (15) represent reflection matrices
for the down-going and up-going P1, P2, S waves incident on the jth interface,
while S( j)

d (ξ, ω) and S( j)
u (ξ, ω) denote transmission matrixes for the down-going

and un-going P1, P2, S waves incident on the jth interface.
When the n+1th layer is the rigid bedrock, the following relations can be obtained

by the boundary conditions at the interface z = zn:

W (n)
u (zn) = Rg(n)

d W (n)
d (zn) = Rg(n)

de W (n)
d (zn−1) (16b)

where Rg(n)

d = −(
D(n)

u

)−1
D(n)

d and

[
T g( j)
de Rg( j)

ue

Rg( j)
de T g( j)

ue

]
=

[
T g( j)
d Rg( j)

u

Rg( j)
d T g( j)

u

][
E ( j)(h j ) 0

0 E ( j+1)(h j+1)

]
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When j = n − 1,

{
W (n)

d (zn−1) = T g(n−1)
de W (n−1)

d (zn−2)

W (n−1)
u (zn−1) = Rg(n−1)

de W (n−1)
d (zn−2)

(17b)

where ⎧⎨
⎩ T g(n−1)

de =
(
I − R(n−1)

ue Rg(n)

de

)−1
T (n−1)
de

Rg(n−1)
de = R(n−1)

de + T (n−1)
ue Rg(n)

de T g(n−1)
de

Then, the wave vectors of soil layers below the buried moving load (i.e., l < j <

n) can be deduced recursively.
While for the layers above the buried moving load (i.e., 0 < j < l), one can

get the following equations according to the boundary conditions on the free surface
primarily

W (1)
d (z0) = −

(
S(1)
d

)−1
S(1)
u W (1)

u (z0) = Rg(0)
ue W (1)

u (z1) (19b)

When j = 1

{
W (1)

u (z1) = T g(1)
ue W (2)

u (z2)

W (2)
d (z1) = Rg(1)

ue W (2)
u (z2)

(20b)

where ⎧⎨
⎩ T g(1)

ue =
(
I − R(1)

de R
g(0)
ue

)−1
T (1)
ue

Rg(1)
ue = R(1)

ue + T (1)
de Rg(0)

ue T g(1)
ue

Then, similarly, the recursion formula of the wave vectors for soil layers above
the buried moving load can be deduced.

As a result, the wave vectors of arbitrary layers need to be derived from the up-
going wave vector of the lth layer (i.e.,W (l)

u (zl)) and the down-going wave vector of
the l + 1th layer (i.e., W (l+1)

d (zl)) recursively.
The wave vectors W (l)

u (zl) and W (l+1)
d (zl) can be obtained by the continuity

conditions given in Eqs. (9c)–(9h):
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[
W (l)

u (zl)

W (l+1)
d (zl)

]

=
[
D(l)

d Rg(l−1)
ue E (l)(hl) + Dl

u − (D(l+1)
u Rg(l+1)

de E (l+1)(hl+1) + D(l+1)
d )

S(l)
d Rg(l−1)

ue E (l)(hl) + Slu − (S(l+1)
u Rg(l+1)

de E (l+1)(hl+1) + S(l+1)
d )

]−1[
O

Q

]

(22b)

where Q =
[
0

�

F 0

]T

and
�

F = 4π f0
sin(ξa)

ξ
δ(ω + cξ).δ(· · ·) is the Dirac’s delta

function.
O is the empty matrix of 3 × 1, i.e. O = [0 0 0]T .
Besides, if the n + 1th layer is the half-plane, the up-going wave in the n + 1th

layer will vanish. The boundary condition can be expressed:

W (n+1)
u (ξ, ω, z) = 0, z ≥ zn (23a)

Then, we can get the following expression

Rg(n+1)
de = 0 (23b)

For the undrained poroelastic half-plane, the solution procedure is the same with
what adopted above. The difference only exists in the expression R(z) in Eq. (8):
The order of terms wz and p should be made a transposition to present the boundary
condition.

Then, the analytical solutions for dynamic response in time–space domain can be
obtained by performing the double-inverse Fourier transform to Eq. (11).

4 Numerical Results

Two soil cases are considered. Case 1: The boundary condition of the ground surface
is assumed to be drained, and the vibration results are depicted with the solid lines;
Case 2: The boundary condition of the ground surface is assumed to be undrained,
and the vibration results are depicted with the dashed lines. The parameter b denotes
the permeability of the poroelastic soil, and the bigger the value of b, the lower the
permeability of the soil. The results with b = 109 kg/(m3s) are shown by the blue
lines, while the results with b = 106 kg/(m3s) are shown by the red lines.

The time histories of the surface vertical displacement under moving loads with
different velocities are depicted in Fig. 2. It can be observed that the better the soil
permeability, the more significant the effect of the boundary drainage condition on
the surface vibration. And the influence of the soil permeability on surface vertical
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Fig. 2 Time histories of the surface vertical displacement

displacement is more obvious when the surface of the ground is undrained than that
when the surface of the ground is drained.

Besides, by comparing the gaps between the displacement peaks in each graph
in Fig. 2, it can also be found that the impact of the boundary permeability on
the vertical displacement is also associated with the moving load velocity. Taking
b = 106 kg/(m3s) as an example, the impact of the boundary permeability increases
with the increase of the load speed when the load speed is lower than the critical
speed.When the load speed is faster than the critical speed, the effect of the boundary
permeability decreases and the influence of the load speed becomes not obvious with
the vibration curves exhibiting oscillations.
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5 Conclusions

For the saturated poroelastic soil medium, the drainage condition of ground surface
is of great significance to the dynamic response of the saturated poroelastic half-
space subjected to the underground moving load. And the surface drainage condition
associating with the soil permeability affects the vertical displacement of the ground
surface, which is more obvious when the moving load speed is lower than the critical
velocity.
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The Effect of Excavation Unloading
on the Deformation of Existing
Underlying Shield Tunnel

Min-yun Hu, Jing-tian Yang, Li-dong Pan, Kong-shu Peng, and Yu-ke Lu

Abstract Deformation measurements from 17 real cases of excavation spanning
subway tunnels in soft soil were collected for examining the deformation reaction of
the tunnels due to the above unloading. The investigation showed that (1) tunnel may
be uplifted owing to the above excavation; (2) the deformation of the tunnel section
due to above unloading exhibits vertical elongation and horizontal shortening, and the
transversal shape of the tunnel changes from approximate circle to vertical ellipse; (3)
themain influential factors include the excavation unloading ratio (N), the excavation
area (A), and the excavation shape coefficient (α). It indicates that, with the increase
of excavation depth and the increase of unloading ratio (N) of foundation pit, the
rebound of tunnelsmay increase, and the higher thewidth of the excavation, the larger
the range of vertical uplift that will be induced around the tunnel. For 12 out of the
17 examined cases, the vertical uplift measurements of the tunnels are smaller than
the alarmed value of 10 mm, indicating that the maximum displacement of the tunnel
can be controlled by purposed engineering measures, such as pre-reinforcement of
the soil around the tunnel, installation of the anti-pulling piles around tunnel, and
stacking around the bottom of the excavation. 2-D FEM modelling was also carried
out to study the effect of excavation characters and the effectiveness of the control
procedures. The combination procedure of soil improvement by cement mixing and
anti-pulling pile installation is verified to be effective to reduce the adverse impact
from above excavation on tunnels.

Keywords Pit excavation · Subway tunnel deformation · Real case study · Finite
element method analysis · Engineering measure
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1 Introduction

In recent decades, the underground space exploitation has been accelerated due to
the increasing stress of transportation in the urban area in east China. Various under-
ground structures, such as underground fast-ways, subway stations, subway tunnels,
municipal pipes, etc., are being laid into limited underground areas and normally
within a depth of 30 m, where, in most of the cases, saturated soft soil strata extend
through the engineering depth. At the same time, all sorts of excavations, such as
foundation pits and underground pedestrian passages, are being constructed in the
crowded urban area. Inevitably, there are cases that deep braced excavations are
to be/has been constructed over an existing tunnel pipe. For the sake of the safety
assessment and protection of the underlying tunnel, attention has been paid to the
impact of the excavation on displacement/deformation of the underlying tunnels.

Theoretical and numerical analysis lead to the basic recognition of the impact
of an excavation on constructed tunnels. Theoretical analysis on basis of Mindlin’s
solutions was carried out on Pasternak’s elastic foundation model [1] or on Kerr’s
foundation model [2–4]. The derivations were in terms of the additional stresses in
the tunnel structure, the cross-sectional deformation, and the longitudinal deflection
of the tunnel pipe. Although theoretical calculations established the framework of the
analysis, they were based on ideal ground conditions and for specific working states.
Numerical analysis contributed further to the effect of ground improvement on the
tunnel displacement and deformation and to tunnel’s reflection to the above unloading
process [5–15].

Up-to-date researches show that tunnel undergoes uplift displacement when an
excavation is constructed overhead, leading to differential longitudinal settlement,
whichmay cause cracks and then leakage and threaten the service of the tunnel. It was
realized that the vertical displacement control is the key point for tunnel protection.
For the purpose of the vertical displacement control, the character of an excavation,
such as the depth, the size, and the construction sequence, should be considered, and
the effect of engineeringmeasures, such as ground improvement, should be assessed.
However, field observations, which could directly reflect the effect of overhead exca-
vation on tunnels and could assess the effectiveness of engineering measures, are
seldom reported.

In this study, fieldmeasurements from17 real caseswere summarized to categorize
the main factors that have impact on the tunnel’s reaction. Furthermore, 2D FEM
analysis was carried out to study the influence of the various factors under certain
engineering control measures.

2 Case Analysis

17 cases [8, 16–28], each with a retained excavation spanning existing shield
tunnel(s), were collected for investigation purposes. Most of the tunnels in study
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were located in clayey soils. For the protection of the running tunnels, it was
requested for the retaining structures’ construction that the vertical displacement of
the tunnel below the excavation should be strictly controlled. Therefore, engineering
measures were taken for each specific case, such as ground improvement around the
tunnel, anti-pulling piles installation, and planned sectional digging/block excava-
tion method, as shown in Fig. 1. For the vertical displacement analysis, the effect of
the depth, the area, and the shape of excavation were discussed.

(a) Cross Section

(b) Longitudinal Profile

Fig. 1 Schematic illustration of excavation and protected tunnel
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2.1 The Vertical Displacement of Tunnels

In termof the design of the retained excavation, other than the strength of the retaining
structure and the stability of the excavated soil ground, a key point of consideration
is to control the displacement of the underlying existing/running tunnels. Figure 2a
gives the statistical outcome of the maximum vertical displacement of the tunnels
resulted from the above excavations. It can be seen that most of the maximum heave
values are less than 10 mm, which is the upper threshold of the controlling value,
validating the effectiveness of the engineering measures. However, in 7 cases, about
41%, themeasurements exceed the upper limit. Figure 2b gives the longitudinal heave
of 4 tunnels. And it shows that the influence range of the heave extends normally up
to 50 m on each side.

Fig. 2 Uplifting
displacement of the
underlying tunnels

(a) The maximum heave of tunnels    

(b) Heave in the longitudinal direction 
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Fig. 3 The relationship of smax ~ N

2.2 The Effect of the Depth of Excavation

The depth of excavation indicates the amount of unloading, which leads to the heave
of the beneath tunnel. But, the effect of this unloading on the heave of tunnel is also
related to the buried depth of the tunnel itself. Unloading Ratio (N) was therefore
defined [19] as the ratio of the excavation depth h to the buried depthH of the tunnel
top, N = h/H.

Figure 3 presents the relation between N and the maximum heave of the tunnel,
smax, according to the collected data. It can be observed that smax tends to increase
with N although the data scattered. The increment rate of smax with N is between
7.29 and 22.57. The dispersion of the data may due to other factors, such as type of
soil, method of excavation, etc.

2.3 The Effect of the Size of Excavation

The size of excavation indicates the unloading area. Figure 4 shows the variation of
smax with the excavation area (A) above the tunnel. The data scatter in the statistical
range of areas, indicating that the heave of the tunnel cannot be simply related to the
area of excavation.
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Fig. 4 The relationship of smax ~ A

2.4 The Effect of the Shape of Excavation

The shape of excavation can be described by the coefficient of shape (α), which is
expressed as

α=2
√
ab/(a + b) (1)

where a and b are the length and width of the excavation respectively. The length
is along the tunnel’s axis, and the width is perpendicular to the axis of tunnel, as
shown in Fig. 1. Figure 5 shows the variation of smax with α. It indicates that smax

tends to increase with α. The effect of the width of an excavation on tunnel heave
will be further evaluated by FEM simulation in below.

2.5 Summary of field observations

In the 17 cases, the maximum uplift vertical displacement of the shield tunnels below
the excavated pits was between 4.0 and 15.9 mm. Among them, 12 cases showed
smaller displacement than the alarm value of 10 mm, indicating that the maximum
heave of the shield tunnel below the foundation pit could be controlled by proper
measures. The measured values of the horizontal displacement of the tunnels were
small compared to vertical reflections, so, for safety control, the vertical displacement
should be assessed properly. The deformation of the tunnel’s cross section due to
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Fig. 5 The relationship of smax ~ α

above excavation exhibited the tendency of vertical elongation and horizontal short-
ening. The shape of the longitudinal heave of the tunnel is like aGaussian distribution
curve, and the maximum heave of the tunnel mostly occurs below the center of the
pit. The influential range of pit excavation was about 2–3 times the width of the pit.

The geometric characteristics of the excavated pit, including excavation depth,
excavation unloading ratio N, excavation area A and the shape coefficient α, have
direct effect on the displacement/deformation of the tunnel. It also proved that engi-
neering measures, such as soil improvement, installation of anti-pulling piles, and
excavation in blocks in strictly limited time, are effective to control the impact of the
excavation on the tunnel.

Although the field measurements can help identify the main factors from the
excavation on the tunnel’s deformation, specific studies should be carried out to
clarify the relationship between the factors and the vertical deformation of tunnel,
also the relationship between the controllingmethods and the controlled deformation.

3 FEMModelling of Protected Tunnel

In order to further clarify the influence of excavation on the underneath tunnel,
2D FEM simulation analyses were carried out with a protected tunnel model. Two
categories of problems were investigated: (i) the effect of the size of the excavation,
including the depth and the width; (ii) the effectiveness of protection measures,
including the ground improvement plan and the length of the anti-pulling piles. The
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Excavated pit： b=50m

Shiled tunnel

D=6.5m

Anti pulling pile

Soil improvement
Width*Depth=B

m
*Z

m

Fig. 6 2D FEM model

anti-pulling piles installation and soil improvement by deep mixing method were
finished before the excavation started.

3.1 Geometric Model

Figure 6 gives the 2D FEM model (Horizontal × Vertical = 180 m × 80 m) of a pit
excavation being constructed over a double-line shield tunnels (D = 6.5 m) where
anti-pulling piles and ground improvement were employed on both sides of the
tunnels for protection purposes. The modelling program was carried out by PLAXIS
2D code. 15-node triangular isoparametric solid element were used for modelling
the soil layers and the improved ground, and ‘plate’ elements were used for concrete
members, such as piles and the liner of the tunnels. Goodman elements were set
for the contact surface between piles and soil. The boundary conditions were set as
horizontal rollers at the bottom and vertical rollers at the sides. There were totally
1730 elements and 15,299 nodes.

3.2 Soil Model and the Parameters

In FEM simulation, a homogeneous soil layer was considered and the hardening
soil model was adopted to describe the soil’s behavior. When the soil is improved
by mixed-in-place method, the parameters should be adjusted. The soil parameters
in the modeling analysis were given in Table 1. The behavior of concrete piles, the
bottom plate of pit, and liners of tunnel were considered elastic. The reduction of the
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Table 1 Soil’s parameters in Hardening Soil model

Soil c´ ϕ´ ψ E50
ref (MPa) Eoed

ref (MPa) Eur
ref (MPa) νur pref (kPa) K0 m Rf

Silty clay 5.5 28 0 20 10 60 0.2 100 0.5 0.5 0.9

Improved
soil

170 40 10 120 120 360 0.2 100 0.43 0.5 0.9

Table 2 Structure parameters in FEM simulation

Member Modulus of elasticity E (104

MPa)
EA (kN/m) EI (kN m2/m) Poisson’s ratio μ

Anti-pulling pile 3.00 1.2 × 107 1.6 × 105 0.15

Bottom plate 3.00 2.3 × 107 1.1 × 106 0.2

Tunnel liner 3.45 1.1 × 107 1.1 × 105 0.15

rigidity of tunnel liners due to the assembling method was taken into account. The
elastic parameters for underground structures were shown in Table 2.

4 Result and Discussion

4.1 The Effect of the Depth of Excavation

When the width of excavation was set to be 50 m and the top of the tunnel was at the
depth of 12 m, the depth of excavation was increased from 2 to 10 m to investigate
the influence of the unloading ratio N (=0.2–1.0) on the uplift displacement of the
tunnel. The result was shown in Fig. 7.

Figure 7a gives the increment of the uplift displacement of tunnel with the exca-
vation depth, and Fig. 7b illustrates this relationship in term of smax ~ N. It can be
seen that smax increased steadily with depth of excavation h, which is in consistency
with observations as shown in Fig. 2, indicating that the unloading process is crucial
to the uplift displacement of tunnel.

4.2 The Effect of the Width of the Excavation

To examine the effect of the width of excavation, the depth of pit was set to be 10 m
and the top of the tunnel was at the depth of 12 m. The width varied from 10 m to
180 m (as a large extensive excavation).

Figure 8 shows that the uplift displacement of tunnel increases with the width of
excavation. The rate of increment of vertical displacement with width of pit is not a
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Fig. 7 Influence of
excavation depth on tunnel’s
vertical displacement

(a) The relationship of 

(b) The relationship of smax ~N

constant. After the width of the pit is 60–70 m, about 10 times the tunnel’s diameter,
the increment rate of the heave gradually slows down.

4.3 The Effect of Ground Improvement

The effectiveness of ground improvement by cement mixing method was evaluated
by changing the depth, the width, and the strength of improved soil. In the model,
the width of excavation was set to be 50 m, the top of the tunnel was at the depth of
12 m, and the gap between the bottom of pit and the top of tunnel was of S = 3, 5,
and 7 m. Herein, there was no installation of anti-pulling piles.
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Fig. 8 Influence of excavation width on tunnel’s vertical displacement

The depth of the improvement (Zm) changed from 0 to 20 m under the designed
bottom of pit. Figure 9 gives the variation of the uplift displacement of the tunnel with
the depth of soil improvement. It can be observed that the deeper the soil improvement
is, the smaller the uplift movement occurs. When Zm is less than 10 m, the uplift
movement of the underlying tunnel reduces with the increase of the improved depth,

Fig. 9 The relationship of smax ~ Zm
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Fig. 10 The relationship of smax ~ B

but, for all three gaps between the bottom of excavation and the top of tunnel, after
Zm is over 10 m, the reduction of the uplift movement sharply slows down.

In order to investigate the effect of the width of the improved soil (B), the depth
of the improvement (Zm) was set to be 8 m and the gap between the bottom of pit
and the top of tunnel was 3 m. When B is changed from 0 to 10 m, Fig. 10 shows
the variation of the tunnel’s maximum uplift smax. It can be seen that width of the
soil improvement around the tunnel has an obvious impact on tunnel’s displacement
reduction, but when the improved width is more than 3 m, which is about half of
the tunnel’s diameter, the reduction of tunnel uplift doesn’t change much with width
increase.

If cement concentration in the mixed soil is increased, soil’s shear strength and
the elastic modulus can be increased. Figure 11 shows the variation of smax with
soil’s elastic modulus increment due to soil cementation. It is observed that the uplift
displacement of tunnel decreases with the enhanced soil modulus. In this modelling,
to get an elastic modulus of E = 400MPa is the most effective of all 3 cases, whereas
after E = 600 MPa, the increment of E can not help much in controlling the uplift
displacement of tunnel.

4.4 The Effect of the Length of Anti-Pulling Pile

In this modelling, the width of excavation was 50 m, the top of tunnel was at the
depth of 12 m and the depth of excavation was 10 m. Soil improvement by cement
mixing method was set to 10 m deep under the pit bottom and 3 m wide on each side
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Fig. 11 The relationship of smax ~ E

of the tunnels. The anti-pulling piles were installed on both sides of tunnel with the
length of 20 m, 25 m, 30 m, 35 m, and 40 m, respectively.

Figure 12 gives the variation of uplift displacement of tunnel with the length of
anti-pulling pile under 3 different distances between the pit bottom and the tunnel

Fig. 12 The relationship of smax ~ Lp
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top. It can be seen that the installation of anti-pulling piles can effectively control the
vertical displacement of tunnels, and with longer piles, the uplift of the tunnel will
be better controlled. It is clear that the combined method with both soil improvement
and anti-pulling tunnels can promisingly lead to a satisfactory controlling.

5 Conclusions

In this study, deformation measurements from 17 real cases of excavation over-
spanning in-use subway tunnels were collected for tunnel reaction analysis in terms
of vertical displacement. Themeasurement shows (1)when excavationwas processed
to the full depth, the tunnels’ displacement could be characterized by uplift move-
ment, while the horizontal displacement of the tunnels was little affected; (2) the
deformation of the tunnel cross-section due to over-spanning excavation exhibits
vertical stretch and horizontal contraction, and the shape of the tunnel section tended
to be a vertical ellipse; (3) the main influential factors of the excavation are unloading
ratio N, the excavation area A, and the shape coefficient α. It indicates that with the
increase of excavation depth/unloading ratio N, the maximum vertical displacement
of tunnels tends to increase, and the same trend appears when the width of excava-
tion increases. (4) in 12 out of the 17 cases, the uplift values of tunnels were smaller
than the alarm value of 10 mm, indicating the effectiveness of pioneer engineering
measures, such as pre-reinforcement of the soil around the tunnel, the installation of
anti-pulling piles beside tunnel and stacking at the bottom of the excavation.

2-D FEM modelling was carried out to clarify the effect of excavation charac-
ters and the effectiveness of the control procedures. It is shown that, for tunnel
protection, the width and, especially, the depth of an overhead excavation should
be strictly controlled. The combination procedure of soil improvement by cement
mixing and anti-pulling pile installation is verified to be effective. However, both the
soil improvement and the anti-pulling piles should be installed in the near field of
the tunnels.
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Field Testing of Automatic Frequency
Control for Intelligent Compaction
of Embankments

Carl Wersäll and Andreas Persson

Abstract A newly developed intelligent compaction method, automatic frequency
control (AFC), has been tested in full-scale field tests. The technique utilizesmeasure-
ments on the drum to determine the resonant frequency of the dynamic roller-soil
system and provides continuous feedback to the roller for automatic adjustment
of the frequency. This facilitates compaction at the resonant frequency, even for
spatially varying soil properties. Previous tests have been conducted with simplified
conditions in indoor full-scale tests and in field tests on low embankments. Those
tests showed an increased compaction effect with higher surface stiffness that could
likely reduce the number of required passes. This paper describes an additional field
test, where a rock-fill embankment has been compacted under realistic conditions.
The results confirm that compaction is conducted more efficiently when utilizing
AFC, compared to conventional compaction. In addition, AFC increases compaction
homogeneity, which provides an embankment less sensitive to rearrangement in the
serviceability limit state. Implementing this novel technique can thus reduce costs
and environmental impact.

Keywords Intelligent compaction · Frequency · Field testing

1 Introduction

The current technology for vibratory compaction of embankments was developed
during the 1950s, 1960s, and 1970s. In the last 40 years, however, most developments
have been in control systems (such as continuous compaction control, CCC), engines,
safety, and driver comfort while the fundamental process in which the embankment
material is compacted has remained unchanged. Rapid technological development
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in computers, electronics, artificial intelligence, etc. now provides new possibili-
ties for further development of construction machines, including vibratory rollers.
Recent developments include unmanned roller navigation [1] and application of
artificial intelligence to roller compaction [2]. Utilizing the current availability of
advanced control and feedback systems, a novel intelligent compaction method has
been developed that automatically and continuously adjusts the vibration frequency
of the drum so that the dynamic roller-soil systems are in a state of resonance.
The technique, called automatic frequency control (AFC), is based on findings from
small-scale laboratory tests [3, 4] and full-scale indoor tests [5, 6]. These investi-
gations found that resonance is the most effective and energy-efficient frequency
in which to operate. Compaction at the resonant frequency has previously been
discussed by several authors [7–9]. Automatic frequency adjustment is also avail-
able in the Amman Compaction Expert system [10] but does not utilize the full effect
of resonance and is combined with adjustment of amplitude.

The first full-scale test with a fully functioning AFC system was conducted in the
field on low embankments [11] and found that a higher degree of compaction was
obtained while fuel consumption decreased by up to 15%, thus reducing the required
operating time and fuel consumption, which implies lower costs and environmental
impact. AFC also avoided loosening at the top of the layer, producing a significantly
higher surface stiffness. This test had the main limitations that compaction was
conducted in a single layer on low embankments and only in single compaction
lanes, without compaction of the adjacent material. To study the use of AFC in
realistic embankment construction, a subsequent field test was conducted where a
1.5mhigh rock-fill embankmentwas compacted in two layers. In contrary to previous
tests, the embankment was compacted over its entire surface to account for realistic
conditions. One half of the embankment was compacted using AFC and the other
half with a fixed standard frequency. The results from this test are presented in this
paper.

2 Methods and Materials

The embankment was constructed using crushed rock 0–150 mm according to
Swedish regulations for sub-ballast material [12]. Sieve analyses, conducted on
samples taken from the embankment, are shown in Fig. 1. At the test site, the subsoil
consisted of a compacted stiff gravelly silty till. The embankment was constructed
in two layers, where Layer 1 had a compacted thickness of 0.5 m and Layer 2 had
a compacted thickness of 1.0 m. Filling was conducted with a bulldozer to avoid
separation. Layer 1 was compacted using AFC in 18 passes at high amplitude and
6 passes at low amplitude. For both amplitude settings, no progress in CCC values
could be detected at the end of compaction, indicating thatmaximumcompaction had
been obtained. The embankment after the end of compaction is shown in Fig. 2a. The
roller was a prototype roller based on a Dynapac CA6500D with a static linear load
of 65 kN/m that could operate at either a fixed frequency or at a variable frequency
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Fig. 1 Sieve analysis of
samples obtained from the
embankment

Fig. 2 Experimental setup; a trial embankment; b prototype roller; c compaction lanes

with AFC, continuously and automatically adjusted to obtain resonance. The fixed
frequencywas set to 28Hz and the frequency range forAFCwas 17–28Hz.All passes
were conducted at a high amplitude, where the nominal amplitude was 2.1 mm. The
roller is shown in Fig. 2b.

The embankment surface was compacted in 8 lanes with 20 cm overlap. Since
the drum width was 2.13 m, each lane had a width of 1.93 m. The total width of
the compacted surface was approximately 16 m and each lane was 20 m long. One
half of the embankment was compacted by AFC and the other half using the fixed
frequency 28Hz. Figure 2c shows themeasurement lanes, whereA indicate that AFC
was enabled and B that the frequency was fixed at 28 Hz. First, AFC was enabled
and lane A1 was compacted in two passes, followed by two passes on A2, A3, and
A4. AFC was then disabled and lanes B1, B2, B3, and B4 were compacted in two
passes. This procedure was repeated until all lanes had been compacted in 22 passes.
All measurements were conducted on lanes A2 and B2.
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Drum acceleration, eccentric position, and roller position (GPS) were logged in
all passes on lanes A2 and B2, facilitating analysis of frequency, displacement ampli-
tude, CCC values, and contact force. Vertical deformation within the top 600 mm of
the embankment was measured by Epsilon Measuring Units (EMUs). The sensors
consist of copper wire, wrapped around circular discs. These coils are placed in
vertical alignment in the embankment material at 150–250 mm spacing. When
inducing an electric current in one coil, a current can be detected by adjacent coils
through electromagnetic induction and this current can be correlated to the distance
between the sensors [13]. Through this procedure, the depth-dependent compression
that results from compaction can be analyzed. EMUs were placed in two sections
below lane A2 and in two sections below lane B2. Each section consisted of four
coils, providing three measurement distances. Readings were taken after 0, 2, 4, 8,
12, 16, and 22 passes. Settlement of the embankment surface was measured by level-
ling in 33 points on lane A2 and 33 points on lane B2 after 0, 2, 4, 8, 12, 16, and 22
passes. In addition, two vertical soil pressure cells were placed at one-meter depth,
i.e., in the interface between Layer 1 and Layer 2, to measure the vertical dynamic
stress during compaction. One pressure cell was placed below the center of A2 and
the other below the center of B2.

3 Results and Discussion

The variation of frequency over pass 2 and pass 22 is shown in Fig. 3. At the fixed
frequency, it is constant at the pre-set value of 28 Hz. When AFC is enabled, the
frequency is lowered significantly,while continuously varyingwith soil stiffness.Due
to the increased stiffness during the compaction process, the resonant frequency, and
thus the compaction frequency, is slightly larger in pass 22 than in pass 2. Figure 4
shows the average frequencies for all passes. Due to equipment malfunction, data
was not recorded for AFC in passes 3, 15, and 16. Naturally, the fixed frequency
was always constant while AFC implied a varying and slightly increasing frequency.
The dynamics of the system, and thus the resonant frequency, somewhat depend on
the rotation direction of the eccentric mass in relation to the rotation direction of the

Fig. 3 Frequency variation
over individual passes
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Fig. 4 Average frequencies.
The bars indicate maximum
and minimum frequencies

Fig. 5 Average amplitudes.
The bars indicate maximum
and minimum amplitudes

drum. Thus, the excitation frequency during AFC operation depends on whether the
roller is moving forward (odd passes) or backward (even passes).

Figure 5 shows the average displacement amplitudes (henceforth denoted ampli-
tude). The amplitude depends heavily on frequency and the variation is significantly
larger for AFC (the variation of amplitude in individual passes of compaction at
28 Hz is too small to indicate in the figure). However, the amplitude is significantly
larger when AFC is enabled, which is consistent with previous studies. Although the
centrifugal force is more than twice as high at the fixed frequency (proportional to the
square of frequency), the amplitude is larger for AFC due to resonant amplification.

CCC measurement values are shown in Fig. 6. The presented quantities include
the Compactometer Value (CMV) and Evib (here denoted Evib1). Also shown is
the unloading modulus of Evib (here denoted Evib2), which was developed in the
SwePave project [14] and shown to be more related to actual soil stiffness than the
other two quantities byWersäll et al. [15]. The increase of all values is apparent up to
approximately 13 passes, after which the increase is more modest, indicating small
additional compaction. Although all measurement values are higher for AFC, it does
not imply that stiffness is necessarily higher since all CCC quantities are significantly
influenced by the vibration frequency, amplitude, and other operational conditions.
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Fig. 6 Average CMV, Evib
loading (Evib1) and Evib
unloading (Evib2)

In the calculation procedure for Evib, using the measured eccentric position and
acceleration, the maximum contact force in each cycle can be calculated. Figure 7
presents an average of the maximum contact force for each pass. The bars show the
range of values for that pass. Since the force is frequency-dependent, the variation
is higher for AFC than for the fixed frequency. It is clear, however, that the contact
force is significantly higher at resonance (AFC), despite a lower centrifugal force.

The measurements obtained from the EMUs are displayed in Fig. 8. The results
from the two sections in each lane are averaged to obtain a more representative
value. Figure 8a shows the total compression of the three measurement distances.
The compression is slightly higher for AFC, implying that the compaction is more

Fig. 7 Average of maximum
contact force in each cycle
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Fig. 8 Compression measured by EMU sensors; a total compression; b top layer; c middle layer;
d bottom layer

efficient and produces a more well-compacted layer. The remaining figures show
the compression for each measurement distance, where the depth is the average for
the two sections. The depths are slightly different due to variations in the actual
installed depth. Figures 8b and c, present the upper and middle layers, respectively.
In both cases, AFC improves the degree of compaction compared to conventional
compaction. In the bottom layer, however, the fixed frequency gives higher compres-
sion, as shown in Fig. 8d. An increased stiffness due to enhanced compaction close
to the surface has been shown in previous tests [6, 11] and imply that subsequent
passes at low amplitude or static passes can be avoided. Since the compression is
more similar in the three layers for AFC than for fixed frequency, the compaction
profile is more homogenous throughout the layer. This may have a positive effect on
the long-term performance of the embankment, as discussed by Wersäll et al. [11].
The results above are in line with previous findings.

The settlements are shown in Fig. 9. Although the compression, measured by
EMU coils, was larger for AFC, the average settlements are identical for the two
compaction methods. This was observed also in the previous test and the reason
could be either larger settlement of the underlying layer (due to a slight increase in
depth-effect at a high frequency) or lateral soil displacement. However, the standard
deviation is smaller for AFC, indicating that spatial variation is less, suggesting that
homogeneity is enhanced also in the lateral direction.

Vertical normal dynamic stress measurements at one-meter depth during pass 11
are shown in Fig. 10. The measured vertical stresses show a similar behavior as
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Fig. 9 Settlement of the
embankment surface

Fig. 10 Vertical stress at one-meter depth during the 11th pass; a AFC and b 28 Hz

reported by Rinehart and Mooney [16]. The maximummeasured stress for each pass
is shown in Fig. 11a, illustrating that AFC produces a significantly higher stress, and
thus a higher shear strain, within the embankment. The dynamic stress ratio between
AFC and fixed frequency,�σAFC/�σ 28 Hz, can be shown as in Fig. 11b. The dynamic
stress-induced by compaction using AFC is between 1.2 and 2.4 times the stress-
induced at 28Hz (with amean value of 1.8), most likely due to resonant amplification
of deformations within the embankment. Although this and previous studies have
found that compaction is slightly enhanced at greater depths for a high frequency, the
measured stress is significantly higher, which may seem counterintuitive. However,
considering that the roller speed is constant, a higher frequency produces a larger
amount of cycles per unit length which may be the reason for obtaining a better
compaction at a lower stress.
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Fig. 11 Vertical dynamic stress at one-meter depth during all passes; a maximum stress; b ratio of
dynamic stress for AFC and 28 Hz

4 Conclusions

In order to verify previous field tests, investigating the properties of embank-
ments compacted by the novel technique AFC, a 1.5 m rock-fill embankment was
constructed under realistic conditions. The results confirm that the displacement
amplitude and the contact force between the drum and the soil are significantly
increased and the compression of the compacted layer is higher, although the depth-
effect is somewhat decreased. In addition, the vertical dynamic stress at one-meter
depth is nearly doubled. The tests also confirm that a higher degree of vertical homo-
geneity, in regard to compaction, is obtained. Additionally, the results indicate that
lateral homogeneity is enhanced. A more homogeneously compacted embankment
decreases stiffness and stress gradients, which is beneficial for reducing rearrange-
ment and operational settlements. All of the above is obtained at a lower frequency
and with a significant reduction of fuel consumption. The beneficial compaction
results and the reduced fuel consumption, in combination with the possible reduc-
tion of the number of passes, imply that AFC can produce a better-compacted
embankment at a lower cost and environmental impact.
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An Experimental Study
on the Estimation of Field Compaction
States and Stress-Strain Properties
of Unbound Granular Materials
from Laboratory Test Results

Sou Ihara , Kairi Magara, Mitsutaka Okada, Hiroyuki Nagai,
Shohei Noda, Yoshiaki Kikuchi, and Fumio Tatsuoka

Abstract Field fill materials often contain gravel particles larger than the allow-
able limit for standard laboratory compaction tests. In such cases, the maximum dry
density (ρd)max of amaterial containing large gravels is obtained by correcting labora-
tory test results for specimenswithout large gravels. Usually, theWalker–Holtz (WH)
method is used for this correction, but there are many materials whose gravel ratio
(P) is 0.3 − 0.4, which is usually considered to be the application limit. Moreover,
accurate stress-strain properties under field compaction conditions are necessary
for relevant stability analysis of soil structures including embankments. However,
with unbound granular materials, it is difficult to obtain undisturbed samples for
laboratory tests or to carry out field shear tests. Also, large-scale triaxial compres-
sion tests on specimens containing large gravels are difficult to perform in ordinary
engineering practices. In this study, a series of laboratory compaction tests were
performed changing the maximum particle size (Dmax), compaction energy level
(CEL) andP to examine the validity of theWHmethod and a series of drained triaxial
compression tests were performed varying the Dmax and the degree of compaction.
Based on the test results, a method to modify theWHmethod is proposed to properly
estimate the (ρd)max value after adding or removing gravel particles when compacted
at a certain CEL. Also, a method is proposed to correct the strength for a given gravel
ratio to estimate the in-situ strength from the strength obtained from laboratory tests.
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1 Introduction

In the conventional control of field soil compaction of embankments for roads, rail-
ways and residential and industrial areas, etc., the dry densityρd and thewater content
w are measured in the field and controlled based on the maximum dry density (ρd)max

and the optimumwater contentwopt obtained by standard laboratory compaction tests
performedon representative samples of thefieldfillmaterial at a specified compaction
energy level (CEL) (usually Standard or Modified Proctor, 1Ec or 4.5Ec). Field fill
materials often contain large particles, such as gravels and rock fragments, the size
of which exceeds the allowable limit for standard laboratory compaction tests. In this
case, it is necessary to estimate the values of (ρd)max and wopt of the field fill material
by correcting the values obtained by laboratory compaction tests on samples obtained
by removing gravel particles of which the sizes exceed the allowable limit. When
the gravel ratio P (will be described later in Chap. 2) of a given field fill material
is lower than 0.3 or 0.4, the Walker–Holtz (WH) method [1, 2] is usually used for
this estimate. The WH method assumes that the ρd value of the fine particle portion
inside the whole sample after adding large particles is the same as the value of the
sample comprising only fine particles compacted at the same CEL. However, it is
known that, with an increase in P of the whole sample, the CEL transmitted to the
fine particle portion inside the whole sample decreases, therefore the ρd value of the
fine particle portion decreases. Besides, this trend may not be negligible even when
P is lower than 0.3 or 0.4.

In addition, stability analysis of soil structure requires relevant shear strength
values of compacted fill material. Because the stability may decrease as a fill mate-
rial becomeswet or saturated, the strength underwet or saturated conditions is usually
used in design. Like the laboratory compaction tests, the shear strength character-
istics are often evaluated by performing triaxial compression (TC) tests on samples
obtained by removing gravel particles of which the sizes exceed the allowable limit
for standard TC tests.

There are studies that approach each problem [3, 4], but there are few researches
that studied these two issues related to each other by performing compaction tests
and TC tests on the same soil type compacted in the same way. In this research, a
set of samples having different maximum particle diameters Dmax were prepared by
consecutively removing larger particles from a typical field fill material. A series of
laboratory compaction tests were then performed on these samples at CEL= 1Ec and
4.5Ec to evaluate the effects of P on the value of (ρd)max for various values of Dmax

and CEL. Also, a series of laboratory consolidated-drained TC tests were performed
on these samples to evaluate the effects of P on the shear strength characteristics of
specimens compacted otherwise under the same conditions.
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2 Walker–Holtz Method

In the WHmethod, the dry density ρd
′ of a sample after adding large gravel particles

with the same CEL as a sample before adding gravel particle is obtained by Eq. (1):

ρ ′
d = ρd · ρs

(1 − P) · ρs + P · ρd
(1)

where ρd is the dry density of the sample before adding gravel particles; ρs is the
density of gravel particles; and P is the mass ratio of the added gravel to the whole
sample after adding gravel particles. In this study, it is reasonably assumed that the
density of particles other than the gravel particles is the same as ρs. In addition, the
Sr value does not change by adding gravel particles when following Eq. (1). In the
WH method,

On the other hand, the dry density ρd
′′ of the portion composed of fine particles

not containing large gravel particles inside the whole sample containing large gravel
particles compacted at a certain CEL is correctly obtained by Eq. (2):

ρ ′′
d = (1 − P) · ρd · ρs

ρs − P · ρd
(2)

where ρd is the dry density of the whole sample before removing the gravel particles;
and P is the mass ratio of gravel particles to the whole sample. Note that we need no
assumption to derive Eq. (2).

3 Soil Samples and Test Methods

The field fill material used to construct a road embankment in Kamaishi City, Iwate
Prefecture, Japan (hereafter called Kiten soil) was used in this study. Figure 1 shows
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the grading curve of the field material with Dmax = 75 mm. A set of samples with
Dmax = 53 mm, 37.5 mm, 19 mm, 9.5 mm 4.75 mm, and 2 mm were produced by
consecutively removing larger gravel particles.

The mold having an inner diameter of 15 cm and a volume of 2209 cm3 was used
for laboratory compaction tests on samples with Dmax = 37.5, 19, 4.75, and 2 mm.
A 2.5 kg rammer was dropped freely from a height of 30 cm, and the number of
tamping was 55 for each of in total three layers. The CEL, in this case, is 1Ec, and
Ec is the energy per unit volume and is calculated by Eq. (3).

Ec = WR · H · NL · NB

V
(3)

where WR is the weight of the rammer; H is the drop height of the rammer; NL is
the number of layers; NB is the number of tamping per layer; and V is the volume
of mold.

Furthermore, a 4.5 kg rammer was dropped freely from a height of 45 cm and
tamped 55 times for each of in total 5 layers. The CEL in this case is 4.5Ec. A mold
having an inner diameter of 30 cm and a volume of 25,000 cm3 was used for samples
with Dmax = 75 and 53 mm. For 1Ec, a 10 kg rammer was dropped freely from a
height of 45 cm. The number of tamping was 104 times for each of in total 3 layers.
For 4.5Ec, a 10 kg rammer was dropped freely from a height of 45 cm and the number
of tamping was 468 times for each of in total 3 layers. The total mass of a whole
compacted sample was measured before and after oven-drying.

A series of drained TC tests were performed on specimens with Dmax = 19, 9.5,
and 4.75 mm. Table 1 shows the compaction conditions of the specimens having
different Dmax values. [Dc]1Ec in the table represents the degree of compaction at
1Ec. The specimens were prepared by compaction in 5 layers in the mold. In order
to evaluate effects of Dmax on shear strength at the same ρd value, the tests were
performed on specimens compacted to ρd = 1.872 g/cm3 and Sr = 80% for each
Dmax. The specimens were 100 mm in diameter and 200 mm in height for Dmax =
19 mm; and 75 mm in diameter and 150 mm in height for Dmax = 9.5 mm and
4.75 mm. After saturation, the specimen was consolidated to an effective confining
pressure of 50 kPa with a back pressure of 300 kPa, and loaded monotonically at an
axial strain rate of 0.01%/min under drained conditions.

Table 1 TC specimens

Dmax (mm) 19 9.5 4.75

Sr (%) when compacted 60 70 80 60 70 80 60 70 80

[Dc]1Ec (%) 95 95 95
96
100

95 95 90
95
100
105

95 95 90
95
100
102



An Experimental Study on the Estimation of Field Compaction … 157

4 Results and Discussions (Laboratory Compaction Tests)

4.1 Results

Figure 2 shows the compaction curves for 1Ec and 4.5Ec of the samples having
differentDmax values. The (ρd)max value increases as theDmax value increases and as
CEL increases. In comparison, the Sr valuewhenρd = (ρd)max along each compaction
curve, which is defined as the optimum degree of saturation (Sr)opt [5], is quite
independent of Dmax and CEL and has value of 81%.

In Fig. 3a, the curves with data points are the measured compaction curves of the
specimens withDmax = 75, 53, 37.5, 19, 9.5, 4.75, and 2mm of Kiten soil compacted
at 1Ec. The set of solid curves are the compaction curves of the specimens are those
calculated by Eq. (1) when adding particles larger than 2 mm in diameter to the
basic specimen with Dmax = 2 mm. It may be seen that the (ρd)max value for 1Ec

is over-estimated by Eq. (1) to a larger extent with an increase in Dmax (i.e., with
an increase in the mass ratio P of particles larger than 2 mm to the whole sample
containing these added large particles). On the other hand, the compaction curves of
the portion of fine particles with Dmax = 53, 37.5, 19, 9.5, 4.75, and 2 mm inside the
basic sample with Dmax = 75 mm compacted at 1Ec were calculated by Eq. (2). In
Fig. 3b, these calculated compaction curves are compared with the measured curves
of the specimens comprising fine particles that were compacted at 1Ec. The (ρd)max

value calculated by Eq. (2) becomes smaller than the measured one obtained by
compaction at 1Ec. This means that the (ρd)max value for 1Ec is under-estimated by
Eq. (2) to a larger extent with an increase in Dmax.

Fig. 2 Compaction curves
for different Dmax values
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Fig. 3 a Compaction curves
for 1Ec of the specimens
obtained by adding large
particles to the basic sample
with Dmax = 2 mm
calculated by Eq. (1) and
measured curves of these
samples compacted at 1Ec;
b Compaction curves of the
fine particle portion inside
the basic specimen with
Dmax = 75 mm compacted at
1Ec calculated by Eq. (2)
and measured compaction
curves of specimens
composed of the same fine
particles compacted at 1Ec

4.2 Modification of the WH-Method

It is seen from Fig. 3a that it is necessary to modify Eq. (1) to obtain the correct ρd

value of a specimen after adding larger particles that are compacted at a certain CEL
from the ρd value of the basic specimen compacted at the same CEL. It is seen from
Fig. 3b that it is also necessary to modify Eq. (2) to obtain the correct ρd value of a
specimen after removing larger particles that is compacted at a certain CEL from the
ρd value of the basic specimen compacted at the same CEL. To unify these trends of
behavior in a single framework, the maximum dry density ratio X was defined as the
ratio of the (ρd)max value when compacted at a certain CEL calculated by Eqs. (1) or
(2) to the measured (ρd)max value of the same sample compacted at the same CEL.

In the top–right quarter zone of Fig. 4, the X values of the specimens to which
different amounts of gravel particles larger than 2 mm in diameter were added to the
basic specimen withDmax = 2mm are plotted against the gravel mass ratio P of these
specimens after adding particles larger than 2 mm. These data were obtained from
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Fig. 4 X–P relation from
data for compaction at 1Ec in
Fig. 3a, b

those plotted in Fig. 3a. The X value increases consistently from 1.0 as P increases
from zero. That is, asP increases, the (ρd)max value after adding gravel particles when
compacted at a certain CEL is over-estimated to a larger extent than if calculated
by Eq. (1) based on the (ρd)max value of the basic specimen compacted at the same
CEL. Importantly, X is noticeably higher than 1.0 when P = 0.3 − 0.4, which is
conventionally considered as the upper limit for the application of the WH method.

In the bottom-left quarter zone of Fig. 4, the X values of the specimens from
which different amounts of gravel particles smaller than 75 mm in diameter were
removed from the basic specimen with Dmax = 75 mm are plotted against –P, where
P is the mass ratio of the gravel particles that were removed from the basic specimen
with Dmax = 75 mm. These plots were obtained from the data presented in Fig. 3b.
The X value decreases consistently from 1.0 as P increases. That is, as P increases
from zero, the CEL transmitted to the fine particle portion becomes smaller than 1Ec,
which was applied to the whole of the basic specimen containing gravel particles. By
this mechanism, the calculated dry density becomes smaller than the value obtained
by compaction at 1Ec.

Figure 5 shows the X–P relations obtained for the two different CELs (1Ec and
4.5Ec) and different basicDmax values equal to 75, 53, 37.5, 19, 9.5, 4.75 and 2mm. It
may be seen that the X–P relations for these different CEL and basicDmax values are
rather unique. This result is consistent with the results of the previous experimental
study [6] showing that the X–P relation is rather unique regardless of the basic Dmax

value and CEL, and regardless of the different soil types with similar particle size
distributions.

The results shown above indicate that to obtain the correct value of (ρd)max for a
given value of CEL after adding large gravel particles, the value obtained by Eq. (1)
should be divided by the factor X obtained from the curve shown in Fig. 5. Similarly,
to obtain the correct value of (ρd)max for a given value of CEL after removing large
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Fig. 5 X–P relation for
different basic Dmax values
at CEL = 1Ec and 4.5Ec

gravel particles, the value obtained by Eq. (2) should be divided by the factor X
obtained from the curve shown in Fig. 5.

4.3 Estimation of ρd Other than (ρd)max

It is often required to estimate a ρd value other than the (ρd)max value after adding
gravel particles to a given sample. In this respect, Fig. 6 shows the [Dc]1Ec–Sr relation
of the samples having different Dmax values obtained from the data presented in
Fig. 2. Even if Dmax changes, the optimum degree of saturation (Sr)opt does not
change noticeably, while the [Dc]1Ec–Sr relation still remains rather unique. These
results are consistent with the findings reported by Tatsuoka [5] that the (Sr)opt value

Fig. 6 [Dc]1Ec–Sr relation
for different Dmax
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and this relation are rather insensitive to changes in the soil type and CEL. The
result presented in Fig. 6 suggests that ρd values after adding gravel particles to, or
removing gravel particles from, a given sample are correctly estimated by modifying
the values obtained by Eqs. (1) or (2) and applying the same X–P relation for (ρd)max

as presented in Fig. 5.
To confirm this point, X–P relations other than the one for (ρd)max were examined.

To this end, X was defined as the ratio of the ρd value when compacted at a certain
CEL and a certain Sr. Then the X values were obtained from the ratio of the ρd value
calculated by Eqs. (1) or (2) to the measured value of the same specimen compacted
at the same CEL and Sr. Figure 7a and b show the X–P relation when compacted
to Sr = 72% and 88%. From Fig. 7a for Sr = 77%, which is lower than (Sr)opt =
81%, the X–P relation is rather unique and in fact it is nearly the same as the relation
shown in Fig. 5. In contrast, in Fig. 7b for Sr = 88%, which is higher than (Sr)opt =
81%, the relation is not as unique as the one shown in Fig. 5. This trend corresponds

Fig. 7 X–P relation: a Sr =
72% and b Sr = 88%
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to the fact that the Dc–Sr relation scatters in has relatively largely scatter when Sr >
(Sr)opt.

In summary, we can conclude that the X–P relation for (ρd)max is rather unique
even when Dmax changes exceeding the maximum allowable particle size for the
mold of the laboratory compaction tests. Also, the X–P relation for ρd other than
(ρd)max is nearly the same as that for (ρd)max corresponding to the fact that theDc–Sr
relation is rather unique regardless of Dmax.

The detailed procedure based on the analysis described above to obtain the degree
of compaction of the field sample that includes large gravel particles is described
below.

4.4 (ρd)max of Field Sample Including Large Gravel Particles

The degree of compaction for 1Ec of fill material compacted in the field, hereafter
denoted by [Dc]1Ec.A, is obtained by Eq. (4):

[Dc]1Ec.A = (ρd)A/
[
(ρd)max.1Ec

]
A

(4)

where (ρd)A is the field dry density, and [(ρd)max.1Ec]A is the (ρd)max of the field fill
material compacted at 1Ec. When laboratory compaction tests cannot be performed
on a given field fill material due to the inclusion of gravel particles too large in
size, [(ρd)max.1Ec]A is usually estimated by Eq. (1) (i.e., the WH method) from the
maximum dry density [(ρd)max.1Ec]F obtained by laboratory compaction tests at 1Ec

on the specimen obtained by removing large gravel particles from the original sample
of field fill material. It may be seen from Figs. 4 and 5 that, in the case of adding
gravel particles to a given basic material, even when P is in range of 0.3–0.4, X
is approximately 1.1. This means that the field degree of compaction [Dc]1Ec.A is
under-estimated by a factor of approximately 1/1.1 ≈ 0.9. This difference of 10% in
[Dc]1Ec.A is not negligible in usual geotechnical engineering practice. In view of the
above, it is proposed that even when P is lower than 0.3 or 0.4 and always when P
is higher than 0.3 or 0.4, Eq. (1) is replaced by Eq. (5) to obtain a proper value of
[(ρd)max.1Ec]A for use in Eq. (4):

[
(ρd)max .1Ec

]
A =

[
(ρd)max.1Ec

]
F · ρs

(1 − P) · ρs + P · [
(ρd)max.1Ec

]
F

· 1

X
(5)

In this case, the X value is obtained by substituting the P value of a given field
fill material into the X–P relation relevant for the given type of field fill material
(such as the one presented in Fig. 5). In this way, it becomes possible to avoid an
unreasonable underestimation of the field degree of compaction.
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5 Results and Discussions (Triaxial Compression Tests)

From the TC test results, the internal friction angles φ0peak = sin−1{(σ 1f − σ 3f)/(σ 1f

+ σ 3f)} (for c= 0) were obtained, where σ 1f and σ 3f are the axial and lateral stresses
at the peak deviator stress. Figure 8 shows theφ0peak–Dmax relation for [Dc]1Ec = 95%
for three different Sr values. Regardless of the value of Sr, the φ0peak value increases
as Dmax increases. The φ0peak value at Sr = 70% is slightly higher than that at Sr =
80%. However, when compared under the same CEL, the [Dc]1Ec value at Sr = 80%
becomes higher than the value at Sr = 70% and the φ0peak increases correspondingly.
As a result, under the same CEL, there is nearly no difference between the φ0peak

values at Sr = 70 and 80%. On the other hand, even for the same [Dc]1Ec, the φ0peak

at Sr = 60% is clearly lower than that of the specimens at Sr = 70 and 80% and
this difference increases as Dmax increases. These results support the proposal by
Tatsuoka and Correia [7] that the field compaction target is set at Sr = (Sr)opt to
ensure high strength and stiffness after wetting or saturation.

Figure 9 shows the φ0peak–[Dc]1Ec relation at Sr = 80% for three different Dmax

values. When compared at the same [Dc]1Ec, the φ0peak value noticeably increases as
Dmax increases. It is likely that this trend is due to the fact that, asDmax increases, the
uniformity coefficient of specimen increases, which results in an increase in (ρd)max

therefore an increase in ρd for the same [Dc]1Ec. On the other hand, Fig. 10 shows
the φ0peak–ρd relation at Sr = 80% for the three differentDmax values. It may be seen
that the φ0peak value is determined by ρd regardless of Dmax. It seems that this result
is due to that the effects of the following factors are cancelled: (1) asDmax increases,
[Dc]1Ec for the same ρd value decreases due to an increase in (ρd)max (Fig. 2); while
(2) as Dmax increases, the φ0peak at the same [Dc]1Ec increases (Fig. 8).

It is known that, for a wide range of grading characteristics, the φ0peak − ρd rela-
tion is not unique. However, if such a unique φ0peak–ρd relation as the one shown in

Fig. 8 φ0peak–P relation for
different Sr ([Dc]1Ec = 95%)
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Fig. 9 φ0peak–[Dc]1Ec
relation for different Dmax

Fig. 10 φ0peak–ρd relation
for different Dmax

Fig. 9 is confirmed under certain limited conditions,we can determine design strength
parameters by referring to such a φ0peak–ρd relation shown in Fig. 10. Otherwise, it
is recommended to determine a design strength parameter by referring to the φ0peak–
[Dc]1Ec relation obtained by TC tests performed on samples after removing large
gravel particles with necessary correction for Dmax. The results shown in Fig. 9 indi-
cate that it is on the safe side when the effects ofDmax are ignored. When the [Dc]1Ec
value ensuring a given design strength parameter can be determined following such
a procedure as explained above, the target value of [Dc]1Ec in field soil compaction
control is determined by referring to this [Dc]1Ec value.
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6 Conclusions

The following conclusions can be derived from the results of a series of laboratory
compaction tests and drained triaxial compression tests on a set of specimens having
different maximum particle sizes Dmax obtained by consecutively removing larger
particles from a field fill material:

• When assuming that the same CEL as the one applied to the whole sample is
transmitted to the portion with fine particle (i.e., the WH assumption), the dry
density ρd at a certain Sr (including (ρd)max at (Sr)opt) of soil containing large
gravel particles compacted at a certain CEL is over-estimated when estimated
from the ρd value at the same Sr of the specimen after removing gravel particles
compacted at the same CEL. Similarly, when based on theWH assumption, the ρd

value at a certain Sr of the gravel-removed sample compacted at a certain CEL is
under-estimated when estimated from the ρd value at the same Sr of the specimen
containing gravel particles compacted at the same CEL. In both cases, the error
is not negligible even when the gravel mass ratio P is lower than 0.3–0.4.

• In order to appropriately estimate the ρd value at the sameCEL of a specimen after
adding gravel from the ρd value compacted with a CEL of the specimen before
adding gravel particles, it is necessary to modify the conventional equation based
on the WH assumption by incorporating a correction factor X that is a function of
the gravel mass ratio P. This method is applicable over a wide range of P, from
below 0.3 to higher than 0.4.

• The following findings were made from drained TC tests on saturated specimens
of gravel-removed samples having different Dmax values:

• When compacted at the same values of [Dc]1Ec and Sr, the angle of internal friction
φ0peak noticeably increases asDmax increases. This is due likely to the fact that, as
Dmax increases, the uniformity coefficient of the sample increases, which results in
an increase in (ρd)max, thereby an increase in ρd for the same [Dc]1Ec. This result
indicates that it may be on the safe side to estimate the φ0peak value of fill material
which includes large gravel particles from the value of gravel-removed specimens
for the same [Dc]1Ec. This effect may be taken into account when necessary.

• As Sr becomes noticeably lower than the optimum degree of saturation (Sr)opt, the
φ0peak value for the same CEL becomes lower than the value when Sr = (Sr)opt.
This fact supports compaction control setting the field compaction target at Sr =
(Sr)opt.

• With the same ρd, the [Dc]1Ec value decreases with an increase inDmax. Due to the
combined effects of this factor and factor a) above, when compacted at the same
ρd value, the φ0peak value becomes rather independent ofDmax. At least within the
test conditions employed in this study, taking advantage of this simple empirical
rule, the φ0peak value of gravel-including field fill material can be estimated from
the value of gravel-removed sample for the same ρd value.
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A Stress–Dependent Approach
for Estimation of Drum–Soil Contact
Area
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Abstract The conventional method of estimating the contact area of compaction
rollers is based on simplifying assumptions such as the homogeneous and linear
elastic behavior of the underlying compacted geomaterials. This study evaluates
a stress-dependent approach for estimating the contact area of roller compaction
considering the nonlinear behavior of compacted geomaterials. For this purpose, a
finite element model was developed to simulate the roller compaction of unbound
materials considering both the nonlinear behavior of geomaterials and the soil–drum
interaction by means of using advanced contact algorithms. The contact area of the
drum was estimated based on the stress distribution at the soil–drum interface for
more representative pavement responses than those obtained from Hertzian models.
The contact areas from this approach showed good agreement with those measured
in the field.
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1 Introduction

The knowledge of the contact stress distributions and the contact width for a variety
of soil types is necessary to accurately predict the stress fields [1, 2]. The contact
interaction between a rigid rolling cylinder (drum) and the soil surface depends
mostly on the soil type and dynamic behavior of the drum [3, 4]. Such interactions
are better explained in terms of the contact width and the stress–strain paths at the
contact area. Hertz [5] presented the fundamental contact theory by addressing the
contact of two elastic masses with curved surfaces.

The experimental data collected with the instrumented roller compactors reveal
complex nonlinear roller vibration behaviors, which include the loss of contact
between the drum and the soil, as well as the drum and the frame rocking [6–8].

Different numerical modeling techniques have been used for estimating the
response of the roller. Quibel [9] and Kröber [10] predicted the loss of contact (i.e.,
decoupling of the drum from the soil) using the lumped parameter modeling. Kopf
and Erdmann [11] used an iterative process to calculate the drum contact width, as
well as stiffness and damping parameters based on a cone–spring–damper model
proposed by Kargl [12]. Rinehart et al. [2] studied the stress and strain paths during
the vibratory soil compaction on a uniform embankment layer as well as on a two-
layer soil system and compared the stress and strain paths to the laboratory resilient
modulus results. The authors found that the presence of a thick stiff base layer makes
the contact area smaller. Pistrol [13] defined continuous compaction control (CCC)
as an integrated method to identify soil stiffness. Herrera et al. [14] proposed a data
reduction methodology to backcalcute the mechanical properties of compacted soils
using CCC data, identifying the potential use of CCC as an in-situ dynamic test
for quality control purposes. Musimbi et al. [15] compared the results of an itera-
tive BEM approach with the results of the Hertzian theory application and a field
investigation on different types of layered soils to study the drum–soil contact width.
They found that the Hertzian theory better predicted the contact width for granular
materials as compared to clayey soils due to low elastic modulus of clay.

Asaf et al. [16] used the discrete element method (DEM) to simulate the interac-
tion between a rigid wheel and the soil surface. They concluded that DEM provided
reasonable results on contact mechanics as compared to the other theoretical and
experimental studies. Buechler et al. [17] employed DEM to study the contact mech-
anism of a static drum on the soil surface. Their predicted contact widths from the
DEM analyses were greater than those predicted by the Hertz theory and were close
to the BEM results predicted by Rinehart et al. [2]. Buechler et al. also found that
granular soils exhibited greater contact widths as compared to the cohesive soils.

Finite element (FE) models are also versatile tools for obtaining the responses of
geomaterials under different rollers. Even though simple two-dimensional (2D) FE
modeling approach considers a uniform distribution of responses along the length of
the drum, they are rapid to execute [18]. Some FEmodels include contact models that
can better address the stress field and contact width. The execution time can become
rather excessive for routine use as the problem is extended to three-dimensional
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(3D) with dynamic loading, and as the plastic and nonlinear geomaterial behaviors
are included in the model.

Various researchers considered the unbound granular and subgrade materials as
linear elastic [18–20], while other have included the Drucker–Prager/cap model.
Hügel et al. [21] andWang et al. [22] furthermodeled soils using viscoplasticmodels.
More recently, the MEPDG stress-dependent material model has been implemented
in several finite element models [23] to simulate the vibratory roller compaction of
the soils.

In this paper, a 3D nonlinear FE model [23, 24] simulating the roller proof-
mapping of one- and two-layer geosystems upon completion of compaction is used
for computing the contact area between the drum and the soil underneath. The FE
model used included a contact model to simulate the interaction between the drum
and the geosystem. The inclusion of the nonlinear behavior of the geomaterial allows
more realistic conditions than the simplifying Hertzian contact theories that consider
homogeneous and linear elastic behavior of the surfaces. The following sections
explain the components and strategies undertaken in this study.

2 Methodology

Since the numericalmodeling of soil response due to roller compaction is complex, an
FE technique is necessary to evaluate the interaction of the roller with the geosystem.
LS-DYNA®, which is an explicit and implicit multi-purpose FE program that, was
used to address this need. Figure 1 shows a 3D view of the geosystem and the roller.
A 3D mesh was assembled to represent a roller imparting energy to the geomaterials

b) FE model of soil and drum a) IC-equipped roller c) Soil-drum interaction

(d) Contact inter-
action 

Soil-Drum 

Sliding permitted

Node penetration 

Drum

Fig. 1 Schematic representation of drum–soil system [23, 24]
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at a given amplitude and vibrating frequency. The drum of the roller compactor was
modeled with rigid shell elements with common dimensions of IC rollers, i.e., 2 m
wide and 0.75 m in radius. Due to the size of the drum, the geomaterial was modeled
as 4 m wide, 4 m long, and 2.5 m deep with non-reflective boundaries. A mesh
consisting of about 64,000 brick elements was used to represent the geosystem.
Smaller elements with 50 × 50 × 50 mm dimensions were used underneath the
roller up to 0.5 m in depth, 0.6 m longitudinally, and 1.2 m transversally from the
center of the roller, after which the elements become larger. To establish better the
drum–soil contact, about 75,000 shell elements were used to simulate the drum.
The soil–drum system was modeled with different levels of complexity including
static and dynamic analyses during stationary and moving conditions. Fathi [24] and
Nazarian et al. [25] showed that the numerical responses obtained form FE models
with different complexity levels are highly correlated. This study makes use of a
nonlinear quasi-static stationary model to evaluate the drum’s contact width.

A material model proposed by Ooi et al. [26] was considered to account for the
load-induced nonlinear behaviors of geomaterials. Ooi et al. model is in the form of:

Mr = k ′
1Pa

[
θ

Pa
+ 1

]k ′
2
[
τoct

Pa
+ 1

]k ′
3

(1)

where Mr is resilient modulus, Pa is the atmospheric pressure of 100 kPa, θ is the
bulk stress, τ oct is the octahedral shear stress, and k′

1, k′
2, and k′

3 are the model
parameters (determined from fitting the laboratory data to the model).

2.1 Contact Width

Figure 2 shows different views of the contact area and the stresses in the geosystem
due to drum loading. One of the limitations encountered with the use of the automatic
single surface contact model was that the nodes along the drum (master surface) that
are in contact with the geosystem (slave surface) are not explicitly defined. For
this reason, the contact width of the drum has to be estimated based on the stress
distribution at the soil–drum interface. The contact area, Ac, can be estimated from:

Ac = Fc

σave
(2)

where Fc is contact force, and σ ave is average vertical stress within the contact area
of the drum.
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3 Results and Discussion

The stress distribution along the drum length at two different distances from the
centerline of the drum is shown in Fig. 3. The stress increases along the soil surface
underneath the drum when closer to the edges of the drum. Likewise, a drop in stress
occurs of about 90 kPa from a distance of 25–75 mm from the centerline of the drum
cylinder in contact with the soil.

The stress distribution of geomaterial in the rolling direction is shown in Fig. 4.
The vertical stress decreases with respect to distance. Even though at 200 mm away
from the centerline the stress is close to zero, that distance cannot be defined as the
extent of the contact width. A criterion for defining the contact width is necessary, due
to the cylindrical curvature of the drum and the size of elements along the pavement
surface (50 mm-sided cubic elements). As a simplifying assumption, the contact
width is assumed to be constant along the length of the drum. The contact width was
set at the distance where the magnitude of the averaged stress is 85% of the peak
observed stress. This arbitrary criterion was then compared with field measurements
performed at different sites with distinct types of geomaterials.

The contact width under a static drum load was estimated for four different drums
shown in Table 1, on top of single- and two-layer geosystems. The drums become
larger and heavier in the order listed. A set of 200 cases were simulated per drum,
for each group of geosystems, consisting of a single-layer (subgrade only) and two-
layer systems with top layer (base) thicknesses of 150 and 300 mm on top of the
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Fig. 3 Stress distribution of surface soil elements along the length of drum at a 25 mm away from
the center line of drum, b 75 mm away from the center line of drum
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Table 1 Rollers selected for assessing contact width

Druma W (KN) Centrifugal force (KN) L (m) D (m) No. of cases

I 7.45 15.1 1.00 0.60 600

II 88.55 30.2 1.50 1.10 600

III 88.55 78.3 1.50 1.10 600

IV 58.84 169.0 2.00 1.50 600

aW—operating weight + eccentric force, L—length of drum, D—diameter of drum

subgrade and the feasible ranges of nonlinear k parameters described in Table 2. The
descriptive statistics of the contact width for those drums are summarized in Table
3. The contact width increases as the drum becomes larger.

The contact widths of a Type IV roller drum, described in Table 1, were measured
while static at two subgrade sections and four base course materials. The subgrade
sites consisted of a sandy subgrade and clayey subgrade sections, while two distinct
base layers were laid on top of each subgrade type. The contact width of the drum

Table 2 Feasible range of
layer properties [27]

Pavement properties Range of values

k′
1 100–3000

k′
2 0–3.0

k′
3 −4.0–0

Table 3 Descriptive statistics
of contact width for
different-sized drums

Drum Contact width (mm)

Mean Median Standard deviation

I 143.1 142.8 2.8

II 210.5 208.6 4.5

III 212.4 211.4 5.2

IV 264.0 262.2 6.4
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was measured by spray-painting the pavement structure underneath, in front of and
behind, and along the length of the drum, as shown in Fig. 5. In addition to the
measurement of the contact width, in-situ modulus spot testing with a lightweight
deflectometer (LWD) was conducted by the research group. Figure 6 shows the
contact width measurements at the six locations.

Table 4 lists the selected FE models with representative resilient moduli similar
to LWD field surface moduli, and their respective contact widths. Figure 7 compares

Spray Painting 

Fig. 5 Schematic view of contact width measurement at field

Fig. 6 Measured contact widths at different test sections
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Table 4 Contact width measurements obtained from field sections and similar representative
resilient moduli FE models

Case Field measurement FE analysis

LWD modulus,
MPa

Contact width,
mm

Resilient
modulus, MPa

Contact width,
mm

Clayey subgrade 59.3 260 59.2 244

Sandy subgrade 48.3 208 48.8 248

Sandy subgrade 28.3 297 34.6 260

Base 64.1 203 62.1 229

Base 53.1 269 53.7 241

Base 63.4 264 63.8 238

Base 61.4 241 61.1 231

Base 59.9 234 59.4 241

Base 73.0 226 73.2 227
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Fig. 7 Comparison of contact width measured from field and FE analysis

the field contact width measurements with the corresponding results obtained from
FE analyses. The FE results are in agreement with the measured field contact width.

Figure 8 shows that the measured contact width decreases with an increase in the
LWDmodulus. In other words, the less stiff the geomaterial is, the wider the contact
width will become.
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Fig. 8 Measured field contact width versus LWD modulus for bases and subgrades
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4 Summary and Conclusions

This study proposed a stress-dependent approach for estimation of the contact area of
the compaction rollers considering the nonlinear behavior of the geomaterials. A 3D
finite element simulating the proof-mapping process was developed to evaluate the
interaction of the roller with the geosystem using an advanced contact model. The
stress distribution at the soil–drum interfacewas used for determining the contact area
between the drum and unbound materials. This approach was conducted for different
rollers of varying sizes. To validate the stress-dependent approach, different test sites
were visited including various types of unbound materials for single-layer (subgrade
only) and two-layer (subgrade and base) geosystems.

The contact area was measured by spraying the paint around the drum at static
condition at the visited test sites. The comparison between the field measurements
and numerical observations revealed a good correlation between the two representing
the capability of the developed approach for yielding promising results.
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An Earthworks Quality Assurance
Methodology Which Avoids Unreliable
Correlations

Burt G. Look

Abstract In earthworks, testing using density ratio is applied widely in quality
control. Density ratio tests take significant time for results to be reported. Yet because
of its widespread usage, this now acts as an impediment to the development of alter-
native methods of testing. Modern geotechnical and pavement designs are based on
modulus and strength values. It is, therefore, reasonable to investigate the use of
alternative test methods which measures these parameters directly. Several in-situ
devices have been available to industry for the past 2 decades and research has shown
these have significant benefits. However, studies then try to corelate those measured
parameters with the density ratio. Correlating to density is flawed. Given the poor
correlations associated with relating density to other measured parameters an alter-
native approach was developed. This is based on matching probability density func-
tions (PDFs) for quality assurance (QA). This methodology first recognizes density
is normally distributed, but other more accurate tests are non-normally distributed.
The derived best fit distribution is compared with the normally distributed density
measurements. Data using a range of alternative testing equipment was used for this
QA method of matching PDFs. The methodology has been successfully used on a
major earthworks project in Australia.

Keywords Earthworks · Density testing · Probability density functions

1 Introduction

In earthworks testing using dry density ratio (DDR) is applied widely in quality
control (QC). DDR tests may take significant time for results to be reported. This QC
approach is not representative of current Quality Assurance (QA) testing philosophy.

Modern geotechnical and pavement designs are based on modulus and strength
values. It is, therefore, reasonable to investigate the feasibility to use alternative
test methods for QA purposes, which measure these parameters directly. Several
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in-situ devices have been available to industry for the past 2 decades and research
has shown these have significant benefits. However, studies then try to corelate those
measured parameters with the density ratio. Correlating to density is flawed as DDR
is not a fundamental parameter. An alternative testing approach is required which
encapsulates the QA required but avoids the direct paired correlation approach.

The dry density ratio (DDR) compares the compactedfield densitywith the labora-
tory maximum dry density (MDD), which can be Standard or Modified compaction.
A specified density ratio is really a targeted means to reducing the air voids.

The emphasis on density has led to the belief that it is the key parameter, yet it
is an index only, i.e. we assume an increased density ratio (aka relative compaction)
means an increased strength or modulus or reduced permeability. Technology has
now advanced to measure those parameters directly, yet many road and approving
authorities still use density testing as the main quality evaluation parameter because
of our longstanding experience. The compaction model has not advanced with the
change in both testing and compaction equipment.

Given the poor correlations associated with relating density to other measured
parameters an alternative approach was developed based on quality assurance
schemes. This is based on matching the probability density functions (PDFs). This
methodology first recognizes density measurements are normally distributed, but
other more accurate tests are non-normally distributed. The derived best fit distri-
bution is compared with the normally distributed density measurements. Data from
several sites using a range of alternative testing equipment, was used to assess this
method of matching PDFs. The methodology has been successfully used on a major
earthworks project in Australia. The lessons learnt are presented along with the
background rationale for progressing such alternative test in earthworks QA.

2 Sample Preparation for Testing

Prior to carrying out the laboratory compaction test, the sample should be suitably
prepared. Australian Standards AS 1289 1.1 [1] requires that the soil clod size be
reduced to pass a 10 mm screen. Blight and Leong [4] shows the effect of clod sizes
and sample wetting on the compaction curve. These sample preparation and curing
take time prior to the tests. For high plasticity clays, this curing time can be up to
4–7 days, but 1–2 days for low plasticity clays (Table 1).

The effect of curing time for soaked CBRs and the corresponding swell values
are shown in Fig. 1a, b, respectively. This was a high plasticity clay (PI= 47%) from
Bundamba, Queensland. This shows if sample preparation and curing times are not
carried out, the test results will be affected. This down time results in project delays
and equipment onsite not being fully occupied.

Many contractors often place additional lifts before the test results are known.
This has a risk but is based on the assumption that they have done a good job at
compaction and the tests are simply validating what they already know.



An Earthworks Quality Assurance Methodology … 181

Table 1 Minimum curing
times based on condition of
sample (AS1289 5.1.1, 2017)
[2] and (AS1289 6.1.1, 2014)
[3]

Plasticity Within 2% of OMC
(h)

Greater than 2% of
OMC (h)

Sands and granular
materialsa

2 2

Low (LL < 35%) 24 48

Medium (35% <
LL < 50%)

48 96 (4 days)

High (LL > 50%) 96 (4 days) 168 (7 days)

aIncluded crushed rocks and manufactured materials with fines
content <12%

(a) Soaked CBR           (b) Swell 

Lower CBR @ 
Lower cure Higher CBR @ 

Higher cure

Lower Swell @ 
Higher cure Higher Swell @ 

Lower cure

Fig. 1 Soaked CBR—effect of curing time on CBR value (mean, upper and lower quartile)

Density ratio tests are therefore used as a quality control (QC) tool and not in
Quality Assurance (QA). QA aims to prevent defects. QC aims to identify and fix
defects. Quality Assurance makes sure you are doing the right things, the right way,
while Quality Control makes sure the results of what you’ve done are what you
expected.

3 What Do Engineer Want from Testing

A survey of 54 engineers [6] on ranking what attributes are desirable in a test equip-
ment showed that accuracy is the most preferred attribute of any test. The preference
ranking order for the 8 attributes of a test equipment from that survey was.

1. Accuracy
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2. Precision
3. Time to conduct test/Ease of use
4. Time to process results/Ease to process and report
5. Amount of data obtained/Capital cost of equipment.

This could be broken down into age and employer. Those with less than 5 years of
experience preferred ease of use and ease to process and report. A contractor would
have time to conduct and process results highly ranked. This ranking was used to
assess various equipment [6].

3.1 Alternative Equipment Used or QA Testing

Over the past 2 decades, several devices have been developed that provide a more
direct measure of the modulus or strength of an in-situ material. However, these
various values and units of measurements are not consistent with the historical
reliance of density testing results for QC purposes. Using density as a reference
test then leads to requests for correlations to the DDR results as if that index was
the end product. Yet DDR was meant to be an index only of the likely strength or
modulus. To measure strength or modulus and then correlate back to an index test
shows how tradition encourages this force fit from a primary to the 2nd order index
parameter. A peak strength or modulus is not necessarily coincident with a specific
MDD and OMC.

Measured modulus values depend on the material compaction, its quality, and
its interaction with deeper underling layers. Thus, density is just one contributing
factor to modulus, and a weak correlation should be expected. The importance of
controlling Degree of Saturation (DOS) in soil compaction is discussed in Tatsuoka
and Correia [12]. They show a systematic approach to controlling DOS at the end of
compaction as the compacted state cannot be estimated only by strength and stiffness.

Poor correlation between modulus and density measurements was reported in
Meeehan et al. [10] with the effect of moisture content critically important. McLain
and Gransberg [9] searched for correlations between potential alternatives to the
nuclear density gauge. The tests included Light Falling Weight Deflectometer
(LFWD) and Clegg Impact Values (CIV). The results showed that no definite rela-
tionship between Nuclear Density Gauge (NDG) and Modulus or CIV results could
be found. Mazarai et al. [8] quantify the equipment and operator-related variabili-
ties from a database of stiffness measurements made with four devices on eighteen
separate specimens. It was found that most devices are reasonably repeatable and
reproducible as long as the moisture content and density are rigidly controlled. This
conclusion leads to parallel testing of modulus and density rather than replacement
testing.

Nazarian et al. [11] reported on a Modulus-Based Construction Specification for
Compaction of Earthwork and Unbound Aggregate. They concluded the adaption
of the modulus-based specification needs to be approached in the context of the
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levels of uncertainty associated with the current well-established density criteria. It
was shown that achieving quality compaction (defined as achieving adequate layer
modulus) is only weakly associated with achieving density.

Similar poor correlations will be shown in this paper on many projects over the
years. Field result trials were used to benchmark various alternative equipment and
compared with traditional density QC measurements. A methodology is presented
which avoids the conundrum of accepting a test with a poor paired correlation
with density. Without such an alternative methodology, superior tests are unable
to supplant the traditional density-based QC approach. Continuous parallel testing
is not cost-effective and often creates conflicting data. The nascent technology of
Intelligent Compaction (IC) has its own compaction “modulus” which provides a
further motivation to have a methodology as an independent test needs to be readily
available to check such results.

4 Precision and Accuracy of Various Tests

The various test instruments were compared to density for 5 sites with the coefficient
of variation (COV) shown in Fig. 2. The COV represents the range of precision, and
the density test is the standout leader (COV = 2.0%) as compared to the plate load
tests with a COV of 77%. However, precision is the 2nd preference as compared to
accuracy. Accuracy was assessed in terms of how well the results compared with
each other for similar high, low, and median values for the 5 test sites. The number
of matches between tests for the 5 sites were compared as an indicator of accuracy

Fig. 2 Variability for equipment tested over 5 sites
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Table 2 Equipment and tests
matching to other tests over 5
sites

Tests compared for 5 sites No. of matches Rank

Plate load test (PLT) 22 1

PANDA—50/100 mm 19 2

PANDA—150/200 mm and CBR 17 3

LFWD—PRIMA 16 5

Clegg and DCP 150/200 mm 15 6

Dry density ratio 13 8

Geogauge and LFWD—ZORN 11 9

DCP 50/100 mm and moisture ratio 9 11

(Table 2). For depth tests such as the Dynamic Cone Penetrometer (DCP) or PANDA
the accuracy and precisionwould vary if 50/100mmor 150/200mmdepth test results
are used.

The (incorrect) assumption prior to these trials was that density and PLTs (two
“standard” tests) were aligned i.e. a high density would produce a high PLTmodulus
value and vice versa. The PLT had the highest accuracy with 22 matches with other
equipment. Thus, the lowest precision test (PLT) had the highest accuracy. Amount
of data was not well ranked as an attribute, but the PLT would provide the most data
and the density test provides the least data.

5 Dendrograms for Assessing Compaction Relationships

In statistics, hierarchical clustering builds trees (Dendrograms) to represent clustered
data. The groups of data are nested and organized as a treewith each group in liking to
other successor groups. StatTools (version 7) is an add-in toMicrosoft Excel and was
used for the cluster analysis. The Cluster Analysis command searches for patterns in
a data set in order to classify observations or variables into groups of similar items.
The analysis supports a variety of agglomerative hierarchical methods and distance
measures. The clade is a branch in the tree. Clades that are close to the same height
are similar to each other and clades with different heights are dissimilar.

Figure 3 shows the dendrogram for the Cooroy (CH) clay soaked CBR. This
clustering provides visual evidence that the CBR is more closely clustered to the
compaction moisture and the OMC rather than the density. This could also have
been derived numerically as seen in the correlation matrix (Table 3). CBR is most
strongly correlated with the compaction moisture content (0.691) and least with the
dry density (0.037). CBR is negatively correlated with swell (−0.834). This suggests
that CBR for this expansive clay is most correlated to the swell value after soaking
for the 4 days.

Figure 4 shows the same data dendrogramwith the clustering for 15 relationships.
The CBR is least related to the DDR at compaction, the dry density, and the MDD.
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Fig. 3 Dendrogram of 6 key measurements in a soaked CBR test

Table 3 Correlation matrix for 6 No. test outputs

Correlation
matrix

Comp. MC % DD (t/m3) OMC (%) MDD (t/m3) CBR @
2.5 mm

Swell %

Comp. MC
%

1.000

DD (t/m3) −0.299 1.000

OMC (%) 0.229 −0.380 1.000

MDD (t/m3) −0.043 0.455 −0.343 1.000

CBR
@2.5 mm

0.691 0.037 0.399 0.317 1.000

Swell % −0.851 0.059 −0.143 −0.379 −0.834 1.000

Fig. 4 Dendrogram of 15 parameters in a soaked CBR test
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Note that all samples were compacted above 90% MDD, a low Density/CBR rela-
tionship does not suggest no or little compaction as thatwould certainly have an effect
on the CBR value. The soaked CBR at 2.5 mm and 5.0 mm are clustered together and
the CBR is most strongly related to the Moisture ratio (MR) and moisture content
(MC) at compaction, and the compaction the Degree of saturation (DOS) before and
after soaking.

Similar dendrogram analysis of in situ tests with compaction parameters show
some tests were associated more with the moisture/CBR while other tests are more
associated with the DDR. Thus, the non-efficacy of correlating another test result to
DDR.

6 Density PDF Used to Match Other Test Data

With a “new” equipment and an existing testing system (DDR testing) the first step
is to investigate the association between the two sets of data. A poor correlation
often results. The density tests are normally distributed, while most of the other tests
are not normally distributed. A good correlation also requires both to have the same
distribution functions. Look [5] discuss the issues of assuming a normal PDF for
tested soil and rock materials. Look [7] show how statistically based compaction
quality control requires PDF matching.

Given that paired relationships are unsatisfactory, a different methodology is
required if these instruments are to be used for QA tests. A method of matching
PDFs is proposed to advance the use of the various instruments. Without such an
approach the industry will keep on back checking to the DDR index which provides
the poor correlations which then creates suspicion on the use of modern and more
accurate test equipment. At the same time, research is consistently showing many of
these instruments are superior as QA measurement tools as compared to the density
ratio status quo.

The PDFs for the best fit and normal distributions are compared for the DCP in
Fig. 5. A normal PDF would be an incorrect assumption and using a DCP with a
normality assumption results in a poor QC assessment. The Normal PDF is ranked
No. 11 in goodness of fit tests. The paired matching of the DCP and DDR is shown
in Fig. 6 with an R2 = 0.06 for the best-fit trend line. This poor correlation shows an
increasingDCPvalue resulting in a decreasingDDR,when both should be increasing.

The approach of matching PDFs rather than paired correlations is shown in Fig. 7.
Using the appropriate PDF, the 5%value of both theDCPandDensity ratio are paired.
Then a similar pairing for the 10% value, 25% value, median, and so on. Figure 8
shows the data can now be paired with a high correlation. The same data with a
paired PDF matching approach now results in a strong correlation.

A similar approach is also shown for LFWD tests paired with DDR results.
Figure 9 shows this paired correlation with the “low” LFWD passing values and
the “high” failing values when such an approach is adopted. The low R2 value alone
should discount such an approach. But the persistence of site supervisors to insist on
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Fig. 5 DCP tests with a non-normal PDF

Fig. 6 Paired matching of DDR and DCP with low correlation
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Fig. 7 Matching the dry density ratio and DCP PDFs

Fig. 8 Matched PDFs for DDR and DCP are correlated

a correlation with the density ratio continues to be the impediment of implementation
of superior tests. Modulus values above 100 MPa can “fail” a 100% DDR tests and
values below 30 MPa can “pass” a DDR criterion.

Figure 10 shows the LFWD tests with the best fit PDF as compared with a normal
PDF. The normal PDF was ranked 11 in the goodness of fit test. If a normal PDF was
used, the statistical errors become apparent, as large negative values can now occur
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Fig. 9 Paired matching of DDR and LFWD (Prima) tests

Fig. 10 LFWD (Prima) tests with a non-normal PDF
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at the lower 5% tail. A bounded Weibull PDF would provide the best fit PDF in this
case.

Using the procedure of matching PDFs for the LFWD, the corresponding QA
values are obtained as shown in Fig. 11. The resulting paired fit by this matching
PDFmethod results in an R2 = 0.98. This should be compared with Fig. 9 which had
a trend line with an R2 = 0.07. This is the same data with a transformed analysis.

These results are summarized in Table 4with both the LFWDand theDCP results.
Note that DCP has both a low accuracy and precision as was shown in Table 3 but
is shown here not as progressive tool but for those who rely on this commonly used
measuring tool. This is a material-specific relationship for this test site as different
materials can have different moduli for the same 95% relative compaction [7]. This
material was 60% gravel size with 20% of both sand and fines.

Fig. 11 Matching the dry density ratio and LFWD PDFs

Table 4 In-situ test QA for 2
different tests as obtained by
the method of matching PDFs

DDR (%) LFWD (PRIMA) @
100 kPa (MPa)

DCP Blows
/100 mm

96 15 4

98 30 5

100 60 6

103 160 10

Very high precision Medium precision Low precision

Very low accuracy Medium accuracy Low–medium
accuracy
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7 Conclusions

Current QC tests rely on density testing. Yet because of its widespread usage and
historical success, this now acts as an impediment to the development of alternative
methods of testing. The time lag to complete laboratory evaluation of sampled mate-
rials, provides a bottle neck during construction. Several in-situ devices have been
available to industry for the past 2 decades and have significant benefits. However,
with 2 sets of data, most researchers then use a paired correlation and at high densi-
ties obtain a low regression coefficient with associated uncertainty. This is due to the
low precision of the PLT or LFWD (COV > 50%), while the dry density ratio has
a high precision (COV < 5%), but low accuracy. Both the PLT and LFWD have a
non-normal PDF as compared to the density tests which have a normal PDF.

A statistical method of matching PDFs was shown to provide a reliable approach,
for other testing to be applied for QA assessment without the spurious correlations
that would otherwise occur. This would then result in an improved accuracy of
testing, faster turnaround of results, and is an easier test, that can cross check the
emerging IC technology. However, current lack of standards and lower precision of
these tests introduces other considerations in quality assessment. As a priori there
is an assumption that a valid relationship exists between any two tests at the same
site, on the same material and at a given time of testing. Changes in soil suction and
degree of saturation may affect the result if not time coincident.
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for Infrastructure—The Framework

George K. Chang , Guanghui Xu, Antonio Gomes Correia,
and Soheil Nazarian

Abstract Due to the impact of modern information technology, the construction
of transportation infrastructure has entered the “Intelligent Era.” The conventional
construction technology is also undergoing a paradigm shift. In this paper, the term
“intelligent construction” is defined, and the status quo of global transportation
infrastructure construction with emerging intelligent construction technologies is
summarized. The framework of intelligent construction is presented on all aspects of
the integration of modern information technology and the conventional highway
technologies. The essential elements of intelligent construction include sensing,
analysis, decision-making, and execution. Big data, machine learning, and expert
systemare applied to provide practical technical solutions for intelligent construction.
This paper also elaborates on the process of intelligent decision-making and auto-
feedback machine controls. Finally, the future development of intelligent construc-
tion is laid out. The globally coordinated efforts by the International Society for Intel-
ligent Construction (ISIC) will help the leading development and implementation of
intelligent construction into the future.
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1 Definition of Intelligent Construction for Infrastructure

Definition The term “intelligent construction for infrastructure” has been refer-
enced by the industry and academics for several years without a clear definition.
The following is the definition provided in this paper:

Intelligent construction for infrastructure is a combination of model science and innovative
construction technologies. It includes the applications of intelligent perception/sensing, intel-
ligent computing/analysis, intelligent decision-making, and intelligent feedback controls
to the life-cycle of infrastructure: from the survey, design, construction, operation, and
maintenance/rehabilitation by adapting to changes of environments and minimizing risks.

Introduction Conventional infrastructure construction and intelligent technologies
used to be in different fields. As the technologies advanced rapidly and reacted to
changes in workflows, these two fields are merging into called “intelligent construc-
tion.” In modern days, it is common to see advanced technologies being used at
construction sites, such as Automated Machine Guidance (AMG), Unmanned aerial
vehicles (UAV), etc. Behind the scenes, Building Information Modeling (BIM)
is gradually adopted to manage the life-cycle of infrastructure more efficiently.
However, the real intelligent construction is beyond automation, but inherently
built-in intelligence to “sense, analyze, and assist in decision-making.”

Construction of infrastructure can vary significantly in terms of linear, vertical,
sizes, and associated materials and construction machinery and technologies.
Regarding the quantity, the construction for roadways is the highest. The construc-
tion quality control (QC) for roadways is also relatively more complicated than those
for bridges and tunnels. The key issues with roadway construction are dealing with
the compaction of earth materials and pavement mixture materials that are affected
by the variability of materials types, moisture, and temperatures.

Life-Cycle and Construction Quality Modern days management of infrastructure
often covers the life-cycle of the asset. Construction quality reflects the needs of
subsequent maintenance and rehabilitation (M&R) (Fig. 1). Unfortunately, most
construction projects are often of questionable quality due to a low-bid system that
is widely used.
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Fig. 1 Comparison of life-cycles of systems with varied construction qualities
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Improve QC with Information Technologies To improve the construction of
infrastructure, one cannot merely rely on conventional construction machinery and
technology. One of the critical findings of construction quality studies is that 80% of
premature failure of infrastructure is due to workmanship [1]. Therefore, the industry
starts to invest in technologies other than conventional methods. One dominating
technology that the industry starts to adopt is information technologies. The informa-
tion technologies start with small computer chips, including chips in circuit boards,
then the circuit boards are integrated into construction machinery and manage-
ment systems (Fig. 2). Such an application allows the conventional methods and
machinery with the added capabilities to sense and collect data, analyze data into
information, and utilize the information to make better decisions. Application for the
quality control for the entire construction process (from material production to final
compaction) is gradually adopted by the industry (Fig. 3).

Characteristics of Intelligent Construction Intelligent construction can be consid-
ered integration of conventional construction methods, machinery with modern
information technologies. However, one should remember that automation is not
intelligent construction. True intelligent construction shall consist of four crucial
elements: perception, analysis, decision-making, and execution (Fig. 4). Perception

Chips Circuit boards Computers and machinery

Fig. 2 Information technologies used in computers and construction machinery

Fig. 3 An example of quality control for the entire construction process ( Source Vogele)
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Fig. 4 Fundamental elements of intelligent construction integrated with AI

is not merely to sense and collect data, but to obtain the meaning of the data. Anal-
ysis and decision-making would be an inherent intelligent algorithm with aid from a
certain level of Artificial Intelligence (AI). Finally, execution would involve a certain
level of feedback or auto-feedback systems.

The Framework of Intelligent Construction The framework of intelligent
construction includes intelligent designs, intelligent construction technologies, and
intelligent M&R (Fig. 5).

Step-By-Step Implementation Starting with Intelligent Compaction (IC) The
implementation of such a framework needs to be in a step-by-step process. Based
on the experiences of the authors, the implementation shall start with the intelligent
compaction (IC) that has proven and mature track records of implementation since
the 1970s. IC is an instrumented roller-based system that can measure one hundred

Perception Analysis Decision-
Making

Execution

Design Construction M&R

Intelligent 
Decision-
making

Intelligent 
constuction 

Intelligent 
design

Info Info

Fig. 5 The framework of intelligent construction
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percent coverage of compacted areas. The core of IC is the real-time accelerometer-
based measurement system, Intelligent Compaction Measurement Value (ICMV),
that can be used to monitor the stiffness of the compacted materials during the
compaction process. IC is a proven QC tool and will soon be evolved to be an
acceptance tool. Successful implementation of IC would help the implementation
of other intelligent construction technologies such as feeding as-built layer modulus
data to BIM for pavements [2].

2 Construction Managed by Systematic Methods

The Definition of Systematic Methods It is imperative to use systematic methods
to implement the framework of intelligent construction due to the inherent complex-
ities. There are a variety of systematic methods that utilize mathematical models and
computer programs. However, the definition of systematic methods can be general-
ized as an organic structure of many interacting elements that can be dynamically
adapting to changes of conditions and feedbacks from environments to maintain its
functions and stability. A system may involve in a wave pattern, as exemplified by
the AI system from the 1950s to the current days [3].

The Fundamental Elements of Systematic Methods In the systematic methods
for roadway construction, the fundamental elements are: designs (including roadway
materials and pavement structure), construction (as-built information such as layer
moduli measured by intelligent compaction), analysis (stresses and strains of
the roadway structure under traffic loadings and environmental effects), condi-
tion surveys (including structural and functional testing data), controls (including
restriction of overloaded heavy vehicles).

The Usages of Black Boxes Any system includes inputs, processes, and outputs.
Ideally, a white box or grey box approach can be used if the algorithm of the process
is known (e.g., back-calculation of falling-weight deflectometer data to generate
pavement layer moduli). When the processes of complex systems are often unknown
or too complicated to characterize them into mathematical models, a black box
approach needs to be taken with the aid of AI and machine learning.

The System of Roadway Structures As an example in roadway construction, the
system includes subgrade, subbase, and pavement layers. The inputs to this system
are traffic loadings and effects from moisture and temperatures. The outputs of this
system are the stresses and strains for each pavement layer.

The System of Artificial Intelligence Regarding AI, the core of the system consists
of training data, computing algorithms, etc. thatwill be elaborated on in later sections.

The System of Intelligent Construction Technologies The system of intelligent
construction technologies consists ofmany elements such as personnel, technologies,
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equipment, materials, information, capital, etc. (Fig. 6). It is an extensive, complex,
nonlinear system. The input to this system is the land. The outputs of this system
are infrastructure for all modes of transportation mentioned above. The elements are
multi-disciplinary, interacting, and assembled into an organic structure or system.
As mentioned above, this system consists of three sub-systems: intelligent designs,
intelligent construction, and intelligent M&R.

The Information Technology System for Data Sharing As the system of intel-
ligent construction grows, the increasing complexity makes it only possibly to be
managed by information systems. The core of the system to function is data
sharing. However, the fundamental rules of such an information system still need
to be followed, including hierarchical structure, horizontal/vertical interaction,
compatibility protocols, and an open system.

3 Construction Machine Learning

Computers that Emulate Human Brains Machine learning is one of the core
technologies in intelligent construction. The first generation of such technologies is
the expert system. It is followed by an artificial neural network (ANN) and genetic
algorithm (GA) to emulate human brains that achieve initial but limited success.
Machine learning then leads to another wave of AI revolution in the past few years.

The Essence of Machine Learning The essence of Machine Learning is computer
code enhanced/involved with training data. There are various training: supervised
learning, unsupervised learning, semi-supervised learning, and reinforced learning
that lead to various computing methods. The most recent machine learning method,
reinforced learning, allows the system model to adjust and adapt based on feedback
from the training data.
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Neural Network As an illustration, the conventional linear regression with the least
square technique is a simple method to obtain the rule for the prediction of results
based on a set of experimental data. The same set of data can be used to train a three-
layer neural network to generate a model, not seen externally, for the prediction of
results. The machine learning process involves systems of artificial neurons to react
to the excitation from the training data. The reaction that may be nonlinear from each
neuron is thenweighted and summed. The layers of neurons consist of the input layer,
the hidden layer, and the output layer. The input layer handles the inputs and passes
them on to corresponding neuron units of the hidden layer without any computation.
The hidden layer is the core of the neural network that performs linear (summation
of weighted inputs) or nonlinear (excitation functions) computation. The outputs
are then transmitted from the hidden layer to the corresponding neuron of the output
layer with weights and adjustment. It should be stressed that the weights/adjustments
in the input layer and the output layer are different. Therefore, all three layers form
a coupled nonlinear system. Once the neural network is established, the next step is
to train this system with data to order to decipher the hidden rules that are difficult to
model with conventional mathematical methods. During the training, the weighting
and adjustment are changed with a variety of techniques, such as the loss function,
the steepest-descent method, refreshing the weightings, the slope computation with
backpropagation.

Deep Learning Method Deep learning employs multiple layers with two to ten
hidden layers that use different computation methods than those in a neural network.
Deep learning uses pre-processing of data to reduce the burden of computing in a
later process. Some methods use the Convolutional Neural Networks (CNN) in one
of the hidden layers and the compression (“pooling”) in another hidden layer, also to
reduce the computing efforts in later stages. The applied convolutional integration in
computing is in discrete form for processing two vectors into the third vector. Such
processes include convolutional cores and filtering. However, one should not rule
out other emerging methods such as the congregation category and other statistical
techniques [3] (Fig. 7).

Machine Learning and Construction Though machine learning has been widely
used in many industries, it is just started in construction research and develop-
ment. However, it is anticipated that construction technologies withmachine learning
will emerge in the industry in the near future. An example of such innovation will
include the true intelligent compaction roller that can integrate roller technologies,
the highest-level of Intelligent CompactionMeasurement Value (ICMV) system, and
machine learning (Fig. 8).

4 Entering the Big Data Era

Construction Data and Machine Learning As described above, machine learning
requires a lot of good quality data for training. When applied to construction, it
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cannot be stressed more about the quality construction data (e.g., there was such a
compaction industry product that fail due to lack of quality data in training). Raw
construction data will need cleaning and mining to extract such quality data.

Digitization of Construction Data and Information Modern days intelligent
construction often makes use of sensors and telematics to collect and transmit data
to the Cloud. The issues for data security, integrity, storage, and ownership are
mounting. The construction industry and owns/agencies are at a steep learning curve
to handle and resolve those issues.

Uses of Data The use of data is quality control (QC) for contractors/industry, quality
assurance (QA) for owners/agencies. The line between QC and QA can be murky,
which causes issues such as the intelligent compaction (IC) and paver-mounted
thermal profile (PMTP) data QA required in the US federal highway (FHWA)
requirements for incentives/disincentives of federal-funded construction projects.
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Tools for Data Analysis Software tools for intelligent construction data analysis
are crucial for the success of the implementation. An example of such tools is the
Veta Intelligent Construction Data Management software that is funded by the US
FHWA and transportation pooled fund study, TPF-5(334). The purpose is to create
and maintain a standard public-domain software tool that drives the standardization
for the intelligent construction industry and simplify/facilitates data management
(Fig. 9) [4]. Further information can be found on the IntelligentConstructionClearing
House [2].

5 Integration of Intelligent Technologies

To implement intelligent construction, the most daunting task is the integration of
constructionwith intelligent technologies. The integration takes a tremendous invest-
ment of capital and human resources, training, changes of workflow, institutional
changes as well as collaboration among industry partners. Building Information
Modeling (BIM) is an appropriate concept for such integration to manage the life
cycle of infrastructure assets (Fig. 10). BIM for infrastructure has proven initial
success in European countries, China, and some parts of the US.

Data standards such as Industry Foundation Class (IFC) and LandXML are also
crucial to make BIM work. Visualization is also an integral part of BIM that serves
as a powerful communication tool for all parties. The implementation of BIM is not
trivial. A framework for BIM for Pavements (BFP) has been proposed by the authors
(Fig. 11). This proposed TPF study is to develop BFP guidelines and public-domain
tools to assist departments of transportation (DOTs) for BFP implementation; form
partnership between DOTs and industry to advance BFP technologies; and assist
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Fig. 10 Illustration for BIM for Infrastructure (Courtesy WisDOT)
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Fig. 11 The proposed framework for BIM for Pavements

DOTswith enhancingfinancial effectiveness by improving efficiency and cost-saving
in pavement design, construction, and maintenance with BFP.
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6 Future of Intelligent Construction

To facilitate the future development and implementation of intelligent construction,
the authors have founded the International Society for Intelligent Construction (ISIC)
in 2016 with the vision to create a platform for the globally coordinated efforts to
advance and implement intelligent construction technologies worldwide [5]. One
of ISIC’s primary efforts is to create subcommittees that would lead the future
development of prioritized fields for intelligent construction:

SC1—Perception and Control All technologies related to data acquisition and
controls, including sensing technologies, data collection technologies, e.g., Global
Navigation Satellite System (GNNS), Light Detection and Ranging (LiDAR),
UnmannedAerial Systems (UAS), Internet, monitoring technologies (e.g., materials,
paving, and intelligent compaction), Automated Machine Control (AMC), Auto-
mated Machine Guidance (AMG), and Autonomous Control Machinery (ACM),
etc.

SC2—Data Analysis and Management All technologies related to data analysis
and management, including data science (e.g., Big Data, data communication proto-
cols, and standards), signal analysis, Cloud computing, and digital information
platforms, etc.

SC3—Artificial Intelligence (AI) and Engineering Application ofAI on construc-
tion, including intelligent algorithms/computing and methodologies (e.g., engi-
neering expert systems, neural networks, machine learning, etc.)

SC4—Integration and Innovation Application with fundamental theories and
integrated technologies during design, construction, and rehabilitation/maintenance
stages, e.g., stress analysis, augmented reality technologies (BIM, Virtual Reality
(VR), Augmented Reality (AR), 3D visualization), the interaction between construc-
tion machinery and constructed media, risks forecast/evaluation, management, and
decision-making, etc.

SC5—Green and Safety Conservation of natural resources, environmentally
friendly technologies. Application of automated sensing/safety technologies on
construction and operation, and forewarns of all kinds of disasters and recovery,
etc.

SC6—Education and Training Promotion and popularization of intelligent
construction technologies with education and training, including the development
of teaching materials, and workshops, etc.

The authors anticipate the above efforts would take intelligent construction to the
next levels for technology innovation, education, and implementation in the future.
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Geo-statistical Evaluation
of the Intelligent Compaction
Performance in a Reclaimed Base Project

Maziar Foroutan, Ahmad Ghazanfari, Hamid Ossareh,
and Ehsan Ghazanfari

Abstract One of the main objectives of utilizing intelligent compaction (IC) tech-
nology is to increase the uniformity and consistency of compaction operation. In
this study, intelligent compaction measurement values (CMVs) in a reclaimed base
project in Route 117, Vermont were used to perform a geo-statistical analysis. Semi-
variogram models were constructed to investigate the spatial structure and unifor-
mity of compaction during the first and second reclaimed phases. The uniformity
of the compaction operation was evaluated using the semivariogram model parame-
ters (range, sill, and nugget). Furthermore, the semivariogram models of in-situ spot
measurements were generated to verify the suitability of different types of measure-
ments in capturing the geo-spatial trends in pavement layers. Then, the spatial statis-
tics of each measurement were compared to the univariate statistics. It was found
that the data variance might be closely related to each other, but there is no relation
between these values and the spatial uniformity of the compacted area. The results
indicated that the spatial structures of both compacted layers (i.e., first and second
reclaimed layers) were successfully captured through all three types of measure-
ments, where the second reclaimed phase revealed a higher degree of uniformity. In
addition, geo-statistical analysis of both reclaimed layers revealed a higher degree
of uniformity in dynamic cone penetration index (DCPI) data compared to other
compaction measurements. On the other hand, a relatively high degree of inconsis-
tency observed among the CMV measurements. It should be acknowledged that the
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conclusions of this study are based on data from only one project, specific to the
characteristics/conditions of that project.

Keywords Intelligent compaction (IC) · Geo-statistical analysis · Uniformity of
compaction · Reclaimed base project · In-situ spot measurements

1 Introduction

Compaction is one of themost important operations in pavement construction since it
has significant impact on pavement service life and costs of maintenance and rehabil-
itation [1]. Poor compaction of pavement layers can potentially lead to different types
of distress such as fatigue cracking, rutting, shoving, and raveling [2]. An important
criterion to achieve a desirable compaction quality is the compaction uniformity
[2–4]. In addition, the pavement construction codes and analysis tools are mostly
designed based on a uniform material [5]. Intelligent compaction (IC) is an inno-
vative technology intended to improve the compaction uniformity and consistency
in pavement construction [1, 5]. Using the global positioning system (GPS) and
accelerometers, the IC roller can provide real-time compaction measurement values
(CMVs) that are tied to the physical space [6]. To get a better insight into the IC
roller performance, the uniformity of ICMVs need to be evaluated and compared
with in-situ measurements (e.g., nuclear gauge density, dynamic cone penetration,
core density). It should be emphasized that CMV is considered as Level 1 intelligent
compaction measurement value (ICMV), and therefore, conclusions based on CMV
data should be approached with caution.

Univariate statistics are traditionally implemented to evaluate the degree of unifor-
mity during the compaction process [3]. However, these methods are not able
to capture and evaluate the geo-spatial structure of the compacted layers [7–9].
Geo-statistical analysis is a statistical tool that can describe the spatial/temporal
pattern of the collected data and predict the values at unknown locations based on
the spatial/temporal autocorrelation [10]. Identical univariate statistics do not guar-
antee the same spatial structure; therefore, implementing a geo-statistical analysis is
necessary to evaluate uniformity and spatial continuity of the compacted area [3, 11].

Several studies investigated the spatial patterns of IC data and evaluated the unifor-
mity and spatial continuity of different layers upon completion of IC [3, 4, 7, 8, 12,
13]. However, these studies were not conducted on reclaimed base projects, where
the material exhibit higher degree of non-homogeneity compared to other types of
pavement projects. Given the increase in the number of reclaimed base projects in
recent years, the uniformity of IC measurements and in-situ spot measurements need
to be investigated and compared in reclaimed base projects.

As such, the main objective of this study is to evaluate the uniformity and spatial
continuity of CMVs, nuclear gauge density (NGD), and dynamic cone penetration
(DCP)measurements upon completion of the IC compaction process on two different
reclaim phases. To this end, the semivariogram models were generated to capture
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the geo-spatial structure of the IC data and in-situ spot measurements. Since the spot
measurements involve less uncertainty, the uniformity and spatial continuity of the IC
measurement were compared to the spot measurements. In addition, the geo-spatial
statistics were compared to the univariate statistics in order to verify the ability of
the semivariogram models in evaluating the uniformity of the compaction process.

2 Background and Methodology

2.1 Project Description and In-Situ Measurements

IC technology was implemented in Route 117 Vermont, a reclaimed asphalt pave-
ment (RAP) project. At the initial phase of the project, the existing asphalt layer
was milled to remove 4 inches of the distressed pavement. Then, through the first
reclaiming phase, the remaining amount of asphalt and a portion of the underlying
base were pulverized to the depth of 10 in. Once the first reclaiming phase was
completed, the road was graded, shaped, and then compacted by the CS56B Cater-
pillar IC roller. Then, a 6-inch layer of the emulsion mixed with the reclaimed base
material was injected during the second reclaiming phase (i.e., full depth recla-
mation). Next, the entire road was cut/filled to grade and compact using the IC
rollers in order to achieve the desired level of compaction. The in-situ density/moduli
measurements were performed through the NGD andDCP tests and coordinates (i.e.,
Easting and Northing) of each measurement were manually recorded using a GPS
rover rod. Figure 1 illustrates the reclaiming process, IC roller operation, and in-situ
spot measurements. A geo-statistical analysis was performed on CMV, NGD, and
dynamic cone penetration index (DCPI) data to evaluate and compare the spatial
variability of these compaction measurements during the first and second reclaimed
phases.

2.2 Compaction Measurement Values (CMVs)

In this study, the CMVs from the CS56BCaterpillar IC roller were used for data anal-
ysis. CMV is a dimensionless compaction quality measurement, which is a function
of the roller configuration (e.g., the weight and diameter of roller drum) and roller
parameters such as speed, frequency, and amplitude [3, 4]. The dynamic response
of IC roller is used to determine CMVs [13], where the CMV can be calculated as
below [3, 13]:

CMV = C × A2�

A�

(1)
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Fig. 1 Photographs of a reclaiming, b compacting, c NGD, and d DCP test

where C = Constant (300 in the Caterpillar roller), A� = Acceleration amplitude
of the fundamental component of the vibration, and A2� = Acceleration amplitude
of the second harmonic component of the vibration. IC data analysis has shown
that A2� is proportional to the force amplitude ‘F’ of the roller blows, and A� is
approximately equivalent to the displacement ‘s’ during the blow [14].

2.3 Geo-statistical Analysis

Geo-statistical analysis is a statistical tool, which can be used to assess the uniformity
and spatial continuity of the compacted area [15]. The geo-spatial autocorrelation
between the CMV/NGD/DCPI measurements can be captured using the semivari-
ogrammodels [3, 4]. In other words, semivariogram ismeant to investigate the spatial
patterns where the measurements that are closer in space are more correlated than
the measurement that are farther apart from each other [3, 4, 7, 14]. The semivari-
ance is defined as one-half of the average squared differences between data values
that are separated at a lag distance of h [15]. Once the semivariance is calculated
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Fig. 2 Schematics of a
semivariogram model

for various lag distances, the semivariogram model can be generated by plotting the
semivariance values against different lag distances [16, 17]. Figure 2 demonstrates
the graphical representation of a semivariogram model. The following expression
represents the mathematical formula to determine the estimated semivariance:

γ (h) = 1

2N (h)

N (h)∑

i=1

[
V(α+h) − Vα

]2
(2)

where N (h) the number of data pairs that are separated by lag distance of h from
each other, and Vα and Vα+h are the CMVs/NGD/DCPI measured at location α and
α + h.

There are different mathematical models, such as power, exponential, Gaussian,
and spherical model, that can be used to fit the calculated semivariance values [17].
The mathematical formulations of these models are represented as follows:

Powermodel:ω

[
h

a

]2

(3)

Exponential model:ω

[
1 − exp

(
−3h

a

)]
(4)

Gaussianmodel:ω

[
1 − exp

(
−√

3
h2

a2

)]
(5)

Spherical model:ω

[
3

2

(
h

a

)
− 1

2

(
−h3

a3

)]
(6)

where a is the range,ω is the sill, and h is the lag distance. Initially, the semivariogram
model can be visually selected based on the binned semivariance. For instance, the
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Gaussian model can be fitted when there is an obvious plateau at the beginning of
binned data. The exponential model is usually used when the statistical dependence
of data gradually decays at a sill value. Then, the least square or the weighted least
square methods can be implemented to select the best fitted model. Based on the
schematic of the semivariogram model (see Fig. 2), nugget, range, and sill are three
main parameters that determine the characteristics of a semivariogram model [15].
Range is defined as the distance that the semivariogram reaches a plateau, while
sill can be defined as the plateau that the semivariogram reaches at the range [14].
In other words, range is the maximum distance that the measurements are spatially
autocorrelated, and sill corresponds to semivariance at sill. A larger range value is an
indication of greater degree of uniformity (less spatial variability) [3, 4, 7]. On the
other hand, since the sill value approximately represents the standard deviation of
data, lower sill values represent higher levels of uniformity. Furthermore, sampling
error and very short scale variability may cause some discontinuity from the origin
[3, 4, 7], which is defined as the nugget effect and it is shown as C0 in the schematic.

In this study, the CMVdatawere collected during the compaction operation, while
NGD and DCPI data were collected upon the completion of the compaction process
at first and second reclaim layers. A total of 27 DCP and NG measurements were
performed on a 160 ft section of the road during the first reclaim phase, where 15 in-
situ measurements were performed on a 90 ft. long portion of the road in the course
of second reclaim phase. The location of the data points was recorded using a GPS
rover to perform a geo-statistical analysis. A geo-statistical analysis was performed
on CMV, NDG, and DCPI data (using Rstudio, academic use version) to evaluate the
uniformity and spatial continuity of the compacted area during the first and second
reclaim phases.

3 Results and Discussion

3.1 First Reclaim Phase

The geo-statistical analysis was performed onCMV,NGD, andDCPI data to evaluate
the uniformity and spatial continuity of the compacted area during the first reclaim
phase. The normal score transformation was performed to ensure the scale of all
three datasets are identical. The semivariogram models were generated based on the
original and normal score transformed data (see Figs. 3, 4, 5 and 6). The semivariance
values resulted from CMV, NGD, and DCPI data were binned using the method of
equal number of data points (i.e., 27 data points) in each bin. A comparison between
the original semivariogram and semivariogram after normal score transformation
revealed that the range values remain unchanged after transformation, while the sill
values were close to 1. According to Fig. 3, exponential semivariogrammodels fitted
to the binned semivariance of original and normalized CMV data indicated that the
measurements are autocorrelated to the distance of 48 ft. (i.e., range = 48 ft.), where
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Fig. 3 aOriginal semivariogram and b normalized semivariogram of CMVs during the first reclaim
phase

Fig. 4 a Original semivariogram and b normalized semivariogram of NGD during the first reclaim
phase

Fig. 5 aOriginal semivariogram and b normalized semivariogram of DCPI during the first reclaim
phase
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Fig. 6 a Original semivariogram and b normalized semivariogram of CMVs during the second
reclaim phase

the sill values of the original and normalized semivariogrammodelswere estimated to
be 300 and 1.1, respectively. In other words, there would be no statistical dependence
between the roller CMVs separated by a distance larger than 48 ft. Furthermore,
exponential semivariogram models were fitted to the binned semivariance values
resulted from geo-spatial analysis of original and normalized NGD data. As evident
from Fig. 4, no spatial autocorrelation exists at lag distances larger than 45 ft., and
the corresponding sill values for the original and normalized semivariogram were
~11 and ~1.05, respectively. In this case, the spatial trend of NGD data revealed
that there is a potential for this data to get autocorrelated at a larger lag distance
since an increasing trend is observed in the model. The Gaussian semivariogram
model fitted to DCPI data is illustrated in Fig. 5, where an identical range value
of 55 and sill values of 8 and 1.25 were resulted from original and normalized
semivariograms, respectively. Table 1 represents the spatial and univariate statistics
of different compaction measurements on the first reclaim phase.

Table 1 Summary of spatial and univariate statistics

Compaction
data

Spatial statistics Univariate statistic

Original Normalized μ (Mean) σ (Std.
deviation)Nugget Range Sill Nugget Range Sill

CMV 5 48 300 0.1 48 1.1 43.8 15.6

NGD 3 45 11 0.5 45 1.05 134.3 3.3

DCP 0 55 8 0.2 55 1.25 6.7 2.2
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3.2 Second Reclaim Phase

In order to investigate the uniformity and consistency of the compaction operation
during the second reclaim phase, a geo-spatial analysis was performed on the original
and normal score transformed CMV, NGD, and DCP data collected at this phase (see
Figs. 6, 7, and 8). The semivariance values were grouped into the bins with a fixed
size of 3 ft. The semivariogram range values were identical before and after transfor-
mation, while the sill values were in the range of 1.55–2.7. Figure 6a, b indicate the
semivariogram plots of original and normalized CMV data, where Gaussian models
are fitted to the semivariance values. As can be seen, no spatial autocorrelation exists
after the lag distance of 68 ft, where the corresponding sill values are ~190 and ~2.2
for the original and normalized semivariograms. According to Fig. 7, Gaussian semi-
variogram models fitted to original and normal score transformed semivariance of

Fig. 7 a Original semivariogram and b normalized semivariogram of NGD during the second
reclaim phase

Fig. 8 a Original semivariogram and b normalized semivariogram of DCPI during the second
reclaim phase
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Table 2 Summary of spatial and univariate statistics

Compaction
data

Spatial statistics Univariate statistic

Original Normalized μ (Mean) σ (Std.
deviation)Nugget Range Sill Nugget Range Sill

CMV 2 68 190 0.1 68 2.20 43.8 15.6

NGD 0 52 15 0.08 52 1.55 134.3 3.3

DCP 0 83 1.4 0.18 83 2.70 6.7 2.2

NGD measurements are spatially autocorrelated at 52 ft., while the sill values were
1 and 1.55, respectively. In addition, the semivariogram models for DCPIs (Fig. 8)
resulted in the highest autocorrelation distance, where the range value was 83 ft., and
the sill values for the original and normalized semivariogram models were approx-
imately 1.4 and 2.7, respectively. Table 2 represents the summary of the univariate
and spatial statistics of each compaction measurement.

3.3 Discussion

Geo-statistical analysis of roller measurements and in-situ measurements (i.e., NGD
and DCPI) was performed on the data collected through both reclaim phases.
According to the resulting semivariogrammodels, the spatial trend of the compacted
area was captured using all three types of measurements. Although the data collec-
tion area in the second reclaim phase was smaller than that of the first reclaim phase,
the semivariogram models indicated that the range values resulted from the second
reclaim phase data were systematically higher than those from the first reclaim phase.
This can be an indication of higher degree of uniformity and spatial continuity of
the second reclaim phase. Although it is difficult to interpret the sill values upon
data transformation, since this parameter is affected by standard deviation, the orig-
inal sill values were lower during the second reclaim phase. In addition, a further
investigation of the spatial variability of different compaction measurement methods
revealed that therewas higher degree of uniformity and consistency among theDCPI,
which is reflected in relatively higher range value in both reclaim phases. However, it
should be noted that the lower sampling rate associated with the spot measurements
data might result in missing a range smaller than the sampling rate. Although the
range values are significantly higher than sampling intervals, increasing the sampling
rate during spot measurements can enhance the reliability of this comparison. The
higher level of uniformity and consistency of DCPI data compared to NGD values
revealed that DCPI data could be a more reliable option for calibrating the IC roller
measurements in this project. This result is consistent with [18] where the regression
model constructed using CMVs and DCPI data showed the highest regression value
in this project.
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The CMV data revealed a high degree of non-uniformity and inconsistency which
is reflected in large sill values (sill = 300 and 190) suggested by the semivariogram
models. This observed inconsistency among the IC measurements can be attributed
to the non-homogeneity of the compacted material or changing the roller parameters
(e.g., frequency and amplitude) during the compaction operation [18, 19], as was the
case in this study. A similar study in the literature, where the spatial structure of the
CMV data on a 130 ft. base layer was investigated, reported a range value of 62.3 ft
and a sill value of 947.3 [3]. A comparison between the results presented in [3] and
our study suggests that the range value is similar, but there is significant discrepancy
in the sill value. This indicates that compared to [3], the level of inconsistency of
roller measurements in the current project was less. According to [8], the results of
the geo-statistical analysis of the CMV data collected on 800 ft. section of a road
base layer resulted in a range value of 13.1 ft. and a sill value of 51.5. The range value
reported in [8] is much smaller than those in [3] and the current study. In addition, a
comparisonbetween the univariate statistics and spatial statistics revealed that usually
the changes in the variance of data proportionally changes the sill parameter of the
semivariogram models, but the spatial variability of the measurements cannot be
correlated to the univariate statistics. Other studies also have shown that the variance
and sill parameter are closely related to each other [3, 4, 8]. It should be noted that
the authors are currently collecting and analyzing data from similar IC projects to
compare the results and provide comparative analysis.

4 Conclusion

Based on the results of this study, the following conclusions can be drawn:

• The spatial structure of the compacted area (during both reclaim phases) was
successfully captured through different compaction qualitymeasurement schemes
(IC measurements and spot measurements).

• The range values are systematically higher during the second reclaim phase that
can be inferred as higher degree of uniformity and continuity.

• The semivariogram models revealed that the DCPI data has the highest range
values that can be inferred as a high degree of uniformity thorough the compacted
area. It should be considered that this conclusion can be affected by increasing
the sampling rate during DCP measurements.

• The standard deviation can be an indication of the degree of non-uniformity and
inconsistency of the collected data, but it is not able to explain the differences
between the spatial structure of the compacted area.

• The higher degree of inconsistency in IC roller measurements can be attributed to
non-homogeneity of the underlain layers and variations in some of the compaction
parameters, such as frequency and amplitude during the compaction process.

• It should be acknowledged that these conclusions are based on data from only
one project and therefore cannot be generalized for all IC projects.
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CCC Systems for Vibratory
and Oscillatory Rollers in Theoretical
and Experimental Comparison

Johannes Pistrol , Mario Hager, and Dietmar Adam

Abstract Intelligent Compaction (IC) and Continuous Compaction Control (CCC)
systems have seen major developments in recent years. The Institute of Geotechnics
of TUWien investigated establishedCCC systems for vibratory rollers and developed
a novel system for work-integrated compaction control with oscillatory rollers. The
various CCC systems in the market yield to numerous measurement levels and units
with each manufacturer pursuing their own system. This has become a great chal-
lenge for contractors and authorities and resulted in a demand for a single measure
to be able to combine and compare results from different rollers. The theoretical
basis and differences of common CCC systems for vibratory and oscillatory rollers
are explained in the paper. Moreover, experimental field tests have been performed
with a tandem roller with vibratory and oscillatory excitation. Five different CCC
values—CMV, Omega, Evib, kB and CCC for oscillatory rollers—were evaluated
based on acceleration measurements. The results of the theoretical and experimental
investigations are presented and compared to create a better understanding of why
results of different CCC systems or rollers cannot simply be converted into each
other.

Keywords CCC · IC · Intelligent compaction · Roller compaction

1 Introduction

Dynamic rollers for near-surface compaction are used for awide range of engineering
structures. The quality of earthwork strongly depends on the state of compaction of
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the individual layers. Therefore, both the compaction equipment and the compaction
method have to be carefully selected taking into account the material used. The layer
thickness must be selected taking into account material properties such as grain size
distribution, maximum grain size and degree of non-uniformity, water content and
water permeability, roller type and machine parameters.

The concept of vibration excitation for drumswas implemented for the first time in
1958 [1] and, together with its further developments such as rollers with directional
vibration and feedback-controlled rollers, has become the most common form of
excitation for dynamic drums in earthworks. The main advantage of vibratory rollers
over static rollers is their significantly higher vertical load due to dynamic excitation,
which results in a better compaction depth.

A second type of dynamically excited drums are oscillating drums. The Swedish
companyGeodynamikABdeveloped the principle of oscillatory roller compaction at
the beginning of the 1980s [2]. The dominant compaction direction of the oscillating
rollers (horizontal) results in a lower compaction depth compared to vibratory rollers
of the same size and weight. This has to be taken into account on site by reducing
the thickness of the filled layers.

Systems for a Continuous Compaction Control (CCC) were developed for both
types of excitation.While various systems for vibratory rollers have been used during
the last decades, only one CCC system has recently been developed for oscillatory
rollers.

2 Overview of CCC Systems and Previous Investigations

2.1 CCC with Vibratory Rollers

In 1975 the companyGeodynamikABdeveloped a roller-mounted compactionmeter
in cooperation with Lars Forssblad (of Dynapac) and introduced the compaction
meter and the compactionmeter value (CMV) in 1978. TheCMV is described inmore
detail below. The newmethod was presented at the First International Conference on
Compaction held in Paris, France, in 1980 [3, 4]. Many of the roller manufacturers,
e.g., Caterpillar, Ingersoll Rand, subsequently adopted the Geodynamik CMV-based
system.

In the late 1980s, Bomag developed the OMEGA value and the corre-
sponding Terrameter system. The OMEGA value provided a continuous measure
of compaction energy and at that time, it served as the only CCC alternative to CMV.
In the late 1990s, Bomag then developed themeasurement valueEvib, which provided
a measure of dynamic soil modulus (e.g. [5]). Ammann followed suit with the devel-
opment of the soil stiffness parameter kB [6]. These latter Evib and kB parameters
signaled an important evolution towards the measurement of more mechanistic soil
properties, e.g. soil stiffness and deformation modulus.
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Compactometer (CMV/RMV) The Compactometer was the first commercially
used system for continuous compaction control with vibratory rollers and is still
used by the manufacturers such as Caterpillar, Dynapac, HAMM and Volvo.

The acceleration sensor (named A-Sensor) measures the vertical accelerations on
an undamped part (e.g. the bearing) of the vibratory drum. Early research showed
that various indices incorporating drum acceleration amplitude and the amplitude of
its harmonics (i.e., multiples of the operating frequency) can be correlated to soil
compaction and underlying stiffness [4]. From this early research, the compaction
meter value (CMV) was proposed [3] and is computed as:

CMV = C1
A2ω

Aω

(1)

where Aω is the amplitude of vertical drum acceleration at the fundamental (oper-
ating) frequency ω and A2ω is the drum acceleration amplitude of the first harmonic,
i.e., twice the eccentric excitation frequency. C1 is a constant established during site
calibration (C1= 300 is often used). The ratio of A2ω/Aω is ameasure of nonlinearity.

CMV is determined by performing spectral analysis of the measured vertical
drum acceleration over two cycles of vibration. The reported CMV is the average of
a number of two-cycle calculations. Geodynamik typically averages the values over
0.5 s; however, this can be modified to meet the manufacturer needs.

A sister parameter called the resonance meter value (RMV) is defined as:

RMV = 100
A0.5ω

Aω

(2)

where A0.5ω is a subharmonic acceleration amplitude caused by jumping, i.e., the
drum skips every other cycle. Therefore, the name of the parameter is misleading
since no resonance effects but operation mode “Double-Jump” is causing the subhar-
monic acceleration amplitude. The RMV is used to indicate whether the roller is
double-jump motion.

Terrameter (OMEGA and Evib) The Terrameter system of Bomag also measures
the accelerations in the bearing of the drum. The system uses two accelerometers,
mounted with an inclination of 45° relative to the horizontal plane and arranged
orthogonally to each other.

The Terrameter analyses the equilibrium of forces on the drum in vertical direc-
tion to calculate the soil contact force Fb from the vertical drum acceleration z̈
under consideration of the static force Fstat and the excitation force Ferr (see Fig. 1).
The vertical displacements z can be obtained from a two times integration of the
acceleration signal. Displacements z and soil contact force Fb can be used to plot a
force-displacement diagram for each period of excitation (see Fig. 2).

The OMEGA value was the first CCC value of the Terrameter. It is defined as the
area under the force-displacement diagram for two consecutive periods of excitation
TE to minimize the influence of the operation mode Double Jump:
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Fig. 1 Equilibrium of
vertical forces for the
calculation of Fb

Fig. 2 Force–displacement
diagram of the drum for the
calculation of OMEGA and
Evib

OMEGA = C3

∮

2TE

Fbzdt (3)

Factor C3 [1/Nm] is a roller-dependent factor to make OMEGA a dimensionless
value ranging from 0 and 1000. OMEGA is proportional to the energy transmitted
into the soil.

In 1999 Bomag introduced the Evib, which replaces the OMEGA value and is
currently used with the Terrameter system. In contrast to OMEGA the vibration
modulus Evib [MN/m2] is not a dimensionless value but a physically interpretable
measure, which describes a soil stiffness by analyzing the inclination of the force-
displacement curve between two defined points (40% and 90% of the maximum
contact force). The Evib is calculated recursively using a Poisson’s ratio of ν = 0.25:

�Fb

�z
= Evib2b0π

2
(
1− υ2

)
(2.14+ 0.5 ln CE)

(4)

with
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CE = Evib(2b0)
3π

16
(
1− υ2

)
(m + mU + mR)gr

(5)

where r and b0 are the radius and the half width of the drum and m, mU and mR

denote the mass of the drum, the eccentric mass and the mass of the roller frame
respectively. Bomag seems to use adapted versions of these equations in the field.

Moreover, Dynapac uses a modified version of the Evib, which is determined
during the unloading phase of the load-displacement curve and called Evib 2 [7].

Ammann Compaction Expert (kB) The ACE® system (Ammann Compaction
Expert) was developed for feedback-controlled rollers by the Ammann Group.
It calculates the CCC value kB in the time domain based on a force–displace-
ment diagram. The soil stiffness parameter kB with the unit MN/m is a physically
interpretable parameter, such as the vibration modulus Evib.

The ACE system uses two different equations for the calculation of kB depending
on the mode of operation. For continuous contact the kB value can be calculated as

kB = ω2

[
(m + mU)

(mUeUVario) cosϕ

A(z)

]
(6)

where A(z) is the amplitude of the displacement and ϕ is the angle of phase shift
between excitation force and displacement. The dimensionless factor Vario is used
for a reduction of the dynamic excitation. In case of a periodic loss of contact, kB
is calculated using the contact force at the change from loading to unloading phase
(Fb(ż=0)) and the corresponding amplitude of the drum displacement A(z):

kB = Fb(ż=0) − (m + mU + mR)g

A(z)
(7)

2.2 CCC with Oscillatory Rollers

While various CCC systems for vibratory rollers are available only one CCC system
for oscillatory rollers has been developed in the past; the Oszillometer of the Swedish
company Geodynamik AB.

Novel CCC System for Oscillatory Rollers A research cooperation of the German
roller manufacturer HAMM AG and the TU Wien developed a novel CCC system
for oscillatory rollers [8]. The accelerations in horizontal and vertical direction are
measured in the bearing of the oscillating drum. The measured accelerations can be
plotted in a diagram with horizontal accelerations on the abscissa and vertical accel-
erations on the ordinate for each period of excitation. This diagram typically shows a
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Fig. 3 Digital acceleration
data for one period of
excitation sorted and
connected in chronological
order [9]

Fig. 4 Digital acceleration
data for one period of
excitation sorted and
connected according to the
increasing horizontal
acceleration
(zig-zag-pattern), and upper
and lower envelopes [9]

recumbent eight-shape of accelerations. Experimental and theoretical investigations
proved a correlation between the aforementioned shape and the stiffness of the soil.

Each sampling point of the acceleration measurements is defined by a horizontal
(ẍM) and a vertical acceleration (z̈M) (see Fig. 3). For the calculation of theCCCvalue,
all sampling points are sorted and connected according to the increasing horizontal
component, which results in a zig-zag-pattern in the diagram. Furthermore, the upper
and lower envelope is calculated by identifying and connecting local maximum and
minimum points of the zig-zag-pattern (see Fig. 4). The area of the eight-shape can
be assessed by calculating the area between the upper and the lower envelope by
trapezoidal integration. The calculated area equals the CCC value for oscillating
rollers and adopts the theoretical unit of m2/s4.

2.3 Results from Previous Investigations

Adam and Kopf [12] performed numerical studies on CCC values for vibratory
rollers. They investigated the influence of the roller’s mode of operation—as a result
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of the soil stiffness and the relative drum amplitude—on the CCC values CMV,
OMEGA, Evib and kB. Selected results from this study are depicted in Fig. 5.

CMV and OMEGA drop down considerably when passing to “Double-Jump”
mode and show a significant dependency on the drum amplitude. OMEGA is closely
related to the energy transferred to the ground, which explains the strong link to the
drum amplitude.

Evib and kB are less influenced by the modes of operation and show a minor
dependency on the drum amplitude as expected due to their definition as stiffness
values.

Nevertheless, a perfect independency of machine parameters cannot be achieved.
Since the level and the course of all CCC values depend on the roller parameters
they have to be adjusted and need to be kept constant for the entire measurement
procedure.

Fig. 5 Influence of modes of operation on CCC values [12]
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3 Experimental Field Tests on CCC Performance

Large-scale in situ tests were performed in the scope of the aforementioned research
project to investigate the performance of various CCC systems based on acceleration
measurements obtained from a tandem roller.

3.1 Compaction Device

A tandem roller HAMM HD+ 90 VO [10] was used as copaction device. The roller
comprises a total mass of 9830 kg and two drums of roughly 1900 kg vibrating mass
each. The typical travel speed during compaction is 4 km/h for this type of roller
and was used throughout the majority of the tests. The roller is equipped with a
HCQ processing unit – similar to a Compactometer—, which calculates the HMV
(basically the CMV/RMV) value for vibratory test runs.

Depending on the rotational direction of the eccentric masses the vibratory drum
at the front of the roller operates with a vertical amplitude of 0.34 mm or 0.62 mm
respectively. For the smaller amplitude, a frequency of 50 Hz was used most of the
time while 40 Hz was the standard frequency for vibratory compaction with the large
amplitude.

The oscillatory drum is mounted on the rear of the HD+ 90 VO roller. It uses a
tangential amplitude of 1.44 mm and a typical excitation frequency of f = 39 Hz.
However, the roller for the experimental field tests was modified to be able to use
frequencies from f = 20 Hz up to f = 70 Hz.

3.2 Test Layout and Measuring Equipment

A test areawas prepared and equipped in a gravel pit nearVienna for the experimental
field tests. The test area comprised four parallel test lanes of loose sandy gravel (to
be compacted) with a length of 40 m and two layers of 0.4 m and 0.3 m thickness
(see Fig. 6). The test field was filled on the highly compacted surface of the gravel
pit. The four test lanes were intended for static, oscillatory, vibratory, and combined
oscillatory and vibratory compaction. Two ramps at the beginning and at the end of
the test lanes served for roller handling, speeding up and down the roller as well as
lane changes. A fifth test lane was prepared on the highly compacted ground of the
gravel pit.

The test field was equipped with tri-axial accelerometers, a deformation-
measuring-device and an earth pressure cell to evaluate the impact of the roller on
the soil and the surrounding area. The majority of the results of these measurements
is not discussed in this paper, but can be found in literature [8, 9, 11].
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Fig. 6 Test layout of the experimental field tests [8]
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Four conventional mattresses were buried under test lane 2 to simulate non-
compacted weak spots in the test field and to investigate the influence of these weak
spots on CCC values. Two mattresses were placed on the highly compacted ground
of the gravel pit before filling the first layer. Weak spot No. 1 was therefore buried
in a depth of 0.25 m after filling the first layer and a depth of 0.55 m after filling
the second layer. Weak spot No. 2 was prepared by placing two mattresses on top of
the first layer after finishing all tests on the first layer. After filling the second layer,
weak spot No. 2 was located in a depth of 0.15 m below ground level (see Fig. 6).

The oscillatory drum of the roller was equipped with four accelerometers with a
sensitivity of±10 g and the vibratory drum with accelerometers with a sensitivity of
±30 g. The accelerometers were mounted on the left- and the right-hand side on the
bearing of the drum to measure the accelerations in horizontal and vertical direction
on the undamped part. The positive direction of the horizontal accelerations ẍ was
defined in the direction of roller travel; the positive vertical accelerations z̈ pointed
downwards (see Fig. 6). The accelerometer signals and all other measurement data
were recorded with a sampling rate of 1000 Hz.

4 Results from Experimental Field Tests

In the following, the results of the calculated CCC values for oscillatory rollers are
compared to themeasured and calculatedCCCvalues for vibratory rollers for selected
test runs on layer 2 of lane 2 of the test field. The CCC values for the oscillatory
roller and the CCC values for vibratory rollers cannot be calculated on the basis of
measurement data of one single test run.

The simultaneous excitation of oscillatory and vibratory drum causes additional
accelerations in the bearings of each drum, which interfere with the calculation of
CCC values.

Therefore, the excitation has to be limited on one type of excitation for each CCC
test run. For the comparison of vibratory and oscillatory CCC values, measurement
data of two consecutive test runs on the highly compacted second layer of lane 2
of the test field is used. During these passes, no increase in compaction was to be
expected, so that an influence on the CCC values by the changing stiffness ratios
between the passes can be largely ruled out.

Figure 7 compares the CCC value for oscillatory rollers with all the CCC values
established on themarket for vibratory rollers. The oscillatory test runwas performed
with the standard parameters f = 39 Hz and v= 4 km/h, while all CCC values of the
vibratory excitation were determined on the basis of a test run with a small vibration
amplitude of 0.34 mm, an operating frequency of f = 50 Hz and a travelling speed
of v = 4 km/h. The Evib and kB values were determined for two excitation periods
each, with a mean average smoothing over 30 individual values being used for the
representation in Fig. 7. In addition, all CCC curves were divided by their mean
value, as otherwise no comparison would be possible due to the different units and
measurement levels of the CCC systems.
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Fig. 7 Course of popular CCC values for vibratory rollers and a novel CCC value for oscillatory
rollers on the compacted layer 2 of the test field. Oscillation: f = 39 Hz, v = 4 km/h. Vibration:
small amplitude, f = 50 Hz, v = 4 km/h

The calculated CMVger value and themeasuredHMVgem value of the pre-installed
Compactometer system is based on the same algorithm and clearly shows the influ-
enceof the twoweak spots, similar to theCCCvalue for oscillatory rollers (FDVK-O).
In particular, the unprocessed CMVger value is subject to pronounced scatter in the
homogeneous areas of the test field, which reduces its significance. The roller inte-
grated Compactometer obviously smoothes the HMVgem value, which yields to more
“stable” results. The online calculation of HMVgem is based on a data evaluation in
the frequency domain and therefore, performed piecewise which results in a time lag
compared to CMVger.

The first CCC value of the Terrameter system, the OMEGA value, provides very
constant results in the homogeneous areas of the test field, but the two weak spots
show a much smaller influence on the size of this value. As already emphasized by
Hager in [13], the Evib value of the Terrameter and the kB value of the ACE system
is the most advanced CCC values for vibratory rollers and are classified as Level
3 measures in the US FHWA Intelligent Compaction Measurement Value (ICMV)
road map document, while CMV and OMEGA are considered Level 1 and Level 2,
respectively.

Figure 8 compares the course of the CCC value for oscillatory rollers of the
previously considered test run with the CCC values for vibratory rollers of a test
run with a large vibration amplitude of 0.62 mm, an excitation frequency of f =
40 Hz and a travel speed of v = 4 km/h. The statements previously made about
the compaction parameters OMEGA, Evib and kB remain valid, even when the large
vibration amplitude is used. The CCC values CMVger andHMVgem determined in the
frequency domain, on the other hand, show an influence by the increased amplitude
of the excitation in the form of pronounced scatter and the underestimation of the
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Fig. 8 Course of popular CCC values for vibratory rollers and a novel CCC value for oscillatory
rollers on the compacted layer 2 of the test field. Oscillation: f = 39 Hz, v = 4 km/h. Vibration:
large amplitude, f = 40 Hz, v = 4 km/h

stiffness above the weak spots. Due to the large vibration amplitude, the vibratory
drum approaches the mode of operation “Double Jump”, to which the frequency-
based CCC values react sensitively. This shows a great strength of the CCC value
for oscillatory rollers which is, due to its definition, independent of the mode of
operation of the oscillatory drum.

However, it should be noted in the comparison that the measuring depths of
the CCC system for oscillatory rollers and the CCC systems for vibratory rollers
differ significantly. While oscillatory rollers primarily compact the soil by dynamic
horizontal forces, the vibratory roller achieves not only a greater depth effect but
also a greater measuring depth due to the predominantly vertically directed dynamic
excitation.

5 Conclusions

The theoretical background of four commonly used CCC values for vibratory rollers
(CMV, OMEGA, Evib, and kB) and a novel CCC value for oscillatory rollers has
been explained and results from previous investigations have been reviewed briefly.
Experimental field tests have been performed to evaluate the CCC values based on
acceleration measurements on a tandem roller with a vibratory and an oscillatory
drum. The presented results demonstrate that all investigated CCC values are able to
map the stiffness conditions of the soil and to detect weak spots with accuracy.

It has been confirmed that the mode of operation of a vibratory drum has a signif-
icant influence on most CCC values for vibratory rollers, especially on CMV and
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OMEGA. The differences in the depth effect and the resulting reduced measuring
depth have to be considered for CCC with oscillatory rollers. The results from the
conducted field tests show that various CCC values cannot simply be converted into
each other due to the great differences in the theoretical background (and the resulting
Levels of ICMV) of CCC algorithms, even if all CCC values are determined on the
basis of acceleration measurements on one and the same roller.
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Numerical Assessment of Impacts
of Vibrating Roller Characteristics
on Acceleration Response of Drum Used
for Intelligent Compaction

Zhengheng Xu , Hadi Khabbaz , Behzad Fatahi , Jeffrey Lee ,
and Sangharsha Bhandari

Abstract Intelligent compaction (IC) is an emerging technology for efficient and
optimized ground compaction. IC combines the roller-integrated measurements with
the Global Positioning System (GPS), which performs the real-time quality control
and assurance during the compaction work. Indeed, IC technology is proven to be
capable of providing a detailed control system for compaction process with real-
time feedback and adjustment on full-area of compaction. Although roller manufac-
turers offer typical recommended settings for rollers in various soils, there are still
some areas needing further improvement, particularly on the selection of vibration
frequency and amplitude of the roller in soils experiencing significant nonlinearity
and plasticity during compaction. In this paper, the interaction between the road
subgrade and the vibrating roller is simulated, using the three-dimensional finite
elementmethod capturing the dynamic responses of the soil and the roller. The devel-
oped numerical model is able to simulate the nonlinear behavior of soil subjected to
dynamic loading, particularly variations of soil stiffness and damping with the cyclic
shear strain induced by the applied load. In this study, the dynamic load of the roller
is explicitly applied to the simulated cylindrical roller drum. Besides, the impact of
the frequency and amplitude on the level of subgrade compaction is discussed based
on the detailed numerical analysis. The adopted constitutive model allows to assess
the progressive settlement of ground subjected to cyclic loading. The results based on
the numerical modeling reveal that the roller vibration characteristics can impact the
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influence depth as well as the level of soil compaction and its variations with depth.
The results of this study can be used as a potential guidance by practicing engineers
and construction teams on selecting the best choice of roller vibration frequency and
amplitude to achieve high-quality compaction.

Keywords Intelligent compaction · Finite element modeling · Vibrating roller
compactor · Acceleration response

1 Introduction

Continuous compaction control (CCC) is an emerging and appealing technology
because it provides continuous assessment of soil stiffness since the technology first
began in over 40 years ago. Nowadays, roller-integrated monitoring, in conjunc-
tion with the Global Positioning System (GPS) signal incorporated within the CCC
vibratory roller, performs the real-time quality control. Moreover, the integration
of measurement values with the roller operation allows “intelligent compaction”
wherein the roller’s excitation force can be automatically adjusted based on the real-
time feedback to achieve themost efficient compaction effort. Intelligent compaction
(IC) technology can be utilized to achieve a more endurable performance and a more
uniform compaction [1].

Several intelligent compaction measurement values (ICMVs) are used in prac-
tice to reflect the compaction quality, such as compaction meter value (CMV),
compaction control value (CCV), vibrationmodulus (EVIB) andmodulus of subgrade
reaction or soil stiffness (ks). The mechanistic measurements derived from IC roller
allow practicing engineers and construction teams to evaluate the quality of the
compacted ground; hence, a thorough understanding of qualitative control of the
soil–drum system is of prime importance. Historically, in the development stage
of roller-integrated soil compaction, a dimensionless parameter, CMV, was heuris-
tically measured based on the correlation between the underlying layer stiffness
and soil density via harmonic signal [2]. CMV is influenced by the roller opera-
tion parameters and the roller dimensions [3–5]. In addition, the CCV of vibratory
roller as an extension of CMV, together with recording soil temperature and sub-
harmonic content of the drum acceleration, could allow the measurement of the
compaction level of the asphalt [1, 6]. More recently, BOMAG has developed a
vibratory modulus (EVIB) value based on Lundeberg’s theory and one-degree-of-
freedom lumped parameter theory [7–10]. Furthermore, a composite nature of soil
stiffness (ks) of underlying layers has been interpreted from the drum response and
the excitation force, considering a rigid cylinder on the elastic half-space theory
[7, 8, 11–13].

Indeed, the soil stiffness is strongly correlated to the loading conditions or strain
levels, and there is an increasing emphasis on investigation of soil stiffness in the field
based on the roller response [14]. Therefore, the majority of experimental studies
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have been conducted to assess the correlation between soil stiffness and roller charac-
teristics, such as the drum frequency and amplitude [11, 13, 14]. However, referring
to some recent studies, the interaction between compacted soil and drum reveals a
notable nonlinearity [12–15].

The measured soil stiffness reflects on the composite response of layered strata
[12] and further analysis would be required to obtain characteristics of each newly
compacted layer. The assumption of added masses for the simulation of the soil has
been generally adopted in many lumped parameter models; thus, those models are
unable to explicitly portray the decoupling behavior of soil–drum system because
of overly simplified nature of simulations of inertial and dissipative properties for
the soil modeling [13]. Thus, a discretized computational numerical model can be
recommended to capture the complex soil–drum interaction behavior, while it can
simulate the nonlinear behavior of the soil subjected to cyclic loading.

To better understand the response of the soil underneath the roller, developing
a representative model to study the sophisticated interaction between the layered
soil and the vibratory drum is necessary. Thus, in this study a three-dimensional
finite element model is utilized to investigate the dynamic responses of soil–drum
system. The key motivation for the paper is to assess the feasibility of the proposed
numerical model and reveal the impacts of the roller vibration characteristics on
the soil response via the numerical simulation. While many previous studies had
investigated the roller response when full compaction state in the soil was reached,
in this study the roller response when the soil is being compacted from weak state
to stronger state is simulated. Moreover, the cyclic load is explicitly applied on
the simulated cylindrical roller drum; and the roller properties are varied in terms
of excitation frequency, amplitude and weight to assess the impacts on the level
of subgrade compaction. These simulation results can be indicators for practicing
engineers and construction teams to select optimized roller parameters and obtain
a better understanding of intelligent compaction readings to achieve a high-quality
soil compaction. It should be noted that detailed field experiments would help to
further assess the suitability of the established numerical model for interpretation of
intelligent compaction measurements.

2 Development of a Finite Element Model for Simulating
Soil–Drum Interaction

2.1 Roller Characteristics

In this study, a typical rigid smooth drum was modeled with length and diameter
of 2.1 m and 1.5 m, respectively. Referring to Fig. 1, a single drum roller typically
adopted for soil compaction, together with a counter-rotating eccentric masses to
provide directional eccentric force amplitude (Fev =m0e0�2). The resultant eccentric
mass moment (m0e0) was set between 1 and 5 kg m. In addition, the employed
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Fig. 1 A free body diagram
of 1-DOF lumped mass
model of vibratory roller
compactor

Table 1 Operational
parameters of vibratory roller

Parameter Value Unit

Length of drum 2.1 m

Diameter of drum 1.5 m

Mass of frame 2534 kg

Mass of drum 4466 kg

Eccentric mass moment inducing vibration 1.0–5.0 kg m

Vibration excitation frequency 25–35 Hz

Note Data from Kenneally et al. [13]

excitation frequency ranged from 25 to 35 Hz. Details of the roller properties are
summarized in Table 1. The vibratory roller had a total weight of 7000 kg, which
was used as the total weight of the simulated drum in this study.

As shown in Fig. 1, a single-degree-of-freedom (SDOF) roller was employed
to analyze the intersection between soil and drum, while other parts of the roller
including the frame, cabin and back tire were not simulated explicitly. The drum is
isolated from the machine frame via low stiffness rubber, and thus, the influence of
the frame is rather small, explaining why the frame inertia (i.e., z̈ f ) is commonly
neglected [10, 11, 13, 14]. The externally applied load on the soil could lead to
the dissipation of excess pore pressures, resulting in a soil consolidation [16]. It
should be noted that the magnitude of the vibration force is not equivalent to the
effective compaction force [17]. In addition, to acquire the effective compaction
force, a more complex soil–drum modeling is required. However, to validate the soil
response adopting HS-Small model utilized in this study, the roller behavior was
simplified. The drum–soil contact force is determined from simple force equilibrium
(Fig. 1, Eq. (1)). The full contact conditions between soil and drumwere continuously
maintained.

Fc = m0e0�
2 cos(�t + ϕ) + mdg + mfg − md z̈d − mf z̈f (1)
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where zd, żd, z̈d are the displacement, velocity and acceleration of vibratory roller
drum, andFc,m0e0,�,md,mf, are the soil reaction force, the eccentricmassmoment,
the frequency of operating roller, the mass of the drum, the mass of the frame,
respectively; ϕ is the phase lag between the excitation force

(
m0e0�2 cos(�t)

)
and

the drum displacement; z̈f is the acceleration of vibratory roller frame, and it was
neglected in this study.

2.2 Modeling of Soil

The nonlinear elasto-plastic stress–strain relationship is what typically observed in
soils subjected to dynamic loading [18]. It is important to employ well-established
constitutive models to capture the variations of resilient modulus helping to char-
acterize the nonlinear response of underlying soil under repeated loading [10, 19].
In this study, to precisely capture the soil plasticity and nonlinearity in the cyclic
loading, the hardening soil with small-strain stiffness (HS-Small) model developed
by Benz [20] was employed. HS-Small model is an extension of the hardening soil
model (HS model), extended with the extra elastic overlay model, and is capable of
capturing the high stiffness at small strains.

HS-Small model is able to evaluate the stress-dependent stiffness and plasticity-
induced soil stiffness degradation [21]. Equation (2) can be used to illustrate the
stress dependency of the shear modulus G0 in the adopted HS-Small model. Addi-
tionally, referring to Brinkgreve et al. [22], there are three major parameters that
can characterize the behavior of soil simulated using the HS-Small model, including
(1) the confining stress-dependent stiffness for primary deviatoric loading (E50),
(2) the unloading–reloading stiffness from the drained triaxial test (Eur) and (3) the
tangent stiffnessmodulus from an oedometer test (Eoed), as expressed in Eqs. (3)–(5),
respectively.

G0 = Gref
0

(
c cosϕ − σ

′
3sinϕ

c cosϕ + prefsinϕ

)m

(2)

E50 = E ref
50

(
c cosϕ − σ

′
3sinϕ

c cosϕ + prefsinϕ

)m

(3)

Eur = E ref
ur

(
c cosϕ − σ

′
3sinϕ

c cosϕ + prefsinϕ

)m

(4)

Eoed = E ref
oed

⎛

⎝
c cosϕ − σ

′
3

K nc
0
sinϕ

c cosϕ + prefsinϕ

⎞

⎠

m

(5)
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Table 2 Soil parameters
based on hardening soil
model with small-strain
stiffness

Parameter Symbol Value Unit

Unsaturated unit weight γ unsat 17 kN/m3

Saturated unit weight γ sat 20 kN/m3

Triaxial compression stiffness E ref
50 50,000 kN/m2

Primary oedometer stiffness E ref
oed 50,000 kN/m2

Unloading/reloading stiffness E ref
ur 150,000 kN/m2

Rate of stress dependency m 0.5 –

Poisson’s ratio υur 0.2 –

Cohesion c 0 kN/m2

Friction angle � 31 °

Dilatancy angle � 0 °

Shear strain at 0.7 G0 γ 0.7 1.0 × 10–4 –

Small-strain stiffness Gref
0 1.2 × 105 kN/m2

Over-consolidation ratio OCR 1.0 –

Note Data from Brinkgreve et al. [22]

where Gref
0 , E ref

50 , E
ref
ur and E ref

oed are the shear modulus, secant, unloading/reloading
and tangent stiffness related to the reference pressure pref (a default setting of pref =
100 kPa), respectively; m is the factor defining of the level of stress dependency; σ

′
3

is the minor principal stress; and K nc
0 is the stress ratio in primary compression.

The HS-Small constitutivemodel is able to represent the nonlinear behavior of the
natural subsoil in the small- and large-strain ranges. Comparing to the conventional
linear elastic and elastic-perfectly plastic Mohr–Coulomb models, the HS-Small
model is favorable to simulate the modulus degradation of the soil and damping char-
acteristics with the cyclic shear strain mobilized in the soil [20]. HS-Small model can
simultaneously take into account hysteretic soil damping (at small strains) and soil
plasticity behavior (at large strains). The function proposed by Hardin and Drnevich
[23], utilized to represent the correlation between the cyclic shear strain (γ c) and
secant shear modulus (Gs) in this study, is expressed as below;

Gs = G0

1 + αγc
γ0.7

(6)

where parametersG0 and γ 0.7 represent the small-strain shear stiffness, and the shear
strain at which the secant shear modulus (Gs) is reduced to 0.7 G0, respectively. The
recommended value for α (the constant in Eq. (6)), resulting in good agreement with
laboratory measurements, is 0.385 [23].

In this study, the properties of sandy soil reported by Brinkgreve et al. [22] were
applied, which are summarized in Table 2. Having calculated the model based on the
above-mentioned data, the average compressional wave velocity (p-wave) and the
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shear wave velocity (s-wave) at p = pref = 100 kPa were 438.0 m/s and 268.2 m/s,
respectively.

2.3 Finite Element Model

To characterize the soil–roller interaction, a model consisting of vibratory drum
resting on the soil deposit was modeled in three-dimensional (3D) finite element
software, PLAXIS 3D (2017). Roller parameters reported in Table 1 were assigned
to the drum simulated in this study.

The simulated drum–soil system is portrayed in Fig. 2. The roller was modeled
as a rigid body consisting of a 2.1-m-length and 1.5-m-diameter drum. The vibra-
tion excitation force (Fe = Fev cos(�t)) induced by an eccentric mass configura-
tion, which rotates around the drum’s longitudinal axis, was applied as a vertically
vibrating harmonic load to the roller. It should be noted that due to the counter-
rotating eccentric masses, the horizontal forces were canceled out, and therefore
they were neglected in this study similar to what was adopted in other studies [12].

A soil deposit was modeled with a width of 10 m, a length of 10 m and a depth
of 10 m. It should be noted that the full response depth associated with vibratory
roller was estimated to be from 0.6 to 1.0 m [24]. Thus, 10 m was deemed sufficient
for modeling purposes. Consideration of interface element has a notable impact on
the numerical predictions while soil is interacting with structures [25, 26]. In this

Fig. 2 Adopted three-dimensional numerical model capturing interaction between vibratory roller
and the ground
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study, to simulate the interaction between soil and drum, the interface elements
with the same properties as the surrounding soil were introduced with Rinter = 1,
while the zero tension limit was introduced [22]. The free field boundaries coupled
with viscous dampers were applied for lateral boundaries to avoid the wave energy
rebound into the soil body through applying resistant tractions in the tangential and
normal directions [23]; for bottom border, a nonreflecting boundary condition (i.e.,
viscous boundary) was employed to reduce wave reflection in computational borders
as recommended by Herrera et al. [14] and Kenneally et al. [13]. The formulations
for the adopted tangential and normal resistant tractions are summarized as follows:

tn = −ρCpVn (7)

ts = −ρCsVs (8)

where V n and V s are normal and shear components of the velocity; Cp and Cs

are p-wave and s-wave velocities, respectively. Figure 3 shows the adopted three-
dimensional numerical model for the vibratory roller, supported by the sandy soil.
There were 186,193 elements in the finite element model. The three-dimensional
model was utilized to conduct an implicit nonlinear time integration with a time
step of 2.5 × 10–4 s. Indeed, there were three different loading stages adopted in
this numerical modeling to assess the soil response to the drum vibration during
the compaction process. The first phase was application of gravity loading only; the
second stage was dynamic loading phase, where the vibration load was applied on
the drum followed by the third stage which was a static condition while roller was
removed to establish the permanent deformation of the soil after completion of the
soil compaction. The results of the conducted numerical modeling and parametric
studies are presented and discussed in the following sections.

Fig. 3 Settlement (permanent displacement) of soil due to harmonic dynamic loading
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3 Results and Discussion

To better investigate the soil response due to vibratory roller behavior, impacts of
roller frequency, amplitude and weight of roller were assessed in this study. In the
adopted numericalmodel, the excitation force caused by the rotating eccentricmasses
was applied to the rigid drum, while different vibration frequencies as well as various
eccentricmassmoments and different weight of roller [(md + mf)g] were considered
to evaluate the drum response.

3.1 Effects of Vibration Frequency

Vibratory roller frequency as a fundamental parameter in the dynamic system has a
crucial impact on the soil compaction process. In order to scrutinize the impact of the
vibratory drum, varied frequencieswhile keeping the eccentricmassmomentm0e0 =
2 kg m and weight of drum and frame equal to 7000 kg constant were considered.
The impact of roller excitation frequency on the soil response was studied by varying
frequency from 26 to 34 Hz. It could be noted that the first natural frequency of the
soil deposit was estimated to be 110–183 Hz (i.e., Vp/(4H)) corresponding to roller
influence depth of 0.6–1.0 m.

Figure 3 presents the time history of soil displacement in conjunction with
different vibration frequencies of roller. Referring to this figure, the soil gradually
settled due to roller vibration, where f = 34 Hz exhibited the highest degree of soil
compaction for the adopted sandy soil. The observations, based on the conducted
numerical modeling in this study, exhibit when the vibration frequency is close or
equal to the natural frequency of the soil, the vibratory roller can achieve the optimum
compaction, and the observed results are consistent with the results reported by other
researchers [27–29]. Regarding the operation frequency f = 34 Hz, the initial soil
settlement (i.e., 4.8 mm) was observed before vibration just due to the self-weight
of the roller. Furthermore, the maximum vertical settlement of the soil in dynamic
phase is 23.8 mm and reached residual settlement of 21.5 mm when the roller was
removed. It should be noted that as expected the initial soil settlement (i.e., 4.8 mm)
was larger than the recoverable soil settlement (i.e., 2.3 mm) since the initial loading
stages comprised of both elastic and plastic components, whereas the unloading stage
comprised of only elastic component. Figure 3 presents the soil settlement accumu-
lates as a result of plastic deformation during each loading cycle as the dynamic time
increased. The irreversible deformation occurred in the soil indicates the gradual
compaction of the soil and incremental increases in the yield stress in the soil.

Indeed, the roller vibration frequency closest to the first mode natural frequency of
the ground (i.e., roller vibration frequencyof 34Hz) resulted inmore grounddisplace-
ment and soil compaction as expected [30]. Therefore, as the excitation frequency
acquired a lower value than the natural frequency of the soil, the accumulated soil
settlement was reduced as evident in Fig. 3.
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   (a)                  (b) 

Fig. 4 a A sample of applied excitation force vs time for frequency = 30 Hz and b soil reaction
force vs soil surface displacement

Figure 4a, b presents the time history of excitation force with a frequency of
30 Hz and the corresponding soil reaction force—cyclic soil-surface displacement
relationship. The energy lost in the soil due to soil damping and plastic deformations
is evident in Fig. 4b.

3.2 Effects of Amplitude

The nominal amplitude of the vibratory drum displacement is directly impacted by
the eccentric mass [31]. To consider the impacts of the excitation force amplitude
of the roller on the soil and drum interaction and therefore the compaction process,
several different magnitudes of eccentric mass moments while keeping the vibration
frequency constant equal to f = 30 Hz were adopted in this study. A number of
constant eccentric mass moments varying from 1 to 4 kg m were investigated to
provide directional eccentric force amplitude. In general, a lower eccentric mass
moment is capable of providing smaller excitation force amplitude, and it is usually
used for proof rolling and finishing passes to avoid over-compaction; conversely,
a higher eccentric mass moment is utilized in the early stage of compaction [13].
Figure 5a illustrates the evolution of the accumulation of soil displacement with time
as a function of varying eccentric mass moment. It should be noted that in the range
of applied eccentric mass moment, the full contact condition between the soil and
drum was continuously maintained.

For a given vibration frequency of f = 30 Hz and soil parameters reported in
Table 2, the soil settlement increasedwith eccentric massmoment with themaximum
observed whenm0e0 = 4 kg m, as shown in Fig. 5a. The results show that an increase
in the eccentric mass moment led to an increase in the compacted soil displacement,
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Fig. 5 aAccumulation of soil displacement versus time in conjunction with different roller masses;
and b drum acceleration verse time

which is consistent with the observations reported by other researcher [27]. Addition-
ally, the similar correlation between the acceleration and eccentric mass moment was
observed by Pietzsch et al. [31], while the drum acceleration amplitude increased
with the drum excitation mass moment. Corresponding to the operating eccentric
mass momentm0e0 = 4 kg m, the drum showed the maximum acceleration response
with time as a result of the highest excitation force. Due to the constant weight of
roller, when the excitation force is more (i.e., higherm0e0), the corresponding accel-
eration is consequently more. Thus, the drum acceleration increased with eccentric
mass moment as observed in Fig. 5b. Obviously, a low eccentric mass moment from
vibratory roller results in less accumulation of soil displacement in the soil in compar-
isons to the high eccentric mass moment. As recommended by Kenneally et al. [13],
to avoid the irregular vibration induced by chaotic jump or bifurcation for the very
dense soil, the lower eccentric mass should be utilized in finishing passes.
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3.3 Effects of Roller Weight

The roller mass was altered from 7000 to 10,000 kg in this study for the further
assessment while eccentric mass moment m0e0 = 2 kg m and frequency of drum
equal to 30 Hz were held constant. Figure 6a shows the correlation between drum
acceleration response and time for rollers of different weights.

Figure 6a examines the soil settlement with time during compaction. Indeed, the
soil settlement gradually increased due to accumulated plastic deformation in the
soil. It should be noted that the initial soil settlement corresponding to 7000 kg roller
(i.e., 4.8 mm) was less than the corresponding value for 10,000 kg roller which
was 8.7 mm, due to the reduced self-weight of the roller. Furthermore, the initial
settlement due to self-weight of the roller was larger than the unloading settlement
induced by the roller removal, since the initial settlement comprised of both elastic
and plastic components as evident in Fig. 6a. The 7000 kg roller showed the highest

Fig. 6 aAccumulation of soil displacement versus time in conjunction with different roller masses;
and b drum acceleration verse time
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acceleration response as observed Fig. 6b and resulted in the most compacted state
of the soil. It should be noted that the 7000 kg roller exhibited the most compacted
state of soil within the range of the studied parameters. The results exhibit that the
soil total displacement due to compaction increased with the drum acceleration,
which is also in close agreement with the results reported by Cao et al. [32]. While
the excitation force is constant, the increased weight of roller resulted in reduced the
roller acceleration and therefore vibratory compaction. Obviously, the 7000 kg roller
resulted in least initial settlement (see Fig. 6a) due to its lowest self-weight and the
largest final settlement (i.e., 19.0 mm) due to the increased vibration acceleration.

4 Conclusions

This paper investigated the characteristics of rollers using a three-dimensional finite
element simulation to represent the drum–soil interaction while capturing soil hard-
ening with small-strain stiffness variations. The effects of the vibration of frequency
and the amplitude as well as the weight of roller on soil compaction process and the
roller response were analyzed and discussed via the numerical modeling predictions.

The numerical predictions in this study have indicated that while the vibration
frequency was changed between 24 and 34 Hz for a given eccentric mass moment
of m0e0 = 2 kg m, the optimal compaction was achieved when vibration frequency
of 34 Hz was adopted. Indeed, this vibration frequency (i.e., 34 Hz) was the closest
to the natural first mode frequency of the effective soil deposit beneath the roller.
Furthermore, the initial soil settlement due to self-weight of the roller was larger
than the soil expansion after removal of roller since the loading stage comprised of
both elastic and plastic components, whereas the unloading stage comprised of only
elastic component.

The observations based on the conducted numerical modeling in this study exhib-
ited that for the eccentricmassmoment (m0e0) ranging from1 to4kgm, themaximum
contact force was reached when m0e0 = 4 kg m, wherein the drum experienced the
maximum acceleration with time. Thus, the largest final settlement was observed for
m0e0 = 4 kg m, and it is not recommended to operate the roller under high eccentric
mass moment in the finishing passes to avoid over-compaction. Furthermore, among
rollers with different weights considered and for a given eccentric mass moment, the
lightest roller experienced the highest acceleration and thus resulted in the largest
final settlement due to the highest induced acceleration.

Although the numerical predictions were comparable to the previously published
data, further field experiments would help to further assess the suitability of the estab-
lished numerical model for interpretation of intelligent compaction measurements.
The numerical results of this study show that the proposed three-dimensional finite
element model adopting nonlinear elastic–plastic soil model capturing soil hard-
ening and damping variations with shear strain can be used to simulate the complex
interaction between the soil and the roller drum subjected to roller vibration and
can be used to interpret the intelligent compaction results and optimize the process.
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Indeed, this study can be used as a potential guidance by practicing engineers and
construction professionals on selecting the best choice of roller vibration frequency,
eccentric mass moment and weight of roller during intelligent compaction process
to achieve high-quality final product.
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Evaluating the Influence of Soil Plasticity
on the Vibratory Roller—Soil Interaction
for Intelligent Compaction

Sangharsha Bhandari , Behzad Fatahi , Hadi Khabbaz , Jeffrey Lee ,
Zhengheng Xu , and Jinjiang Zhong

Abstract Use of intelligent compaction (IC) is a growing technique for compaction
in the field of construction. It provides an efficient way of evaluating the soil
compaction level with a higher degree of certainty than traditional quality control
methods. IC involves the interpretation of measured values received through the
accelerometer and other sensors attached to the roller. The key objective of this paper
is to analyse the dynamic roller–soil interaction via a three-dimensional nonlinear
finite element model, capturing soil nonlinear response and damping in both small
and large strain ranges as a result of dynamic load applied via the vibratory roller. In
particular, the impact of soil plasticity index (PI) on the response of a typical vibra-
tory roller is assessed. Indeed, the soil plasticity impacts stiffness degradation with
shear strain influencing the soil stiffness during compaction and the roller response.
The numerical predictions exhibit that the soil plasticity can significantly influence
the response of the roller and the ground settlement level; hence, practising engi-
neers can consider the soil plasticity index as an influencing factor to interpret the
intelligent compaction results and optimize the compaction process.
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1 Introduction

Compaction by using the vibratory roller is one of the most prevalent methods of
ground improvement for many years. This process helps improve the strength of the
soil to withstand the structural loads applied on top [1, 2]. Although the dynamic
rollers are very efficient for compaction of granular materials, a sufficient number of
spot tests are required to verify the quality of compaction attained [3]. To overcome
this shortcoming, continuous compaction control (CCC) has evolved and driven
research studies in this field. CCC is an integrated technology for the measurement
of mechanistic properties of the soil during the process of compaction [3]. Data
acquisition systems are attached to the roller to collect operation and performance
data continuously during the compaction process [4]. With the development of tech-
nology, advanced monitoring system has been developed which provides real-time
feedbackwith the support of built-in global positioning system (GPS), accelerometer,
other sensors and display boards by interpreting the signal received by accelerom-
eter and sensors, and the technology has been renamed as intelligent compaction
(IC) [3]. In the last four decades, many studies have been performed to transform the
response of the roller into a numerical value known as measurement values (MVs).
Nowadays, there are several MVs utilized to capture the compaction quality such
as compaction control value (CCV), compaction meter value (CMV), soil stiffness
(ks), vibration modulus (Evib) and the machine drive power (MDP) [3]. During the
vibratory compaction process, a dynamic interaction between compaction drum and
the soil underneath is present, which can impact the soil settlement. Several factors
such as soil stiffness, speed of roller, excitation load, frequency and weight of the
roller as well as the dynamic soil–roller interaction have substantial impacts on the
roller–soil interaction during the compaction process [1–5].

Roller–soil interaction during compaction is highly dependent on soil properties.
Soil properties such as stiffness, cohesion, friction angle and plasticity index can
have great impacts on the compaction process, while partially soil characteristics
change when subjected to cyclic loading [6]. Plasticity index (PI) is represented as
the numerical difference of Atterberg’s limits (liquid limit (LL) and plastic limit
(PL)) which presents the soil moisture content range, where soil behaves plastically
[7]. Vucetic and Dobry suggested that cyclic shear stiffness and damping ratio of
fine-grain soils are strongly dependent on the PI [8].

This paper attempts to simulate the complex three-dimensional vibratory
compaction process, capturing the interaction between the soil and the roller. The
main aim of this paper is to investigate the influence of PI on the roller response
during the process of compaction, helping to interpret the roller response during
intelligent compaction. The findings of this paper aim to help practising engineers to
assess the importance of PI on the vibratory roller response and possibly introducing
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PI as one of the indices required to assess the ground stiffness and compaction level
during the construction, adopting intelligent compaction technology.

2 Three-Dimensional Finite Element Model

In this study, a finite elementmodel usingPLAXIS3D (2018) softwarewas developed
to study the vibratory roller–soil interaction. The objective of this modelling was to
investigate the response of the soil and roller to the vibratory load for soils with
different plasticity indices.

2.1 Adopted Soil Model

Predictionof the settlement observed in the soil is quite complexdue to thepresenceof
both elastic and plastic deformation. Among different available constitutive models,
hardening soil (HS) model was developed to allow elastic and plastic deformations
of soil to occur concurrently while approaching the Mohr-Coulomb failure envelope
[9–11]. Small strain hardening soil (HSS) model is an upgraded version of the HS
model, which is capable of capturing the larger stiffness of soils at small strains [11,
12]. HS and HSS models, available in PLAXIS software, use almost the same set of
material properties [10–12]. Apart from the hardening model parameters (i.e. E ref

50 =
secant stiffness at reference pressure Pref (i.e. 100 kPa); E ref

oed = tangent oedometer
stiffness at Pref; E ref

ur = loading/unloading stiffness at Pref;m= power for stress-level
dependency of stiffness; c = cohesion; � = friction angle; ψ = dilatancy angle; Vur
= Poisson’s ratio), to represent higher stiffness at small strains, HSS model adopts
shear modulus at small strain (Gref

0 ) and shear strain level at which secant shear
modulus is reduced to about 70% of Gref

0 (ϒ0.7) [11, 12]. Indeed, soils exhibit the
nonlinear stress–strain relationship during cyclic loading,while the degradationof the
soil stiffness occurs with shear strain [14]. Referring to Santos and Correia [14], U0.7

helps to delineate a distinctive shear modulus decay curve with the use of normalized
shear strain (U*) given by Eq. (1).

ϒ∗ = ϒ/ϒ0.7 (1)

Hardin-Drnevich relationship explains that the stress–strain curve in the small
strain range can be expressed by a hyperbolic law which is given by Eq. (2) [12, 13].

Gs

G0
= 1

1 + ϒ
ϒr

(2)
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Fig. 1 The relation between
Gs/G0 and ϒ for soils with
varying PI (data obtained
from Vucetic and Dobry [8])

where Gs is secant shear modulus and G0 is initial shear modulus at very small
strain (i.e. <10–6). Ur is termed as threshold shear strain and expressed as Ur =
ú

I

max/G0, where ú

I

max is failure shear stress. Santos and Correia [14] proposed Ur =
U0.7, where secant modulus (Gs) reduction is assumed to be 70% of the initial value
and revised Eq. (2) as Eq. (3) [12–14].

Gs

G0
= 1

1 + a
∣
∣
∣

ϒ
ϒ0.7

∣
∣
∣

(3)

where a = 0.385.
Indeed, the stiffness decayGs/G0 due to increasing shear strain verymuch depends

on the soil plasticity index (PI) as laboratory measurements by Vucetic and Dobry
[8], shown in Fig. 1, reported. Figure 1 indicates that cyclic stiffness degradation is
more significant for the soils with lower PI than higher PI.

In this study, 8-m-deep soil layer was simulated below the roller; top 0.5 m was
modelled as a weak cohesive soil, and the rest of deposit below was assumed as
old alluvium of stiff nature. Thus, the soil compaction could mainly densify the
top layers of the soil. PI of the top layer was varied from 30 to 100, and therefore,
the value of ϒ0.7 was changed in the numerical model reflecting on the impacts of
soil plasticity on the roller’s response and induced soil settlement. Soil properties
reported by Möller [15] and Aghayarzadeh et al. [16] were used for this study and
are summarized in Table 1.

2.2 Adopted Roller Characteristics and 3D Model

As shown in Fig. 2, in this study, a rigid cylindrical roller with a length of 2.1 m and
diameter of 1.5 m was modelled. The static load was provided by the weight of the
roller, which was 6800 kg. The excitation force of roller is generally induced by the
eccentric mass (m0) which is placed at the moment arms (e0) inside the roller, and
the typical vibration mass moment is 0–5 kg m [9]. In this study, m0e0 = 1.0 kg m
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Table 1 Small strain hardening soil properties used in this model

Parameter Symbol Topsoil layer [16] Bottom soil layer [15] Unit

Density ρ 1800 1900 kg/m3

Secant stiffness E ref
50 12,000 55,000 kN/m2

Tangent stiffness E ref
oed 7000 55,000 kN/m2

Unloading/reloading
stiffness

E ref
ur 88,000 165,000 kN/m2

Power for stress level
dependency

m 0.9 0.5 –

Poisson’s ratio υur 0.2 0.2 –

Cohesion c 7 6 kN/m2

Friction angle � 31 30

Dilatancy angle � 0 0

Threshold shear strain γ 0.7 5.5 * 10–4 − 3.2 * 10–3 2.5 * 10–2 –

Reference shear
modulus

Gref
0 88,000 225,000 kN/m2

Fig. 2 Vertical forces acting
on the dynamic roller

was adopted. Referring to Kenneally et al. [9], the vibration frequency of 30 Hz was
adopted in this study, which is a median range for typical rollers. The reaction force
from the ground applied to the roller during the vibratory compaction can be written
as follows [9].

Fc = m0e0	
2 cos(	t) + mdg + mfg − mdad (4)

where Fc is the reaction force of the soil;m0e0 is the mass moment;	 = 2π f (where
f is vibration frequency of the roller); md is the mass of the drum; mf is the frame
mass, and the ad is the measured acceleration of the roller during compaction.

The soil beneath the roller undergoesmany cycles of loading and unloading during
the compaction process. The 3D finite element model was employed to simulate
the interaction between soil and drum during the vibratory compaction process.
Although the 3D model allows realistic details of the problem to be considered
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(a)                                                                    (b) 

Fig. 3 a 3D model dimensions adopted to study the roller–soil interaction and b finite element
mesh adopted in this study

and can provide more accurate and realistic outcomes, the complexity of modelling
aspects and computational time increases significantly. In this study, the multilayer
soil model was developed as shown in Fig. 3. Length and breadth of the soil block
were kept 10 m. It should be noted that the total depth of 8 m for the depth of soil was
deemed sufficient considering the roller dimensions reported in Fig. 3. The eccentric
loading induced by harmonic excitation force (i.e.m0e0	2 cos(	t)) was applied as
a dynamic vertical load to the compaction drumwith a frequency of 30 Hz. A total of
240,350 elements were used to create the finite element mesh to analyse the model,
while the calculation time increment was taken as 3.3 × 10–4 s. It should be noted
that it was assumed in this study that the only vertical vibratory force was applied,
and for the sake of simplicity, tangential forces due to oscillation compaction were
ignored.

The numerical calculations were performed in four phases. In the first phase, the
gravity loads were applied to the soil deposit, and equilibrium was established. In
the second phase, the self-weight of the roller was applied to investigate the soil
settlement due to the static load of the roller. Furthermore, a sinusoidal dynamic
load was applied in the third phase to replicate the vibration action. In this phase,
the displacement of the roller, acceleration of the roller and settlement of the ground
were continuously monitored, which could be used to establish the soil reaction
force during the compaction. Finally, in phase four, the roller was removed from
the soil surface, and the soil was allowed to reach equilibrium, simulating the post-
compaction state of the soil.
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3 Results and Discussion

To highlight the importance of soil plasticity on the roller response and roller–soil
interaction, a numerical parametric study was conducted by changing the backbone
curves as a function of soil plasticity index (PI) as described in Fig. 1. It should be
noted that the modelling parameters of the roller, such as weight and dynamic load,
were kept constant for all models. Figure 4 shows an example of observed settlement
profile of the ground below the middle of the roller after 0.5 s of vibration for the
soil with PI = 30.

Soil properties and particulate parameters impacting the soil stiffness have signif-
icant effects on the roller response during the vibratory compaction. Plasticity index
(PI) is one of the crucial properties of the soil which can impact the soil stiff-
ness during cyclic loading and needs to be considered when interpreting intelligent
compaction data. It should be noted that while the PI of the topsoil layer varied from
30 to 100, all other parameters of the soil model remained the same in this study.

Figure 5 illustrates the time history of soil displacement below the roller for soils
of different PI values. Among all the cases, the case with the lowest considered
PI = 30 exhibited the most significant soil settlement and densification. The static
settlement in the first phase due to the self-weight of the roller was varying from 0.89
to 2.41 mm when soil PI changed from 100 to 30, respectively. Indeed, Fig. 5 shows
that the soil with lower values of PI experienced more settlement as a result of roller
weight than the cases with higher values of PI. Furthermore, during the application
dynamic vibration load of the roller, gradual increment in the settlementwas observed

Fig. 4 Soil settlement
observed after the
application of a dynamic
load of roller for 0.5 s when
PI = 30
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Fig. 5 Settlement observed during different phases of the model

with the local sinusoidal behaviour in response to the sinusoidal vibration load.
After the complete cycle of dynamic load for 0.5 s, the total soil settlement (i.e.,
vertical displacement of the rigid roller) observed before removing the roller was
between 4.77 and 7.42 mm corresponding to plasticity indices between 100 and 30,
respectively. At the final stage where the roller was removed, soil experienced elastic
heave as expected. As shown in Fig. 5, it was observed that there was a gradual
decrease in the permanent soil settlement as the PI increased from 30 to 100. Vucetic
and Dobry [8] had reported that the soils with higher plasticity indices are generally
composed of more fine particles which have comparatively high surface areas and
result in a high number of particle contacts which increase the electrical and chemical
bonding between the particles and therefore havemore capacity towithstand the large
shear strains before undergoing permanent deformations. Conversely, in soils with
lower PI, the particles start to slide at the adjoining surface at lower strains which
results in higher permanent deformations.

The recovered settlement after removing the roller reflects on the elastic prop-
erties of the soil, and the permanent settlement was a result of accumulated plastic
deformations which also indicates the increased soil compaction/compression level.

Figure 6 illustrates the soil reaction force (Fc) during vibratory compaction versus
roller displacement for various PI for a given roller vibration frequency (i.e., 30 Hz)
and amplitude (i.e.,m0e0 = 1.0 kg m). The response revealed an expected soil cyclic
damping in addition to the energy loss due to soil plastic-permanent deformations.
Figure 7 shows the variations of reaction force (Fc) with time which shows that
the roller was on continuous contact with the soil during the entire compaction
process. For PI = 30, the maximum reaction force observed during the process was
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(a) PI=30                                                   (b) PI=40 

(c) PI=50                                                     (d) PI= 50 

(e) PI=75 (f) PI=100

Fig. 6 Soil reaction force with gradual increment in settlement in different cases (PI = 30–100)

(a) PI=30   (b) PI=100

Fig. 7 Reaction force measured with time for two different cases (PI = 30 and PI = 100)
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(a) PI=30 (b) PI = 100

Fig. 8 Acceleration response of the roller with time for two cases (PI = 30 and PI = 100)

125.48 kN and theminimumvaluewas 6.28 kN. For PI= 100, themaximum reaction
force measured was 130.55 kN and the minimum was 0.28 kN. Figure 8 shows the
acceleration response of the roller for the given eccentric mass moment of m0e0 =
1.0 kg m and f = 30 Hz, which were used to obtain the reaction force of the soil
based on Eq. (4).

4 Australian Field Experience

In recent years, there are increasing interests in Australia to utilize intelligent
compaction technologies to improve the uniformity and quality of road construction.
A number of test sites were tested in 2019. For example, Fig. 9 is a fill embank-
ment site consisting of granular fill material (PI < 10%) located in an industrial
development site near Yatala QLD. A Dynapac smooth drum roller (model CA4600)
equipped with the Trimble CMV technology was used to proof roll a compacted area
at the different moisture content (approximately between 8 and 10%). The IC roller
operation parameters are:

• Amplitude 1 mm
• Frequency 25 Hz
• Speed 1.6–3.2 kph
• Measurement only made in forward vibration mode.

In comparison, Fig. 10 is a pavement reconstruction project of a Logan City
Council road near Eagleby QLD, where a Caterpillar smooth drum roller (model
CS64B) was compacting sections of thin granular pavement over high-plasticity
clay material (PI > 40%). The soaked CBR value is about 1.5%, and experience
shows that the subgrade area will be difficult to compact. The IC roller operation
parameters are:

• Amplitude 1 mm
• Frequency 25 Hz



Evaluating the Influence of Soil Plasticity … 257

Fig. 9 Photograph of low-plasticity fill site tested with IC technology

Fig. 10 Photograph of high-plasticity subgrade site tested with IC technology
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Fig. 11 Comparison of Trimble CMV values on site with different plasticity

• Speed 1.6–4.8 kph
• Measurement only made in forward vibration mode.

Figure 11 shows the compaction curves collected at a different site (measured
CMV potted against a number of roller passes). The yellow line shows the increase
in CMV for the granular fill site with moisture content at dry of optimum. Similarly,
the blue line corresponds to the same granular fill site but compacted at optimum
moisture content. It is noted that there is only a 1% moisture difference between the
optimum and dry of optimum case; therefore, it is not unexpected that the compaction
curves are very similar. The key point to note is that when the fill was wet of optimum
(i.e., moisture content of 10%), the compaction curve plateau was at a CMV of 26.7
after 3 roller passes. No further compaction can be achieved using the current roller
compaction setting.

The compaction curve shown in Fig. 11 is the average CMV of the designated
compaction zone. For the area compacted at optimum moisture content, it has a
standard deviation of 9.1 and COV of 27%. Similarly, for the area compacted dry of
optimum, the standard deviation is 12.1 and COV of 36%.

On contrast, the orange line is the compaction curve for the high-plasticity clay site
(field moisture content is around 34%). As the CMV is an indication of the stiffness
of the underlyingmaterial, it makes sense that the wet claymaterial has a much lower
in situ stiffness (i.e., higher deformation measured by the onboard accelerometer)
than the granular fillmaterial. It is speculated that if the clay is exposed for a prolonged
period (e.g. after a long drought period), the compaction curve for the high plasticity
clay material will be different and is expected to have a steeper climb in CMV with
increasing roller passes. Furthermore, the rate of increase of the high-PI material is
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much lower than the granular fill material. This field observation supports the Plaxis
finite element model presented in this paper.

5 Conclusions

Three-dimensional finite element simulation was conducted to investigate the impact
of soil plasticity index (PI) on the compaction process and roller response. In this
study, a layered soil was simulated, where small strain hardening soil (HSS) model
was employed to consider variations of soil stiffness with shear strain as well as soil
plastic deformations as a result of exceeding the yield stress. The model captured
the nonlinear roller–soil interaction for both large and small strain conditions. The
interaction between the soil and roller was captured to study the attained settle-
ment and acceleration response of the roller. Impacts of soil plasticity index were
captured by altering the backbone curves as a function of PI as recommended by
Vucetic and Dobry [8] by adjusting the threshold shear strain U0.7, which is an
input model parameter. Maximum permanent deformation was observed for the soil
with the lowest adopted PI (i.e. 30) which was 4.29 mm. Furthermore, while the PI
was increased from 30 to 100 and keeping all other parameters constant, a gradual
decrease in damping of the roller–soil system was observed. Following a nonlinear
trend, 3.66 mm of permanent settlement was observed for the soil with PI = 100. It
was evident that total settlement attained due to vibratory compaction was more for
the soils with lower PI since they could deform easier at the low-strain loading condi-
tions. On the other hand, higher plasticity soils could absorb more strains internally
before undergoing permanent deformations.

The numerical simulations attempted to capture the nature of compaction work
on the site in which the soil undergoes both elastic and plastic deformations. This
simulation clearly shows that there is a significant impact of soil plasticity in the
compaction process. Further, this researchwill also provide a basis to perform further
research in this topic related to intelligent compaction, recommending that soil plas-
ticity index can be considered as a factor in interpreting the results or optimizing
the intelligent compaction procedure. Indeed, field study to assess the impacts of
soil plasticity index on roller response to validate the findings of this study is highly
recommended.
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De-icing Test of the Externally Heated
Geothermal Bridge in Texas

Omid Habibzadeh-Bigdarvish , Teng Li , Gang Lei , Aritra Banerjee ,
Xinbao Yu , and Anand J. Puppala

Abstract In recent years, a geothermal heat pumpde-icing system (GHDS) has been
introduced as an alternative for conventional snow and ice removal systems (CSRS).
Application of theCSRS for bridges highly prone to ice formation is not a satisfactory
solution as it has a negative impact on the environment, bridge deck condition,
motorist safety, and travel time. Although GHDS has proved to be a sufficient and
feasible solution, it is only applicable to new bridges. However, a new method of
GHDS has been developed which utilizes an external hydronic pipe attached to the
bottom surface of the bridge deck and is applicable even for existing bridges. In
this study, the performance of the external hydronic heating system, installed and
tested on the full-scale mock-up bridge deck, was investigated in Texas. The system
has experienced several cold events and de-icing tests, in which it was successful
in maintaining the surface temperature above freezing. However, the results show
the system is capable of de-icing the bridge deck and provide an ice-free surface. In
order to enhance the de-icing operation, the system requires about 8 h of preheating;
however, less time is required during mild events. Furthermore, the system is energy-
efficient with a coefficient of performance (COP) of more than 4.
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1 Introduction

Approximately, 70% of the US population and transportation network are affected by
snowy weather and receive more than 5 in. average snowfall annually [1]. Bridges
are the key elements of the transportation network negatively affected by severe
winter weather. De-icing the bridge deck surface is critical to ensure the safety and
mobility of the motorist. The conventional snow and ice removal system (CSRS)
uses the de-icing chemical, such as de-icing salt, which is not only corrosive to the
bridges but also provokes environmental issues. It also has proven to be insufficient
in minimizing traffic delays and safety issues [2, 3]. However, a new method has
been proposed for bridge deck de-icing and snow melting, which can prevent the
aforementioned problems.

Geothermal energy is a green and renewable source of energy and a reliable alter-
native for fossil fuels. The geothermal energy is harvested through the application of
ground loop heat exchangers or energy geostructures (e.g., foundations, diaphragm
walls, tunnel liners, or anchors) and has been used for different heating and cooling
purposes [4–9]. One application of geothermal energy is for snow melting or de-
icing the bridge deck. Thus, a geothermal heat pump de-icing system (GHDS) was
developed, which utilizes geothermal energy as a reliable and renewable source of
energy. In this system, the heat carrier fluid, mostly water-based antifreeze solu-
tion, is circulated between the ground loop heat exchanger (GLHE) and hydronic
heating loops embedded in the bridge deck. Moreover, the heat pump is employed
in the system to help the heat carrier fluid reach the ideal temperature appropriate
for melting snow and ice on the surface. Also, the life-cycle cost–benefit analysis
(LCCBA) of this system indicated that its application is economically viable for the
bridges with a minimum annual daily traffic volume of 7000 vehicles, and benefit to
cost ratio (BCR) of 2.6 can be achieved for the 50 years life-cycle and daily traffic
volume of 24,000 vehicles [3].

The conventional hydronic heating systems are developed based on the hydronic
loops embedded in the bridge deck concrete during the construction of the new bridge
and have been studied by different research groups [10–14]. However, as themajority
of existing bridges are also in need of de-icing, externally heating hydronic pipes
are developed for geothermal heating of the bridge deck. The hydronic loops are
attached to the bottom surface of the bridge deck and covered with a sufficient layer
of insulation material [15]. In recent years, the Texas Department of Transportation
(TxDOT) has investigated the implementation of this system on Texas bridges [16].
However, the main objective of the research was to develop a system that is not only
limited to newbridges. Preliminary studies of the externally heated geothermal bridge
deck were carried out using a finite element model, and their results showed more
heating time in comparisonwith the internal heating system is required. The proposed
system can successfully de-ice the bridge deck in a mild winter weather condition
[17]. In another research, the feasibility of this systemwas tested on a lab-scale bridge
deck in the environmental chamber; the system performance was tested on various
conditions, including room temperature as low as 40 °F. This study provides detailed
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information on system performance as well as the empirical prediction equation to
estimate deck temperature at given ambient and supplied heating fluid temperatures
[15].

However, it is essential to investigate the feasibility and performance of the exter-
nally heated geothermal bridge deck in the actual winter weather conditions. In this
study, the process of design and construction of the full-scale mock-up of the exter-
nally heated geothermal bridge deck in Texas, USA, is demonstrated, and the results
of the system operation during a severe cold event are discussed.

2 Design and Construction

2.1 Test Site Conditions

The mock-up of the externally heated bridge deck was constructed in the DFW
metroplex in Texas, USA The test site has a humid subtropical climate characterized
by moderate rainfall, mild temperatures, and abundant sunshine [18]. Although the
region is familiar with mild winters, several snowstorms in recent years were experi-
enced, such as the snowstorm onMarch 4–5, 2015, which was the fourth-largest ever
recorded in a 24-h period during the month of March in the region. Over a period
of two days, 3.5 in. of snowfall was recorded, and the average ambient temperature
during snowfall was recorded around 28 °F. Moreover, the subsurface investigation
showed the site has relatively uniform soil layers, including sandy clay with alter-
nating sand/gravel seams covering the top 40 ft. which is followed by a limestone
layer. The boring logs stop at 60 ft. Based on local knowledge of the region, it is
estimated that limestone extends up to a depth, which is of interest to the study.
The groundwater table was encountered at 15 ft. below ground surface at the time
of drilling. The undisturbed temperature of the soil also was observed to be about
70.5 °F.

2.2 Design of the Heated Deck and GLHE

Bridge deck. The dimensions of the whole bridge slabs are designed 16 ft. × 36
ft. including 12 standard PCP panels. However, only a section of the bridge with
16 ft. × 24 ft. dimension was assigned for the application of the heating system.
The remaining portion was considered as the control section, which would aid in
comparing the efficiency of the heating system. Figure 1 shows the 3D model of the
whole system.

The mock-up bridge deck consists of three zones: an external heating zone (i.e.,
hydronic pipes are attached to the bottom surface), an internal heating zone (i.e.,
hydronic pipes are embedded in the bridge deck concrete), and a control zone.Besides
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Fig. 1 3D model of the mock-up geothermal bridge design

the external heating system, which is the focus of this project, the internal heating
systemwas also constructed to be tested for comparison purposes. Moreover, the end
section of the bridge deck was also considered as a control area with no heating. The
hydronic loops at the bridge deck consisted of 0.5 in. internal diameter polyethylene
(PEX) pipe with an 8 in. centerline spacing.

Design heat flux. Geothermal snow-melting systems were designed to provide
sufficient heat flux to the bridge deck surface. The required heat flux at the bridge
deck surface is determined as the heat flux maintained at the bridge deck surface
in order to prevent snow/ice formation under specified winter weather conditions.
Generally, two approaches for the estimation of snow-melting heat fluxes for the
mock-up bridge are utilized. The first approach is using the ASHRAE handbook. It
provides the design heat flux for different cities in the USA, in which Amarillo is
the only city from the state of Texas [19]. It is assumed that the bridge in this study
is located in Amarillo, Texas, and from the ASHRAE Handbook the design heat
flux corresponding to a snow-free area ratio of 0.5 and 95% reliability is chosen as
108 Btu/hr.ft2 representing an average case [19]. In another method, Chapman and
Katurnich [20] derived a general equation (Eq. 1) for computing steady-state energy
balance for required total heat flux (qo) at the upper surface of a snow-melting
slab during a snowfall [20]. Based on the equation, there are four environmental
factors that determine the heating requirement for snowmelting: rate of snowfall, air
temperature, relative humidity, and wind velocity.

qo = qs + qm + Ar(qh + qe) (1)
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where qo is the heat flux required at the snow-melting surface in Btu/hr.ft2; qs is
the sensible heat flux in Btu/hr.ft2; qm is the latent heat flux in Btu/hr.ft2; Ar is the
snow-free area ratio, dimensionless; qh is the convective and radioactive heat flux
from the snow-free surface in Btu/hr.ft2; qe is heat flux of evaporation in Btu/hr.ft2.

However, the second approach is using Eq. 1 in which the snowstorm at DFW
in March 2015 is considered as the scenario representing an extreme case; the total
required heat flux for this snowstorm is calculated as 342.8 Btu/hr.ft2. Considering
the weather history of the region, it is acceptable to select a moderate case for the
required heat flux. However, the required heat flux of 108 Btu/hr.ft2, corresponding
to the average case scenario, is chosen to design the geothermal system upon that.
Moreover, the total heating load for the heated area is calculated as 20,736 Btu/hr.

Ground loop heat exchanger (GLHE). In this project, GLHEPRO software has
been utilized as a strong tool for the calculation of GLHE size [21]. The software is
developed based on the g-functions method presented by Eskilson [22]. The design
parameters including minimum and maximum entering water temperatures, undis-
turbed soil temperature, soil and grout thermal conductivity, and diameter of the
pipe are important to the proper design of the GLHE. However, considering the total
heating load, the weather history of the region and consulting with local contrac-
tors, a single borehole of 435 ft. (from ground level) deep and 5.5 in diameter was
designed to be sufficient for the system. Moreover, a 3-ton geothermal heat pump,
4 circulation pumps, and an expansion tank are assigned to work in the geothermal
system.

2.3 Construction of Mock-up Bridge and De-icing System

The construction process of the mock-up bridge and the geothermal de-icing system
is shown in Fig. 2. The model bridge was constructed during February and March
of 2018. Following the bridge deck setup, the hydronic loops on both the internal
and external heating zones were installed. The internal heating loops installation
followed the conventional method, and they were attached to the rebar and buried by
casting concrete on the deck. However, the external heating pipes were first attached
to the bottom surface of the externally heated zone using two-hole straps, and then
the pipes were covered with cement paste to increase the thermal contact between
pipe and concrete. Finally, thermal insulation foamwas applied on the whole surface
to prevent heat loss in the bottom direction. Moreover, control valves were installed
to control the operation mode and the heated section of the bridge deck.

Besides one geothermal borehole, GLHE construction work involves five temper-
ature monitoring boreholes (TMB). TMBs were drilled and equipped with temper-
ature sensors to monitor the temperature field at different distances with respect to
the geothermal borehole. In order to connect the GLHE to the control room, a trench
with a 5 ft. depth was excavated. 1.25 in. header pipes were connected to the GLHE
using socket fusion and sensor cables were laid down on the bottom of the trench and
finally backfilled with the excavated soil. Due to the vulnerability of sensor cables,
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Fig. 2 Construction stages of the bridge deck: a setting up the PCP panels on the I-beams; b tying
rebar on the PCP panels; c installation of the internal heating pipes; d installation of the external
heating pipes; e external heating pipes covered with cement paste and polyurethane foam on the
deck bottom is applied; f casting of 4′′ thick concrete on the deck

the backfilling operation was performed with extreme caution. Lastly, a control room
was built to host the system’s main components, including one heat pump, two flow
centers, four circulating pumps, and one expansion tank. In fact, in the control room,
the pipes of the bridge side were connected to the ground side. In addition, a bypass
was designed for the heat pump to operate the system in two modes: full-load oper-
ation and bypass operation. In the full-load operation mode, the control valves at the
heat pump are closed and the flow goes through the heat pump. In the full-load opera-
tion mode, the geothermal heat pump is active, while in bypass mode, the geothermal
heat pump is off, and the heat carrier fluid is directly circulating through the bypass.
Flow meters are also installed for measuring the flow rate in each side. Finally, after
all pipes connections were performed, the system was flushed with 20% propylene
glycol solution and tested for any possible leakage (Fig. 3).
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Fig. 3 Construction stages of theGLHE: a drilling rig on site;b insertion of ground loop; c insertion
of TMB’s PEX pipe; d final stage of geothermal borehole; e final stage of temperature monitoring
borehole; f installation of the pipes and cables in the trench

3 System Operation and Performance

The geothermal de-icing system was experimented on in several cold events of the
2018–2019 winter. The goal of all tests was to melt snow/ice on the surface of
the bridge deck or maintain the surface temperature above freezing throughout a
cold front. As the system was designed to operate in different modes based on the
operational condition of the system, the geothermal heat pumpwas allowed to switch
off when the cold front was mild. Moreover, the heated zones, i.e., the internally
heated zone and externally heated zone, could be selected for operation using the
control valve. However, as the focus of winter tests were on the externally heated
zones, most of the tests were operated on this zone by closing the control valve
of the internally heated zone. The results associated with the system performance
during the coldest event which was experienced by the system are discussed in this
study. In this specific event, the system was operated from 3/4/19 2:50 AM through
3/6/19 9:53 AM in full-load mode in the externally heated zone. Moreover, the
bridge experienced 7 h of freezing temperatures before the system was turned on
the weather conditions were closely monitored and collected from different sources,
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Fig. 4 Ambient temperature measurement from different sources

namely thermocouple measurements on site, weather station data from the site, and
online weather data [23]. The monitored weather data during the test is shown in
Fig. 4. During the cold front, the de-icing system experienced a total of 36.1 h of
freezing temperatures. The average of the freezing ambient temperature was 25.7 °F,
and the minimum ambient temperature was recorded as 20.8 °F which was reported
as the record low temperature in the past 20 years forMarch.Moreover, the difference
between online source data and on-site measurements is due to a 15-mile distance
of the online source station from the test site.

Figure 5 presents the inlet and outlet temperature of the hydronic heating pipes
during the test. However, due to large fluctuation of the inlet and outlet temperature
and tobetter illustrate the results, the hourly averageof the inlet andoutlet temperature
are also plotted in the sameFig. 5. The inlet temperature and outlet temperature follow
the same trend during the test and show a slight variation due to ambient temperature
changes. Themonitoring data illustrates that the bridge deck was heated with heating
fluid with an average temperature of 108 °F at the inlet; the outlet temperature was
recorded as 103 °F as the average temperature, with approximately 5 °F temperature
drop.

Figure 6 compares the temperature variation of the heated zone and the non-
heated zone, along with ambient temperature data. The temperature data for both the
externally heated zone and internally heated zone (not active, therefore, referred to as
a non-heated zone) are obtained from the sensor at 1 in below the surface in the center
of each zone. However, it should be noticed that the difference between temperature
in the heated and non-heated zone before the test began is due to the system operation
in the previous test in which the systemwas operating in bypassmode for the external
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Fig. 5 Inlet and outlet temperature of the bridge deck hydronic pipes

Fig. 6 Heated and non-heated zone temperature variation
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and internal heated sections and ended at 3/3/19, 11:17AM.Asmentioned earlier, the
bridge experienced 7 h of freezing temperature before the systemwas switched on for
this test. The idling gap of the geothermal system between the previous and this test
is about 15.5 h. The heat stored from the previous test gradually dissipated and the
bridgewas close to being in equilibriumwith the ambient temperature before the start
of the system. However, after the onset of the geothermal heat pump, the temperature
on the heated zone starts to increase and follows a different trend concerning the non-
heated zone. The temperature in the non-heated zone still closelymatches the ambient
temperature, which also indicates the validity of the monitored data. In the end, when
the test was over, and the system turned off, the temperature in the heated zone drops
and slowly merges to the non-heated zone temperature and both follow the ambient
temperature variation. The on-site observation proved the 8 h of idling time was
required when the bridge deck of the control zone was in close equilibrium with the
ambient temperature. The hours required to rise the bridge deck surface temperature
to 32 °F are considered as the time required for preheating. It is worthwhile to
mention that the recorded temperatures in Fig. 6 belong to 1 in below the surface,
and it has a slightly higher temperature with respect to exact surface temperature on
the heated zone. Theminimum of 32.5 °F on the heated zone is recorded slightly after
the test began in the early morning of 3/4/2019 when the air temperature reached
22 °F. Following about 24 h of operation, the heated surface temperature achieved
52 °F, while air and non-heated surface temperatures are dropped to about 21.5 °F.
However, after approximately 48 h of operation, the heated surface temperature is
reached 58 °F, while air and the non-heated surface temperature recorded as 21.5 °F
and 28 °F, respectively.

Moreover, as no precipitation was forecasted and experienced during the test, the
project team decided to make snow on the bridge deck surface using a snowmaking
gun about 24 h after systemoperation.Although the ambient temperaturewas suitable
formaking snow, the snowmakingwas not successful due to the high humidity greater
than 60%. The water drops became ice pellets, and a uniform ice layer was observed
in the non-heated zone. In the end, it was observed that the surface of the non-heated
zone was fully covered with ice while the heated zone was completely ice-free
(Fig. 7).

Fig. 7 Final stage of the de-icing test, the ice-free surface in the heated zone while the non-heated
zone is fully covered with ice
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The power consumption of the entire system was monitored to study the
geothermal system performance. As the GHDS was tested under the heating mode;
therefore, it is appropriate to evaluate the energy efficiency of the system using the
coefficient of performance (COP), which is given as:

COPsys = Q̇c

Ẇin,total
(2)

Q̇c = ṁCP
(
Tc,o − Tc,i

)
(3)

Ẇin,total = Ẇhp + Ẇp (4)

where Q̇c and Ẇin,total are the thermal energy output produced by the heat pump and
total input power, respectively. The mass flow rate is denoted by ṁ, and CP, Tc,o, and
Tc,i are the specific heat of the fluid, outlet, and inlet fluid temperatures of condenser,
respectively. Moreover, Ẇhp and Ẇp represent the electrical power consumed by the
heat pump unit and the pumps, respectively.

Figure 8 shows the monitored power consumption of the whole system and
compares it with the thermal energy output of the system. During the 54 h of opera-
tion, the average system power consumption was 1.4 kW per hour while on average
the system delivered about 6.6 kW of energy to the bridge deck per hour. Moreover,
the results indicate the average COP of this test was 4.6 which shows the efficient
performance of the system.

Fig. 8 Comparison of the system power consumption, the thermal energy output of the system,
and coefficient of performance (COP)
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4 Conclusion

This research discusses the system performance of the mock-up of the externally
heated geothermal bridge deck in a severe cold event during the winter of 2018–
2019 in Texas. In this event, the de-icing system experienced a total of 36.1 h of
freezing temperatures with the minimum ambient temperature recorded as 20.8 °F.
The outcomeof the test proves the feasibility of the externally heated hydronic system
in maintaining the surface temperature of the heated zone above freezing during the
cold front and de-icing test. The geothermal heat pump was operated with an output
temperature of 104–112 °F. The results show that the system requires about 8 h of
preheating for de-icing the bridge deck, which allows the surface to reach 32 °F.
A de-icing test was performed after 24 h of preheating, and no ice formulation was
observed on the heated area during the test. Moreover, the system could produce heat
energy more than four times the total electricity consumption of the whole system.
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Effect of Relative Density on the Drained
Seismic Compression of Unsaturated
Backfills

Wenyong Rong and John S. McCartney

Abstract It is critical to accurately predict the seismic compression of backfill
soils supporting bridge decks, pavements, or railways as small backfill settlements
may have substantial impacts on the performance of these overlying transportation
systems. Although several studies have evaluated the seismic compression of loose
unsaturated soils, there has not been significant focus on the seismic compression
of denser soils. This study presents the results from series of strain-controlled cyclic
simple shear tests performed on unsaturated sand specimens having different initial
relative densities and initial matric suctions representative of near-surface backfills.
Although the seismic loading process may involve rapid, undrained shearing, the
cyclic simple shear tests were performed in drained conditions with a slow shearing
rate to isolate the effect of matric suction. The results showed that soils with higher
initial suctions (or lower initial degrees of saturation) experienced smaller volumetric
strains, but the effect of suction (or degree of saturation) decreases as the relative
density increases.

Keywords Seismic compression · Unsaturated backfills ·Matric suction · Relative
density

1 Introduction

Seismic compression is defined as the accrual of contractive volumetric strains in soils
during earthquake shaking and has been recognized as a major cause of seismically
induced damage to civil infrastructure [12], i.e., transportation systems. The state-
of-the-practice method used to predict contractive volumetric strains of soils during
earthquake involves use of a chart developed by Tokimatsu and Seed [13] correlating
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volumetric strain with cyclic stress ratio and corrected standard penetration blow
count. This chart was developed based solely on results from cyclic simple shear tests
on saturated and dry quartz sands from Silver and Seed [11]. However, natural soil
layers near the ground surface are often above thewater table andmay be unsaturated,
especially for the compacted backfill soil layers in engineered transportation systems,
i.e., roadways, retaining walls and slopes, bridge abutment, etc., which are designed
with the intention of remaining in unsaturated conditions by provision of adequate
drainage. In earthquake-prone areas, it is of great significance to predict the potential
maximum seismically induced settlements of backfills as small settlements may have
a significant effect on the normal operation of these transportation systems.

The behavior of unsaturated backfill soils during earthquake shaking is uncertain.
At one extreme, liquefaction without volume change is expected in fully saturated
soils, while at the other extreme, volumetric contraction is expected in dry soils.
Several experimental studies have characterized the seismic compression of unsatu-
rated sand at various relative densities under undrained shearing or without consid-
eration of drainage conditions [3–6, 9, 10, 14, 16]. While some of these studies did
not observe a clear trend in the volumetric strain with matric suction (or degree of
saturation) for a limited number of cyclic shear strain amplitudes (e.g., [3, 5, 16]),
they did not control unsaturated conditions or measure changes in degree of satura-
tion or matric suction during shearing. The lack of a clear trend may also be due to
the wet tamping method used to reach different initial suctions, which might result
in large uncertainties in soil structures. Although denser soils showed higher resis-
tance to seismic compression at the same unsaturated state [3, 16], the controlling
or the dominant factor affecting seismic compression of unsaturated soils has not
been discussed. Unno et al. [14] and Kimoto et al. [6] performed undrained and
drained cyclic triaxial tests on unsaturated soils with various levels of suction and
observed volumetric contraction of dense and loose sands along with the buildup
of both the pore water pressure and the pore air pressure. They observed a clear
effect of the degree of saturation with liquefaction occurring in some tests on sands
at higher degrees of saturation and a clear effect of relative density with denser state
resulting in smaller seismic compressions. However, only two initial suctions and
relative density values were evaluated, and they did not separate the effects of relative
density and degree of saturation on the seismic compression as well. Le and Ghay-
oomi [8] observed lower seismic compressions for unsaturated specimenswith higher
suctions in drained cyclic simple shear test. Rong and McCartney [10] performed
drained cyclic simple shear tests (constant suction) on unsaturated sands in the funic-
ular regime and the seismic compression was observed to have a log-linear relation
with matric suction, but only the relative density of 0.45 was evaluated in these
studies and the effect of relative density remains unknown. Therefore, further exper-
imental study on seismic compression of unsaturated specimens with various initial
suctions and various relative densities is needed to help understand the governing
mechanisms.

To evaluate the effect of relative density on the seismic compression of unsatu-
rated soils, a series of cyclic simple shear tests on unsaturated specimens with four
different initial suctions at each of the three relative densities were performed in
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this study, representing the general compaction states of near-surface backfills in
transportation systems. Although the seismic loading process may involve rapid,
undrained shearing, the cyclic simple shear tests were performed in drained condi-
tions with a slow shearing rate to provide a worst-case scenario on the measured
seismic compression.

2 Effective Stress for Unsaturated Soils

Many mechanical properties of soils, i.e., the shear strength, shear modulus, and
damping ratio, are fundamentally influenced by the effective stress. To extend the
mechanistic framework established for saturated soils to unsaturated soils, Bishop
[2] proposed the following effective stress for unsaturated soils:

σ ′ = (σ − ua) + χ(ua − uw) (1)

where σ is the total normal stress on a given plane, ua is the pore air pressure, uw
is the pore water pressure, the difference between the total normal stress and the
pore air pressure represents the net normal stress, the difference between the pore
air pressure and the pore water pressure is the matric suction (also denotes as ψ),
and χ is Bishop’s effective stress parameter. Many definitions of the effective stress
parameter χ have been proposed in the literature, some related to the suction and
others related to the degree of saturation. Lu et al. [7] proposed a term called the
suction stress σ s that incorporated all interparticle forces and assumed χ is equal
to the effective saturation Se so that the soil water retention curve (SWRC), which
quantifies the relationbetween suction and thedegree of saturationwithin soils, canbe
integrated into the definition of effective stress. Specifically, the effective saturation
can be related to the suction through the van Genuchten [15] SWRC model, given
as follows:

Se =
{

1

1 + [αvG(ua − uw)]NvG

}1− 1
NvG

(2)

whereαvg andNvg are thevanGenuchten [15]SWRCfittingparameters. The effective
stress definition of Lu et al. [7] obtained by combining Eqs. (1) and (2) is given as
follows:

σ ′ = (σ − ua) +
⎡
⎢⎣ ua − uw(

1 + [
αvg(ua − uw)

]Nvg
)1− 1

Nvg

⎤
⎥⎦ (3)

In this equation, the term in brackets can be referred to as the suction stress σ s, and
the relationship between suction stress and matric suction (or degree of saturation)
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is referred to as the suction stress characteristic curve (SSCC). In this study, Eq. (3)
will be used to quantify the effective stress state of unsaturated soils.

3 Sand Properties

The sand used in this study is classified as a well-graded sand (SW) according to the
Unified Soil Classification System (USCS). The particle size distribution curve of
the well-graded sand is shown in Fig. 1. The mean grain size D50 and the effective
grain size D10 are 0.8 mm and 0.2 mm, respectively. The sand has a coefficient of
uniformity ofCu = 6.1 and a coefficient of curvature ofCc = 1.0. The specific gravity
is 2.61, and the maximum andminimum void ratios are 0.853 and 0.371, respectively
(Table 1).

The SWRC of the well-graded sand at different relative densities were measured
using a hanging column that can apply higher suction magnitudes to the residual

Fig. 1 Particle size
distribution curve of the
well-graded sand
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Table 1 Summary of the
basic mechanical of the
well-graded sand

Parameter Value

Specific gravity, Gs 2.61

Effective grain size, D10 (mm) 0.20

Mean grain size, D50 (mm) 0.80

Coefficient of curvature, Cc 1.00

Coefficient of uniformity, Cu 6.10

Maximum void ratio, emax 0.853

Minimum void ratio, emin 0.371
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saturation of the sand. To determine the SWRC, a pre-determined mass of dry sand
was poured at a constant rate from a funnel into a Buchner funnel having a fritted
glass disk with an air-entry suction of 50 kPa at the bottom that was filled with
de-aired water. It was found that a target density of 0.45 could be reached reliably
without tamping, however, to reach higher initial relative densities, i.e.,Dr = 0.70 and
0.85, different tamping efforts were needed. This initially saturated specimen was
incrementally desaturated by applying negative water pressures (uw) to the hanging
column while leaving the surface of the specimen open to the atmosphere (which
means pore air pressure ua = 0). Once the outflow of water from the bottom boundary
remained constant over a time between readings of 30 min, the sand specimen was
considered to be at hydraulic equilibrium. Test results including the primary drying
path for different relative densities are shown in Fig. 2, which also shows the fitted van
Genuchten [15] SWRCs. The best-fit SWRC model parameters for the well-graded
sand at different relative densities are summarized in Table 2.

The best-fit values of the parameters αvG and NvG for the drying path were used
to define the SSCCs at different relative densities, which were plotted in terms of
both matric suction and degree of saturation as shown in Fig. 3a and b, respectively.
As NvG is slightly larger than 2.0 at all three relative densities, the SSCCs will not
increase monotonically with suction [7]. Instead, the SSCCs increase with suction
(or decreasing degree of saturation) up to the maximum values at intermediate matric
suctions before decreasing back to zero at higher suctions.

Fig. 2 SWRCs of the
well-graded sand at different
relative densities

Table 2 van Genuchten fitting parameters of the sand at different relative densities

Relative density, Dr αvG (kPa−1) NvG Saturated volumetric
water content, θ s

Residual volumetric
water content, θ r

0.45 0.70 2.10 0.39 0

0.70 0.50 2.10 0.33 0

0.85 0.42 2.10 0.31 0
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Fig. 3 SSCCs of the well-graded sand at different relative densities a σ s versus ψ, b σ s versus S

4 Simple Shear Device with Suction-Saturation Control

Cyclic simple shear tests allow the principal stress axes to rotate smoothly during
cyclic shearing and permit simulation of the stress-strain response of soils in a
free-field soil layer due to upward horizontal seismic shear wave propagation,
while permitting evaluation of the associated changes in pore water pressure and/or
volume change. A monotonic simple shear apparatus manufactured by the Norwe-
gian Geotechnical Institute (NGI) was modified to perform cyclic simple shear tests
over a range of shear strain amplitudes and unsaturated conditions (different matric
suctions or degrees of saturation) by incorporating a hanging column setup, details
of the modification can be found in Rong and McCartney [10]. The overall view of
the simple shear apparatus including different components is shown in Fig. 4.

The specimen housing designed to test unsaturated soils in the modified cyclic
simple shear device is shown in Fig. 5. The top platen incorporates a coarse porous
stone which facilitates air drainage while providing a rough surface to transmit shear

Fig. 4 Cyclic simple shear
apparatus for unsaturated
soils
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Fig. 5 Schematic view of the specimen housing used in the NGI-type apparatus

stresses to the top of the specimen. The bottom platen incorporates a high air-entry
porous disk that transmits water from a hanging column consistent with ASTM
D6836, which has a central port to accommodate a tensiometer (model T5 from
UMS) to monitor changes in matric suction during cyclic shearing. The cylindrical
specimen has a height of 20 mm and a diameter of 66.7 mm, resulting in a height
to diameter ratio of H/D = 0.3, which is less than the maximum value of 0.4 set
by ASTM D6528 [1]. The specimen is confined within a wire-reinforced rubber
membrane manufactured by Geonor, which minimizes radial deformations of the
specimen during preparation, application of vertical stresses, and cyclic shearing but
allows vertical and shear deformations.

5 Preparation of Unsaturated Specimens with Different
Relative Densities

The bottom platen of the specimen housing was first fastened on the simple shear
device using the T-clamps, and T5 tensiometer was inserted through the porous glass
disk and sealed into place. To prepare unsaturated test specimens with different rela-
tive densities and different initial suctions, saturated specimens at different relative
densities were first prepared, and suction was applied subsequently to reach different
initial suctions. Like approaches adopted in measuring the SWRCs, pre-determined
mass of dry sand was poured from a funnel into the chamber surrounded by the
wire-reinforced rubber membrane that was filled with de-aired water to form the



284 W. Rong and J. S. McCartney

uniformly distributed saturated specimen. The target relative density of 0.45 could
be reached reliably without tamping, but to reach higher relative densities of 0.70 and
0.85, the specimen was carefully compacted with different amount of energy at three
layers. Saturated specimens at different relative densities were then desaturated to
different target matric suctions using the hanging column. Water outflow was moni-
tored while monitoring the tensiometer reading to confirm the initial unsaturated
states. Once the reading of the tensiometer was constant and the water outflow did
not change over an interval of 30 min, the unsaturated specimen is assumed to be at
hydraulic equilibrium.

6 Testing Procedure and Testing Program

Unsaturated specimens with four initial suction values at the three relative densities,
marked A, B, C, D as shown in Fig. 6a, were evaluated in this study so that effect of
relative density on the seismic compression of unsaturated backfills in drained condi-
tions can be analyzed. As the cyclic shearing was performed in drained conditions,
the valve on the hanging column burette was kept open and suction was maintained
constant while monitoring any outflow of water. Constant shear strain amplitude
of 5% was applied with the same number of cycles N = 200 for all tests in this
study, which aims to apply sufficiently large values to result in measurable seismic
compressions, as shown in Fig. 6b. A shear strain rate of 0.833%/min was chosen to
ensure drainage for both the pore water and the pore air based on the matric suction
measurement in preliminary testing, which led to a period of 6 min. A vertical stress
of 50 kPa was applied to the top of the specimen in all tests, which is representative
of a near-surface unsaturated backfill soil layer in transportation systems. Before
starting the cyclic shearing test, the actual height of the specimen under the applied
vertical stress was measured so that the volumetric strain during cyclic shearing can

Fig. 6 Initial unsaturated conditions and the applied shear strains in the test, a initial states on
SWRCs, b applied cyclic shear strains
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Table 3 Initial states of the unsaturated specimens

Dr Specimen h0 (mm) ψ0 (kPa) S0 w0 θw0

0.45 A-45 20.03 2.05 0.55 0.135 0.214

B-45 19.98 3.98 0.31 0.075 0.119

C-45 19.85 5.94 0.20 0.050 0.079

D-45 20.04 10.08 0.12 0.028 0.045

0.70 A-70 20.06 1.98 0.70 0.134 0.233

B-70 19.85 3.95 0.42 0.081 0.141

C-70 19.95 6.02 0.28 0.054 0.094

D-70 19.94 10.10 0.17 0.032 0.055

0.85 A-85 19.89 2.05 0.75 0.129 0.233

B-85 19.84 3.92 0.49 0.085 0.153

C-85 19.97 6.02 0.34 0.058 0.104

D-85 20.02 9.98 0.20 0.035 0.063

be calculated. The initial states of the unsaturated specimens, like the initial specimen
height h0, initial matrix suction ψ0, initial degree of saturation S0, initial gravimetric
water content w0, initial volumetric water content θw0, are presented in Table 3.

7 Experimental Results and Discussion

An example of the time histories of the measured variables in the test are shown
in Fig. 7 for the unsaturated specimen having an initial suction of 10 kPa at the
relative density of 0.70, during the application of 200 cycles of the shear strain
amplitude of 5%. Volumetric contraction was observed, and it was found to gradually
increase with number of cycles but with a decreased rate, as shown in Fig. 7a. As
volumetric contraction occurs, the shear stress required to maintain the same shear
strain amplitude gradually increases with cycles of shearing, as shown in Fig. 7b.
Pore water pressure was measured directly with the T5 tensiometer at the bottom
of the specimen, as shown in Fig. 7c. It was found to increase a little bit at the
beginning of shearing but stabilized to the negative value of the initial suction in
the subsequent loading cycles due to dissipation or redistribution of the pore water
pressure. Water was observed to outflow primarily in the first 100 cycles (the first
600 min) and became stabilized subsequently, as shown in Fig. 7c as well. The
hysteretic stress-strain relationship is shown in Fig. 7d.

Volumetric strains experienced by the unsaturated specimens fluctuated remark-
ably in each cycle due to the applied large cyclic strains. Evolutions of the medium
volumetric strain in each cycle for all the specimens are shown in Fig. 8 for the three
relative densities.Matric suctionwas observed to have a non-negligible effect at lower
relative densities, especially for the specimens atDr = 0.45 as shown in Fig. 8a. The
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Fig. 7 Typical time historiesmeasured during cyclic shearing of an unsaturated specimen having an
initial suctionψ0 = 10 kPa at the relative density of 0.70, ameasured volumetric strain, bmeasured
shear stress, c measured water pressure and outflow, d hysteretic stress-strain loops

Fig. 8 Evolution of volumetric strains of unsaturated specimens subjected to γc = 5% aDr = 0.45,
b Dr = 0.70, c Dr = 0.85

volumetric strains at the end of shearing deviated significantly for different matric
suctions with the smallest value of 5.5% at the suction of 10 kPa and the larges value
of 8.7% at the suction of 4 kPa. For all the relative densities evaluated in this study,
higher suction led to a stiffer response in drained conditions and thus less seismic
compression, which agrees well with the findings in Kimoto et al. [6].
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Fig. 9 Synthesized results
with the evolutions of SSCCs
at different relative densities

Volumetric strains for unsaturated specimens at all relative densities at the end
of shearing (N = 200) were plotted against matric suction as shown in Fig. 9. It
can be seen that higher relative density resulted in smaller volumetric contractions
for the same suction level; however, this effect is weakened with increased suctions,
especially at the highest suction of 10 kPa. At each relative density, suction plays an
important role on the seismic compression with lower volumetric strain observed for
specimens with higher suctions. However, the effect of suction can be alleviated or
lessened by increasing the relative density. Evolutions of the SSCC can be inferred
from the tracked water outflows and the degree of saturation, as shown in Fig. 9 as
well. Compared with the initial SSCCs in Fig. 3a, suction stress shifted to the right
in the higher suction range at the three relative densities with a remarkable shift at
Dr = 0.45 and slighter changes at Dr = 0.70 and Dr = 0.85, which were primarily
due to the different amount of volumetric contractions at each relative density.

8 Conclusion

In this study, a series of strain-controlled cyclic simple shear tests were performed
on unsaturated sands with four initial suctions at each of the three relative densities
in drained conditions, which represented the worst-case scenario for the near-surface
compacted unsaturated backfills in transportation systems. Test results indicated that
matric suction could lead to stiffer responses of unsaturated specimens in drained
conditions, with the smallest volumetric contraction happened at the highest suction
value. However, the dependence of the volumetric response on suction can be alle-
viated or weakened by increasing relative density. In addition, increasing relative
density can remarkably decrease the seismic compression at lower suction values,
but not an efficient approach for unsaturated soils in the residual saturation with high
suctions.
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Frost Heave Protection of Concrete
Pavement Subgrades

Chigusa Ueno, Yukihiro Kohata, and Kimo Maruyama

Abstract The Japanese road authority specifies that, in designing pavement
subgrade, non-frost heaving materials shall be used for 70% of the frost penetration
depth of the subgrade. However, some concrete pavements in snowy/cold regions
have been found to have cracks that are categorized as structural damage caused by
frost heaving. To examine the necessity for revising the subgrade design, an onsite
survey to clarify the frost damage of concrete pavements and an evaluation of the
impact of frost heaving on the lifespan of pavements by using FEM analysis and
fatigue calculation were conducted. It was estimated from the onsite survey that the
void between the concrete pavement and the subgrade, which was generated by frost
heaving, would reduce the lifespan of the concrete pavement. To clarify this point,
an FEM model was created to reproduce the frost heaving and an analysis was done
using this model. In the analysis using the model that reproduced frost heaving, the
tensile bending stress due to wheel loads at the bottom of the concrete slab increased.
The pavement life was obtained in a fatigue calculation that incorporated the increase
in tensile stress. The result was that a concrete pavement had structural cracks in a
short period of a few dozen days after it experienced frost heaving. Based on these
findings, we propose that, in designing concrete pavement subgrade in snowy/cold
regions, it may be appropriate to use non-frost-heave-susceptible materials for the
entire frost penetration depth.
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1 Introduction

In recent years, social demand for cost reductions in the development, maintenance,
andmanagement of capital assets has been increasing. In road pavementmanagement
as well, life cycle costs are required to be minimized by securing high durability for
facilities and extending their lifespans. Under such circumstances, concrete pave-
ments have been attracting attention for its higher durability and greater lifespan
extension than asphalt pavements. However, in the snowy/cold regions of Japan,
concrete pavements have not been used very much because there is a fear of struc-
tural damage from frost heaving and a decrease in the bearing capacity of the subgrade
during the thawing season.

In this study, we conducted an onsite survey of existing road pavements to clarify
the conditions of damage from the frost heaving of concrete pavement slabs (Co
slabs). Then, the influence of the space between the Co slab and the base course
generated from frost heaving on the life of the concrete pavement was evaluated
by FEM analysis and fatigue calculation. The analysis and calculation were found
that it is difficult to control damage from frost heaving by using the current design
method, in which subgrade re-placement is done for 70% of the theoretical deepest
frost penetration and that it is appropriate to construct the subgrade using non-frost
heaving materials for the entire frost penetration depth.

2 Design Standards as a Measure Against Frost Heaving

The frost heaving countermeasure for road pavements in Japan involves replacing
mainly the subgrade materials with non-frost heaving materials. The depth of re-
placement is specified as “70% of the theoretical deepest frost penetration” [1]. In
this study, the appropriateness of the current design standard was investigated.

3 Mechanism of Co Slab Damage from Frost Heaving

When frost heaving occurs in the subgrade, it is considered that cracks are generated
in the Co slab based on the mechanism as shown in Fig. 1.

The left-hand subfigure as shown in Fig. 1 shows the case inwhich frost penetrates
into the subgrade of frost heave-susceptible materials and water is supplied from the
road shoulder. As shown in the left-hand subfigure, an ice lens forms in the subgrade
on the side of the shoulder. This ice lens pushes up the Co slab. When this location is
repeatedly subjected to wheel loading, longitudinal cracks are generated. This may
also cause transverse cracks at times. The right-hand figure in Fig. 1 shows how the
transverse cracks are generated in the Co slab. Ice lenses may develop when water
freezes at the subgrade locations below the concrete slabs as indicated in Fig. 1.
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Water

Water

Ice lens

Ice lens
Ice lens Ice lens

Ice lens Ice lens

Fig. 1 Mechanism of crack generation from frost heaving

When wheel loads repeatedly stress the slabs directly above subgrade ice lenses,
transverse cracks may develop.

4 Fact-Finding Onsite Investigation on Existing Concrete
Pavements

We conducted an onsite investigation in a snowy-cold area on concrete pavement
constructed using the conventional designmethod.The locations for this investigation
were two road sections (A and B) with concrete pavement. The photograph of the
investigation location is shown in Fig. 2. The overview of the investigation sites are

Fig. 2 Locations for this investigation (Left: Location A, Right: Location B)
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Table 1 Overview of the investigation sites

Locations Years
in
service
(year)

Length
(m)

Amount
of large
vehicle
traffic
(no. of
vehicles
/day)

Typical
topography

Desirable
joint
spacing
estimated
based on
traffic
amount
(m)

Frost heave
susceptibility
of the
subgrade

Drainage
characteristics
of the
subgrade

A 17–28 4886 39 Consecutive
embankment
immediately
along the
coastline

7.5 Non-frost
heave
susceptible

Impermeable
layer
(Bedrock)

B 27–34 8053 169 8.0 Frost heave
susceptible

Permeable
layer
(Gravelly
soil)

Table 2 Investigated items Locations Visual inspection Survey of frost
heave amount

FWD test

Section A ◦ – –

Section B ◦ ◦ ◦

indicated in Table 1. Sections A and B had very similar topographical characteristics
that is mainly consecutive embankment immediately along the coastline.

The three investigated items are shown inTable 2. The investigation for the amount
of frost heaving and the FWD survey were done only at Section B, where structural
crackswere found in the visual inspection. Thesewill be discussed in the next section.

4.1 Investigation Methods

Visual inspection

Visual inspection for the entire length of the two sections of concrete pavement was
done on foot. We counted the number of Co slabs with transverse cracking that
penetrated the Co slab and the number of Co slabs with longitudinal cracking that
covered at least the half of the entire length of the Co slab as shown in Fig. 3. These
types of cracks indicate structural damage to the Co slab.

Survey on the amount of frost heaving

To clarify the relationship between the cracks found in the visual inspection and frost
heaving, we conducted a survey on the amount of frost heaving.
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Fig. 3 Structural damage in the Co slab (Left: transverse cracking, Right: longitudinal cracking)

The targets were the Co slabs with transverse cracking (Fig. 3). The survey ran
from December 2016 to March 2019. In the survey, we measured the road surface
height before the start of frost heaving in December and defined this height as the
reference value. At each location where we had obtained the reference value, we
measured the road surface height in late February and early March of the next year,
which is considered to be the time of the most severe frost heaving in the surveyed
area. The differences between the reference value and the values measured in the
frost heave season were recorded as the amount of frost heaving.

FWD investigation

In the FWD investigation, weights are dropped onto the pavement to determine its
deflection. The outlines of the investigation are shown in Fig. 4. The D0 deflection
was measured by FWD. The investigation conditions are shown in Table 3.

4.2 Investigation Results

Visual inspection

The pavement structures at the inspected locations and the inspection results are
shown in Fig. 5. Both of the inspected sections had a pavement structure that includes
low-frost-heave-susceptible materials to 70% of the theoretical deepest frost pene-
tration for 20-year probability. The subgrade material of the Section A was bedrock,
which is considered to have low-frost heave susceptibility. In contrast, the subgrade
material at Section B was frost heave susceptible.

When the number of cracks and the frequency of cracks were examined, Section
B with frost heave-susceptible subgrade material had higher values than Section A.
We estimated that, based on the inspection results, cracking relates to the frost heave
susceptibility of the subgrade materials.
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Weight
(Falling weight)

Rubber buffer
Weight  (Second weight)

Interface box

PC

Deflection 
sensorAir temperature

Road surface temperatureLoad
sensor

Loading
plate

Fig. 4 FWD investigation

Table 3 FWD investigation
conditions

Loadings Number of
loadings

Frequency Road surface
temperatures

98 kN 4 times 100 Hz 18.3–20.5 °C

Section A Section B

Number of transverse cracks (cases)
Number of longitudinal cracks  (cases)

Frequency of crack occurrence (cases/km)

Base course
(crusher run)

 t=40cm

Concrete
pavement slab

t=20cm

Concrete
pavement slab

t=25cm
Base course
(crusher run)

t=25cm

Anti-frost layer
(crusher run)

t=25cm
Anti-frost layer

(crusher run) t=15cm

0.00 8.63

Subgrade
[Non-frost heave

susceptible]
Subgrade

[Frost heave susceptibl]
0 40
0 7

Fig. 5 Pavement structure and the results of visual survey
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Cracks found in December 2016

Cracks found in April 2017

Loading location
Crack location
Joint between a cracked slab and another slab
Center of the sound slab
Joint between sound slab

L1

R1

L4L5L3L2

R4R5

L6 L7 L8 L9 L10

R6 R7 R8 R9 R10R3R2

Fig. 6 Locations for the FWD investigation and the cracks on the Co slab

Table 4 FWD investigation results

No. L1 L2 L3 L4 L5 L6 L7 L8 L9 L10

D0 (pm) 241 166 268 371 587 288 148 238 174 238

No. R1 R2 R3 R4 R5 R6 R7 R8 R9 R10

D0 (pm) 265 172 417 402 285 317 155 224 170 270

Survey on the amount of frost heaving

The greatest frost heaving (13 mm) was observed at Section B.

FWD investigation

At Section B, where frost heaving was found, we conducted the FWD investigation
to clarify the bearing capacity of the pavement body on April 20, 2017. The locations
for FWD investigation and the cracks on the Co slab are shown in Fig. 6, and the
FWD results are shown in Table 4. The D0 deflection was great at the locations near
the newly found cracks indicated by red lines in Fig. 6, and a marked decrease in the
bearing capacity of the pavement body was found in this investigation.

Discussion on the findings of the onsite investigation

The D0 deflection of the Co slab measured at the locations with newly found cracks
was about twice those at the sound locations, which suggests that voids may have
been generated under the pavement slab. As shown in Fig. 1, it can be estimated that
the cracks were generated by frost heaving and subsequent fatigue.

The period from the day when the greatest amount of frost heaving was observed
to the day when the cracks were found was about 2 months. It was verified that
structural damage occurs in a short period from the generation of unevenness in the
pavement slab caused by frost heaving. The survey results compelled us to consider
the need to review frost heave countermeasures in pavement design.
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5 FEM Evaluation of the Influence of Frost Heaving

The onsite investigation showed that a possible cause of the early cracking is the
voids between the base course and the Co slab generated by frost heaving. To verify
the influence of this phenomenon on the Co slab, we conducted FEM analysis.

However, it is difficult to actually measure the void between the base course and
the Co slab. Therefore, the asphalt pavement surface, which has the flexibility to
follow and reflects the shape of the subgrade, was used to estimate the frost heave
shape. And a virtual Co slab was placed on this surface to derive the size of the void
between the base course and the Co slab. Then, these voids were reflected in the
FEM model.

5.1 Creation of a Model for Verification

The shapes and heights of frost heaving were measured in an area of 3.5 m× 10.0 m,
which is similar to the size of theCo slab used for theFEManalysis. 10m joint spacing
is the design standard for concrete pavement in Japan. Therefore, we assumed this
joint spacing in our model analysis. Elevations of an asphalt pavement slab for the
analysis were measured on a 0.5 m mesh in winter. The difference between the
measured values and the initial value measured in the fall was determined to be the
amount of frost heaving. The contours of the measured values are shown in Fig. 7.
The direction of the axis is the same as that of the FEM analysis. From the figure, it is
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Fig. 7 Contour of unevenness from frost heaving
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found that there were uneven amounts of frost heaving that resulted in the pavement
surface unevenness.

Using the measurements, we calculated the thickness of each void generated
between the bottom surface of the Co slab, which was assumed as a plane surface,
and the uneven base course surface and input the values into the FEM model. The
greatest thickness of the void between the Co slab and the base course surface was
about 19 mm.

A model for this verification (the frost heave model) was created by defining void
thickness of less than 5 mm as “the base course is fixed to the Co slab,” that from
5 mm to less than 10 mm as a “5 mm void,” that from 10 mm to less than 15 mm as
a “10 mm void,” and that from 15 mm to less than 20 mm as a “15 mm void.”

5.2 Analysis Conditions

Pave3D [2] was used for the FEM analysis. The model was 3.5 m in width, 10.0 m
in length, and 3.5 m in depth, values that were chosen by assuming a piece of Co
slab. The conditions of the ground for the analysis model are shown in Table 5. For
the elastic modulus and Poisson’s ratio of the Co slab and the granular material, the
representative values shown in theHandbook on PavementDesign [1]were used. The
elastic modulus of subgrade with a decreased bearing capacity during the thawing
season is obtained by multiplying the lowest limit value of the design CBR of 3 by
10 [1, 3].

The pavement thickness was determined based on the cross-section of the pave-
ment at Section B, which was designed as a 20-year design pavement. For the
frost penetration depth, 1000 mm, which is the 20-year-probability greatest frost
penetration depth in the surveyed area, was used.

The element division space for the analysis was 125 mm for the X- and Y-axes.
The element division space for the Z-axis of the Co slab was 50 mm.

The loading condition was determined by measuring the load imparted by a dump
truck with a total weight of 196.2 kN, and the condition obtained in the measurement

Table 5 Conditions of the ground for the analysis model

Slab thickness
(mm)

Elastic modulus
(MPa)

Poisson’s ratio Density (kg/m3)

Concrete pavement
slab

250 28,000 0.2 2500

Base course 600 200 0.35 2040

Subgrade 2650 100 0.4 –

Subgrade
(when the bearing
capacity is reduced)

150 30 0.4 –
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Y : Longitudinal direction of the slab

X : Transverse  direction of the slab

Z : Depth-wise direction

Fig. 8 Loading location

was used [4]. The loading locations are shown as red marks in Fig. 8. In the X-
axis direction, the center of the loading location for the road shoulder side of the
front wheel was set at a point 1000 mm from the longitudinal free end. In the Y-axis
direction, the point of greatest tensile stress in theCo slabwas determined by repeated
calculation. The calculation determined the Y-axis loading location to be the point
where the load of the rear wheel was directly above the void created between the
base course surface and the Co slab.

5.3 Analysis Details

The analysis was done by using four models. (1) The standard model: This was
without any unevenness of the upper surface of the base course. (2) The frost heave
model: This was with frost heaving voids between the base course and the Co slab.
(3) The low-bearing-capacity model: This was created by considering the decrease
in the bearing capacity of the subgrade during the thawing season. The bearing
capacity decrease from 100 to 30 MPa in a layer from 850 to 1000 mm in depth of
subgrade. (4) The compound model: The FWD test suggested the possibility that
voids were generated during the thawing season at the locations where frost heaving
had occurred between the Co slab and the base course. The test results also suggested
that the subgrade bearing capacity was reduced. In this model, the bearing capacity
of the frost heave model was reduced to 30 MPa in the layer from 850 to 1000 mm.

5.4 Analysis Results

The values and the locations of generation of the greatest tensile stress for each
model are shown in Table 6. The greatest tensile stress for the frost heave model
was 1.42 MPa, which is about 6 times the greatest tensile stress (0.23 MPa) of the
standard model. The greatest tensile stress of the low-bearing-capacity model was
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Table 6 Analysis results

Maximum tensile
stress (MPa)

Comparison with the
standard model

Location of maximum
tensile stress generation

(1) Standard model 0.23 – Lower surface of the
slab end

(2) Frost heave model 1.42 6.2 times Lower surface of the
slab end

(3) Bearing capacity
decrease model

0.46 2.0 times Lower surface of the
slab end

(4) Compound model 1.60 7.0 times Lower surface of the
slab end

0.46 MPa. The greatest tensile stress of the compound model was 1.60 MPa, which
was greater than that of the frost heave model, and about 7 times that of the standard
model.

From the above, it was verified that the tensile stress generated in the Co slab
increases with the increase in the unevenness of the slab from frost heaving and with
the decrease in bearing capacity of the subgrade during the thawing season.

6 Evaluation of the Influence of Frost Heaving
on the Model by Degree of Fatigue

Using the standard model and the frost heave model explained in the preceding
section, we investigated how the void between the Co slab and the base course caused
by frost heaving influenced the pavement life. In this evaluation, we evaluated the life
of the pavement by using the theoretical design method for the concrete pavement
described in the Handbook on Pavement Design and the degree of fatigue.

6.1 Creation of a Model for Verification

To reproduce the state of concrete pavement in service in snowy-cold areas, we set
the conditions for this evaluation as follows.

For calculating thermal stress, we compared the thermal distribution described in
the handbook to the measured values, and we used the thermal distribution described
in the part of the book on “locationswith small thermal differences,”which resembled
the measured value distribution. The measured values were the data for the Co slab
near Section B.

The pavement thickness was set as 250 mm, the number of lanes was set as 2, the
slab length was set as 10.0 m, the slab width was set as 3.5 m, and the lane width
was set as 3.25 m. For the traffic conditions, we used the survey results for another
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section whose traffic volume (547 heavy vehicles/day) was close to that for Section
B (341 heavy vehicles/day), because surveyed vehicle weight data were unavailable
for Section B.

For the standard model, three design periods for determining the degree of fatigue
were set: (1) 20 years, which is the standard in Japan, (2) 35 years, which is the design
service period for Section B, and (3) the period during which the degree of fatigue
exceeds 1.0 (i.e., the time until one transverse crack that has penetrated the slab goes
across the entire width of the slab, as shown in Fig. 2).

The calculation conditions for degree of fatigue are shown in Table 7. Particularly,
for examining the degree of fatigue, the target location was set as the longitudinal
free end of the slab and the target form of crack was set as transverse crack, based
on the FEM analysis results.

For bending strength, 5.4 MPa (n = 9) was used, which was the average value for
the core sampled during the onsite survey from the existing Co slab in Section B.

Table 7 Calculation conditions for degree of fatigue

Targets for the pavement

Cracking ratio (performance index value) (cm/m2) 10

Reliability (%) 90

Conditions of the pavement slab

Type of pavement Ordinary concrete pavement

Bending strength (MPa) *Average value of the sample core from
the existing road

5.4

Elastic modulus (MPa) 28,000

Poisson’s ratio 0.2

Temperature expansion coefficient (1/°C) 10 × 10−6

Transverse joint spacing (m) 10

Joint Dowel bar used

Traffic conditions

Percent heavy vehicles Suburban area

Number of heavy vehicles that travel when the temperature
difference between the upper and lower surfaces of the concrete
slab is positive/total traffic volume of heavy vehicles

0.60

Number of heavy vehicles that travel when the temperature
difference between the upper and lower surfaces of the concrete
slab is negative/total traffic volume of heavy vehicles

0.40

Paved road shoulder of sufficient width Exists

Paved road shoulder of sufficient width

Important point Longitudinal free end

Assumed cracks Transverse cracks
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6.2 Calculation of Compound Stress

The calculationmethod described in the Handbook on Pavement Design has no items
that address frost heaving, as shown in Eq. (1); therefore, we attempted to include
the influence of frost heaving, as shown in Eq. (2).

σm = σei,j + σtk (1)

σm = σei,j + σtk + σfi,j (2)

where

σm compound stress (MPa).
σ ei, j wheel load stress when the wheel load Pi passes the travel location j (MPa).
σ tk thermal stress from the temperature difference k between the upper and lower

surfaces of the concrete slab (MPa).
σ fi, j the wheel load stress increase from frost heaving when wheel load Pi passes

the travel location (MPa).
σ fi, j was obtained from the item“the difference in the greatest tensile stress among

models under each condition” in the handbook and for the time when the
wheel load Pi passes over the travel location j

Table 8 Maximum tensile stress

Axel load
Pi (kN)

Wheel
passes per
day

Maximum tensile stress applied to the end of
pavement slab (MPa)

Difference in stress
(MPa)

Standard model Frost heave model

Travel
location j
= 105 cm

Travel
location j
= 15 cm

Travel
location j
= 105 cm

Travel
location j
= 15 cm

Travel
location j
= 105 cm

Travel
location j
= 15 cm

9.8 1229 0.03 0.12 0.25 0.43 0.22 0.31

19.6 252 0.06 0.23 0.42 0.80 0.37 0.57

29.4 274 0.09 0.35 0.60 1.16 0.52 0.82

39.2 49 0.12 0.46 0.78 1.53 0.67 1.07

49.0 23 0.15 0.58 0.97 1.90 0.82 1.32

58.8 10 0.18 0.69 1.14 2.26 0.97 1.57

68.6 2 0.21 0.81 1.32 2.63 1.12 1.82

78.4 2 0.23 0.92 1.50 3.00 1.27 2.07

88.2 0 0.26 1.04 1.69 3.37 1.42 2.33

98.0 0 0.29 1.15 1.87 3.73 1.57 2.58
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Table 9 Results of trial
calculation for degree of
fatigue

Design period Degree of fatigue

20 years 0.41

Standard model 35 years (Equivalent to
the service years)

0.74

48 years 1.01

Frost heave model 18 days 1.06

Table 8 shows the calculated values when the wheel load Pi acts at the travel
location j of 105 cm and at that of 15 cm from the longitudinal free end as the repre-
sentative values for the calculated greatest tensile stress, and it shows the difference
between the stresses at the two locations. At higher wheel loads and loading locations
closer to the longitudinal free end, the difference between the stress for the standard
model and that for the frost heave model and the value that is added to the compound
stress tend to increase.

6.3 Calculation for the Degree of Fatigue

We calculated the degree of fatigue by inputting the conditions set above and the
compound stress obtained above into the formula for calculating the degree of fatigue.
In obtaining the degree of fatigue, we used the “fatigue curve verified based on the
data for concrete pavement in Japan” described in the handbook.

The results of calculation are shown in Table 9. The degree of fatigue exceeds 1.0
in the hatching cell at Table 9. For the standard model, the degree of fatigue did not
exceed 1.0 when the service years were set as 35 years, which is the current design
service years for Section B, and exceeded 1.0 under the conditions for the service
period of 48 years. In the frost heave model, the degree of fatigue exceeded 1.0 after
18 days in service.

From the above results, it was found that there is the possibility of structural
damage within a month after frost heaving from freezing that penetrates the subgrade
of a Co slab. Even for the Co slab that remains sound without structural damage for
more than 20 years under the conditions without frost heaving, structural damage
from frost heaving was found to occur early.

6.4 Comparison with the Results of the Onsite Survey

It is estimated that the structural damage occurred in Section B, where cracks across
the entire width of the Co slab were found in the onsite survey described above,
because the tensile stress generated in the Co slab under vehicle travel increased
due to the generation of voids between the Co slab and the base course surface and
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the decrease in the bearing capacity of the subgrade, as shown in the results of the
FEM analysis and the degree of fatigue calculation. In the onsite survey, cracks were
found about two months after we found the greatest amount of frost heaving. The
calculation of the degree of fatigue by FEM analysis was obtained a result in which
cracks similar to these would be generated in a short period of time.

7 Conclusion

The main findings in this study are as follows.

• In the concrete pavement slab (Co slab),we found cracks thatwere likely causedby
frost heaving and the decreased bearing capacity of the subgrade at the locations
where frost heave-susceptible materials were used for the subgrade within the
freeze-penetration depth.

• The analysis results showed that even for a Co slab that would not suffer structural
damage until 48 years in service, structural damage occurs in a matter of few days
when freezing reaches the subgrade and frost heaving occurs.

From the above, it was clarified that the pavement life decreases at locationswhere
the subgrade materials within the frost penetration depth are frost heave suscep-
tible and when unevenness occurs on the lower surface of the Co slab. In designing
subgrades for concrete pavements in snowy/cold areas, we consider it appropriate to
use non-frost heaving material for the entire frost penetration depth of the subgrade.
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Effect of Traffic Load on Permeability
of Remolded Kaolin

Jian Zhou, Linghui Luo, Hao Hu, Jie Xu, and Yicheng Jiang

Abstract Soil anisotropic strength and strain behavior under principal stress rota-
tion, caused by traffic loading, have been widely studied, while anisotropic perme-
ability is of little concern. Large settlement will be induced by consolidation or
secondary consolidation of soft clay, particularly for reclaimed clay. Permeability
behavior is thus very important. Since current experimental setups do not take into
account the influence of dynamic loading on the permeability of soil, hollow cylinder
apparatus (HCA) was modified so that it can be utilized to determine the hydraulic
conductivity of clay. HCA is usually used to simulate complex stress paths and to
determine anisotropic strength and stiffness of soil under different directions ofmajor
principal stress. As no permeation experiment has been conducted by HCA before,
firstly this paper proposes the test procedure formeasuring the hydraulic conductivity
of samples. Then, a series of permeation experiments under different K0 consolida-
tions were conducted. Horizontal and vertical permeabilities were measured before
and after traffic loading. Experimental results show that under K0 consolidation
condition, the anisotropic permeability of remolded kaolin increases with the applied
axial stress in spite of the same K0 value. Hydraulic conductivity decreases in both
vertical and horizontal directions after traffic loading. Dynamic load has a greater
impact on permeability behavior in its main consolidation direction, which leads to
an increase in the anisotropy ratio of permeability. Findings in this paper will help
understand the settlement and uneven settlement of embankments in soft ground,
where permeability is normally regarded as a constant.
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1 Introduction

The permeability characteristics of clay play an important role in the field of geotech-
nical engineering and have been extensively studied [1–5]. However, most research
studies have not taken anisotropy and dynamic loading effect into consideration.
In fact, there are significant differences between the vertical and horizontal perme-
abilities; moreover, the micro-study of soil shows that the dynamic loading will
reconstruct the micro-structure of soil [2–4], which has great impact on permeability
properties.

While the most commonly two types of permeability measuring apparatus are
neither not ideal. As for conventional oedometer, there is some unavoidable void
space between the specimen and the rigid wall, making some preferential leakage
occur along the wall when permeating; therefore, the permeability coefficient
measured by oedometer is often larger than actual value [5]. What’s more, only one-
dimensional consolidation stress can be applied in the oedometer so that it cannot
be used to study the influence of complex stress paths and dynamic loadings on soil
permeability characteristics. Another common instrument is flexible-wall triaxial
permeameter, it can effectively dealwith the side-wall leakage and confining pressure
control problems, which ensures the accuracy of permeability measuring. However,
most triaxial parameters are not equipped with axial strain sensors so it is hard to
obtain the change of specimen size during the test processes and neither cannot simu-
late stress rotation, which means the simulated dynamic load of conventional triaxial
cell is different from the actual situation.

Nowadays, dynamic problems are broadly involved in practical engineering and
need more attention. Hence, new equipment for better accuracy and complex stress
state is more attractive. Part of the experimental results shows the void ratio, and the
pore distribution of the soil specimen changed significantly after the traffic loading,
which means the permeability coefficient of soil will change a lot, and in addi-
tion, permeability behavior has relevance to the settlement and uneven settlement of
embankment in soft ground, so the law of permeability variations after dynamic load
and the principle behind the law needs to be explored.

Hollow cylindrical apparatus (HCA), with axial strain transducer and pressure
control system, usually used to simulate complex stress paths and cyclic rotation
of principal stress directions, is available to solve the problems mentioned above.
After adding a new base pressure controller and corresponding seepage software in
ZJU-HCA system, it can be applied to determine the hydraulic conductivity of clay
samples (the modified equipment and test procedures are detailed in the appendix
part). The effects of traffic load on permeability and its anisotropy of remolded clay
under different K0 consolidation conditions were experimentally investigated in this
paper.
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Table 1 Physical properties of remolded clay

Specific gravity
GS

Liquid limit
wl (%)

Plastic limit
wp (%)

Initial void ratio
e0

Dry density
ρ0 (g/cm3)

Water content
w (%)

2.68 65.35 40.04 1.56 1.62 56.14

2 HCA Testing Procedure

2.1 Specimen Preparation

Ahollow cylindrical specimenwith a geometry of 30mm× 50mm× 200mm (inner
radius × outer radius × height) was used in all the tests discussed in this paper. To
ensure the homogeneity and comparability of all the specimens, using commercial
Malaysia kaolin as the rawmaterial, the required amount of kaolinite wasmixed with
ultra-pure water to prepare a slurry to ensure the mass ratio of mixed water and soil
was 2:1 [6], then poured the slurry into a plexiglass bucket and consolidate it under
one-dimensional consolidation stress of around 100 kPa, which achieved by three
stages of loading, and each stage endures 24 h. The physical property parameters of
the remolded clay after preparation are shown in Table 1, and the parameters in the
table are the average values of six group specimens.

2.2 Experimental Method

In order to study the influence of traffic load on the permeability of remolded
clay under K0 consolidation condition, a series of permeability experiments were
conducted like cutting high-quality (undisturbed) specimens in different directions
of the remolded clay prepared and testing them in HCA permeameter to obtain the
vertical and horizontal hydraulic conductivities. The horizontal pressure coefficient
K0 of soil is measured by K0 consolidation module in GDS triaxial test system,
which can control back pressure, cell pressure and axial stress at the same time and
keep the specimen in K0 consolidation state without lateral strain. The variational
rule of K0 in the test is shown in Fig. 1, and it can be found that the coefficient K0

of the remolded kaolin tends to be stable when vertical effective stress is close to
200 kPa; therefore, the ratio of horizontal to vertical effective stress K0 of the soil
can be determined as 0.56.

The purpose of this paper is to investigate the influence of traffic load on the
permeability characteristics of soils, so it is necessary to select appropriate dynamic
load parameters. Referring toXiao’s laboratory simulationmethod of subway(metro)
traffic load [7, 8], the amplitude of the deviator stress (σ z − σ θ)/2 = 15 kPa and
torsional shear stress τ zθ = 8 kPa are selected; furthermore, taking into account the
low frequency and large number of cyclic characteristics of traffic load, the frequency
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Fig. 1 K0 coefficient
diagram of remolded kaolin
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f = 0.5 Hz and periods N = 10,000 are also chosen to match the experiment. The
theoretical repeated stress on the specimen within one cycle was shown in Fig. 2.

Many of the underground structures are shallow buried; hence, the effective axial
stress of K0 consolidation in all test is not more than 300 kPa. To avoid the influence
of the saturation degree of back pressure on the measurement of k, the back pressure
of all test groups is set to 100 kPa. Measuring the hydraulic conductivity of clay by
constant headmethod, the hydraulic gradient is taken as 10 according to flexible-wall
permeability test specification [9].

For measuring the permeability anisotropy ratio of clay, the flow direction needs
to be defined. Referring to previous research works [2, 6], the direction perpendicular
to the sedimentary plane of soil is defined as V-direction and the direction parallel
to that is H-direction. The detailed test scheme is shown in Table 2.

Fig. 2 Time history curve of
loading stress
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Table 2 Test scheme Test number Effective cell pressure
Pc/kPa

Effective axial pressure
Pa/kPa

V1 56 100

V2 112 200

V3 168 300

H1 100 56

H2 200 112

H3 300 168

3 Experimental Results

3.1 Data Processing Method

As no permeation experiment has been conducted by HCA before, seepage stability
standard needs to be developed. ASTM D5084 [9] suggests that the seepage flow
can be considered as stable when the ratio of inflow to outflow rate is between 0.75
and 1.25. Chapuis [5] once used rigid-wall oedometer to study the permeability of
silt clay and pointed out when both the inflow velocity difference and the outflow
velocity difference not exceeding 1% that can be defined as seepage stability stage.
When utilizing HCA to determine the hydraulic conductivity of clay, there is still a
stable stage to be studied to guarantee the reliability of calculated data. Referring to
existing approaches above, this paper takes 3600 s (1 h) as a unit time and calculates
the relative flow difference and the permeability coefficient per unit time. Figure 3
shows the relative flow difference curve over time (take V2 as an example). It can be
found that the relative flow difference is initially large but gradually stabilizes to a

Fig. 3 Relative flow
difference curve of V2
sample in permeation stage
before and after traffic
loading
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certain extent and the fluctuation after traffic loading is much larger, but the relative
flow difference less than ± 5% can still be considered as the stability indicator.
Yet the anisotropy ratio of hydraulic conductivity rk (rk = kh/kv, kh and kv are the
hydraulic conductivity in the horizontal and vertical directions.) is usually less than
1.6, if taking the relative flow difference less than± 5% as the stability indicator, then
the exact anisotropy ratio rk cannot be obtained and the stable stage after dynamic
loading needs longer time to approach (or sometimes cannot approach).

Consequently, when the difference in average hydraulic conductivity within unit
time (1 h) is less than 2% in continuous 24 h before dynamic loading and 5% after,
simultaneously the hydraulic conductivity has no obvious increasing or decreasing
tendency that can be regarded as the seepage stability criterion. It is reliable to
calculate the average k in this period. The following test data are processed according
to the method above.

3.2 Permeability Results

The curve of vertical and horizontal hydraulic conductivity with time before and
after dynamic load of different specimens is given in Fig. 4, and more detailed
results can be located in Table 3. Firstly, it can be found that similar to the variation
regularity of the relative flow difference, the hydraulic conductivity before and after
traffic loading will tend to be stable over time. The calculated k after different one-
dimensional consolidation stress is between 7.23 × 10–7 and 15.85 × 10–7 cm/s.
Moreover, the measurements indicate that regardless of the permeation direction, as
the clay is compressed one-dimensionally, the hydraulic conductivity of specimen
decreases obviously. It also can be observed that in spite of the same K0 value, both
the vertical and horizontal hydraulic conductivities decrease after traffic loading,
and the decrease range is 17.01–19.30% in vertical and 11.81–16.34% in horizontal
under different consolidation condition, which means traffic loading does reduce the
permeability.

Due to the inconsistent effects of dynamic loading on the vertical and horizontal
hydraulic conductivity, the permeability anisotropy ratio of remolded kaolin certainly
will change after traffic loading. Figure 5 illustrates the variation of anisotropy ratio
rk versus consolidation stress level, and it can be seen that the rk ranges from 1.28
to 1.51 before traffic loading and increases with the increase of consolidation stress.
The range is consistent with the experimental results obtained by previous scholars,
in a way, that indicates the effectiveness of the HCA permeameter. In addition, it
is illustrated that the rk of clay increases by 5.96–12.50% after dynamic loading;
however, no evidence could be found the increase is corresponding to consolidation
stress. The test results show when the effective consolidation stress is 200 kPa, rk
increased the most at 12.50% after traffic loading.
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Fig. 4 Variation of the hydraulic conductivity against the permeation time before and after traffic
loading of different samples

4 Discussion

Based on the results above, for the remolded kaolin clay before traffic loading,
both the vertical and horizontal hydraulic conductivities decrease as the consolida-
tion stress increases, while the ratio of horizontal to vertical hydraulic conductivity
increases monotonically from 1.28 to 1.51 as the effective stress increases from 100
to 300 kPa. For similar material, this compares well with the value ranges from
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Table 3 Comparison of permeability test results of K0 consolidated specimens before and after
dynamic load

Test number The measured hydraulic
conductivity before traffic
loading kb/ × 10–7(cm/s)

The measured hydraulic
conductivity after traffic
loading ka/ × 10–7(cm/s)

Measured difference
value before and after
traffic loading/% (ka −
kb)/kb

V1 12.36 9.58 −18.53

V2 9.37 7.40 −19.30

V3 7.23 6.00 −17.01

H1 15.85 13.26 −16.34

H2 12.79 11.28 −11.81

H3 10.93 9.61 −12.08

Fig. 5 Relationship between
Pa and rk
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1.0 to 2.0 reported by other researchers [10–12]. It can also been demonstrated that
the traffic loading has a great impact on the permeability characteristics of clay, in
particular reducing the hydraulic conductivity in different directions and enlarging
the anisotropy ratio.

In view of the existing experimental work, the influence of traffic loading on clay
permeability can be interpreted from two aspects.

One is that the dynamic loading will cause accumulated strain, which means its
void ratio will significantly reduce. In fact, soil permeability is closely related to its
void ratio, and almost all the prediction formulas of hydraulic conductivity are bound
up with void ratio at present. Generally, the smaller the void ratio is, which equates
to the number of pores available for fluid to pass through is reduced, the smaller
the hydraulic conductivity is for the same soil. So the dynamic loading makes the k
smaller than it was before.

Another effect is that the dynamic load makes the micro-structure of soil recon-
structed. Some micro-structure photographs of clay show that the soil particles have
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the trend of directional arrangement under K0 consolidation condition, and as the
stress increases, the arrangement of the pores gradually concentrates to the hori-
zontal direction (as shown in Fig. 6) and finally renders the rk value greater than 1.
While the original soil structure is ruined by traffic loading and flocculated structure
is reconstructed [13], the change of structure causes the variation of permeability
characteristics of clay.

Theoretically, the anisotropy ratio rk will decrease if only taking the failure of
the layered soft clay structure into consolidation; nevertheless, the measured rk after
traffic loading is larger than it was before (shown in Fig. 5). A possible deduc-
tion on account of test results is that the initial smaller vertical hydraulic conduc-
tivity is greatly affected by structural change, while the value of horizontal is less
affected, which consequently results in the phenomenon that the anisotropy ratio
rk obtained by HCA permeameter increases after traffic loading. For most of the
settlement and uneven settlement prediction methods of embankment in soft ground,
where permeability normally regarded as constant, also ignore the influence of traffic
loading on soil permeability behavior and usually get inaccurate solution. More
micro-experiments need to be performed to study in this project.

Fig. 6 Rose maps under
different pressures [4]
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5 Conclusions

In this paper, conventional HCA is modified for exploring the effect of traffic load on
permeability of remolded kaolin clay. With the establishment of permeation stable
criteria for static and dynamic loading, a series of clay permeability test results before
and after traffic loading are obtained. The conclusions can be drawn as follows:

1. Under K0 consolidation condition, the vertical hydraulic conductivity of
remolded kaolin decreases from 12.36 × 10–7 to 7.23 × 10–7 cm/s, while the
horizontal value decreases from 15.85× 10–7 to 10.93× 10–7 cm/s as the effec-
tive stress increasing from 100 to 300 kPa. Accumulated strain caused by traffic
loadingmakes further efforts to reduce the void ratio of soil, leading to a smaller
k value after traffic load.

2. The ratio of the horizontal to the vertical hydraulic conductivity increases from
1.28 to 1.51 with the increase of effective consolidation stress, which is consis-
tent withmost experimental work for similar materials. However, differing from
the changes of hydraulic conductivity, the anisotropy ratio rk get larger after
traffic loading. The possible reasons for the results are that the traffic loading
reconstructs the micro-structure of clay and has a greater impact on the smaller
vertical hydraulic conductivity.

Acknowledgements This study is supported by the National Key R&D Program of China
(2016YFC0800203) and Natural Science Foundation of China (Grant 51338009 and 511784222).
Their supports are gratefully acknowledged.

Appendix

The Modified HCA

The new permeameter adopted in this paper is composed of additional seepage
module software and previous ZJU-HCA system with an added base pressure
controller, as shown in Fig. 7. Combined with the additional seepage system, it
can be used to measure the hydraulic conductivity of soil under different complex
stress paths or dynamic loads. The modified HCA is still mainly composed of
hollow cylinder system, pressure controllers, dual-channel control system (DCS)
and GDSLAB Software.

In order to realize the seepage function, an additional pressure controller is added,
so as to control the back pressure of the top and bottom of the specimen to form a
stable hydraulic gradient. The seepage control module is written into the computer
control system to collect and read the stress–strain data of the specimen during the
seepage process, thus providing a reliable basis for the analysis and calculation of
the k value. The fundamental system of hardware elements of the test instrument is
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shown in Fig. 8. The base pressure controller in the dashed frame is an additional
part of the hardware.

Fig. 7 Hollow cylindrical
apparatus

Fig. 8 Fundamental system
hardware elements
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Specimen Preparation

(1) Preparation of materials and equipment: When conducting remolded soil tests,
dry soil and ultra-pure water should be prepared first. To ensure that the specimens
are not contaminated by foreign ions, items should be cleaned in ultra-pure water,
including high-powered mixers, mixer sticks, graduated beakers, plastic buckets,
plexiglass buckets and suitable porous stones. The ultra-pure water used in this
paper is from theMunicipal Engineering Lab, Zhejiang University. The resistivity of
water is between 15.0 and 18.2 M� cm, the electrical conductivity is approximately
0.53 μs/cm, and the pH is between 5.60 and 5.80. The kaolin used is the commercial
kaolin of Malaysia, and its kaolin mineral content is above 95%.

(2) Preparation of remolded slurry: The remolded slurry is prepared according to
the soil–water mass mixing ratio of 2:1. First, take 1000 ml of ultra-pure water from
a measuring cylinder and pour it into a plastic bucket. Take 500 g kaolin powder
and put aside. Then, place the plastic bucket in a high-power electric mixer (speed:
100–1400 RPM, as shown in Fig. 9), turn on the mixer and mix it at a low speed
(about 100 RPM). Slowly pour the measured kaolin powder into the plastic bucket
and gradually control the mixer to increase the speed, until all the kaolin powder
is poured into the plastic bucket, and the mixer speed increases to 200 RPM, and
continue to stir for 5–10 min until the kaolin powder and ultra-pure water are evenly
mixed.

(3) Consolidation: Firstly, vaseline was applied to the inside wall of the plexiglass
bucket (250 mm diameter × 600 mm height), and then, slowly pour the remolded
slurry into the container along the inner wall and repeat preparation step 2 until
a sufficient amount of slurry (about 14–15 times) can meet the requirements of a
single group of the test specimen. Let it stand for 24 h to allow the gas inside the
remolding slurry to escape to ensure that there are no large pores in the soil specimens
after consolidation. After standing, filter paper, porous stone and pressing plate shall
be successively added to the surface of the slurry and transferred to the pressure
consolidation instrument for loading (as shown in Fig. 10). Load in three stages to
600kPa (the loading surface diameter is 100mm, converted to the diameter of 250mm
plexiglass bucket, equivalent to the actual consolidation pressure of 96 kPa), and the
loading time of each stage is approximately 48 h until the bottom of the plexiglass
bucket with almost no drainage.

(4) Hollow cylindrical specimen preparation: After the remolded slurry is consol-
idated and the last stage of loading is stable, remove the cover plate screw at the
bottom of the bucket and slowly push out the formed kaolin specimen from the other
end to ensure the specimen has less disturbance, and the obtained kaolin is as shown
in Fig. 11.

Cut formed specimens horizontally or vertically along the main consolidation
direction into a solid cylindrical specimen slightly larger than the final hollow
cylindrical one (200 mm high × 100 mm external diameter × 60 mm internal
diameter).
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Fig. 9 High-power mixer
and plastic bucket

Fig. 10 Consolidation
system with specimen
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Fig. 11 Remolded kaolin

Place the solid cylindrical specimen on the hollow disk of the specimen making
table, as shown in Fig. 12. The specimen is then cut from top to bottom using a fret
saw attached to the positioning column shown in the figure, start the motor and turn
the disk while cutting process. After the specimen’s outer wall is formed, remove
the fret saw and use a long scraper to repair the specimen’s outer wall.

Then wrap the plastic film on the outside of the wall, place a clamping ring on the
turntable base, place two pieces of steel protector to close the specimen and tighten it
with a stainless steel hoop. The inner wall of the specimen is made by a special inner

Fig. 12 Specimen making
table
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Fig. 13 Special inner cutter

cutter, as shown in Fig. 13. Fix the position of the protecting tube relative to the drill
pipe and make the blade slightly exposed along the top of the protect tube. Daub an
appropriate amount of vaseline on the outer wall of the protector and each blade of
the drill bit, vertically push the drill pipe to make the bit contact with the bottom of
the specimen, and then screw the core. The depth of each rotary cut should not be
more than 2 cm. Due to the limited depth of the blade, excessive depth of single cut
will not improve efficiency but will destroy the soil. After each screw into a certain
depth, exit the drill pipe, loosen the positioning screw between the protector and the
bit, push the bit up and scoop out the soil inside the protector with a small spoon.
After cleaning, reset the bit and tighten the positioning screw, and repeat the coring
work until it is finished.

After drilling, remove the steel protector. Use the cap tube to cut the upper and
lower ends of the specimen, just like the common triaxial test preparation method,
and the final specimens are shown in the Fig. 14.

Test Procedures

Install the prepared hollow cylinder specimens on the HCA according to the spec-
ifications and instructions of the equipment. Then successively carry out the test
steps of saturation, consolidation, seepage, reconsolidation, loading and reseepage
to measure the hydraulic conductivity of soil before and after cyclic loading.

(1) Saturation: In this paper, all specimens are saturated under 100 kPa back
pressure condition, and the effective stress is defined as the actual stress minus the
back pressure. Meanwhile, ensure that the soil is not disturbed in the saturation stage.
The initial effective cell pressurewas set as 5 kPa, and the cell pressurewas ensured to
increase simultaneously with the back pressure in the saturation stage. Then set back
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Fig. 14 Hollow cylindrical
specimen

pressure to increase at a rate of 5 kPa/min until the value of pore pressure coefficient
B measured by the system is larger than 0.98. At this time, it can be considered that
the specimen has been saturated (generally takes more than 24 h).

(2) Consolidation: Two consolidation methods are available. One is isotropic
consolidation, and the other is K0 consolidation. When isotropic consolidation is
applied, set the axial stress to 0 in HCA advanced loading module, and ensure that
all stress components of soil are equal at this time. Then increase the effective cell
pressure to the design value at a rate of 5 kPa/min until consolidation is completed.
When applying K0 consolidation to specimen, the axial stress of HCA advanced
loading module should be set to increase at a rate of 0.02 kPa /min. Meanwhile,
the inner and outer cell pressures should be adjusted according to the actual K0

coefficient to avoid lateral deformation during the consolidation process. Finally,
control the effective axial pressure to reach the design value. The completion marks
of the two consolidation modes are back pressure drainage volume less than 100mm3

per hour.
(3) Seepage: According to the designed hydraulic gradient and the specimen

height after consolidation, the pressure difference between the base back pressure
and the top back pressure is set to form a stable hydraulic gradient. Since the inner
cell pressure controller is not worked by software in this stage, in order to keep the
effective cell pressure of soil under stable, the valve connecting the inner and outer
cell pressure should be opened. According to the change of soil specimen size in
consolidation stage, the equivalent diameter was calculated. The duration of seepage
process is generally not less than 36 h.

(4) Reconsolidation: During the seepage process, the size of the top and bottom
of the specimen controlled by the controller is different, which results in the uneven
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distribution of pore pressure in the longitudinal direction, and the seepage force
also causes the uneven deformation of the soil specimen. In order to explore the
influence of dynamic load on soil permeability, the influence of uneven pore pressure
should be eliminated before the loading process. Therefore, the specimen should be
reconsolidated according to the consolidation stress and loading rate designed in test
step 2. The completion marks of the reconsolidation stage can also be set as less than
100mm3/h back pressure drainage volume.

(5) Loading: After the completion of reconsolidation, according to the designed
dynamic load parameters, cycle number and dynamic shear stress amplitude, the
specimen can also be loaded with complex stress path. It should be noted that when
exploring the soil permeability characteristics, the specimen should not be damaged
during the loading stage, and the size characteristics of the specimen after defor-
mation should still meet the relevant requirements of the seepage process described
above.

(6) Reseepage: After the loading process is completed, record the deformation
of the specimen and recalculate the equivalent diameter. Correct the specimen size
parameters in the software and carry out the seepage test after the loading stage
according to the corresponding requirements of test step 3. It should be noted that
the time required for this step is generally greater than 48 h to reach the seepage
stability stage.
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Characterization of an Expansive Soil
in Southwest Brazilian
Amazon—Behavior of an Expansive
Subgrade in a Flexible Pavement

Victor Hugo Rodrigues Barbosa , Maria Esther Soares Marques ,
Antônio Carlos Rodrigues Guimarães , and Carmen Dias Castro

Abstract The main geotechnical aspects of the southwestern Brazilian Amazon are
the absence of rocks to provide gravel for pavements and the widespread occurrence
of expansive soils along the natural subgrade, associated with high rainfall indices.
Althoughmost of the local soils are rich in 2:1 clay minerals and amorphous material
originated from Andes volcanic ashes—which is quite different from other Amazo-
nian soils—geotechnical studies about the behavior of these materials are still very
limited. The high volumetric variation of these expansive soils has been causing
financial losses and making transportation by land difficult in the region. This paper
presents the case study of a pavement built over expansive subgrade in Rio Branco
city, state capital of Acre. Disturbed and undisturbed samples were collected in order
to evaluate the swelling parameters of the soil. A suction-based model from Texas
A&MUniversity was used to predict pavement roughness caused by both expansive
soils and traffic. The results showed the high swelling potential of the samples and
the importance of developing a methodology for the control of expansive soils when
building over these materials at the studied site.

Keywords Expansive soils · Amazonia · Flexible pavement

1 Introduction

Expansive soils are unsaturated soils that undergo significant volumetric changes
when subject to change in suction or water content, commonly associated with
seasonal moisture fluctuations. These soils tend to shrink and swell in response to
alternate dry and wet conditions, inducing differential movements across lightweight
structures such as residential buildings or pavements and causing problems like
cracking that is not induced by structural loads.
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Swelling mechanism of expansive clays is complex and depends on a wide range
of variables such as soil characteristics, initial moisture content, climate, vegetation,
in situ density, slope of the site and changes brought about byman’s action [1]. Nelson
andMiller [2] divide these factors into three different groups: the soil characteristics,
the environmental factors and stress state.

Considering the mineralogical properties that cause soil volume changes, the clay
minerals which are typically associated with expansive soil behavior are smectite
or vermiculite [3]. Illites and kaolinites are infrequently expansive but can cause
volume changes when particle sizes are less than a few tenths of a micron [2].

Expansive soils are found throughout the world, causing huge financial losses
every year. Although the problem is global, in general, regions with more arid
climates have more severe expansive soil problems [4]. In Brazil, the problem has
been founded in many places, especially in the northeast region [5].

The city ofRioBranco, located at SouthwesternBrazilianAmazonhas been facing
damages associated with expansive soils in its roads and earthworks year by year
(Fig. 1). Themajor concern about local soils is that a significant part is unappropriated
for pavement construction due its expansive behavior. Nevertheless, there are few
studies focused on understanding the local soils related to pavement construction
as well as few design procedures from Brazilian Departments of Transportation.
Consequently, suitable project solutions are rarely made.

The objective of this paper is to present results of a typical Acre expansive soil
under a geotechnical perspective. It used a simple approach for predicting vertical
movements as well as tested a model developed at Texas A&MUniversity to predict
pavement roughness caused by both expansive soils and traffic in terms of the
serviceability index (SI) and the international roughness index (IRI).

Fig. 1 Damages to infrastructure due to expansive soils in Rio Branco city
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2 Background

2.1 Literature Review

Unsaturated soil theories have shown significant development over the past four
decades. A significant part of these theories was dedicated to study expansive soils,
a problematic soil which impacts structures and challenges geotechnical engineers
around the world.

Due to the need of supporting lightly loaded structures, it is important to provide
tools for practitioners to reliably estimate the volume change behavior of expansive
soils in the field [6].

Essentially, when studying a potential heave problem, the engineer must evaluate
the stress state profile of the soil and determine suitable physical properties for
predicting future behavior [4].

The focus of most prediction methods has been toward estimating the maximum
heave potential which occurs when soil attains saturation, usually through linear
relationship between void ratio (vertical strain) and net normal stress or soil suction.
Likewise, 1-D heaves are the most common analysis methods [6, 7].

Nevertheless, a limitation of these methods is in not providing information of soil
movement in the field over time. This led researchers to develop several methods
considering the soil suction fluctuation as a function of time within the active zone
depth or connecting the soil state variables to volume change movement of the soil.
Adem and Vanapalli [6] classify this group in three categories: (1) consolidation
theory-based methods that use the matric suction and the net stress as state variables;
(2) water content-based methods that use the soil water content as a state variable;
and (iii) suction-based methods that use the matric suction as a state variable.

Regarding the classification based on 1-D heave prediction methods, Vanapalli
et al. [8] list three categories of techniques or procedures: empirical methods that
use soil classification parameters; oedometer test methods that take into account
the loading and unloading sequence, surcharge pressure, sample disturbance and
apparatus compressibility for reliable determination of the swelling pressure; and
soil suction methods where the influence of suction is taken into account through the
use of different parameters.

2.2 Fredlund (1983) Method

Yoshida and Fredlund [9] proposed a method for predicting 1-D heave in expansive
soils involving the use of Eq. (1) and the constant volume swell (CVS) oedometer
test.

�H = CS
Hi

1 + e0
log

{
Pf
P ′
s

}
(1)
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where Hi is thickness of the ith layer, Pf = (σ y ± �σy − uwf) is final stress state, P ′
s

is corrected swelling pressure, CS is swelling index, σ y is total overburden pressure,
�σy is change in total stress, uwf is final pore-water pressure and e0 is initial void
ratio.

TheCVS test involves inundating a sample under load,which is typically 7 kPa.As
the sample attempts to swell, the applied load is increased to maintain the sample at a
constant volume until there is no further tendency for swelling. This point is referred
to as “uncorrected swelling pressure” (Ps). The sample is then further loaded and
unloaded in the conventional way of a consolidation test.

The CVS test provides two main measurements, namely corrected swelling pres-
sure P ′

s and the swelling index. P ′
s is obtained from an empirical construction

proposed by Casagrande which takes into account the effect of sampling distur-
bance. CS is an index parameter which is the slope of the rebound curve determined
from the CVS test.

2.3 Design Model to Predict Pavement Roughness
on Expansive Soils

Lytton et al. [10] presented a design program for pavements on expansive soil
subgrades, WinPRES, which predict pavement roughness due to both expansive
soils and traffic in terms of serviceability index (SI) and international roughness
index (IRI) by correlating the roughness analysis to the vertical movement estimated
from a vertical movement model.

These models were developed based on finite element studies calibrated to
field observation over 15 years of roughness measurements conducted by Texas
Transportation Institute (TTI) on Texas pavements.

The designer can specify different levels of reliability and designate several wheel
paths for a period desired. Furthermore, it is possible to evaluate the effectiveness
of various treatments for reducing roughness caused by expansive clay subgrade
including lime or cement stabilized layers, removal and replacement with an inert
soil, and vertical and horizontal moisture barrier.

The program considers the properties and effects of local soils, climate and
drainage conditions in order to predict the suction that occur in the soil profile due
to seasonal variations in moisture, from which vertical shrink–swell movements are
estimated. The soil on which the pavement is built is considered at the equilibrium
suction. It means that the water responsible for the vertical shrink–swell movement
which affects the edge of the pavements comes from the soil and vegetation at the
side of the pavement.
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Fig. 2 a Conceptual model for generating environmentally induced longitudinal cracks in
pavements and b example of longitudinal crack occurrence at Rio de Janeiro, Brazil

2.4 Mechanisms of Longitudinal Crack Development
in Pavements

Zornberg [11] describes the following mechanism that leads to the development
of longitudinal cracks (Fig. 2) after long-term observation in Texas Department of
Transportation (TxDOT).

3 Rio Branco Case Study

3.1 General Information

The soils of Rio Branco, a Brazilian city in South America (Fig. 3a), are mainly
composed of sedimentary claywith high plasticity and consequently a high expansive
potential, which is very common for most part of surrounding region. Despite this,
the most part of unsaturated soils presented in the literature still does not include the
state of Acre as a region with significant expansive soil deposits in Brazil (Fig. 3b).

According to studies prepared by the Brazilian Company of Mineral Resources
(CPRM) at Rio Branco city, mineralogical characterization showed that montmoril-
lonite is the predominant clay mineral in almost all samples analyzed [13]. Similarly,
Barbosa [14] found same results studying typical Rio Branco subgrade soils.

An important point about the magnitude of volume change in soils is its high
dependency on environmental conditions. RioBranco has one period of dry andwarm
climate, between July and August, and other with very wet climate with high rainfall
indices, between October and April. According to data from Federal University of
Acre, average annual precipitation is 2050 mm. In addition, the region has many
freshwater rivers and streams, which are usually seasonally flooded.
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Fig. 3 a Location of the study area and b main expansive soil occurrences in Brazil [12]

Some of traditional solutions for pavements built over expansive soils involve the
use of gravel both as moisture barriers and as a backfill material after removing some
layers of expansive soils. However, as a rule in many cities of Brazilian Amazon,
the cost of these materials is very expensive due to the long transport distances from
suitable rock deposits. In August 2019, the cost of gravel (m3) at Acre was about
58.0 US dollars per cubic meter, which is 4 times higher than the cost of gravel at
Rio de Janeiro, about 14.0 US dollars per cubic meter.

3.2 Local Site Investigation

The site studied in this paper is a booming real estate area located at the vicinity of
Rio Branco city. Figure 4 shows the typical profile of the flexible pavement studied.

To start with, the occurrence of longitudinal cracks in many asphalt-paved roads
after ending of dry season was verified, but still without opening traffic (Fig. 5a). It
was also observed at the ground surface of the pavement shoulders thewide spreading
of cracking in roughly polygonal patterns (Fig. 5b). The cracks have approximately

Fig. 4 a Typical pavement section at the studied site
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Fig. 5 a Typical longitudinal crack in the site study and b occurrence of cracking in roughly
polygonal patterns at the studied site

1 in. of width, and excavations have shown that cracks were up to 2 feet deep. It is
caused by desiccation that occurs in dry season and is influenced to the presence of
root fibers that penetrate the soil profile.

Attempts to evaluate the groundwater level showed that cracking affected the
infiltration of moisture insofar as facilitate the infiltration of surface precipitation.
In other words, it affects the fluctuation of water in subgrade, with the influence of
the mechanism described in 2.4. Plus, it can affect directly the pavement structure if
vertical moisture barriers are not used.

3.3 Heave Prediction

It is essential in the early identification of expansive soils during the preliminary
stages of a project. In order to identify and characterize the expansive soil from
subgrade, it used the soil expansivity prediction based on standard classification
results, such as grain size analysis and Atterberg limits.

A unidimensional oedometer test was carried out at the Soil Laboratory of Federal
University of Acre (UFAC). The test followed the Yoshida and Fredlund [9] proce-
dures, presented in Sect. 2.2. The main objectives were to obtain the corrected
swelling pressure, P ′

s , and the swelling index, CS.
Since most of heave will occur near ground surface where the biggest difference

between the corrected swelling pressure and the total overburden pressure is found,
we can assume that heave tends to become zero in a depthwhere there is no difference
between them. The depth where it occurs can be defined as the active depth of
swelling, which is predicted by Eq. (2).

H = P
′
s

ρg
(2)
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where H is active depth of swelling, ρ is total density of the soil (assumed to remain
constant with depth) and g is gravitational acceleration.

The amount of heave is computed considering the stress state changes at the
middle of the analyzed layer. The heave in each sublayer is calculated with Eq. 1,
and the total heave from the entire expansive soil layer, �H, is equal to the sum of
the heave amounts calculated for each of the subdivided layers (Eq. 3):

�H =
∑

�hi (3)

3.4 Development of Roughness for Case Study

For the flexible pavement in this paper, the design analysis of the studied site was
performed using the programWinPRES,with data obtained fromborehole logs, labo-
ratory test results, climatic and drainage conditions, dimensions of road, roughness
and traffic information.

Thornthwaite moisture index (TMI) was used to characterize the climate in the
studied site. According to [15], Rio Branco climate type is B1 (humid), with average
TMI value of 30. Falling weight deflectometer modulus of the subgrade soil was
68.95 MPa. The level of reliability for expansive soils was 50% for local roads. The
initial serviceability index for flexible pavement was assumed to be 4.2, and the
minimum acceptable SI after 10 years is considered at 2.5. All pavement layers were
considered as simple inert layer with 1m of thickness. The slope of the suction versus
volumetric water content curve is obtained from the empirical correlation proposed
by Lytton et al. [10]. Other parameters used for the case study are presented in Table
1.

4 Results and Discussion

4.1 Soil Expansivity Classification

Figure 6 shows the soil expansivity prediction according to Van Der Merwe chart
[16]. This classification relates plasticity index and clay fraction, resulting in a very
high expansivity for the analyzed soil.
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Table 1 Design parameters for Rio Branco study site

Element data Design parameters Study site: Rio Branco
local road

LAYER # 1

Soil type Inert soil Number of lanes 1

Thickness (m) 1.00 Average daily traffic (t =
0 yr)

100

Liquid limit (%) 50 Average daily traffic (t =
10 yr)

150

Plasticity index (%) 8 Total W18 of outer lane (t
= 10 yr)

100,000.0

Percent passing # 200 (%) 53 Width of pavement (m) 7

Less than 2 microns (%) 23 Distance from the center
of pavement (m)

3.5

Dry unit weight (kN/m3) 18.0 Falling weight
deflectometer modulus of
subgrade soil (kN/m2)

68.95

LAYER # 2 Structural number (cm) 9.0

Soil type Natural soil Initial serviceability index 4.2

Thickness (m) 2.00 Initial international
roughness index

1.19 m/km

Liquid limit (%) 69 Reliability 50% for prediction and
80% for design

Plasticity index (%) 41 Mean Thornthwaite
moisture index (TMI)

30

Percent passing # 200 (%) 100 Depth of root zone (m) 0.5

Less than 2 microns (%) 56 Depth of vertical barrier
(m)

1.5

Dry unit weight (kN/m3) 15.0 Depth of moisture active
zone (m)

2.0

Fig. 6 Soil expansivity
classification based on Van
Der Merwe chart
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Table 2 Total heave calculation for Rio Branco study site

Layer no. Thickness
(mm)

Corrected
swelling
pressure − P0
= P′

s(kPa)

Initial
overburden
pressure − σv
(kPa)

Final Stress state
− Pf = σv ± �v
− uwf

Heave in each
layer − �hi
(mm)

1 200 130.0 22.2 20.0 8.2

2 300 130.0 27.3 25.1 10.9

3 500 130.0 35.3 33.1 15.0

Total heave �H(mm) = 34.2

4.2 Oedometer Test Parameters

The results of the constant volume swell (CVS) oedometer test allowed to quantify the
initial state of stress along the swelling clay profile. It obtained a corrected swelling
pressure (P ′

s ) of 130 kPa and a swelling index (CS) of 0.08. Table 2 presents the
calculation of the total heave in the middle of the expansive soil profile (2 m of
thickness) assuming change of total stress due to excavation and the placement of
fill corresponding to the pavement section shown in Fig. 4.

4.3 Roughness Analysis

Figure 7 shows the suction values of the wetting envelope, equilibrium and drying
envelope conditions with depth. Suction profile at this location is developed with the
equilibrium suction of 209 kPa, which was obtained by correlation equation based
on TMI [10]; the limiting surface of 16 kPa for wetting and 3,162 kPa for drying
are both estimated by the program using the climate data, the TMI and the drainage
condition at the site. Total vertical movements calculated at the edge of the pavement
and at the outer wheel path are also shown in Fig. 7.

The loss of serviceability and the increase of international roughness index versus
time at a level of reliability of 50 percent are shown in Fig. 8.

5 Conclusions

The behavior of the expansive soil subgrade analyzed in Rio Branco based on
maximum heave potential for saturated condition indicated a high correlation with
the crack pattern on the local pavement, which is suggested by the substantial amount
of heave calculated using the constant volume swell oedometer test.

Attempts to associate these cracks with local moisture fluctuations in expansive
soils over time led to the use of a model developed at Texas, which is based on
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pavement and at the outermost wheel path

Fig. 8 Serviceability index and international roughness index versus time in the flexible pavement,
Rio Branco local road

the roughness analysis. Assuming 2.5 and 2.62 m/km as terminal values for the
loss of serviceability (SI) and the increase of international roughness index (IRI),
respectively, the results showed that the SI of the pavement system is decreased about
60% after 10 years and IRI is decreased 55% after the same period. Furthermore,
both graphs in Fig. 7 highlight the decrease of the pavement was practically due to
the environmental and local soil properties, with negligible traffic influence.

In summary, even with more conservative design parameters when considering
the low traffic level (structural number = 9.0; vertical moisture barrier = 1.5, inert
soil layer of 1.0 m, etc.), this paper showed that the increase of roughness as well
as the total movements calculated at the edge of pavement and at the outer wheel
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path produced a non-acceptable performance for the pavement system, indicating the
need of design alternatives in order to reduce the effects of the expansive subgrade
over time.
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Moisture Influence on the Shakedown
Limit of a Tropical Soil
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Abstract This paper presents results from permanent deformation tests carried out
on fine tropical soils in order to study the effect of moisture variation. Shakedown
limit was defined through repeated load triaxial tests under different stress states for
5000 load cycles. Amathematical model to classify permanent deformation behavior
proposed by Werkmeister (Doctoral thesis, Technical University of Dresden [Werk-
meister S (2003) Permanent deformation behavior of unbound granular materials in
pavement constructions. Doctoral thesis. Technical University of Dresden, 189 pp])
was used to rank the shakedown limit of the materials. In this research, a lateritic
clayey soil, according to the classification MCT (Miniature, Compaction, Tropical)
from Nogami and Villibor (Brazilian Simposium of Tropical Soils in Engineering.
Rio de Janeiro, RJ, pp 30–41, [Nogami JS, Villibor DF (1981) Uma nova classi-
ficação de solos para finalidades rodoviá-rias. In: Brazilian simposium of tropical
soils in engineering, Rio de Janeiro, RJ, pp 30–41]), was tested in the optimum
content and at the high moisture induced by capillary post-compaction. The resilient
behavior was studied to characterize the mechanical behavior of the material. The
results of permanent deformation tests showed that fine tropical soils may have a
nonsignificant reduction of their shakedown limit, with the increase moisture of 1%.
The proposed model showed a good agreement for this tropical soil at an optimum
moisture. The understanding of the shakedown phenomenon from tropical soils may
help to bridge the gap between the materials accepted by traditional classification
and those not accepted, although they present good mechanical resistance.
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1 Introduction

One of themost frequent modes of failure in pavements is rutting. This kind of failure
is highly undesirable, since it causes water accumulation in the pavement, reducing
the friction between the tire and pavement surface, also, causing saturation of the
pavement layers. Pavement structures are designed to dissipate energy from the traffic
load in order to maintain stresses and permanent deformation below limits. At the
same time, rut development depends on pavement materials under traffic loads and
the climatic conditions, thus it is difficult to predict long-term behavior of pavement
structure.

Most of the design models are based on the elastic behavior of the pavement.
Thesemodels consider that just resilient deformation occurs and the failure is attained
when stresses are at a critical value. However, pavement collapse is usually caused by
the accumulation of small permanent deformations from repeated loads. According
to [1], the accumulated permanent deformations promote a gradual deterioration
resulting in subsurface slip, rut formation, or surface cracking. Thus, pavement
construction must be designed considering also the existence of residual stresses.

After a certain number of load applications, some materials suffer a rearrange-
ment of the particles, leading to plastic deformations called shakedown phenomenon.
Several authors reported the occurrence of shakedown at low stress levels [2–5]. It
implies that there are some critical stress levels between the elastic and plastic regime
that may help to predict the pavements failure.

Shakedown concept has been used to predict the long-term performance of
unbound granular materials (UGM) [6–13]. From shakedown studies carried out
by University of Nottingham [10], a consistent model was proposed for permanent
deformation in UGM. The model defines equations that classify the deformation
behavior from the material. When the stresses are within the stable range, called
plastic shakedown, the pavement is expected to show good performance. The model
does not discuss the influence of moisture content on deformation behavior, and also
it may not contemplate other materials, as lateritic tropic soils with high fine content,
which tend to be highly susceptible to moisture variation. Although, the model was
conceived to analyze UGMs behavior, it would be interesting to use the model to
compare permanent deformation of new constituent materials.

Studies of the use of fine tropical soils on low traffic highways road construction
were carried out in Brazil [14, 15] in order to reduce costs. The lateritic nature of
some tropical soils is the cause of the unique mechanical and hydraulic behavior of
these soils. Nevertheless, traditional classifications (SUCS and HRB) are not able
to distinguish the nuances of behavior of Brazilian tropical soils. Thus, the MCT
(Miniature, Compaction, Tropical) was the methodology proposed by Nogami and
Villibor [16] in order to classify these soils.

The studies carried out about permanent deformation in Brazil [17–21] showed a
tendency of shakedown occurrence for lateritic soils. Through the analysis of the rate
of increase of permanent deformation as a function of the total permanent deforma-
tion, it seems that fine lateric soils presented less plastic behavior for lower tensions
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than the fine non-lateric soils [20]. Although a pattern was noted, the shakedown
limit for tropical soils needs yet to be investigated. There is still field to improve the
knowledge about the shakedown phenomenon in Brazilian tropical soils.

For soils, especially in tropical climate regions, the applicability of the permanent
deformation attributed to the shakedown concept is an unknown. Since fine soils
are more susceptible to moisture than gravel materials, the settlement should be
influenced by moisture. Thus, this study seeks to investigate whether there is an
influence of post-compaction moisture variation on the shakedown limit through
capillary-induced moisture for a typical Brazilian tropical soil.

2 Shakedown and Permanent Deformation Concepts

Shakedown theory, for design pavement purposes, is related to the accommodation
of permanent deformations. Some materials after repeated loading action develop
residual stresses that will interact with successive load applications, changing the
behavior regime of the material. Such stresses will prevent the layer from exceeding
the elastic limit, thus showing only elastic deformations [4].

According to [1], the response of material under repeated loads can be divided
in four stages depending on the load level: purely elastic, elastic shakedown, plastic
shakedown, and collapse. For paving materials, there is no purely elastic behavior
reported in the literature and the elastic shakedown occurs at low stress levels. At this
stage, the deformation becomes constant and the structure stable, with an excellent
pavement performance.With this basic understanding, it is possible to adoptMelan’s
static or Koiter’s kinematic theorems to design pavements [1].

The University of Nottingham developed a consistent study of the behavior of
UGM by using the cyclic triaxial test to define the permanent deformation [10].
After observing a pattern in the evolution of deformations in UGM’s, a criterion was
set based on the vertical permanent strain accumulated from 3000 to 5000 cycles,
in order to classify the permanent deformation behavior in three categories: plastic
shakedown, plastic creep, and incremental collapse (Fig. 1).

Fig. 1 Classification of
UGM based on changes in
permanent strain [13], as
cited in [16]
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Fig. 2 Ranking of materials
[10]

The European Committee for Standardization [22] includes a section to rank the
materials in shakedown concepts (Fig. 2). It is possible to estimate the shakedown
limit to compare and assess the suitability of different materials used in UGMs
in pavement constructions. This standard suggests a minimum of three different
confining stresses for different stress ratio to find the constants of the equation (α,
β) to build plastic shakedown limit, as in Eq. 1.

σ1max = α ×
(

σ1max

σ3

)β

(1)

3 Material Properties and Testing Procedure

3.1 Material

Soil samples were collected at São Luis, located at the border of Legal Amazon
region, and the samples were from a variety of fine lateritic soils in the region, often
found at subgrade of highways and depleted land deposits (Fig. 3). This soil was
classified as A-4, defined by AASHTO classification method and as ML-CL as per
unified soil classification system (USCS). According these classifications, this soil
is considered fair to poor performance as subgrade of pavements. In this case, it is
recommended to use a subgrade reinforcement to meet the standard. Although, when
using MCT classification [16], if the soil is lateritic, it could present a good behavior
as subgrade.

A summary of the geotechnical characteristics of the soil is presented in Table 1.
The plasticity index is 5%, thus a low plasticity. The sand, silt, and clay content are
64%, 1%, and 35%, respectively. The results of maximum dry density and optimum
moisture obtained from the standard Proctor compaction test, at Intermediate energy,
were used to prepare the samples of the triaxial tests.
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Fig. 3 Subgrade of a low traffic pavement containing a clayey sand from Sao Luis

Table 1 Geotechnical
characteristics of the soil

Test Unit Value

Sand (>0.075 mm) % 64

Silt (0.005–0.075 mm) % 1

Clay (<0.005) % 35

Liquid limit (LL) % 20

Plasticity limit (PL) % 15

Specific weight (γ ) g/cm3 2.61

TRB classification A-4 –

Unified classification ML-CL –

MCT classification LG′ (lateritic clayey) –

Maximum dry density g/cm3 2.04

Optimum moisture % 10.3

3.2 Specimen Preparation

The samples were homogenized at the optimummoisture and to rest under controlled
humidity at least 12 h before compaction. Then, the material was compacted in a
cylindrical tripart mold with 10 cm radium and 20 cm height in the intermediate
Proctor energy (Fig. 4).

In order to analyze the moisture influence, some samples were tested under
different conditioning treatments. The moisture content was elevated by capillary
over a period of 1 h (30 min on each side of the specimen). After this period, the
specimen was again kept during 2 h under controlled humidity. The sample was
turned every 30 min in order to homogenize the absorbed water.



342 G. A. Serra et al.

Fig. 4 Specimen in different stages of preparation

3.3 Method and Testing Program

Single-stage loading used one specimen for each deviatoric stress. Each specimen
was tested for different levels of wheel loads to identify the maximum loads related
to shakedown response. The number of 5000 cycles was applied according with the
European Standard EN 13287-7:2004 [22].

The European Standard suggests testing at a least at three different confining
stresses to rank the material. The confining stresses proposed by the European stan-
dard were not enough to this material. It was necessary to run tests with additional
confining stresses to reduce the range between the plastic shakedown and plastic
creep (Table 2). The test was repeated to the next sample until the material achieved
plastic creep. After that, the sample was removed to determine the water content.

Table 2 Regression
coefficients of the models for
Sao Luis clayey soil

Stress ratio Confining stress (kPa)

3 60, 70, 80, 90, 100, 110

4 20, 30, 40, 50, 60, 70

5 20, 30, 40, 50, 60

6 20, 30, 40, 50
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4 Results and Analyses

4.1 Resilient Behavior

Resilient modulus (RM) is an important propriety for mechanistic approach of pave-
ment design. Thus, the resilient moduli were determined from the triaxial cyclic tests.
Threemodels to predict resilience behaviorwere analyzed (Table 3). Thebetter fitwas
the model defined by National Highway Cooperative Research Program (NHCRP)
[23]. However, the composite model by Pezo [24], which also shows adequate vari-
ability,was adopted to represent the resilient behavior (Fig. 5), since it is themost used
model in pavement design inBrazil. Theminimumandmaximumvalues predicted by
this model were 368 and 1063 MPa, respectively, and the average resilient modulus
value resulting from the average of the test values was 639 MPa.

Table 3 Regression coefficients of the models for Sao Luis clayey soil

Model References k1 k2 k3 R2

Mr = k1 ∗
(

σd
Pa

)k2 [25] 415.62 −0.26 – 0.66

Mr = k1 ∗ Pa ∗
(

σ3
Pa

)k2 ∗
(

σ3
Pa

)k3 [24] 415.62 0.21 −0.44 0.84

Mr = k1 ∗ Pa ∗
(

σsum
Pa

)k2 ∗
(

τoct
Pa

+ 1
)k3 [23] 117.74 0.35 −0.64 0.92

Fig. 5 Three-dimensional
graph of the composite
model of São Luis lateritic
clayey soil
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Table 4 Ranges and typical values of MR of materials at the optimum moisture content (NCHRP
1-37A, 2004)

USCS symbol Descriptions Resilient modulus (MPa) Resilient modulus
(MPa)Low High

GW Gravel or sandy gravel,
well graded

272 290 283

GP Gravel or sandy gravel,
poorly graded

245 276 262

GM Silty gravel or silty
sandy gravel

228 290 265

GC Clayed gravel or clayed
sandy gravel

166 259 148

SW Sand or gravelly sand,
well graded

193 259 221

SP Sand or gravelly sand,
poorly graded

266 228 193

SM Silty sand or silty
gravelly sand

193 259 221

SC Clayed sand or clayed
gravelly sand

148 193 166

The values of resilient modulus for this material are higher than the average
ranges values of RM, suggested by the NHCRP [26], for materials with the same
USCS classification (Table 4). This behavior is quite common for lateritic soils,
showing the peculiarities of the mechanical behavior of these soils. Discrepancy of
values is expected for tropical soils as they are not well represented by traditional
classification systems such as USCS.

4.2 Shakedown Research

The results of the triaxial tests for the optimum moisture revealed an excellent fit
with the standard equation (Eq. 1). Least square regression showed values of 0.98
for upper limit and 0.99 for lower limit (Fig. 6). It was observed that for higher stress
ratio, it will be easier for the material to reach range B. Regarding the influence
of stresses on vertical deformation, as the confining stress increases, so does the
deviation stress necessary to reach the plastic regime, as given in Table 5.

When compared with the results fromWerkmeister’s studies, the shakedown limit
presents higher stress states to change from rangeA to range B (Fig. 7). There are two
aspects that may explain the improvement behavior showed in Fig. 7. The first aspect
is chemical origin, which is associated with the wide presence of oxides/hydroxides
aluminum and iron in lateritic soils that act as natural cements. Another aspect, by
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Fig. 6 Plastic shakedown
limit range for Sao Luis
lateritic clayey soil

Table 5 Ranges and typical values of MR of materials at the optimum moisture content (NCHRP
1-37A, 2004)

Ratio stress (kPa) Deviation stress
(kPa)

Confining stress
(kPa)

ε5000 − ε3000
≥ 0.045

Deformation
behavior

3 330 110 0.061 Plastic
shakedown

3 300 100 0.04 Plastic limit

4 320 80 0.045 Plastic
shakedown

4 280 70 0.033 Plastic limit

5 300 60 0.051 Plastic
shakedown

5 250 50 0.028 Plastic limit

6 300 50 0.056 Plastic
shakedown

6 240 40 0.027 Plastic limit

Fig. 7 Comparison between
plastic shakedown limit of
Sao Luis lateritic clayey soil
and granodiorite from [10]
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physical origin, is the development of high suction stresses, characteristic of the
particle size composition of tropical soils.

The understanding occurred by the effect of moisture from capillarity is important
because of possible variations in the groundwater in pavement. In Brazil, there is a
high variation ofmoisture inmost of the territory. Some regions are subject to flooding
due to high rainfall, such as the legal Amazon. The results from triaxial tests samples,
with moisture above the optimum moisture, also showed a good approximation.
Figure 8 demonstrated the least square regression values of 0.90 and 0.92 for the
range of shakedown limit. Figure 9 shows the shakedown limit results for optimum
andwater content after conditioning. From a given stress ratio, the moisture variation
used (1% above the optimum) did not have significant influence on the shakedown
limit. Thismay be related to the cementation process due to the presence of aluminum
hydroxides in the material, which changes the suction stresses. Also, it is observed
that as the stress ratio increases, the shakedown limit tends to reduce the materials
equal or above the optimum water content.

Fig. 8 Plastic shakedown
limit range for Sao Luis
lateritic clayey soil in
moisture above the optimum

Fig. 9 Moisture influence
on the plastic shakedown
limit for Sao Luis lateritic
clayey soil
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5 Conclusions

A lateritic clayey soil was tested to study the susceptibility to changes in water
content. By considering the accumulated permanent deformations between 3000
and 5000 cycles, the present study ranked the material in two different conditions:
plastic shakedown and plastic limit. The results obtained at the optimum moisture
content were good, and the shakedown limit curve was defined. In addition, the
results showed no relevant moisture influence for the samples tested after moisture
conditioning. However, the results presented greater dispersion in relation to the
equation of European Standard EN 13287-7:2004 for unbound granular materials.

The shakedown concept is well applied to the case of unbound granular material,
once after a certain number of loading, these materials tend to get the particles
stuck. Even though the same justification for this phenomenon cannot be applied for
soil, studies on lateritic soils show an accommodation of permanent deformations
similar to the accommodation of UGMs. This peculiarity can be associated with the
chemical composition, presence of natural cements, and the high suction stresses,
resulting from the granulometric composition of these soils.
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Long-Term In-Situ Measurement of Soil
Suction in Railway Foundation Materials

Rick Vandoorne , Petrus Johannes Gräbe , and Gerhard Heymann

Abstract Volumetric water content (VWC) and matric suction vary temporally in
the foundation layers of pavements and railways due to various influencing envi-
ronmental factors. The resilient and permanent deformation behaviors of railway
foundation materials are strongly linked to the suction within the soil, reinforcing
the need for the measurement thereof. This paper reports on the installation of VWC
sensors, tensiometers and fixed-matrix soil-water suction sensors in different config-
urations within the foundation layers of a new 26 tonne/axle railway line near Ermelo
in South Africa. Local weather data was recorded using a weather station at the site.
TheVWC sensors and the fixed-matrix soil-water suction sensors alsomonitored soil
layer temperature. The measurement techniques used are critically compared with
regard to their ability to respond to weather events. Practical aspects pertaining to
the installation procedures and maintenance required for the different techniques are
also reported. It was found that tensiometers require careful consideration to ensure
pore-water continuity when installed in the field. Nonetheless, tensiometers were
the most reliable and accurate form of measurement in this study. The use of VWC
sensors to infer suction in silica flour is a novel idea. However, this method showed
limited success in this study. Fixed-matrix soil–water suction sensors provided the
best long-term stability and ease of installation. However, the accuracy of these
sensors requires further investigation.
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1 Introduction

Many road and railway foundations remain in an unsaturated state for the duration of
their design life. This may be due to the surfacing layers and/or the drainage systems,
which prevent the complete saturation of the founding layers of roads and railways.
Despite this, railways are still designed using either completely empirical techniques
or mechanistic–empirical techniques based on saturated soil testing and predicted or
measured in-situ moisture contents [1].

Unsaturated soil mechanics needs to be considered in order to design and under-
stand the behavior of railway foundations from a fundamental basis. Many of the
challenges hindering the adoption of unsaturated soil mechanics in geotechnical
design have been addressed [2]. The soil–water retention curve (SWRC) links the
soil–water potential (an energy state) to the amount of soil–water present within its
pores, which can be expressed either in terms of gravimetric water contentω-SWRC,
volumetric water content θ-SWRC or by the degree of saturation Sr-SWRC of the
soil. Soil–water potential may be divided into osmotic and matric potential, the sum
of which is termed total potential. These concepts are well explained by Toll [3] and
will not be repeated here to maintain brevity. The absolute value of matric potential
is termed matric suction.

The SWRC is vital for the implementation of unsaturated soil mechanics. The
SWRC has interrelations with other unsaturated soil property functions such as
the suction stress characteristic curve, hydraulic conductivity function and water
storage function [4]. These functions dictate the mechanical and hydraulic behavior
of unsaturated soil, respectively.

Toll [5] identified that in African countries many low-volume roads constructed
from lateritic soils displayed better performance than could be predicted using empir-
ical techniques based on fines content and plasticity. In fact, many of these roadmate-
rials would be completely rejected based on specifications existing at that time. It was
concluded that the fines in these materials allowed higher suctions to develop, which
improved mechanical performance of these roads and also decreased their hydraulic
conductivity, in turn reducing water ingress and maintaining the developed suctions.
The importance of soil suction and fabric has thus been identified.

Figure 1 shows suctions measured on a Kiunyu gravel compacted at different
water contents [6]. The lines on the plot show how the suctions changed for three of
the samples as they were subjected to wetting and drying after initial compaction. A
soil in the field will undergo seasonal drying andwetting cycles after compaction too.
From Fig. 1, it can be seen that due to wetting and drying cycles after compaction,
a soil at a specific water content may exist at different suctions [5]. This emphasizes
the need to measure soil suction rather than water content.

The primary objective of this paper is to summarize the initial findings of a
field instrumentation project to remotely measure the real-time temporal variation
of matric suction and temperature within the foundation layers of a heavy haul
railway line near Ermelo in SouthAfrica. Suctionmeasurement techniques are briefly
reviewed in order to select appropriate instrumentation for use in the field. The site
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Fig. 1 Suction measurements on Kiunyu gravel (Adapted from Toll [6])

selection andpositioningof the sensors are alsodiscussed.The initial data is presented
with focus on temporal variations with rainfall events.

2 In-Situ Measurement of Soil Suction for Transportation
Infrastructure

The measurement of soil suction is vital for the implementation of unsaturated soil
mechanics [7]. However, the literature on the in-situ measurement of soil suction
within railway foundations is very limited. Furthermore, only some literature is
available in this regard pertaining to pavements. This may be due in part to the
difficulties associated with the field measurement of soil suction [8].

Suction measurement techniques can be divided into direct and indirect tech-
niques. Direct techniques comprise techniques that directlymeasure the tensile stress
in the soil–water phase. Indirect techniques rely on an intermediate relationship to
proceed from a measured parameter to a soil suction value. These techniques are
then further subdivided according to whether they measure total or matric suction
[9]. A range of typical measurement techniques is summarized in Table 1.

Psychrometers are not ideal for field use as they are highly temperature sensi-
tive; this temperature sensitivity increases as one approaches saturation [8]. This
phenomenon is well explained by Kelvin’s law.

The filter paper method is not suited for site use as the filter paper must be
physically weighed upon removal from the soil, trying to mitigate any moisture
loss which can result in the accumulation of significant errors merely seconds after
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Table 1 Techniques for the measurement of soil suction ( Adapted from Masrouri et al. [9])

Sensor Direct/indirect Suction
component

Suction range
(MPa)

Principle

Tensiometer Direct Matric 0–1.5 Negative
pore-water
pressure

Thermal
conductivity

Indirect Matric 0.01–4 Thermal
conductivity of
porous block

Fixed-matrix
porous disk

Indirect Matric 0.01–100 Water content of
porous disk

Filter paper Indirect Matric/total 0.1–3 Water content of
paper

Psychrometer Indirect Total 0.1–100 Relative humidity

removal [10]. Filter papers take more than seven days to equilibrate, which limits
the practicality of observing temporal changes.

Thermal conductivity sensors showed somepotential for field use according toVan
der Raadt et al. [11]; however, their response times were slow and expensive signal
conditioning equipment was required. Due to the circuitry of the thermal conduc-
tivity sensors, readings of suction can only be taken during site visits [12]. Thermal
conductivity sensors also display some hysteresis. Therefore, a sensor installed in
an initially wet condition and one installed in an initially dry condition may read
different values of suction after equilibration [13]. Difficulties in the utilization of
these field measurement techniques meant that seasonal changes in suction were
only partially identified by Van der Raadt et al. [11]. If temporal variations of soil
suction are to be monitored accurately, alternative measurement techniques have to
be explored.

High-capacity tensiometers now regularly measure matric suction up to 1500 kPa
[14]. Tensiometers utilize a direct technique for the measurement of matric suction
and are, therefore, the instrument with the highest potential accuracy if calibrated
and installed correctly. Tensiometers are not subject to the hysteresis associated with
many of the indirect measurement techniques. High-capacity tensiometers have been
successfully used to measure suction in-situ in a trial embankment near Newcastle,
UK [15]. Despite the advantages of tensiometers, these instruments still require
regular maintenance and careful consideration during the installation process and
may cavitate after prolonged use.

2.1 Previous Studies

Van der Raadt et al. [11] used thermal conductivity sensors, thermocouple psychrom-
eters and filter papers to measure soil suction near railway lines in Canada. Culverts
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were installed vertically adjacent to the railway at six different locations to a depth
of 6 m. Holes were drilled in the sides of the culverts to access the soil at various
depths within the profile. The measurements were only taken during site visits as
the suction measurement techniques utilized did not lend themselves to remote and
continuous logging.

A novel in-situ suction measurement technique was explored by McCartney and
Khosravi [16]. They augered a hole in the pavement shoulder and backfilled the hole
with silica flour within which they buried volumetric water content (VWC) sensors
at different depths. An SWRC for the silica flour was measured in the laboratory. The
VWC values were used to back-calculate the suction within the silica flour using the
SWRC. Due to thermodynamic considerations, the soil suction in the silica flour is
in equilibrium with the soil suction in the pavement layers within which it is located.
No other methods were used to compare the novel SWRC back-calculation method
against other existing methods [16].

The accuracyof theSWRCback-calculationmethod is subject to numerous factors
warranting further investigation. These factors include:

• Hysteresis of the SWRC of the silica flour
• The accuracy of the VWC determination in the silica flour in the field
• Difference in dry density between the SWRC silica flour and the in-field silica

flour
• Potential volume change characteristics of the silica flour.

3 Soil Suction Measurement Techniques Utilized

Three soil suction measurement techniques were utilized in this study. These
techniques are summarized in the proceeding sections.

3.1 Tensiometers

Low-cost tensiometers have been developed at the University of Pretoria with a
material cost of approximately US$30 each [17]. The tensiometers regularly reach
cavitation pressures above 500 kPa. The calibrations done on these tensiometers
show a deviation from linearity smaller than 0.1% for the calibration range (0–
700 kPa). There is no apparent hysteresis in the sensors, and absolute error is less
than 0.5 kPa over the full range. These factors indicate thatwith good contact between
the tensiometers and the soil–water, the sensors will provide accurate readings of the
matric suction.



354 R. Vandoorne et al.

3.2 Fixed-Matrix Soil–Water Suction Sensors

Commercial fixed-matrix soil–water suction sensors are fairly new to the market.
The sensors make use of a porous ceramic with a fixed pore size distribution as
a dielectric material. The VWC of the porous ceramic is then measured using the
capacitance technique [18]. An SWRC for the porous ceramic is determined by the
manufacturer and used to relate VWC to suction.

The accuracy of these sensors is still being studied, and some research into this
has been conducted by Tripathy et al. [19]. A study on older versions of the sensors
by Malazian et al. [20] suggests that there is significant sensor-to-sensor variability,
requiring individual calibration of each sensor. Unfortunately, new models of these
sensors output a value of suction directly using a pre-programmed calibration curve
from the manufacturer. This does not allow for laboratory calibration by the user.
The manufacturer of the sensor used in this study gives a rated accuracy of ± (10%
of the reading + 2 kPa) in the range 9–100 kPa [21]. Ultimately, the accuracy of
these sensors still requires more research and information from the manufacturer is
limited.

3.3 Silica Flour Technique

The silica flour back-calculation technique proposed by McCartney and Khosravi
[16] was also used in this study. The silica flour has a modified AASHTO maximum
dry density of 1648 kg/m3 at an optimum gravimetric moisture content of 19.2%.
The θ-SWRC of the silica flour material used in the study is shown in Fig. 2. The
continuous tensiometer technique [22] was used to determine the SWRC of the silica
flour at a dry density of 92% modified AASHTO maximum dry density. This value
was arbitrarily chosen, and the influence of dry density on the θ-SWRC requires
further investigation.

Fig. 2 SWRC of silica flour
at 92% modified AASHTO
maximum dry density
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The Fredlund and Xing [23] equation was used to fit a mathematical relationship
to the SWRC data (Fig. 2). The equation fixes the suction at a VWC of 0 m3/m3 to a
value of 1,000,000 kPa. There are no suction data for the silica flour beyond 400 kPa,
and the SWRC appears to be approaching residual conditions near this point. The
fitting parameters are also indicated in Fig. 2.

The VWC of the silica flour was measured using soil moisture probes utilizing
the capacitance technique. The Topp [24] equation was used to convert the measured
dielectric permittivity to VWC. The Topp [24] equation is shown in Eq. (1) where θ v

is the VWC (m3/m3) and Ka is the dielectric permittivity (dimensionless) measured
by the sensor.

θv = (−5.3× 10−2
) + (

2.92× 10−2
)
Ka−

(
5.5× 10−4

)
K 2

a +
(
4.3× 10−6

)
K 3

a
(1)

The VWC of the silica flour measured in the field to date is bound by the two
dots as indicated in Fig. 2. This indicates that the range of suctions in the field falls
within the region of the SWRC where reasonable accuracy can be expected based
on an analysis of the curve’s slope.

4 Site Layout and Sensor Installation

Arailway foundation on theErmelo-MajubaHeavyHaulCoal Linewas instrumented
on July 26, 2019. The railway line was new and had not been opened to rail traffic
yet presenting a good opportunity for the installation. The foundation layers are
illustrated in Fig. 3 which also indicates the relative locations of the installed sensors.

Fig. 3 Longitudinal section indicating the location of the installed sensors within the foundation
layers
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Fig. 4 a Excavated pit showing the constructed foundation layers. b Man hole to facilitate
maintenance operations on the sensors if required

The foundation consists of the special subballast (SSB), subballast (SB) and placed
fill (A and B) layers. These layers will henceforth be denoted by their abbreviations.
The sensors used in this study were buried within every layer of the foundation. No
instrumentation was buried in the subgrade beneath the B layer. All layers conform to
Transnet FreightRail’s specification for earthworks [25]. Figure 4 shows photographs
of the exposed layer works as well as the final installation. A weather station was
also installed at the site to record air temperature, relative humidity, solar radiation,
wind speed and precipitation.

A pit was excavated adjacent to the railway line as shown in Fig. 4. This pit
facilitated access to the foundation layers of the railway structure. Horizontal holes
were bored approximately 500 mm beyond the edge of the sleeper toward the center
line of the track. PVC tubes were inserted within the bored holes to facilitate sensor
maintenance.With the exception of fourVWCsensors, each sensorwas buriedwithin
silica flour material to improve the soil–water interface between the sensor and the
railway foundation material. The four VWC sensors that were not buried in the silica
flour material allowed direct measurement of the VWC of the foundation layers.

5 Results

Preliminary results are presented with a focus on the data for the month of September
2019. The sensors are assumed to have equilibrated during themonth ofAugust 2019.
Precipitation was recorded for two days in September with 2.0 and 0.5 mm of rainfall
occurring on 6 and 23 September, respectively. This period is regarded as a typically
dry season at this location.
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5.1 Tensiometer and Fixed-Matrix Soil–Water Suction
Sensor Results

The suction data from the tensiometers is shown in Fig. 5. The suction in the SSB
layer fluctuated daily with temperature and relative humidity. It is suspected that this
tensiometer was not in good contact with the soil–water and requires maintenance
and possible reinstallation.

Despite the fluctuations, the tensiometer in the SSB layer still responded to the
rainfall events. The tensiometer in the SB layer responded to the 2 mm rainfall event
but not the 0.5 mm rainfall event. The suction in the SB layer decreased from 32 to
17 kPa over a 2-week period after the 2mm rainfall event. TheA andB layers showed
no response to the rainfall events and maintained a fairly constant suction value of
approximately 10 kPa. Therefore, the suction response to rainfall events appears to
be inversely related to depth as might be expected. Comparing the magnitude of the
suctions in the layers before the first rainfall event, it can be seen that in general the
suction appears to decrease with depth into the foundation.

It is insightful to compare the tensiometer suction data with the fixed-matrix soil–
water suction sensor data. Daily average suction readings were calculated for the
tensiometers and fixed-matrix soil–water suction sensors and are plotted against each
other in Fig. 6. The data for the SSB layer has been omitted due to the tensiometer
fluctuations. Points plotting on the 45° line would indicate exact correlation between
the two sensors for that layer.

The suction data from the sensors in the A and B layers shows better agreement
than the SB layer sensors. TheA andB layers’ suction datamaintains a fairly constant
offset of not more than 10 kPa. The data for the SB layer indicates that there is
a lag between the response of the fixed-matrix soil–water suction sensor and the
tensiometer but that after equilibration a fairly constant offset is also achieved. The
fixed-matrix soil–water suction sensors were consistently reading larger suctions
than the tensiometers.

Fig. 5 Temporal variation of suction measured by the tensiometers
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Fig. 6 A comparison of the
suction readings between the
tensiometers and the
fixed-matrix soil–water
suction sensors using daily
average suction readings

5.2 Back-Calculation of Suction from Silica Flour
Volumetric Water Content

TheVWCof the silica flourwas used to back-calculate the soil suction as described in
Sect. 3.3. This data is compared to the data from the fixed-matrix soil–water suction
sensors as the techniques are similar in concept. These results are shown in Fig. 7.
The black-fill markers indicate data from the fixed-matrix soil–water suction sensors,
and the white-fill markers indicate data from the back-calculation procedure. Data
from the same layers is plotted using the same symbols.

The SSB and SB layers are the only layers which respond to the rainfall events,
similar to what was observed for the tensiometer data. In general, the back-calculated

Fig. 7 Comparison of the suction readings obtained from the fixed-matrix soil–water suction
sensors and the SWRC back-calculation procedure
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data does not agreewellwith the suction data from thefixed-matrix soil–water suction
sensors other than displaying similar trends for the SSB and SB layers. The difference
in suction values between the two measurement techniques applied for the A and B
layers is significant. Differences as large as approximately 100 kPa are evident.

There may be numerous reasons for the significant difference in suction values
between the back-calculation procedure and the fixed-matrix soil–water suction
sensors. The dry density between the SWRC sample in the laboratory and the silica
flour in the field may be significantly different [26]. Furthermore, there may exist air
gaps between the tines of the VWC sensor and the silica flour for the A and B layers,
causing them to read a relatively low VWC and resulting in the high back-calculated
suction values for these layers. Overall, further investigation in the laboratory under
controlled conditions is required.

5.3 Soil Temperature

Figure 8 shows the temporal variation in soil temperature and air temperature
recorded for September 2019. Small daily fluctuations in temperature can be seen
for the SSB layer (<1 °C). The other layers appear to show no response to daily air
temperature changes.

The air temperature data for the observational period shows minimum and
maximum air temperatures of −5 and 31 °C, respectively. Contrastingly, the soil
temperature only varied between 13 and 17 °C. This is due to the high thermal
mass of the soil. A general increasing trend is observed for both the air and soil
temperatures as the seasons shift toward the warmer summer months.

There is a significant response of soil temperature to rainfall events as the cold
water infiltrates the surface layer of soil. The air temperature variation was also
subdued during this period which may be a contributing factor. However, the soil
temperature decreases significantly after both rainfall events which cannot be solely

Fig. 8 Temporal variation of soil and air temperatures and the influence of rainfall
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due to the subdued air temperature variation. The temperature decrease in the soil is
inversely related to depth with the shallowest layer experiencing the largest decrease
in temperature after both rainfall events.

6 Conclusions

A heavy haul railway foundation on the Ermelo-Majuba Coal Line in South Africa
was successfully instrumented with volumetric water content (VWC) sensors, fixed-
matrix soil–water suction sensors and tensiometers. A weather station was installed
on the site to monitor climatic variables. The data was retrieved remotely and
monitored in real time.

Three tensiometers appear to be giving reliable suction data in the subballast (SB)
and placed fill (A and B) layers. The tensiometer in the special subballast (SSB)
layer requires maintenance to ensure that it is well connected to the soil–water as
it is fluctuating abnormally. The fixed-matrix soil–water suction sensors agree with
the tensiometer suction data within 10 kPa over the observational period this far.
All the suction sensors in the SSB and SB layers showed a suction decrease with
an observed 2 mm rainfall event. The magnitude of the suction decrease is inversely
related to the depth of the sensor.

Soil temperature appears to decrease significantly in response to rainfall events.
The soil temperature in all four of the monitored layers responded to two small
rainfall events of 2.0 and 0.5 mm. The magnitude of the response is inversely related
to the depth of the layers with the shallowest layers showing the largest change in
temperature.

A back-calculation procedure was used to calculate soil suction from the VWC of
silica flour in the foundation layers. This procedure showed poor agreement between
the tensiometer and fixed-matrix soil–water suction sensor data. Further research is
required to identify and measure the influencing factors of this novel method in order
to improve its accuracy to an acceptable level.

The field instrumentation described in this paper provides reliable real-time
measurement of soil suction, temperature and weather conditions. In the long term,
this would make a significant contribution toward the study of climate change and
environmental conditions on the behavior of railway foundations and transportation
infrastructure in general.
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A Tool for Estimating the Water Content
of Unsaturated Railway Track Formation
Layers

Ivan Campos-Guereta , Andrew Dawson, and Nick Thom

Abstract Water content is one of the causes of railway tracks’ poor performance.
Implementing its effects into design and management numerical tools is not always
straightforward because the relevant descriptive partial differential equations (PDEs)
involved are highly nonlinear. The paper describes the creation of a surrogate model
to predict water flow in rail-track layers or other multilayered systems, increasing
performance of conventional 2D and 3D models so as to enhance their utility and
validity for rail-track maintenance management. The model takes advantage of the
mainly 1D vertical direction of infiltration through unsaturated layers and the mainly
1D horizontal direction for saturated flow in the lower layers to create an assem-
blage of one-dimensional domains using a co-simulation technique. Mathematical
formulation is included for both of the 1D simulations and for the assemblage. 1D
models are verified, and some results of the assembled model are compared with
existing experimental results. Available results suggest a suitable predictive model
for multilayer flow.

Keywords Railways · Drainage · Surrogated model · Co-simulation · Finite
element method · Richards’ equation · Multilayer flow

1 Introduction

While soil water content is highly relevant for the actual response of many public
works, its role in the behavior of multilayered railway tracks or road pavements
is crucial and has been highlighted by many publications [1–5]. Selig and Waters
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[1] state that one of the main subgrade problems is caused by excessive moisture
content and Heyns [2] pointed to ‘poor drainage’ as the major cause of bad track
performance. This problem not only affects the subgrade but also the ballast, as one
its requirements is to achieve good drainage.

In most rail-track design methodologies and standards, pore pressures are not
considered, or they are considered secondarily, the main reason being that its
introduction into numerical models usually means passing from relatively simple
elastoplastic models to nonlinear models. Many commercial software programs can
manage a full hydromechanical coupling analysis, and its application in rail-track
design is feasible, but in the operational stage, ‘maintenancemanagement’ and related
concepts like ‘Prognostic Health Management’ require predictive approaches under
multiple weather conditions and storm events so as to allow the possible outcomes
to be predicted. However, each predictive assessment requires a track model that
usually has to deal with a huge amount of calculations as conventional water flow
simulations in 2D or 3D employ computationally costly techniques to deal with the
high nonlinearities introduced (more insights in ‘Prognostic Design’ can be looked
up in [6]).

Therefore, the aim of this paper is to describe a tool to perform variably saturated
flow simulations to predict the water content of canted multilayered systems (such
as in a rail track), trying to increase performance over that of conventional 2D/3D
models.

2 Simplified Model for Multilayer Variably Saturated
Water Flow

The purpose of themodel will be the prediction of water content in a rail-track section
but could be extended to the case of a road section, subjected to rain loads. It needs
to balance the computational cost and the degree of fidelity with reality. To create
such a water content predictive tool, ‘lower-fidelity surrogate models’ are needed,
i.e., physically based yet less detailed than usual more accurate simulations, (e.g.,
2D or 3D finite element methods (FEM)), herein termed ‘original models’ [7].

A natural way to decrease computational cost is, if possible, to reduce the number
of dimensions. For example, many 3D situations can be accurately modeled in 2D,
based on symmetry principles.

Many 1D variable saturation models exist for multilayered systems. Often, they
include an assessment of infiltration of water from the ground surface into soil but
can’t consider the discharge when percolating water reaches a water table between
two layers. On the other hand, some 1D models are able to calculate the appearance
of water tables and the discharge due to them (e.g., [8, 9]) yet, in most of those
models, only steady states are considered. None of them consider infiltration below
the water table, dissipation of pore pressures and change in water content in adjacent
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ORIGINAL MODEL SURROGATED MODEL

boundaries interfaces 1DUNSAT 1DSAT INFLOW

Fig. 1 1.5DSatUnsatmodel description. Process of abstraction from ‘originalmodel’ to ‘subrogated
model’

soil, nor do they consider layers of higher permeability below more impermeable
ones.

The proposed model (herein ‘1.5DSatUnsat’) will perform a co-simulation of
assembled 1D simulations, i.e., it combines the characteristics of 1D variably satu-
rated vertical flow simulations (herein ‘1DUnsat’ simulations) with 1D saturated
horizontal flow simulations (herein ‘1DSat’). The 1DUnsat model simulates the
infiltration from rain or from upper layers, while the 1DSat model simulates the
evolution of water tables for each layer and the horizontal water flow in them. The
process of abstraction can be observed in Fig. 1.

This approach assumes that all capillary flow is vertical. By symmetry, this is
true for horizontal multilayer systems with an horizontal phreatic line at the bottom,
and approximately true for slightly canted layers, but when water table appears
symmetry also is maintained from the top of a layer to the water table if the water
table is nearly horizontal. Changes of water flow direction (within a vertical plane)
will occur with the increase of water table slope, but it will be assumed that this effect
has a negligible effect on the inflow to the top ofwater table. Themodel also considers
that all saturated flow between the top of the water table and the bottom of the layer
is effectively horizontal even though the track structure may have slight cants. This
has been considered valid by Youngs and Rushton [10] even for pronounced slopes
of the water table.

Initial conditions are defined by a phreatic level at the bottom; rain load will
be defined at the top of 1DUnsat as time-dependent boundary condition; seepage
boundary conditions will be defined at the right boundary of 1DSat. The simulation
will be done in transient mode and when saturation is reached at the bottom of a
layer in one 1DUnsat model, 1DSat models activate. Behavior at the 1DUnsat and
1DSat contact (interface) will be coupled by some interface equations.
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3 Water Flow in Variably Saturated Media. Richards’
Equation

Water flow in a variably saturated medium is typically modeled applying Richards’
equation, which means some assumptions (e.g. not considering water vapor flow).
Richards Eq. (1) combine the water-balance equation with Darcy flow. θ is the volu-
metric water content, kw is the hydraulic conductivity tensor for a given pressure
head, h, z is the vertical coordinate and S a source/sink term.

∂θ

∂t
− ∇

(
k

w
· ∇(h + z)

)
− S = 0 (1)

Richards’ equation can only be solved analytically in very particular cases, and
in general, numerical approaches are needed, but this equation is known to be highly
nonlinear for several reasons [11–13], and its numerical solution presents lots of
challenges that have resulted in many publications dealing with its numerical issues.

Many techniques have been employed to overcome these numerical problems,
but many are difficult to implement in 3D or 2D models. Fortunately, some are more
easily implemented in 1D, so have been included in the 1.5DSatUnsat model.

4 Mathematical Model

Asnogeneral analytical solution is possible, a numerical approachwill be considered.
A finite element method (FEM) is suitable because boundary conditions are easy to
implement, and because the future implementation of higher-order elements could
overcome some of the instabilities that may appear at the interfaces.

4.1 1DUnsat Simulations

By applying an L2-inner product between the left side of Eq. (1) in its one-
dimensional form with a set of test functions, vi , integrating by parts to reduce
the differentiation order, approximating the dependent variable, h, and vertical coor-
dinate, z, as its projection onto a set of basis functions, φ j , and by taking the set of
test functions, v, equal to the set of basis functions, φ, the approximation (2) in FEM
is obtained, where ∫

�e

means integration over the element, index n + 1 refers to the

current time step, and index k + 1 to the current iteration, while index j represents
the chosen basis function and its coefficient and index i represents the chosen test
function.
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To numerically solve Eq. (2), linearization techniques have to be applied: the
Newton, Picard,modified Picard, Picard/Newton or L-Scheme [12]. Celia, Bouloutas
[11] applied the modified Picard method with mass lumping, highlighting the poor
mass balance of h-based forms for the Richards’ equation. List and Radu [12] recom-
mended a combined use of the L-Scheme method with the Newton method as a way
of increasing convergence, reducing the disadvantages of Newton method (sporadic
divergences) and reducing the bad-conditioning of the modified Picard approach.
At the moment, 1DUnsat implements only the Picard and Celia-modified Picard
methods.

4.2 1DSat Simulations

In each of the layers in which a water table can be formed, a 1DSat simulation will
be needed. The simulation will be done in that layer but also in the layers above, as
the water table can reach more than one layer; nevertheless, results are given for the
studied layer. If nl is the number of layers, then nl − 1 simulations will be needed
when the bottom of the 1.5DSatUnsat model is defined by the phreatic level and nl
simulations when the bottom is impermeable.

In this case, Eq. (3) is obtainedby applyingmass conservation principles combined
with Darcy flow over the water table height, h, and considering the Dupuit–Forch-
heimer assumption where piezometric head, h + z, remains constant over the water
table height for a given point in the x coordinate; ksat is the mean saturated hydraulic
conductivity of the layers over the water table height, h, at point x ; z is the vertical
coordinate of the bottom of the layer, qv is the vertical water inflow along x ; nnw

is the water capacity above the water table or ‘non-wetted porosity’, which some
authors have called specific yield or storage term [8].

nnw · dh
dt

= ∂

∂x

[
ksat · h · ∂

∂x
(h + z)

]
+ qv (3)
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Following the same methodology as in the previous section, a nonlinear Eq. (4)
is obtained. Once again, linearization needs to be performed.
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Seepage boundary condition The last term of Eq. (4) represents a column with
the inflow-outflow boundary conditions. The model will maintain a symmetry on
the left, so in the initial node, imposed water flow will be zero. At the right side
a seepage boundary condition needs to be defined. In a two-dimensional analysis,
the definition of the seepage boundary does not generally present complications as
pressure head will be zero where the water table meets the boundary, but in Eq. (4)
at each point x, piezometric head (h + z) has a value meaning that at the boundary
pressure head, h, cannot be zero. Usually and for stationary analysis, this value is
defined by imposing a water table height linked in some way to the characteristics of
the model. Rushton and Youngs [8] proposed Eq. (5) that relates water table height,
h f , with the discharge, Q0, at the boundary and the permeability, ksat , by comparison
with 2D simulations.

h f = 0.93 · Q0/ksat (5)

By combining (5) with the value of the outflow given by Darcy equation, the
expression proposed by Rushton and Youngs [8] reduces to the imposition of a slope
on the water table of 1.075 given by the right side of Eq. (6). Or, more simply, by
imposing an outflow at the seepage boundary equal to the left side of Eq. (6) defined
by the water table height from the previous iteration.

Q0 = ksath f

0.93
= −ksath f

∂

∂x
(h + z)

∣∣∣∣
f

⇒ ∂

∂x
(h + z)

∣∣∣∣
f

= 1.075 (6)
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4.3 Coupling 1DSat and 1DUnsat into 1.5DSatUnsat

The assembly of the simulation could be done in a monolithic or in a co-simulation
approach; in the former case, all constitutive equations are integrated into one system
which is solved as awhole, and in the latter each simulation ismodeled independently
and assembled by passing information between each other at the interfaces [14, 15].
Themain advantage of co-simulation is modularity, and parallelization as each simu-
lation is done independently by specifically designedmodels, but the price is potential
instability. Disadvantages of the monolithic approach are its specific development
for each problem, and that bigger models need to be run with no subdivisions.

1.5DSatUnsat will perform a co-simulation of 1DSat and 1DSat submodels that
will be linked at the interfaces where information need to be interchanged, in this
particular case by the ‘interface coupling conditions’ given by Eqs. (7), (8), (9) and
(10) which are graphically represented in Fig. 2, for the interface (is, iu) which
means the interface between the ‘is’ 1DSat (center) and ‘iu’ 1DUnsat simulations
(left).

{
hsat,u(is,iu)

} = {
hsat,s(is,iu)

}
(7)

{
Q

′
u(is,iu)

}
=

{
dqh(is,iu)

dx

}
(8)

{
q

′
u(is,iu)

}
= {

qvh(is,iu)

}
(9)

, ( , )' uiu siQ

sat

n
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Fig. 2 Coupling variables on the interface (is, iu), between 1DSat, is, and 1DUnsat, iu. On the
right is the definition of the ‘non-wetted’ porosity, nnw
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{
1

�hsat,u(is,iu)

hsat,u,n+1,k(is,iu)∫
hsat,u,n(is,iu)

θsat(h) − θ(h)

}
= {

ns(is,iu)

}
(10)

The water table heights on layer ‘is’, hsat,u(is,iu) and hsat,s(is,iu), have to be the same
for both simulations—Eq. (7); the water leaving layer ‘is’, Q

′
u(is,iu), in 1DUnsat has

to be the same as the variation of the water flow, qh,(is,iu), over x in the 1DSat at
the interface (is, iu)—Eq. (8); qvh(is,iu) is the inflow over x in the 1DSat that is
calculated from the flow entering and leaving the water table in 1DUnsat, q

′
u(is,iu),—

Eq. (9); Eq. (10) shows how the ‘non-wetted porosity’, nnw, in 1DSat is obtained
from 1DUnsat as the mean of the non-wetted porosity ever the variation of the water
table. The shaded area on the right side of Fig. 2 represents the ‘non-wetted voids’
appearing at the water table from one time step to the next.

Different strategies can be considered in how to pass information between the two
parts. In Eqs. (7) to (10), information can be passed from left (from 1DUnsat) to the
right (to the 1DSat) or vice versa, and information can be taken from the previous
time step, as in sequential or parallel weak couplings, or in an iterative process from
the previous iteration (strong coupling).

The right side of Eq. (8) implies the second derivative of the water table height in
the 1DSat simulation, which it is not very accurate if linear elements are considered,
so it has been substituted by Eq. (11) by applying the mass balance on the interface
as, in a time step ‘dt’, the volume entering, qh,(is,iu) · dt , is equal to the volume in
the increase of water table height, ns(is,iu) ·�hsat,s(is,iu) ·dt , plus the horizontal water
entering minus that leaving dx , dqh,(is,iu)/dx · dt . Hence:

dqh,(is,iu)

dx
= qvh(is,iu) − nnw(is,iu) · �hsat,s(is,iu) (11)

Estimation of the value ofnnw(is,iu) from the left side ofEq. (10) is also numerically
difficult and can lead to some errors because of the simplifications to low-order
elements. Mass conservation in the 1DUnsat simulation in the interface can also be
applied, and the increment of water between the water table movement in the time
step given by left side of Eq. (12) has to be equal to the water flow entering and
leaving the water table given by the right side of Eq. (12).

nnw(is,iu) · �hsat,u(is,iu) = q
′
u(is,iu) − Q

′
u(is,iu) (12)

5 Numerical Model Implementation

1DSat and 1DUnsat simulations have been implemented in programs Flow1DSat
and Flow1DUnsat that can be executed independently to the assembled program
Flow1.5DSatUnsat. The algorithms have been coded in Fortran 2003 to make good
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use of object-oriented characteristics balanced with functional oriented codingmain-
taining a good performance. One library includes common classes and functions
used by all simulations, 1DSat and 1DUnsat classes are included in specific libraries
that can be used by the isolated Flow1DSat and Flow1DUnsat programs or by the
assembled Flow1.5DSatUnsat, which also has its library.

At this moment, Flow1DSat and Flow1DUnsat are fully coded and validated with
a good match with existing analytical models. In the case of the Flow1.5DSatUnsat
model, it shows the expected results for a multilayered system. Some validation
has been done against particular cases of the physical two-layered system model
performed by Heyns [2], but more validation needs to be done against physical
models or against a 2D FEM model.

At the moment of writing this paper, Flow1.5DSatUnsat performs a co-simulation
with weak parallel coupling between 1DSat and 1DUnsat, which means that each of
the models is computed by updating information on the interfaces from the previous
time step, and those simulations can be done in parallel, after the simulation informa-
tion is taken for the next time step. Weak coupling means that errors can propagate
in time. In this case, 1DSat’s main purpose is to define the water table to be for use
by 1DUnsat. Therefore, information from Eq. (7) will be applied from right to left.
1DSat also defines the amount of water, Q

′
u(is,iu), leaving 1DUnsat that is calculated

with Eq. (11). On the other hand, 1DUnsat’s main purpose is to define the inflow
into the 1DSat so information from Eq. (9) is applied from left to right.

The value of the non-wetted porosity, nnw, is calculated after the parallel calcu-
lation from (12) taking the 1DUnsat outflow, Q

′
u(is,iu), which theoretically means

that the water tables—Eq. (7)—need to match, whereas the numerically discretiza-
tion leads to differences. Therefore, a new step is included by forcing the level in
1DUnsat to match that calculated in 1DSat, and so applying in this way Eq. (7) from
right to left so as to obtain new values for Q

′
u(is,iu).

5.1 Validation of 1DUnsat Simulation

The 1DUnsat simulation has been validated against Hayek’s [16] analytical expres-
sions as they are easy to implement, consider the gravity term of the Richards equa-
tion and are applied with initially unsaturated materials, which usually means a
challenge for numerical models due to the high differences of pore pressures across
the saturated/unsaturated boundary.

The Hayek [16] expressions give the water content, saturation or pore pressure
evolution over a vertical one-dimensional, initially unsaturated, material which is
subjected to an specific time-varying expression of the inflow at the top, but also
with the possibility of considering an expression for a Dirichlet condition at the top.
The main disadvantage is the need to apply specific power expressions for the water
retention curve and for the hydraulic conductivity.

The left side of Fig. 3 shows the result of 1DUnsat applying the expression for
the inflow, and the right side shows the result when the expressions for the pressure
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Fig. 3 Initially dry column 1D water flow with a particular expression of the head at the top
boundary (left) or a particular expression of water flow across the top boundary (right). Expressions
from Hayek [16]. Water content analytical results by Hayek [16] at 3 h (lowest lines), 6 h, 12 h,
24 h, 36 h and 48 h (uppermost lines) are compared with results from Flow1DUnsat with good
match

boundary condition are applied. A total of 200 elements have been selected for the
visualization of the results. Themain characteristics for the simulation are as follows:
an absolute tolerance of 1× 10–3 mm, use of mass lumping, no relaxation coefficient,
use of Picard linearization, a CSR1 sparse system, with ILUT2 preconditioning and
the FGMRES3 solver, order 10, for element integration quadrature, dynamic time-
stepping with a maximum time step of 0.5 h which is increased by 20% if final
iterations are below 5, and decreased by 20% if iterations are above 10 and divided
by 3 when above 30. Hydraulic properties are the same as in Hayek [16]. Initial
conditions are defined by a phreatic level of − 5 m.

5.2 Validation of 1DSat Simulation

Several 1D models for the flow through one layer exist in the literature, generally
based on the Dupuit–Forchheimer approximations. For multilayer systems, only
semi-analytical approximations exist [8–10], and most of them apply to stationary
régimes.

In Rushton and Youngs [8], a transient numerical model for a 1D one-layered
system is included. The model is based on the Dupuit–Forchheimer approximations
and seepage boundary conditions varying with time following Eq. 5. In Fig. 4, results
from Flow1DSat are compared against Rushton and Youngs [8], in which a one-layer
system 2.25 m long is subjected to an inflow of 0.5 m/day during 0.04167 days, with

1 CSR: Compressed Sparse Row format (sparse matrix storage format).
2 ILUT: Incomplete Lower Upper factorization (sparse matrix preconditioner).
3 FGMRES: Flexible Generalized Minimal Residual method (iterative solver).
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Fig. 4 One-dimensional one-layer transient analysis by [8] compared to Flow1DSat results. On
the left: outflow over time at the seepage boundary. On the right: water tables at the end of recharge
(top line) and at 0.2 days

permeability of 4.0 m/s, and a constant non-wetted porosity of nnw = 0.04. Good
matches are apparent.

6 Partial Results for 1.5DSatUnsat assembled Model

Heyns [2] performed a series of physical experiments on a flume where a two-layer
system of ballast and three different sub-ballast materials with different slopes were
subjected to different constant recharges for a limited time before inflow stopped.
Saturated permeability for sub-ballast and densities of all materials were obtained,
but no unsaturated hydraulic properties were given, and they had to be calibrated to
matchHeyns [2] results. Flow2DSatUnsat results approximate the experimental ones
after calibrating the van Genuchten parameters. But if the Mualem–van Genuchten
expressions for water retention curve and permeability are applied to ballast, unre-
alistic low velocity is obtained, and results get distorted compared to Heyns’ as the
saturation front takes time to reach the sub-ballast. To circumvent this problem, a
lower ballast layer height is considered (Fig. 5).

P1 P2 P3 P4 P5 P6

P1,P2,P3,P4,P5,P6: Piezómeters

Qballast

Qsub-ballast

Q ,Q : Measures of waterflow leaving.ballast sub-ballast

Fig. 5 Flume test filled with sub-ballast and ballast performed by Heyns [2]
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Table 1 Van Genuchten hydraulic parameters for simulation in Fig. 6

Ballast θsat = 0.43, θres = 0.045, ksat = 0.5 m/s, α = 200 m−1, n = 4.0

Sub-ballast θsat = 0.265, θres = 0.049, ksat = 5.64 · 10−4 m/s, α = 3.6 m−1, n = 1.56

From the experiments performed by Heyns [2], one with enough inflow to involve
the two layers has been selected. This was the one with sub-ballast #1, 0% slope, and
an inflow of 1.58 m/day (2.60 in/h) over 1.88 m (74in) with a flume length of 2.26 m
(89in). The properties of sub-ballast from Heyns [2] are: permeability of 48.76 m/d
(80in/h) and dry density of 1.938 t/m3 with 0%fine content. VanGenuchten hydraulic
properties are included in Table 1 and are selected by comparing to typical soils with
similar properties included (Table 2). Properties for ballast are taking by extrapolating
to a permeability of 0.5 m/s (Fig. 7), while the van Genuchten parameters for sub-
ballast are calibrated to the Heyns test to values near to include in Table 2. Water
table height is compared with piezometer P3 measures in Fig. 6, with a good match.

The results shown in Fig. 6 have been achieved by ‘weak parallel coupling’ (see
above). Strong coupling has been tried but convergence on the interfaces proved diffi-
cult because of the differences between the two discretized simulations. Monolithic
fully coupled versions were also, but unsuccessfully, tried. Oscillating water flows
and non-wetted porosities, nnw, resulted which might be overcome in future by use
of higher-order elements, relaxation techniques or local iterations within each time
step.

Existing 1D models can predict water table location from rain loads on multilay-
ered systems, but a fixed non-wetted porosity needs to be specified. 1.5DSatUnsat
can calculate this varying value even though it changes rapidly with water table rise.
Furthermore, 1.5DSatUnsat is able to obtain the values of the dissipation of the pore
pressures after rain, not only beneath the water table but also in the unsaturated

Table 2 Common van Genuchten parameters from Carsel and Parrish [17]

Soil (USDA classification) ksat(m/s) α
(
m−1

)
n θsat θres

Sand 8.25 × 10−5 14.50 2.68 0.43 0.0450

Loamy sand 4.05 × 10−5 12.40 2.28 0.41 0.0570

sandy loam 1.23 × 10−5 7.50 1.89 0.41 0.0650

Loam 2.89 × 10−6 3.60 1.56 0.43 0.0780

Silt 6.94 × 10−6 1.60 1.37 0.46 0.0340

Silty loam 1.25 × 10−6 2.00 1.41 0.45 0.0670

Sandy clay loam 3.63 × 10−6 5.90 1.48 0.39 0.1000

Clayey loam 7.22 × 10−6 1.90 1.31 0.41 0.0950

Silty clayey loam 1.94 × 10−6 1.00 1.23 0.43 0.0890

Sandy clay loam 3.33 × 10−6 2.70 1.23 0.38 0.1000

Silty clay 5.50 × 10−8 0.50 1.09 0.36 0.0700

Clay 5.50 × 10−7 0.80 1.09 0.38 0.0680
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Fig. 7 Values of van Genuchten constants selected for ballast and sub-ballast compared with trends
with data included in Table 2

domain, which has great importance in places such as the top of the subgrade or in
a fouled ballast.

7 Conclusion

A simplified model of the water flow in rail-track layers has been described and is
still in development. This model is able to extend the capabilities of current 1D water
flow models for multilayered systems by not only predicting the movement of water
tables but also the evolution of the water content in the unsaturated domains. This
new information has importance in railway management as many problems arise in
highly saturated subgrades or with the poor drainage performance of fouled ballast.
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The model has a role between that of simplified 1D models and the accuracy
of 2D models and could lead the way to faster, yet still reliable, simulations. A fast
model with acceptable accuracy to predict water content on rail-track layers could be
beneficial in areas such as railway maintenance and infrastructure asset management
as a way to assess the risk of failure/distress related to high water content.
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14. Sicklinger S et al (2014) (2014) Interface Jacobian-based co-simulation. Int J Numer Methods
Eng 98(6):418–444

15. Vanpachtenbeke M et al (2015) Analysis of coupling strategies for building simulation
programs. Energy Procedia 78:2554–2559

16. Hayek M (2016) (2016) An exact explicit solution for one-dimensional, transient, nonlinear
Richards’ equation for modeling infiltration with special hydraulic functions. J Hydrol
535:662–670

17. Carsel RF, Parrish RS (1988) Developing joint probability distributions of soil water retention
characteristics. Water Resources Res 24(5):755–769



Hydro-Mechanical Behavior
of Unsaturated Unbound Pavement
Materials Under Repeated and Static
Loading

Ehsan Yaghoubi , Mahdi M. Disfani , Arul Arulrajah ,
Jayantha Kodikara , and Asmaa Al-Taie

Abstract Climatic events such as precipitation result in unbound structural layers
of pavements being in a partially saturated condition during their service life. With
unsaturated testing being relatively complex and costly, the presence of relatively low
matric suction in granular geomaterials, practitioners have been reluctant to explore
the utilization of unsaturated geomechanics in the analysis and design of themechan-
ical behavior of pavement structural layers. In this research, unsaturated mechanical
characteristics of three types of recycled geomaterials were firstly investigated using
repeated load triaxial testing and the incorporation of their soil–water characteristics
in the analysis of their resilient moduli response. This was to demonstrate the impor-
tance of understanding the unsaturated mechanical behavior of compacted granular
material. Next, a virgin compaction surface (VCS) was developed within a moisture
content-based framework to interpret the loading, unloading and wetting-induced
volume change of the compacted materials. Outcomes of this research, for the first
time, extend the application of the well-established Monash Peradeniya Kodikara
(MPK) framework, originally developed for fine cohesive soils, to granular mate-
rials. A distinctive attribute of the proposed approach is the relative simplicity in the
testing methodology by utilizing the conventional geotechnical testing equipment.
The findings of this research can be used for estimation of the settlement of a granular
structural layer that is compacted, loaded and then wetted through precipitation or
flooding.
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1 Introduction

Geostructural layers of roads frequently experience a transition between unsaturated
and saturated states due to climatic events such as rain and flooding. This causes alter-
ation of the suction stress within the compacted road pavement materials. Despite
having influence on themechanical behavior of granular materials [1], matric suction
(hereafter referred to as suction) is of relatively lowmagnitude in compacted granular
soils compared to fine-grained soils, such as clays. Low suction values give rise to
two barriers in application of unsaturated geomechanics in the design and analysis
of unbound granular pavement layers: (a) potential uncertainties and errors in the
measurements of suction and (b) costs and complexities in the laboratory measure-
ment of suction, that is considered unworthy of the effort [2]. In this study, in order to
bridge the gap between unsaturated geomechanics research and the current industry
practice of using unsaturated geomechanics theories, two steps were taken. In the
first step, the importance of the utilization of unsaturated characteristics in the inter-
pretation of the mechanical response of unsaturated granular materials is illustrated.
This is shown by comparing the accuracy of three well-known resilient modulus
models with and without the incorporation of suction. In the next step, a straightfor-
ward moisture content-based approach is proposed and investigated to address the
volumetric behavior of unsaturated recycled granular materials.

The proposed scheme of this research was based on an unsaturated testing frame-
work initially developed by Kodikara [3] and has ever since been validated in several
research works, such as Islam and Kodikara [4], Abeyrathne et al. [5], Kieu and
Mahler [6] and Abeyrathne et al. [7] among others. The abovementioned studies
work with fine-grained materials, and hence, a moisture content-based model for
granular material is missing. The volumetric behavior of granular materials is known
to be of a different nature compared to that of fine-grained soils [8]. This can be
due to two factors, being greater internal friction, and lower suction stresses, and
hence, the lower sensitivity of volume changes to changes in suction. The current
research extends the application of the MPK framework to unbound granular mate-
rials. The proposed approach offers two features: (a) It takes the moisture content,
as an alternative to suction, to be a state variable, and (b) it utilizes the conventional
testing equipment commonly found in geotechnical laboratories. These features are
meant to resolve the abovementioned barriers for the incorporation of unsaturated
geomechanics in studying the behavior of granular materials. The volume change
behavior is a fundamental property of soils and is considered essential for extending
the conventional deviatoric, yield and resilient constitutive models into the models
that are applicable to unsaturated soils [9].
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2 Materials and Methods

In this research, three types of recycled geomaterials, being crushed brick (CB),
recycled concrete aggregates (RCA) and waste excavation rock (WR), were used to
encourage sustainability in the design and construction of transportation infrastruc-
tures. The physical properties of thematerials used in this research, including specific
gravity (Gs), optimum moisture content (OMC) and maximum dry density (MDD)
following the modified Proctor method, are presented in Table 1. The presented
values of California bearing ratio (CBR) indicate the suitability of these materials
for pavement base and sub-base applications, according to road authority guidelines,
such as AGPT02-17 [10].

In granular materials, aggregate breakage during compaction can result in the
alteration of pore size distribution, which affects the unsaturated properties of the
compacted materials [11]. Figure 1 demonstrates the particle size distribution of CB,
RCA and WR, before and after compaction. Figure 1 also compares the coefficient

Table 1 Physical and compaction properties of CB, RCA and WR

Material Gs OMC (%) MDD (kg/m3) CBR

CB 2.64 10.8 1990 104–116

RCA 2.69 11.0 1960 141–174

WR 2.82 5.7 2220 118–143

Fig. 1 Gradation curves, and pre- and post-compaction particle size distribution parameters
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of uniformity (Cu), coefficient of curvature (Cc) and the mean particle size (D50)
of the pre- and post-compaction samples. Comparisons between the pre- and post-
compaction gradations showed considerable reduction of maximum particle size
and D50 which can contribute to the reduction of pore sizes in samples and hence,
an increase in suction.

2.1 Repeated Load Triaxial Testing

In order to investigate the resilient behavior of the recycled blends, repeated
load triaxial (RLT) testing was carried out on the compacted samples following
the AASHTO-T307-99 [12] procedure. The testing equipment included a servo-
controlled universal testing machine that applied a repeated loading regime of 0.1 s
loading period and 0.9 s resting period on samples. The triaxial cell had three open-
ings forming 120-degree angles for mounting three linear variable differential trans-
formers (LVDT) pointing at the mid-height of the specimen. These LVDTs recorded
the lateral deformations during the test. Local LVDTs were mounted inside the cell
to collect the axial deformation during the test. A split mold with an internal diameter
of 100 mm and a height of 200 mm was used for preparing the samples under the
modified Proctor compaction energy.

2.2 Virgin Compaction Surface Tests

The moisture content-based testing approach of this research sought two aims: (a)
development of a virgin compaction surface (VCS) and (b) conducting loading–
wetting and loading–unloading–wetting state paths with respect to the VCS. A stain-
less steel compaction mold (Fig. 2) was designed and manufactured. Three openings

Fig. 2 Mold developed for the compaction and state path testing
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on the wall of the mold and three on the loading plate were machined to allow for
the injection of water during the wetting state paths.

For developing theVCS, a series of compaction tests was carried out under a stress
range between 100 and 4000 kPa at moisture ratios between 0.1 and the saturation
state. Moisture ratio is the product of the moisture content and the specific gravity.
Compaction was undertaken by a universal testing machine with the maximum
loading capacity of 100 kN in compression, connected to a data logger to collect
the stress-deformation data.

The mold presented in Fig. 2 and a universal testing machine were used for under-
taking loading, unloading and wetting paths. The loading rate applied on samples
drier than OMC was 500 kPa/min. The loading rate for samples wetter than OMC
was 50 kPa/min to prevent the entrapment of water. Wetting paths were undertaken
by the injection of a pre-determined volume of water into the soil samples through
the six openings while the sample was constantly loaded. In each loading, unloading
and wetting stages, sufficient time was given to the samples and deformations were
observed until the recorded deformation change rate was negligible (no further densi-
fication was achieved). More details on sample preparation and the state paths are
available in Yaghoubi et al. [13].

3 Incorporation of Suction in Resilient Modulus Models

In this section, firstly, the soil water characteristic curves (SWCC) of CB, WR and
RCA were estimated. Next, the outcomes of three resilient modulus (Mr) prediction
models were compared with the RLT test results.

3.1 Soil Water Characteristic Curves

The SWCC of the materials was estimated using two well-established prediction
models, namelyAubertin et al. [14] and thePerera et al. [15]models. Input parameters
for the models are presented in Table 2. These models were selected as they were
suitable for granular materials, and their model input parameters were available for

Table 2 Input model parameters used for prediction of the SWCC

Parameter D10 D20 D30 D60 D90 P200 e

Used in Aubertin model • •

Used in Perera model • • • • • • •

CB 0.16 0.36 0.72 4.52 14.28 0.041 0.32

RCA 0.20 0.41 0.80 5.56 12.94 0.035 0.37

WR 0.21 0.81 1.50 5.90 12.90 0.036 0.35
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Fig. 3 Estimated SWCC for CB, RCA and WR using Aubertin et al. [14] and Perera et al. [15]

the materials of this research. The post-compaction Cu, presented in Fig. 1, is also a
model input parameter for Aubertin et al. [14]. In Table 2, Di refers to the size from
which i% of the particle are smaller, and P200 refers to the percent passing sieve #200
(0.075 mm) in decimals.

Figure 3 demonstrates the SWCCobtained for CB, RCA andWRusing the above-
mentioned models, together with the average of air entry value suction, ψaev, and
the value of suction at the moisture content of the RLT samples, ψm. The moisture
content of RLT samples was 95–100% of the OMC values as presented in Table 1.
Based on the ψaev and ψm values, CB samples showed greater suction compared to
RCA andWR samples, possibly due to a greater percentage of fine materials, as well
as lower void ratio.

3.2 Resilient Modulus Predictions

Deviatoric stress model [16], Eq. 1, modified universal model (aka octahedral model)
[12], Eq. 2, and Azam et al. [17] model, Eq. 3, were selected to investigate the
incorporation of suction in the resilient models. Among the three models, only the
latter takes suction as an input parameter.

Mr = pa

[
k1

(
σ3

pa

)k2(σd

pa

)k3
]

(1)
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Mr = k1 pa

(
σb

pa

)k2(τoct

pa
+ 1

)k3

(2)

Mr = k0

(
σb

3pa

)k1(τoct

τref

)k2(ψm

pa

)k3[(
RDD(1 − k4P−CB/100)

100

)]k5

(3)

In these equations, σ 3, σ d and σ b are confining, deviator and bulk stresses, respec-
tively, pa is atmospheric pressure, τ oct is octahedral shear stress, τ ref is reference shear
stress defined as 0.471×maximum shear strength [17], k0–k5 are model parameters,
ψm is matric suction, and RDD is the relative dry density compared to the highest
density of the blends (CB in this research). Equation 3 was originally developed
for the mixtures of CB and RCA. For simplifying the model, k4 is taken as zero to
neutralize P-CB (percentage of CB in the blend) and to make the model applicable
to all blends.

Table 3 presents the model parameters achieved by regression analysis and fitting
the experimentally obtained values of Mr (45 datasets) to the abovementioned
models. These datasets were achieved from 15 sequences of RLT tests on each blend
under the range of repeated vertical stresses and static confining stresses recom-
mended in the AASHTO T-307 method. The parameters presented in Table 3 were
adopted to predict Mr values using the models presented in Eqs. 1 to 3.

Figure 4 plots the measured–predicted Mr values together with three statistical
measurements, being standard accuracy (Se/Sy), coefficient of determination (R2)
and root mean square deviation (RMSD) for evaluation of the “goodness of fit”. In
standard accuracy, Se is the standard error of estimate and Sy is the standard deviation.

Table 3 Resilient modulus model parameters

Model k0 k1 k2 k3 k4 k5

Deviatoric stress model – 2.73 0.382 0.177 – –

Modified universal model – 1.237 0.548 0.046 – –

Simplified Azam et al. model 963.442 0.555 0.005 0.284 0.000 − 3.611

Fig. 4 Measured versus predicted Mr using a deviatoric stress model [16], b modified universal
model [12] and c simplified Azam et al. [17] model



384 E. Yaghoubi et al.

According toWitczak et al. [18] criteria, when R2 ≥ 90 (Se/Sy ≤ 0.35) and 0.70≤ R2

≤ 0.89 (0.36 ≤ Se/Sy ≤ 0.55) “Excellent” and “Good” fit are achieved, respectively.
Also, lower RMSD indicates a better fit [17]. It is concluded from the goodness-
of-fit assessment that utilizing suction, despite being of low magnitude, resulted in
a more accurate prediction of the resilient modulus response of the materials. This
supports the importance of the application of unsaturated geomechanics theories in
the mechanical behavior of unbound granular materials used in pavements.

4 Development of a Virgin Compression Surface

The compaction test results extracted from Yaghoubi et al. [13], as per the testing
procedure presented in Sect. 2.2, were used to develop the VCS in a space of void
ratio, e (to represent deformation),moisture ratio, ew (to represent changes inmoisture
content) and net stress, p (to represent loading). The VCSs developed for CB and
WR are presented in Fig. 5. This surface is the loosest state of a sample at specific
net stress, p, and moisture state, ew. Therefore, once the VCS was developed, it was
expected that the independent loading, unloading and wetting state paths can be
interpreted within the boundaries of the VCS. The line of optimum (LOO) on the
VCS was drawn by connecting the minimum void ratio achieved in each compaction
curve (maximum density in static method of compaction). LOO is the boundary
between the wet side and the dry side of the VCS. The LOO is important for the
determination of the loading rates applied for the samples on the dry and wet side of
the VCS.

Fig. 5 Virgin compaction surfaces for a CB and bWR
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5 State Paths with Respect to the VCS

For evaluation of the applicability of theVCS for interpreting the volumetric behavior
of the compacted samples, a series of loading–wetting (L-W) state paths and loading–
unloading–wetting (L-U-W) state pathswere carried out. The net stresses on the paths
had a range of between 100 and 4000 kPa. The moisture contents varied between 7.6
and 3.6% for CB and WR, respectively, and the moisture content at saturation.

Figure 6 demonstrates selected L-W state paths starting from a loose state (O)
in the e − ew and e-log p planes. The L-W path simulates a granular layer that has
been compacted and undergone the load of a superstructure while being exposed to
the precipitation. In both CB (Fig. 6a and b) and WR (Fig. 6c and d), loading paths
(O-A and O-A’) reached the corresponding stress contours at A and A’ (100 and
4000 kPa for CB and 500 and 2000 kPa for WR) verifying that the VCS is capable
of predicting the loading paths. However, the wetting paths (A-B and A’-B’) only
closely followed the VCS under net stresses of 2000 and 4000 kPa.

Figure 7 demonstrates selected L-U-W state paths in the e− ew and e-log p planes.
An example of the L-U-W path could be an embankment fill layer compacted by
a roller, unloaded to a stress as low as the effective stress due to the weight of its

Fig. 6 L-W state paths: a and b for CB in e − ew and e − log p planes, and c and d for WR in e −
ew and e-log p planes



386 E. Yaghoubi et al.

Fig. 7 L-U-W state paths: a and b for CB in e − ew and e-log p planes, and c and d for WR in e −
ew and e-log p planes

above layers of embankment or pavement, and is finally exposed to a flood event. In
Fig. 7a and 7b, a CB sample was loaded to 500 kPa (A), unloaded to 100 kPa (B) and
wetted under the net stress of 100 kPa to saturation (C). Figure 7c and 7d illustrate a
WR sample loaded to 4000 kPa (A), unloaded to 100 kPa (B) and wetted under the
net stress of 100 kPa to saturation (C). Both state paths reached the corresponding
stress contour on the VCS at Point A showing that the VCS can predict the loading
path. Unloading the samples to 100 kPa, however, did not take the path back to
the stress contour of 100 kPa. This matched with the definition of VCS, being the
surface developed at the loosest states of a geomaterial at a specific moisture and
stress conditions. Therefore, VCS could not predict the unloading path accurately.

The plots presented above and several other L-W and L-U-W state paths showed
that the VCS is capable of predicting the loading paths accurately. Figure 8 shows
plots of experimentally measured void ratio versus void ratio obtained from VCS for
CB andWR. Values of Se/Sy, R2, and RMSD presented in Fig. 8 for both VCSs show
“excellent” fit between the predicted andmeasured data followingWitczak et al. [18]
criteria.

The wetting paths, in contrast, do not follow the surface under net stresses lower
than 2000 kPa. Under net stresses greater than 2000 kPa, the wetting path is reason-
ably close to the VCS; however, the predicted results are not as accurate as of the
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Fig. 8 Measured void ratio versus predicted void ratio for a CB samples and b WR samples

loading paths. Group of compaction curves of CB and WR shows that the stress
of 2000 kPa densifies samples to about 90% of the MDD of modified Proctor
compaction. In practical terms, a density of at least 95% of modified proctor MDD is
required for the pavement subbase or base compacted layers. For, CB and WR, such
densities are achieved under net stresses greater than 2000 kPa, and hence, the VCS
provides relatively accurate wetting-induced volume change predictions for practical
applications.

For comparison of thewetting-induced deformation in granular and finematerials,
volume changes due to wetting paths conducted on kaolin clay from Islam and
Kodikara [4] (referred to as source “I” in Table 4) and Pearl clay from Sun et al. [19]
(referred to as source “S” in Table 4) were investigated and presented in Table 4.

In Table 4, the changes in the void ratio (�e) due to wetting under the constant net
stress of p from the initial degree of saturation ((Sr)ini) to a final moisture condition
((Sr)fin), being the fully saturated condition, are compared. The LW paths in Sun
et al. [19] were presented in e-ψ (suction) plots. The Sr values corresponding to
initial and final void ratios in each path were obtained using the Sr-ψ plots (SWCC)
presented in their paper. The amount of deformation due to wetting (�H) was calcu-
lated assuming a geotechnical layer with a thickness of 200 mm. The comparison
revealed a significant difference between the deformation of the fine materials and
the granular materials used in this research. For instance, wetting a 200-mm layer
compacted through and being constantly loaded under the net stress of 4000 kPa
from Sr = 0.48 to Sr = 1 resulted in 7.8 mm of deformation in kaolin. In the same
amount of change in the degree of saturation, a 200-mm CB layer ended up to a
significantly lower deformation of 1.1 mm.

In spite of exhibiting relatively small deformations, in compacted granular pave-
ment materials, volume changes due to wetting can accumulate and result in struc-
tural distresses such as rutting. Thus, a prediction model that accurately interprets
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Table 4 Wetting-induced volume changes extracted from the literature versus this research

Source
of data

(Sr)ini (Sr)fin p (kPa) The literature This research

�e �H (mm) Material p (kPa) �e �H (mm)

S 0.55 1.0 98 0.083 7.4 CB 100 0.008 1.0

S 0.56 1.0 196 0.062 5.7 CB 200 0.003 0.4

S 0.63 1.0 392 0.045 4.3 CB 500 0.003 0.4

S 0.67 1.0 588 0.026 2.5 CB

I 0.263 1.0 100 0.821 54.7 CB 100 0.062 7.0

I 0.364 1.0 1000 0.238 23.2 CB 1000 0.011 1.4

I 0.484 1.0 4000 0.060 7.8 CB 4000 0.008 1.1

S 0.55 1.0 98 0.083 7.4 WR 100 0.002 0.2

S 0.56 1.0 196 0.062 5.7 WR 200 0.002 0.2

S 0.63 1.0 392 0.045 4.3 WR 500 0.001 0.2

S 0.67 1.0 588 0.026 2.5 WR

I 0.131 1.0 100 0.952 60.8 WR 100 0.079 8.9

I 0.175 1.0 1000 0.310 28.9 WR 1000 0.054 6.9

I 0.233 1.0 4000 0.124 15.6 WR 4000 0.034 4.6

the wetting induced volume changes in unsaturated granular materials can signifi-
cantly enhance the unboundgranular pavement design and analysis. Such a prediction
model has recently been developed and presented in Yaghoubi et al. [20] article.

6 Conclusions

In this research, two main objectives were sought; firstly, to demonstrate the impor-
tance of the application of unsaturated geomechanics in the mechanical behavior of
unbound granular materials; secondly, to propose an unsaturated testing approach
featured with relative simplicity in order to encourage the engineers to utilize unsat-
urated geomechanics theories in the design and response analysis of pavement
materials. The following outcomes were concluded based on the results of this study:

• Incorporation of suction leads to a more accurate prediction of the resilient
modulus for crushed brick, recycled concrete aggregate and waste rock.

• Moisture content-based frameworks are recently being proposed and validated as
an alternative to the conventional suction-based schemes for interpretation of the
behavior of fine materials. In this research, a virgin compaction surface following
the moisture content-based MPK framework was developed and investigated for
course-grained geomaterials.
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• The virgin compaction surface developed for crushed brick andwaste rock showed
excellent accuracy in predicting the loading paths. The surface, however, did not
show good accuracy in predicting the wetting paths.

• The volume change of compacted fine materials through wetting is significantly
greater than that of compacted granular materials. Nevertheless, since the accu-
mulation of small volume changes due to repeated loads of traffic can lead to
structural distress in pavements, development of an accurate prediction model is
necessary.

An application of the developed virgin compaction surface could be the estimation
of the post-compaction dry density (void ratio) of an unbound granular pavement
layer at a specific moisture content and compaction effort. Extending the moisture
content-based framework to cyclic loading is a future direction for this research.
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and Climatic Regions for Oklahoma
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Abstract There is a need for rational methods to estimate behavior of unsaturated
soils for analysis and design of pavement structures. The attributes of a desirable
method would comprise low cost, reasonable accuracy and technical soundness. The
equilibrium suction has a direct influence on the subgrade resilient modulus and
vertical movement due to swelling and shrinking of expansive clays. The current
AASHTOWare Pavement ME software package utilizes the enhanced integrated
climatic model (EICM) for applying the effects of climate on the pavement materials.
The EICM utilizes the depth to groundwater table to compute moisture content and
the corresponding suction in the subgrade. However, research studies have revealed
that other critical factors also influence the equilibrium suction. In this study, a mech-
anistic model is presented to predict equilibrium suction considering the effects of
the unsaturated soil moisture diffusion coefficient. Based on a statistical analysis, an
equilibrium suction prediction model is generated from readily available parameters,
i.e., Thornthwaite moisture index (TMI), clay content (%) and relative humidity. The
results of this study showed that the regression model provides reasonable prediction
accuracy with a small test MSE of 0.03.
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1 Introduction

Environmental conditions have a significant effect on the subgrade performance.
Of all the environmental factors, moisture has a direct effect on the pavement layer
and subgrade property [1–4]. The resilient modulus of the subgrade soil is highly
dependent on the degree of saturation and the corresponding matric suction [5–11].
The matric suction in the subgrade soil beneath the pavement reaches an equilibrium
condition after a certain period of time after construction [12, 13]. Hence, an accurate
estimate of equilibrium suction underneath a pavement structure is necessary to
determine the long-term resilient modulus of subgrade soil in response to variations
in climatic and surface boundary conditions.

The enhanced integrated climatic model (EICM), which is an integral component
of the current AASHTO Pavement ME, plays an important role in defining the short-
and long-term pavement materials properties used in the design guide. The EICM
involves analysis of water and heat flow through pavement layers in response to
climatic, soil and boundary conditions above and below the ground surface in pave-
ment structures. The software uses historical climatic files that have been developed
for each state in the USA. These files are in most cases limited in number and region
within each state and therefore cannot represent the site-specific climate information.
Furthermore, the EICMdepends on the groundwater table depth to computemoisture
content and the corresponding suction in the subgrade. However, this model would
yield inaccurate suction values if the water table data is missing or the water table
depth is greater than 7 m [14].

Previous research studies have revealed that other critical factors (e.g., precipita-
tion, field capacity, etc.) also influence the equilibrium suction [15]. These studies
have shown a correlation between equilibrium soil suction and Thornthwaite’s mois-
ture index (TMI); however, our studies have shown that these suction correlations
exhibit large variability. This study is aimed at developing an improved prediction
model of equilibrium suction, which would take into account a variety of influence
factors. The paper assessed the TMI from the historical climatic data obtained from
OklahomaMesonet weather stations from 1994 to 2018. Historical climatic data was
also employed for classifying climatic regions in Oklahoma using cluster analysis.
Thornthwaite moisture index (TMI) contour maps were created using the climatic
data and the geographic information system (GIS) platform.

In this study, a mechanistic model is presented to predict equilibrium suction
considering the effects of the diffusion coefficient. A regressionmodelwas developed
to predict equilibrium suction from readily available parameters, i.e., Thornthwaite
moisture index (TMI), clay content (%) and relative humidity. The following sections
summarize the significant findings of this study.
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2 Oklahoma Mesonet

The Oklahoma Mesonet is a network of about 121 automated weather stations that
report current weather and soil moisture conditions to a central computer facility
every 15 min (Oklahoma Climatological Survey, climate.ok.gov). There is no other
similar network that covers short distances in the collection of climate data in the
USA [16]. One of the main objectives in establishing the Mesonet network was
to ensure that a station site be as representative of as large an area as possible.
Therefore, site locations forMesonet stations fulfill a number of general requirements
for meteorological and environmental purposes. The network was established in the
early 1990s jointly by Oklahoma State University and the University of Oklahoma.
The Oklahoma Climatological Survey currently oversees Mesonet activities.

A Mesonet station occupies an area of about 100 m2 and contains a datalogger,
solar panel, radio trans-receiver, lightning rod and climate and environmental sensors
located on or surrounding a 10m high tower. The sensors measuremore than 20 envi-
ronmental and soil variables. Climatic variables are measured by a set of instruments
located on or near a 10 m tall tower and below ground surface. On and above ground
measurements include air temperature measurements at 1.5 m and 9 m above the
ground surface, wind speed at 2 m and 10 m, relative humidity at 1.5 m above the
ground surface, solar radiation, barometric pressure and rainfall. Soil temperature
measurements at 5, 10 and 30 cm below the ground surface under bare and sod soil
are recorded. Starting in 1996, a large number of Campbell Scientific 229-L thermal
conductivity sensors have been installed at depths of 5, 25 and 60 cm below the
ground surface for matric suction measurements. As of September 2019, the Okla-
homa Mesonet includes soil moisture sensors at a depth of 5 cm at 121 sites, 25 cm
at 101 sites and 60 cm at 76 sites. The soil matric suction measurements are recorded
every 30 min, 24 h per day and year-round. A detailed description of the thermal
conductivity sensors can be found in [17].

3 Thornthwaite Moisture Index (TMI)

The TMI, originally developed by Thornthwaite in 1948, is determined by annual
water surplus, water deficiency, and water need. The whole process is computation-
ally intensive and requires soil moisture storage information that may not be readily
available in many places. Several other methods were proposed to determine the
TMI values in the past decades. Thornthwaite (1948) adopted a relatively simple
model for the calculation of the adjusted potential evapotranspiration as compared to
some of the sophisticated (yet complex in terms of the parameters involved) models
available in the literature. Due to its simplicity, this method has been widely used by
many researchers, including [18–27].

Recently,Olaiz et al. [28] performed a comparison studybetween the four different
TMI calculation processes developed from 1948 to 2006 and found out that themodel
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Fig. 1 TMI contour map based on Witczak et al. [29] equation

developed by Witczak et al. [29] is comparable to the original TMI calculation
process. This study adopted Witczak’s model to calculate the TMI for Oklahoma.

In this study, TMI is calculated for the 77 Mesonet weather stations representing
77 counties in the state for the period of 1994 to 2018. AGIS-based TMI contourmap
was generated based on the precipitation and monthly average temperature obtained
through Mesonet dataset. The ArcGIS software is used to depict the TMI contour
map for Oklahoma. Contour maps consist of lines that connect points of equal values
of TMI for a certain region. Figure 1 shows the contour map developed using the
Witczak et al. [29] method.

The adjusted potential evapotranspiration PETi for the month, i, is calculated
using the following equation:

PETi = ei

(
Di Ni

30

)
(1)

where Di is the day length correction factor for the month i provided by McKeen
and Johnson [23]; Ni is the number of days in the month i; and ei is the unadjusted
potential evapotranspiration (cm) for the month i calculated as

ei = 1.6

(
10ti
Hy

)a

(2)

where ti is the mean monthly temperature in °C, and Hy is the annual heat index that
is determined by summing the 12 monthly heat index values. The heat index for each
month is determined as follows:

hi = (0.2ti )
1.514 (3)

and a is a coefficient given by
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a = 6.75 × 10−7H 3
y − 7.71 × 10−5H 2

y + 0.017921Hy + 0.49239 (4)

Witczak et al. [29] equation is given as

TMI = 75

(
P

PE
− 1

)
+ 10 (5)

where P is the annual precipitation and PE is the net potential evapotranspiration.

4 Oklahoma Climatic Regions

The basic idea of classification is called cluster analysis. Cluster analysis takes a
large number of variables and reduces them to a smaller number of groups based on
the similarity of the data values within the same group. This study applied K-means
to classify the climatic regions in Oklahoma. TheK-means clustering is a simple and
elegant approach for partitioning a dataset into K distinct, non-overlapping clusters.
To perform K-means clustering, the desired number of clusters K must be specified;
then, the K-means algorithm will assign each observation to exactly one of the K
clusters [30].

In K-means analysis, observations are partitioned into K clusters by minimizing
the total within-cluster variation. Thewithin-cluster variation for the kth cluster is the
sumof all of the pairwise squaredEuclidean distances between the observations in the
kth cluster, divided by the total number of observations in the kth cluster. Figure 2
shows the total between cluster total within-cluster ratio variations for different k
clusters.

This study uses the data from 1994 to 2018 for climatic region classification. The
number of weather stations within a division is constant. However, the boundaries
are still based on the county boundary, since only one weather station is selected
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Fig. 3 Five climatic regions in Oklahoma

in each of the 77 counties in Oklahoma. As number of clusters increases, the total
within-cluster sum of square becomes smaller. Therefore, this study considered five
clusters which reasonably have the total within-cluster sum of square less than 10.
Figure 3 shows five climatic regions in Oklahoma.

5 Matric Suction in Subgrade Soil

The Oklahoma Mesonet weather stations are equipped with CSI 229-L heat dissipa-
tion sensors at depths of 5, 25 and 60 cm. The sensors are capable of measuring the
matric suctions indirectly through a heat transfer mechanism, which is characterized
by measuring the temperature difference. The temperature difference is translated
via an empirical calibration equation to estimate the matric potential of the ceramic
and soil. The matric potential calibration equation is given by the following equation
[16]:

MP = −0.717e1.788�Tref (6)

where MP is soil matric suction (kPa), and �Tref is a reference temperature
differential (°C).

Equation 1 was used to determinematric suction at various depths for temperature
references obtained fromMesonet stations. Figure 4 shows the monthly mean matric
suctions for ARD2 station in Love County, Oklahoma, during 2017.
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Fig. 4 Monthly mean matric suction at 5, 25 and 60 cm depths in ARD2 station in Carter county,
Oklahoma during 2017

6 A Mechanistic Model to Determine Equilibrium Suction

A mechanistic model was developed to determine equilibrium suction by using the
diffusion equation proposed by Mitchell [31] and the diffusion coefficient estimate
proposed by Javid and Bulut [32]. According to Mitchell, suction change due to the
effect of climate, drainage and site cover is a periodic function of time and can be
determined by solving the diffusion equation for these boundary conditions. The
suction at any depth y and at time t can be written as

u(y, t) = Ue +Uoe
−√

nπ
α
ycos

(
2πnt −

√
nπ

α
y

)
(7)

where Ue is the equilibrium suction below the moisture active zone depth [pF (or
log kPa)], Uo is the amplitude of suction variation, and n is the number of suction
cycles per second (1 year= 365× 24× 60× 60 s). The equation is a function of the
diffusion coefficient, α, and as depth increases, the suction decreases exponentially.
In otherwords, the diffusion coefficient controls the rate ofmoisture content (suction)
change.

The diffusion coefficient (α) directly controls the depth of themoisture active zone
(i.e., the depth of significant seasonal moisture fluctuations) in unsaturated soils [33].
Therefore, it is a major factor that needs to be determined. In this study, the diffusion
coefficient is calculated numerically by recursively computing and fitting values from
Eq. 7 with respect to measured surface suction obtained from a Mesonet station.

The equilibrium suction at any Mesonet station can be obtained by examining
the suction profile. The equilibrium suction for specific sites was determined by
recording the suction at a depth of convergence for which an absolute difference
between wet and dry envelope became less than 0.1 (pF). The equilibrium suction
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Fig. 5 Matric suction
distribution profile for
measured suction at 5 cm
depth on 07/14/2018 at
ARD2 station, Carter county,
Oklahoma
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for a specific site was determined by recording the suction at a depth of convergence
of the suction profiles. Figure 5 illustrates the suction profile at ARD2 station with
respect to surface suction measurement at 5 cm on 07/14/2018.

7 A Statistical-Based Prediction Model for Equilibrium
Suction

A statistical model was also developed to estimate the equilibrium suction in the
subgrade soil from climatic parameters and soil properties. The following parameters
were considered in the analysis:

• Annual mean relative humidity,
• Annual mean temperature,
• Annual precipitation,
• Annual mean percent sunshine,
• Annual mean wind speed,
• Clay content,
• TMI.

The environmental data was obtained from the Oklahoma Mesonet stations. The
clay content was collected using the published results [34]. The equilibrium suction
dataset used in the correlations was obtained from the mechanical–empirical model,
as stated above. In the correlation process, each dataset was plotted and evaluated
for significant trends. For example, the matric suction decreased as annual mean
relative humidity increased. The clay content has a direct relation with suction, and
as clay content increased, the matric suction increased. The current study revealed
that relative humidity (RH), clay content (%) and TMI are statistically significant
parameters and have a correlation with the equilibrium suction (pF). In this study,
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a generalized linear regression model was fitted to the data. The linear equation
obtained through the statistical analysis is shown in the equation below.

Equilibrium Suction = 0.003 Clay − 0.066 RH − 0.043 TMI

+ 0.0006 TMI × RH + 6.98 (8)

The F-test of overall significance provides a formal hypothesis test for the rela-
tionship between the suction model and the response variable. The F-test of overall
significancewas used to determinewhether this relationship is statistically significant
for the current model. To determine how well a given statistical learning procedure
can be expected to perform on independent data, the validation set approach was
performed to find the estimate of the test MSE. The validation set was 20% of
randomly selected observations from the sample data. The standard MSE obtained
through a validation set estimate for the generalized linear model was 0.0312.

8 Summary and Conclusions

An improved prediction model, based on mechanistic principles, is presented for
predicting equilibrium suction in subgrade soils. Themodel in this analysis approach
can improve prediction of pavement performance by incorporating a more rational
estimate ofmoisture variations beneath the pavement in the subgrade soils. Themajor
contributions of this study are summarized as follows.

• A GSI-based TMI contour map of Oklahoma was developed using the precipita-
tion and temperature data collected from Oklahoma Mesonet.

• A mechanistic–empirical model was developed to determine equilibrium suction
based on Mitchell’s steady-state diffusion equation and the diffusion coefficient
estimate from measured soil moisture data.

• A general linear model was developed to predict suction from readily available
climatic parameters (i.e., relative humidity and TMI) and clay content.

• A GIS-based climatic region map was developed by using the cluster analysis
of TMI data. The equilibrium suction values are expected to have similar values
within each region.

It must also be noted that the equilibrium suction prediction model is based on
Mesonet weather data at specific sites in Oklahoma, subjected to specific weather
and drainage conditions. It is expected that alternation in drainage (i.e., ponding) or
the soil fabric (i.e., deeper cracks) would result in different predictions. Additional
field observations and studies are needed to expand the database to other climates,
drainage conditions and soil fabrics.
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Use of Steel Slags
in Earthworks—Hydraulic Properties
of Steel Slags and Granulometrically
Modified Steel Slags Under Saturated
and Unsaturated Conditions

Elissavet Barka and Emanuel Birle

Abstract About 6 million tons of steel slag are generated in Germany every year
during the production of steel. About 14% of them is landfilled due to some techni-
cally or environmentally relevant properties. Nevertheless, increasing costs for the
deposition on landfills make their use in earthworks for transportation infrastruc-
ture more and more attractive. The utilization of steel slags in earthworks seems
to be promising due to their advantageous mechanical properties but requires the
protection of soil and groundwater against possible exposure to leached substances.
Several construction methods in earthworks are described in a recommendation
(M TS E) of the German Road and Transportation Research Association, where
soils/materials with environmentally relevant substances can be used with additional
capping systems, andwithout additional liners if they are of low permeability, respec-
tively. Thus, experimental investigations were carried out to study how the perme-
ability of steel slags could be reduced by the addition of clay powders. In order to
analyze the seepage flow through earthworks built of such materials, their saturated
and unsaturated hydraulic properties have to be determined. These include the coef-
ficient of permeability kf , the unsaturated hydraulic conductivity function and the
soil–water retention curve, which have been determined carrying out various tests,
among others one-dimensional evaporation tests. Based on the experimental results,
numerical simulations with the finite element software Seep/W were performed to
study the percolation of an embankment section built in a lysimeter. The results
showed that the percolation of mixtures of steel slag and clay is low.
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1 Introduction

About 6 million tons of steel slag are generated in Germany every year during the
conversion of scrap metal or crude iron into steel and processed by crushing and
classification into aggregates or building material mixtures, which are mainly used
in road and landfill construction [1]. However, currently about 14% of these slags
has to be landfilled due to some technically or environmentally relevant properties
[1].

A recommendation (MTS E:Merkblatt für technische Sicherungsmaßnahmen im
Erdbau, English: recommendations for technical safety measures in earthworks) of
theGermanRoadandTransportationResearchAssociationpresents several construc-
tion methods in earthworks (e.g., for embankments or noise protection barriers) in
order to be able to supply mixtures consisting of building materials with environ-
mentally relevant substances for resource-efficient use in earthworks so that their
disposal in landfills can be avoided [2, 3]. The aim of the technical safety measures
is to minimize the amount of the seepage water through the corresponding building
material mixtures. For this purpose, the soils or building materials must be granulo-
metrically modified in such a way that they can be hardly percolated, or they must
be protected against seepage by additional capping systems. According to the valid
country-specific regulations, it would be possible to use a large amount of the steel
slags that are deposited so far as earthwork material in combination with technical
safety measures. Accordingly, there is a strong potential to increase the use rate of
steel slags and reduce the proportion that currently has to be landfilled. For a use
according to the M TS E construction method E (see Fig. 1), the coefficient of water
permeability of the steel slags should fulfill the requirement kf ≤ 1 × 10−8 m/s.

Thus, several steel slags have been investigated both individually, and in varying
mixture combinations with clay powders regarding their soil mechanical and
hydraulic properties, as well as their leachability. The tests show that steel slags
can achieve low permeability and leachability through the addition of fine-grained
aggregates so as can also be used without additional capping systems in accordance
with the M TS E recommendation [4–8].

Based on the research findings from [9] to achieve low coefficients of water
permeability, the fines content of mixed-grained soils should be between 22 and
31wt%, the content less than 2mmgrain size between 52 and 61wt% and the content

Mulde, Ableitung

1:1,5 Boden/Baustoff mit
umweltrelevanten Inhaltsstoffen

Dammbaustoff

Dränmatte / Sickerschicht1,0

k  1  10  m/s-8

> 4%  > 2,5%

construction materialsoil / building material (slightly 
contaminated)
k ≤ 1·10-8 m/s

drainage mat / seepage layer

trough, drainage

Fig. 1 Construction method E according to [3]—embankment made of low permeability soil or
building material with environmental relevant substances (variant 2), taken from [3]
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less than 0.002 mm grain size between 9 and 12 wt%. Depending on the grain-size
distribution curve of the coarse-grained raw materials, it can be necessary to add so-
called filling materials to fulfill the requirements on the fines and sand content. For
mixing technical reasons, silts and clays of low plasticity (e.g. sandy silts or clays) are
chosen for this purpose. In addition to the filler, usually highly swellable bentonites
(calcium bentonite, sodium-activated calcium bentonite) are added, as this leads to
an additional decrease of effective pore content and water permeability. Depending
on the type (soil mechanical and clay mineralogical properties) and the amount of
the fine-grained soil to be added it was investigated, which influence four different
fine-grained additives have on the compaction and on the hydraulic properties of the
mixtures.

Because earthwork constructions are built above the water table, the investigation
of the hydraulic properties under unsaturated conditions seems to be reasonable.
The aim of this study was the determination of the hydraulic properties of mixtures
consisting of steel slags with clays under saturated and unsaturated conditions, which
have been used as input parameters for numerical simulations for the prediction
of the water balance of earthwork constructions. The numerical simulations have
been performed for an initial saturation at first 40 days applying a defined daily
precipitation.After this, a precipitation regimewith single precipitations over a period
of 47 days was simulated. The precipitation has been determined as a mean value of
many weather stations after collection of data of the GermanMeteorological Service
(DWD).

2 Materials

Two steel slags in the form of a Linz–Donawitz slag (BOS 0/16mm) and a secondary
metallurgical slag (SECS 0/8 mm) were selected. A kaolin (K) was used as fine-
grained additive in accordance to the explanations given in Sect. 1. The grain-size
distributions of the basic materials and their mixtures with kaolin are shown in Fig. 2.

The mixing ratios are given in Table 1 as percentage composition of slag and
kaolin. The soil mechanical parameters (Proctor density ρPr, optimum water content
wPr according to DIN 18127 as well as coefficient of water permeability kf at the
corresponding Proctor optimum according to DIN 18130–1) are also listed in Table
1.

The permeability tests showed that a clay addition of 13–20 wt% resulted in
coefficients of water permeability of the granulometrically modified steel slags—
compacted with standard Proctor energy—to kf < 1× 10−8 m/s. For several modified
steel slags, a further reduction of the permeability to kf < 1 × 10−9 m/s could be
achieved by an increase of compaction energy (modified Proctor energy). The use of
sodium-activated calcium bentonite as an additive, despite its high swelling capacity,
did not lead to a significant decrease in the water permeability compared to kaolin or
calcium bentonite. This could be attributed to a decrease of the swelling capacity due
to the electrolyte concentration of the pore solution of the steel slags. With regard to
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Table 1 Soil mechanical properties of the investigated mixtures of steel slags and kaolin

Name Proctor energy ρPr (g/cm3) wPr (%) kf (m/s)

BOS Standard 2.25 10.8 6.7 × 10−7

BOS92K8 Standard 2.30 12.0 1.9 × 10−8

BOS80K20 Standard 2.14 13.4 3.7 × 10−9

SECS Standard 2.82 11.1 2.8 × 10−6

SECS87K13 Modified 2.05 11.4 2.6 × 10−9

SECS80K20 Modified 1.97 12.6 1.3 × 10−9

environmental and mechanical parameters, the majority of the mixture combinations
could be classified as suitable for the M TS E construction methods E [4].

3 Unsaturated Hydraulic Properties

3.1 Methods

Evaporation test. In the evaporation test, the weight of a soil sample and pressure
heads at two height levels are recorded at specified time intervals. The evaluation
of the measurements relies on linearization assumptions with respect to time, space
and the water content–pressure head relationship according to [10–15]. With this
method, a simultaneous determination of the soil water retention curve (SWRC) and
the unsaturated hydraulic conductivity is possible. A soil sample is compacted in a
Proctor cylinder (height H = 12.5 cm, diameter 15 cm). The compaction plate is
removed, and the sample is placed into a water bath in order to become saturated.
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After saturation, some water is released by free drainage, which is unavoidable.
The sample is placed again on the compaction plate and sealed at the bottom. The
upper surface remains open to evaporation. Two tensiometers are installed into the
soil column at depths of 0.25H and 0.75H from the surface, respectively [4]. The
experimental setup is then placed on a balance, and the evaporation process begins.
The experiment is terminated as soon as the upper tensiometer reaches the boiling
point of water (100 kPa). The readings of the upper and lower tensiometer are used
for the evaluation.

For the determination of the SWRC, the mean volumetric water content θ i for
each time step ti is derived from the column weight readings taking into account the
linearization assumptions. The mean matric suction ψ i is also calculated for each
time interval as arithmetic mean of the two measured values at the depths of 0.25H
and 0.75H.

For the determination of the unsaturated hydraulic conductivity function k(ψ),
the water flux Q is calculated from the water volume difference �V (evaporated soil
water for the 0.5H) per surface area A and the time interval �t = ti − ti−1 between
two readings. The mean hydraulic gradient im in the time interval is given by Eq. 1,
where �z is the vertical distance of the tensiometers.

im = 1

2

[
hti−1,0.25H − hti−1,0.75H

�z
+ hti,0.25H − hti,0.75H

�z

]
(1)

The hydraulic conductivity k(ψ) is determined using Darcy–Buckingham law
(Eq. 2).

k(ψ) = �V

A�tim
(2)

The hydraulic conductivity is assigned to the mean matric suction ψm , which is
calculated as an arithmetic average over the two tensiometers and the considered
time interval (Eq. 3).

ψm = 1

4

[
ψti−1,0.25H + ψti−1,0.75H + ψti,0.25H + ψti,0.75H

]
(3)

Chilled-mirror dew point technique. Measurements of the total suction in the
range of approx. 500 kPa to 60 MPa are derived by the chilled-mirror hygrometer
WP4C Dewpoint PotentiaMeter supplied by METER Group [16] according to the
dew point method [17]. For this purpose, the samples were inserted into the test
cells under specified compaction conditions and then saturated. After saturation, the
samples were stored closed for at least two weeks for homogenization and after-
ward exposed to evaporation at the top of the sample step by step. As soon as the
desired water content was reached, the samples were sealed and stored for 24 h for
homogenization.
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3.2 Results

The soil water retention curves (drying paths) of the investigated basic materials and
themixtures of themwithkaolin compacted at the correspondingProctor optimumare
shown in Fig. 3. The results are derived at lower suctions up to approx. 100 kPa from
the evaporation tests and at higher suction ranges from the WP4C device. Figure 3
presents graphically in logarithmic scale the unsaturated hydraulic conductivity
functions k(ψ) for the above-mentioned samples determined from the evaporation
tests.

The unsaturated hydraulic conductivity function of the raw steel slags and the
mixtures, except from BOS80K20, shows between approx. 10 and 30 kPa an abrupt
change of its development. While the unsaturated hydraulic conductivity should
decrease as the suction increases, in those cases a sudden increase occurs for a narrow
range of suction. This is probably due to the linearization assumptions regarding the
water content and the matric suction over time and space that have been made for
the evaluation underestimating these two values with increasing depth and time.

4 Numerical Simulations

4.1 Calculation Method

The water balance simulations were carried out with the finite element software
SEEP/W supplied by GeoSlope International Ltd [18]. For the water transport, the
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program uses the Richards equation [19]. The water transport in the vapor phase is
strongly temperature-dependent, and the equation for the differential heat transfer
should also be considered. To solve the equation systems, the relationship between
the vapor pressure, the water pressure and the temperature has to be described. This is
achieved in SEEP/W via the Kelvin equation modified by [20]. The computations of
the evaporation are performed in the program with the relationship of [21] modified
by [22].

4.2 Modeling

Model geometry and boundary conditions. The model geometry represents the
actual geometry of the lysimeter that will be used for further experimental investiga-
tions of the seepage flow. The lysimeter geometry as well as the boundary conditions
and the sections for the seepage water evaluation are shown in Fig. 4.

In the experiments planned, similar to the lysimeter tests done by [23, 24] at the
base of the lysimeter, a suction of 8.2 kPa will be applied by suction plates for the
collection of the seepage water. To represent the negative pore water pressure of
8.2 kPa applied by the suction plates at the lysimeter base, in the numerical model,
a head boundary condition was applied at the bottom of the model. The boundaries
at the right and left side are impermeable.

As an initial state of the materials, the initial pore water pressure of the mate-
rials was defined according to their initial water content after compaction (using

Fig. 4 Model geometry of lysimeter with boundary conditions and marked sections of seepage
water evaluation
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the SWRC). The simulation period was chosen according to the planned lysimeter
tests. For an initial saturation at first 40 days, a daily precipitation was defined. After
this, a precipitation regime with single precipitations over a period of 47 days was
simulated (Fig. 5). The precipitation, which was applied in the simulations, has been
determined as a mean value of many weather stations after collection of data of the
German Meteorological Service (DWD). The amount of the precipitation has been
reduced in some cases up to 40% because of the absence of topsoil in the model,
in order to achieve real conditions. Taking into account the amount of precipitation,
the rain regime was so chosen that the rainy days meet the 31% of the total period
examined.

Material properties. The unsaturated hydraulic properties derived from the evap-
oration tests and the WP4C as mentioned in Sect. 2 have been used as input data
for the simulations. By fitting of the data using a trend line, some physically wrong
data (e. g. the increase of water permeability with increasing matric suction, which
was described in Sect. 2.3) were corrected. Hence, the SWRCs and the unsaturated
hydraulic conductivity functions, that have been used in the numerical simulations
for the four mixtures, are shown in Fig. 6.

4.3 Results and Discussion

The cumulative water balance (precipitation, evaporation, seepage water and surface
runoff) of the lysimeters with the four mixtures is illustrated in Fig. 7.

The results of the simulations show that the seepage water for the mixtures
BOS92K8 and BOS80K20 is about 5 and 1% with regard to the total precipitation,
and the runoff is approx. 93 and 94%, respectively. For the mixtures SECS87K13 and
SECS80K20 the seepage water tends to be zero, and the runoff is about 95 and 96%
of the total precipitation. This is due to the low coefficients of water permeability
and the unsaturated hydraulic conductivities of the two mixtures with SECS and
kaolin determined under compaction with modified Proctor energy. With regard to
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Fig. 6 SWRC and unsaturated hydraulic conductivity function of the investigated mixtures used
in the simulations

the results of the numerical simulations, the investigated mixtures could be classified
as suitable for theMTSE constructionmethod E, since the seepagewater determined
is negligible.

5 Summary and Conclusions

On basis of experimental investigations, it was shown that steel slags can bemodified
by the addition of fine-grained additives in such away that they can be used according
to the M TS E recommendations without an additional sealing layer (construction
method E). The requirement on the coefficient of permeability of kf ≤ 1 × 10−8 m/s
according to M TS E could be met for the steel slags with an addition of 13–20 wt%
fine-grained material.

Since earthwork constructions are built above the water table, the investigation of
the hydraulic properties under unsaturated conditions is necessary. For this purpose,
the unsaturated hydraulic properties of steel slags and mixtures of them with clays
have been determined bymeans of evaporation tests and a chilled-mirror hygrometer.
Theunsaturated hydraulic conductivity function formost of the investigatedmaterials
shows between approx. 10 and 30 kPa an abrupt change of its development.While the
unsaturated hydraulic conductivity should decrease as the suction increases, and in
those cases, a sudden increase occurs for a narrow range of suction. This is probably
due to the linearization assumptions regarding the water content and the matric
suction over time and space, which were applied for the evaluation of the evaporation
tests.
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Fig. 7 Water balance of the lysimeters

The determined unsaturated hydraulic characteristics of the mixtures were used
as input parameters for numerical simulations for the prediction of the water balance
of a lysimeter. In order to avoid unrealistic values and complications at the calcu-
lations, the unsaturated hydraulic characteristics have been corrected using a fitting
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line. The simulation period covers 40 days of a saturation and 47 days of a precip-
itation program according to real meteorological data. The results of the numerical
simulations show that the seepage water of the investigated materials is about 0–5%.
The materials with very low coefficient of water permeability and in further unsat-
urated hydraulic conductivity tend to have a low leachate under real precipitation
conditions. With regard to the saturated and unsaturated hydraulic properties, the
investigated mixtures could be classified as suitable for the M TS E construction
method E.
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Long-Term Performance of Ballastless
High-Speed Railway Track Under
the Conditions of Ground Water Level
Variations

Hongming Liu, Xuecheng Bian, Lili Yan, and Yunmin Chen

Abstract High-speed railwayswill be exposed to highwater level causedby extreme
water conditions, such as floods and heavy rainfall, which may influence the soil
structure of roadbed, leading to excess accumulative deformationunder dynamic train
loads. The development of uneven deformation of railway track will then exacerbate
the wheel–track interaction, which in turn accelerates the degradation of high-speed
railway roadbed and jeopardizes the safety of train running. To verify the long-term
performance of high-speed railway road under various water level conditions, a full-
scale physical model of a ballastless railway and a sequential loading system were
developed which can simulate train moving load at speeds up to 360 km/h. Water
level in the physical model can be raised and lowered with a water level control
system. Train moving loading tests were carried out at three typical water levels:
at the subsoil bottom, at the subsoil surface and at the subgrade surface. In each
water level condition, three different train velocities: 108, 216 and 360 km/h were
simulated for a certain number of cyclic loads. Some results of dynamic pore water
pressure are presented in this paper.

Keywords Railway settlement · Ground water · Traffic load

1 Introduction

Ballastless track bed is now the main form that is used in the newly built high-speed
railway lines in China. Compared to traditional ballasted railway track, ballastless
railway track (slab track) has higher durability, lower constructing cost and better
integrality. However, it is more vulnerable to the deformation of embankment below
track slab, which requiresmore strict construction andmaintenance standards. Under
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extreme weather conditions, such as floods and heavy rainfall, water in the roadbed
cannot be drained in a short time, and as a result, decreasing the strength and stiffness
of soils in the roadbed and accelerating embankment settlement. Moreover, contin-
uous moving train loads may lead to high excess pore water pressure, causing mud
pumping from the joint of track slabs. Consequently, uneven deformation of railway
track may develop continuously or even cause cracks in track slab. In China, for
example, settlement up to 64.2 cm occurred in the newly built Shi-Tai high-speed
railway after several days of heavy rain. Also, in Germany, uneven settlement in
Hanover–Berlin high-speed railway line caused the increase of vibration velocity
on track slab up to 4 times, making the concrete structure crack [1]. Yang et al. [2]
conducted a two-dimensional dynamic finite-element analysis on railway track and
pointed out that stress was more likely to approach the failure criterion of soil under
higher train speed, increasing the likelihood of failure. Duong et al. [3] conducted
a series of physical model tests on a ballast layer overlying a subsoil layer under
different conditions, including water content, loading and subsoil dry unit mass, and
proposed that the mud pumping was related to the migration of fine particles, and
the water content of the subsoil was the most important factor for the migration.

To date, the investigations on the deformation of high-speed railway are mainly in
the range of soil unit cell tests, making the complexity of environment condition, soil
layers distribution and moving train loads elusive, which cannot gain comprehensive
understanding of real deforming patterns of high-speed railway embankment. A full-
scale physical model of a ballastless railway was constructed that can simulate train
moving load at speed up to 360 km/h in different water level conditions. This paper
firstly introduces the full-scale high-speed railway model and then introduces the
testing progress. Some results of dynamic pore water pressure are presented in this
paper. Testing results of permanent deformation and other related results will be
presented in a future publication.

2 Full-Scale Model and Testing Progress

In accordance with the Chinese high-speed railway design code, a portion of a full-
scale ballastless high-speed railway slab track was built in a steel box with 5mwidth,
15 m length and 4 m height. The model consisted of two parts: track structure and
embankment. For the track structure, 16 separated CHN60-type rails were fastened
on 16 WJ-7-type fasteners, below which is a CRTS I-type track slab with a size of
4.96 × 2.4 × 0.19 m, a cement asphalt mortar layer and a concrete base with a size
of 5 × 3 × 0.3 m. The embankment is composed of a layer of 0.4-m-thick gravel
to support the concrete base, a layer of 2.3-m-thick granular soil as the subgrade
and a layer of 2.5-m silty soil as the subsoil. Figure 1 shows the schematic view of
this model. And the grain-size distributions of these three geomaterials are plotted
in Fig. 2. Table 1 shows the physical parameters of subgrade and subsoil materials.
The compaction coefficients and the stiffness parameters measured after compaction
of the embankment are listed in Table 2.
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Fig. 1 Overview of physical model of ballastless slab track railway: a cross section and b vertical
section

Fig. 2 Grading curves of
fillings

Table 1 Physical properties of geomaterials used in the subgrade and the subsoil

Material Specific
gravity

Maximum
dry density
(g/cm3)

Minimum
dry density
(g/cm3)

Liquid limit
(%)

Plastic limit
(%)

Plastic
index

Granular
soil

2.66 2.11 1.62 – – –

Silty soil 2.67 1.62 – 35 24 11

The loading system was composed of a reaction frame, eight servo-hydraulic
actuators and eight spreader beams. Loads were transmitted from the eight actuators
through rail segments to the track slab. Simulated train loading was achieved by
applying pre-programmed loads obtained from the train-slab track-subgrade coupled
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Table 2 Compaction of the roadbed fillings

Fillings Compactness quality

k30(MPa/m) Ev2(MPa) Ev2/ Ev1 K

Gradation gravel 273–308
(≥190)

269–361
(≥120)

1.78–2.25 (≤2.3) 0.97–0.98
(≥0.97)

Granular soil 362–402
(≥130)

274–301
(≥80)

1.50–1.91 (≤2.5) 0.95–0.97
(≥0.95)

analysis model proposed by Bian et al. [4]. With this loading system, the model can
simulate the moving progress with an axle load of 170 kN and the train speed up
to 360 km/h, which is comparable to a typical high-speed train running along rails.
Figure 3 shows the layout of sensors in cross-sectional vision of model. During the
tests, track slab displacement, earth pressure, settlement and pore water pressure in
each layer of embankment were measured.

Water level control system consists of a free-lift water tank, main water supply
tube and underlaid pipe network with leaking holes. The pipe network is buried in
a layer of 20-cm-thick granular and coarse silt to guarantee the homogeneous of
water level in the soil. Dynamitic pore water pressure sensors buried in subgrade and
subsoil can monitor transient and long-term variations of pore water pressure. The
result of water level change with water table lifting is shown in Fig. 4.

To explore the long-term deforming patterns of high-speed railway roadbed under
different water level conditions, train moving loading tests were conducted on the
full-scale railway systemwith water table at the subsoil bottom, at the subsoil surface
and at the subgrade surface, respectively. Table 3 summarized the nine cyclic tests in
this study. In eachwater level condition, three different train velocitieswere simulated
in a certain number of cyclic loads (each cyclic load equals to a train axle passing
by) to comprehensively consider the working condition on the field. At the end of
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Earth pressure cell

Track slab
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Fig. 3 Layout of sensors
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Fig. 4 Measured pore water
pressure during water level
rises

0 50 100 150 200

0

10

20

30

40

50

60

H
ei

gh
t f

ro
m

 th
e 

su
bs

oi
l b

ot
to

m
 (m

)

Po
re

 w
at

er
 p

re
ss

ur
e 

(k
Pa

)

Time (h)

 Water level in the tank
 Positon A (1.0 m from the subsoil bottom)
 Positon B (4.0 m from the subsoil bottom)

0

1

2

3

4

5

6

Table 3 Number of axle load under different conditions

Water table Number of axle load, N

108 km/h 216 km/h 360 km/h Total

At subsoil bottom 140,000 140,000 140,000 420,000

At subsoil surface 630,000 140,000 867,000 1,637,000

At subgrade surface 780,000 520,000 680,000 1,980,000

each group of tests, train loads were removed for 12 h for the embankment to settle
down, after which cyclic loading of a higher train speed was continued.

3 Testing Results

The development of excess porewater pressure is an important indicator of soil settle-
ment. When water level is at the subsoil surface, the measured dynamic pore water
pressure is very small. To study the transient response of dynamic pore water pres-
sure, random five loading cycles of the dynamic pore water pressure (the responding
shapes are alike during the whole cyclic loading) measured in subsoil (0.5 m below
the subsoil surface) under the condition of water level at the subgrade surface were
shown in Fig. 5. The dynamic pore water pressure goes up and down periodicity
corresponding with train moving loads. The amplitude of dynamic pore water pres-
sure induced by train moving loads is 0.1 kPa at train speed of 108 km/h, which
only increases to 0.136 kPa at train speed of 360 km/h. This is attributed to little
increase of dynamic soil stress in subsoil with the increase of train speed. Figure 6
shows the dynamic pore water pressure at different no. of train load cycles (N =
1000, 25,000, 50,000) at train speed of 108 km/h. There is obvious development
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(a)                                                                 (b) 

(c) 

Fig. 5 Dynamic pore water pressure measured in subsoil at different train speeds: a 108 km/h,
b 216 km/h and c 360 km/h

Fig. 6 Dynamic pore water
pressure at different no. of
cycle
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of residual excess pore water pressure with train loading cycles. And the value of
residual excess pore water pressure after 50,000 cycles of train loads is much greater
than the amplitude of dynamic pore water pressure. The application of successive
loads on the track’s superstructure increases the compaction of the underlying soils.
In this way, it reduces the void ratio and then pore water pressures increase, even
at rest, as shown in Fig. 6. Testing results of permanent deformation and further
research will be discussed in a future publication.

4 Remarks

Through a full-scale physical model of a ballastless railway, train moving loading
testswere conductedwith differentwater levels to explore the long-term performance
of ballastless high-speed railway track under the conditions of ground water level
variations. Some results of dynamic pore water pressure are presented and discussed.
The dynamic pore water pressure goes up and down periodicity corresponding with
train moving loads. There is an obvious development of residual excess pore water
pressure with train load cycles, which is due to the compaction of the underlying
soils due to the application of successive loads on the track’s superstructure. Testing
results of permanent deformation and further research will be discussed in a future
publication.
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Mechanism of Pore Pressure Increase
of Saturated Granular Materials
Subjected to Repeated Loads

Chuang Zhao , Xuecheng Bian, Yunmin Chen, and Lili Yan

Abstract A series of undrained torsional shear tests were conducted to investigate
the variation of excess pore water pressure of saturated sand during undrained cyclic
loadings. The test results indicate that there is a threshold of cyclic stress ratio for
specimen to reach liquefaction. Above the threshold, the excess pore water pressure
gradually increases during undrained cyclic loading and is eventually equal to the
initial effective confining stress. The double amplitude of shear strain also increases
gradually, showing a weakening development of the shear strength of the specimen.
Beneath the threshold, the excess pore water pressure stops increasing eventually
regardless of how many cycles are applied. Moreover, the excess pore water pres-
sure rises sharply just after the reverse of the loading direction, which suggests that
an evident tendency of negative dilatancy is accordingly induced. The excess pore
water pressure cannot always increase with the shear stress, and it decreases when
approaching the phase transformation line. Based on introducing a variable that is
defined as the increment of the excess pore water pressure during a unit variation
of the shear strain, the tendency of volume change of the specimen can be well
represented.

Keywords Undrained tests · Repeated loading · Saturated sand · Excess pore
water pressure · Shear deformation

1 Introduction

Pore water pressure gradually increases in practice when the soil materials with
high water content are subjected to repeated loadings, such as an earthquake, traffic
loadings, and vibrations. Settlements are induced when the generated excess pore
water pressure dissipates during and after the seismic events. For example, porewater
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pressure in the ballast or granular soils beneath the concrete board that are of high
water content increases gradually under repeated train loads. If the pore pressure
rises to a high value compared with the confining stress, the strength of soils would
decrease sharply. More seriously, the induced settlement may threaten the safety of
passengers and trains when train is running at a quite high speed.

However, most of research mainly focuses on the global increment of pore water
pressure with the cycle number during undrained cyclic loadings, little attention has
been paid on its substantial mechanism, in particular, the variation of pore water
pressure in one cycle. The build-up of pore water pressure in liquefaction tests has
been extensively investigated in past decades and is still a representative topic in
dynamic soil mechanics [1–3]. Ishibashi et al. proposed a pore pressure prediction
model that is seen as one of the most standout models and is mainly used to calculate
the residual pore pressure at the end of each cycle [4]. Moreover, an energy-based
prediction method is also rapidly developed [5, 6]. In addition, the Biot theory of
elastic wave propagation is employed to model the behavior of saturated soils under
the repeated loadings [7]. For instance, Bian et al. used the Biot’s theory to inves-
tigate the generation of pore pressure in a poro-elastic soil under different speeds
of train, permeabilities and stiffnesses of soils. However, only numerical and theo-
retical results were compared without showing the experimental results [8]. In the
discrete element method (DEM) simulation, the pore water is usually not repro-
duced in the model. The calculation of pore water pressure is based on the variation
of effective stress acting on the sand particles under the undrained loading condi-
tion, which is realized by maintaining a constant volume of the specimen [9]. Even
though this consideration has been proved effectively to show the dynamic properties
of saturated soils, the pore pressure is only an equivalent substitution, which may
not be the case under complicated stress conditions. In short, different methods have
different assumptions, which result in various advantages and disadvantages. There-
fore, a better understanding of pore water pressure increase during repeated loading
contributes to proposing a more realistic and suitable model to further investigate the
dynamic behavior of saturated soils.

The aim of this study is to interpret the mechanism of pore water pressure increase
of saturated sand during undrained cyclic loadings. Based on a series of typical
torsional shear tests, the variation of pore water pressure and the variation tendency
of specimen volume are discussed in detail.

2 Test Apparatus, Materials, and Procedure

The torsional shear apparatus originally developed at the Institute of Industrial
Science (IIS), The University of Tokyo, is schematically shown in Fig. 1, in which
the torque and axial force can be monitored using a load cell without coupling
effects [10–12]. The axial and shear strains are accordingly measured by an external
displacement transducer and a potentiometer, respectively. The volume change of
the specimen is measured during consolidation using a digital balance that is placed
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Fig. 1 Schematic diaphragm and photo of the torsional shear apparatus

in a pressure chamber. The initial pore pressure of the specimen can be accordingly
adjusted by the back pressure as indicated in Fig. 1. In addition, the effective stress of
specimen is measured by a high-capacity differential pressure transducer (HCDPT)
with a capacity of approximately 500 kPa.

Silica sand No. 5 (Gs = 2.633, emax = 1.047, emin = 0.688, D50 = 0.50) was
used in this study to prepare the hollow cylindrical specimens with an inner diameter
of 120mm, an outer diameter of 200mm, and a height of 300mmusing air pluviation
method. The specimenwas completely saturated using the double vacuumingmethod
to achieve a B value higher than 0.96. Afterward, the specimen was isotropically
consolidated at an effective stress of 100 kPa. A prescribed amplitude of shear stress
was then applied to the specimenwith a vertically prohibited top cap under undrained
condition. To directly capture the local deformation of the specimen, a transparent
membranewas employed. In addition, a camera was placed in front of the transparent
chamber for taking photos during test [11, 12].

3 Results and Discussion

3.1 Typical Results

Typical test results on the loose (Dr = 32%), medium dense (Dr = 53%), and dense
(Dr = 85%) specimens are shown in Figs. 2, 3, and 4, respectively [11]. The failure
line (FL) and phase transformation line (PTL) are also indicated. All the specimens
were isotropically consolidated to 100 kPa and sheared at a cyclic stress ratio (CSR)
of 0.23. The loose andmediumdense specimens reached liquefaction state eventually
after being subjected to 1.1 and 4.8 cycles, respectively. However, the dense one did
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Fig. 2 Typical test results on a loose sand specimen [11]
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Fig. 3 Typical test results on a medium dense sand specimen [11]

Fig. 4 Typical test results on a dense specimen

not reach liquefaction even 143 cycles had been applied. The test was temporarily
terminated and subsequently re-sheared at a CSR of 0.40 and finally reached the
liquefaction as shown in Fig. 4. Obviously, the number of cycles for reaching lique-
faction increases with the rising relative density of the specimen. During each test,
the double amplitude of shear strain increases with the decreasing of effective stress.
Moreover, based on the results shown in Fig. 4, there is a threshold of CSR of
the dense specimen for reaching liquefaction, under which the specimen cannot be
liquefied regardless of how many cycles are applied.
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3.2 Pore Pressure Increase During Cyclic Loading

Figure 5 shows the time histories of excess pore water pressure ratio (EPWPR)
contrasted with those of shear stress. As can be seen in the first several cycles, the
excess pore water pressure ratio has a sudden increment when the loading direction
is reversed. A decrease of the excess pore water pressure ratio before the reverse of
the loading direction is also observed at a higher excess pore water pressure ratio. It
indicates that the phase transformation line as shown in Figs. 2, 3, and 4 is accordingly
reached. From a mechanical point of view, it is usually assumed that the excess
pore water pressure increases because a tendency of negative dilatancy is induced
after applying loading. In fact, the specimen was completely saturated and sheared
under an undrained condition from a global viewpoint. Therefore, there should be no
volume change during the loading. It is still full of difficulty to understand the real
behavior of saturated sand in which the pore pressure increases when being applied
load.

Similarly, Fig. 6 provides the time histories of excess pore water pressure ratio and
shear stress of the dense specimen before and after increasing the CSR from 0.23 to
0.40. Moreover, these time histories curves are divided into three stages as indicated
in Fig. 6a. Combined with the results shown in Fig. 4, there is a rapid increase of the
excess pore water pressure at the first two cycles after applying the cyclic stress of
23 kPa. Hereafter, the excess pore water pressure ratio shows a stable increment with
the cyclic loadings. After more than ten cycles, the excess pore water pressure ratio
maintains at approximately 0.3 and has an evident fluctuation in the subsequent 100
cycles from a global point of view. In a detailed illustration as provided in Fig. 6c,
the excess pore water pressure ratio is stably kept. After subjected to 143 cycles,
the excess pore water pressure and double amplitude of the shear strain are both
stably maintained. As discussed earlier, the 23 kPa is lower than the threshold of
the shear stress to make the specimen liquefied with finite cycles. Subsequently, the
shear stress was increased from 23 to 40 kPa. The excess pore water pressure ratio
as shown in Fig. 6a, and Fig. 6d increases gradually. As indicated in Fig. 4a, since
the phase transformation line is reached at the first two cycles, the excess pore water
pressure increases and decreases periodically with the cyclic loadings. Moreover, the
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Fig. 5 Time histories of excess pore water pressure ratio and shear stress of the loose and medium
dense specimens



428 C. Zhao et al.

Fig. 6 Time histories of excess pore water pressure ratio and shear stress of the dense specimen at
different stages

amplitude of variation of the excess pore water pressure ratio in each cycle increases
at the first several cycles, which indicates a weakening behavior of the specimen.
And the amplitude eventually stays at a nearly constant value.
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Fig. 7 Relationship between
the deviator stress and shear
strain of the medium dense
specimen in test 2

-10 -5 0 5 10
-10

-5

0

5

10

D
ev

ia
to

r s
tre

ss
, q

 (k
Pa

)

Shear strain, γ (%)

Reverse Cyclic mobility

Losing contact

Test 2

3.3 Variation Tendency of Specimen Volume

Since the vertical displacement of the specimen was prohibited during the undrained
cyclic loadings, some researchers made efforts to use the variation of the deviator
stress to represent the tendency of the volume change of the saturated specimen.
Figure 7 provides the relationship between the deviator stress and shear strain of the
medium dense specimen in test 2. It can be seen that the deviator stress is periodically
recovered due to the cyclic mobility. More importantly, the deviator stress decreases
to zero rapidly after reversing the loading direction, which is coincident with the
variation of excess pore water pressure shown in Fig. 5b. It should be noted that
the deviator stress is not zero during the liquefaction. Because the axial force was
reset to zero during specimen preparation without considering the weight of the top
cap. The weight of the top cap is approximately 2.5 kPa that is nearly equal to the
absolute value of the deviator stress during the liquefaction. In addition, the deviator
stress increases as the shear stress increases before approaching the peak of the shear
stress.

Toqualitatively describe the tendencyof volume change of the saturated specimen,
the increment of excess pore water pressure during an unit variation of the shear
strain is defined. It suggests a similar physical meaning as the variation tendency of
specimen volume, which results in the variation of the excess pore water pressure. A
negative valuemeans that the excess porewater pressure is decreasing as the variation
of the shear strain. As shown in Fig. 8, it indicates the dilatancy when the�u/|�γ | is
lower than 0. A positive value of�u/|�γ | indicates a trend of the negative dilatancy
of the specimen.

It can also be seen in Fig. 8 that there is a slight decrease of the �u/|�γ | in the
negative direction (a to b) before approaching the peak of the shear stress, which
shows that a dilatancy trend of the specimen is induced. After reversing the loading
direction, the dilatancy trend is suddenly changed to the negative dilatancy (b to c).
Moreover, the increment of excess pore water pressure just after the reverse, the same
as the value of c, is significantly large. However, hereafter, the increment of excess
pore water pressure at an unit variation of the shear strain decreases as the shear
strain decreases (c to d).
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Fig. 8 Relationship between
the �u/|�γ | and shear
strain of the medium dense
specimen in test 2

It is known that membrane penetration is usually induced after applying effective
stress to the specimen. However, this membrane penetration gradually disappears
due to the increment of the excess pore water pressure under undrained cyclic load-
ings. The previous space between sand particles that is penetrated by membrane is
gradually occupied by the pore water. It can be deduced that pore water migration
occurs within the specimen. As announced by the authors, vertical slippage between
membrane and specimen is observed both in the triaxial and torsional shear tests
during the liquefaction of specimen because the vertical slippage is mainly affected
by the resultant force of gravity and buoyancy acting on the sand particles during the
liquefaction [11–13]. This is a strong evidence showing that the membrane penetra-
tion is completely vanished. From the view of an equilibrant of the global volume of
the specimen, the pore water migrates from the inner space of specimen to its outer
surface to weaken the membrane penetration. Such migration is certainly induced
by a hydraulic gradient within the specimen, where the pore water pressure in the
inner space is higher than that in the outer space. Under this circumstance, concurrent
with the pore water migration and local pore pressure dissipation, the global pore
water pressure within the specimen increases gradually during the undrained cyclic
loadings.

From another perspective, the migration of pore water within the specimen is
accompanied with the real negative or positive dilatancy of the specimen but from
a view of the envelope surface of the specimen. Such kind of consideration will be
studied in depth in future.

4 Conclusions

The results from a series of undrained cyclic torsional shear tests on saturated sand
can be summarized as follows:

(a) There is a threshold of the cyclic stress ratio for the specimen to reach liquefac-
tion, under which the excess pore water pressure stops increasing eventually
and maintains stably in the subsequent cyclic loadings.
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(b) Above the threshold ofCSR, the excess porewater pressure increases gradually,
which results in an increase in the double amplitude of shear strain. Specimen
gradually loses its shear strength and eventually reaches liquefaction.

(c) The excess pore water pressure does not always increase during the cyclic
loading, and it decreases when approaching the phase transformation line
because of the tendency of specimen dilatancy.

(d) After the reverse of loading direction, the excess pore water pressure increases
abruptly due to the tendency of negative dilatancy of the specimen. Such
tendency of volume change can be well described by the �u/|�γ | during
the undrained cyclic shearing.
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Experimental Study on Soil–Water
Retention Properties of Compacted
Expansive Clay

Debojit Sarker and Jay X. Wang

Abstract The soil–water characteristic curve (SWCC) defines the relationship
between water content and matric suction in soil, which contains fundamental infor-
mation needed for the hydromechanical behavior of expansive soil that generally lies
within the unsaturated soil mechanics framework. Moreland clay is highly expansive
soil abundant in northern Louisiana, part of Arkansas, and Oklahoma. Unsaturated
soil properties for shear strength, permeability, andvolumechange are needed to iden-
tify expansive soil-induced stresses on pavement or railroad track due to seasonal
variation of moisture content in the subgrade layers. Determination of the two critical
variables obtained from the SWCC, i.e., the air-entry value (AEV) and the residual
state suction, is essential for the prediction of unsaturated soil deformations. In this
research, an experimental testing programwas conducted on the expansiveMoreland
clay to investigate the soil–water retention properties by adopting the axis translation
technique to control suction in the range of 0–1500 kPa. A computer program was
developed to fit experimental data, and it was compared with predicted SWCC using
empirical relationships. TheAEVand the residual state suction, two critical variables,
were obtained from the SWCC formulation of Fredlund and Xing equation. Finally,
the shrinkage curve was determined to interrelate between elastic deformation and
SWCC of Moreland clay.
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1 Introduction

The soil–water characteristic curve (SWCC) is described as the relationship between
water content (gravimetric or volumetric) or degree of saturationwith suction (matric
or total) [1]. Among various forms of equations proposed by different researchers
[2–7], Leong and Rahardjo [8] pointed out that Fredlund and Xing’s [5] equation was
the best fitting. The equation with a correction factor C(Ψ ) is given by the following
expression:

θ(�) = C(�) ∗ θs
{
ln

[
e + (

�
a

)n]}m =
⎡

⎣1 −
ln

(
1 + �

Cr

)

ln
(
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)

⎤
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{
ln

[
e + (

�
a

)n]}m

(1)

where a, n, m are the fitting parameters, Cr is the parameter related to the residual
suction, and θ s is the saturated volumetric water content.

Expansive soil experiences a significant volume change due to seasonal variations
of moisture content, and it causes pavement and/or building distresses [9–12]. More-
land clay was identified as a highly expansive soil abundant in northern Louisiana,
part of Arkansas, and Oklahoma [13, 14]. Identification of the unsaturated soil prop-
erties of Moreland clay may lead to the improvement of the design guidelines and
specifications for pavement or railroad track on the expansive subgrade soils. The two
critical variables obtained from the SWCC, i.e., the air-entry value (AEV) and the
residual state suction, are essential for the determination of unsaturated soil proper-
ties for shear strength, permeability, and volume change [15–25]. The air-entry value
(AEV) is the matric suction where the air begins to enter the most significant pores
in the soil, while the residual water content is the water content where a large suction
change is required to expel extra water from the soil. Quantification of the rela-
tionship between water retention and internal stress state of expansive unsaturated
soils is critical, especially at low-to-intermediate saturation, where surface adsorp-
tion mechanisms dominate water retention and corresponding stress state [26–28].
The desaturation process, as demonstrated in Fig. 1, takes place over three different
stages, i.e., the boundary effect, the transition, and residual stages [1].

As the extension of the research on Moreland clay [13, 14], in this paper, the
authors are to disseminate their in-depth research for the engineering properties of the
expansive unsaturated soil through compacted specimens. The tests were conducted
by employing an oedometer-type pressure plate SWCC device to investigate the
water retention capacity of the soil. Similarly, the shrinkage curve was determined to
correlate volume changes with soil saturation and desaturation. The goal is to ensure
the proper execution of a geotechnical framework involving expansive unsaturated
soils during long-term interactions with the environment or during external loading,
implying that analyses of water flow and mechanical response are required alongside
consideration of the effect of unsaturated conditions on the stress state in the soil.
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Fig. 1 Different stages of desaturation as defined by the soil–water characteristic curve

2 Research Methodology

This study aims to investigate SWCCs and volumetric behavior of compacted expan-
siveMoreland clay.A conventional SWCCbest-fit curve is shown in Fig. 1,whereΨ B

represents the air-entry value, and Ψ C is denoted as the residual state suction. More-
land claywas experimentally investigated for its SWCCfollowingASTMD6836, and
it was compared with the empirically predicted SWCC using soil index parameters.

Moreland clay is full of mineral of montmorillonite, abundant mostly in the
northern part of Louisiana, part of Arkansas, and Oklahoma [29, 30]. The design
of pavement, foundations, and retaining structures sitting in or on Moreland
clay requires the ground heave prediction. Tu and Vanapalli [31] showed that
heave/shrinkage displacements of expansive unsaturated soils could be predicted
from the swelling pressure determined using SWCC as a tool. It is worthwhile to
note that the SWCC-based method will result in an accurate heave prediction model
compared to full-wetting assumption, which will improve foundation and pavement
design over expansive Moreland clay under extreme weather conditions.

2.1 A Brief Characterization of the Moreland Clay

The Moreland clay samples were retrieved from the open pit at a church construc-
tion site in Bossier City, Louisiana. Disturbed samples were obtained in accordance
with the ASTM D1452 standard practice for soil exploration and sampling by auger
borings [32]. All the specimens were plastic-wrapped and sealed, and the entire
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collection was transported and stored in the geotechnical laboratory at the Louisiana
TechUniversity as per theASTMD4220 standard practice for preserving soil samples
[33]. Later, samples were compacted in accordance with the ASTMD1557 standard
test methods for laboratory compaction characteristics of soil using the modified
effort [34].

The geotechnical index properties were determined according to the ASTM test
methods as follows: (i) gravimetric water content by the ASTM D2216 standard test
methods for laboratory determination of water (moisture) content of soil and rock by
mass [35]; (ii) specific gravity (Gs) by the ASTM D854 standard test methods [36];
(iii) liquid limit, plastic limit, and plasticity index by the ASTM D4318 standard
test methods [37]; (iv) grain size distribution by the ASTM D6913 standard test
methods using the sieve analysis [38]; and (v) soil classification using the unified soil
classification system (USCS) by theASTMD2487 standard practice for classification
of soils for engineering purposes [39].

2.2 Experimental Determination of Soil–Water
Characteristic Curve

The SWCC was determined according to the ASTM D6836 standard test methods
for determination of the soil–water characteristic curve for desorption using pressure
extractor [40] on a 63.5-mm-diameter and 25.4-mm-thick sample obtained from the
compacted sample. Predetermined values of matric suction were applied using the
SWC-150Fredlund SWCCdevice shown in Fig. 2(a),manufactured byGCTS testing
systems. Suits et al. [41] provided general recommendations for appropriate use of
the equipment and corrections to the SWCC data obtained using the axis translation
pressure plate-type devices. The authors concluded that the new oedometer device
could be used to obtain an accurate SWCC for a single specimen by applying suction
up to 1500 kPa.

According to the ASTM D6836, Method B (pressure chamber with volumetric
measurement) was applied for the experimentation. As per Method B, the pore water
pressurewasmaintained at atmospheric pressure, and the pore gas pressurewas raised
to apply the suction via the axis translation principle. Specimen preparation from a
disturbed sample was done by compacting the Moreland clay to the specified water
content and density using ASTM D1557. A retaining ring was placed on the surface
of the soil after placing the compacted specimen on the bench, and trimming was
done until the soil filled in the retaining ring. After that, the gravimetric water content
of the specimen was measured using ASTMD2216. AsMoreland clay is sufficiently
cohesive in nature, the specimen was saturated by inundation in a saturation tray on
top of a porous material, as shown in Fig. 2b, and continued for 48 h. As appeared
in Fig. 2c, the saturated Moreland clay specimen was placed in contact with a water-
saturated porous plate. The application of the matric suction caused water to flow
from the specimen until the equilibrium water content corresponding to the applied
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Fig. 2 Experimental setup and sample at different testing stages: a the SWC-150 Fredlund SWCC
device; b a sample kept for saturation; c the sample ready for test; d the sample after test; e the
sample taken out of retaining ring

suction was reached. Equilibrium was established by monitoring when water flow
came to an end from the specimen.

The water content corresponding suction was determined in two steps. First, the
volume of water expelled was measured using a capillary tube. Then, the water
content was determined based on the known initial water content of the specimen
and the volume of water expelled. After conducting the test, the shrinkage of the
Moreland clay specimen can be observed in Fig. 2d. Finally, the specimen was taken
out from the retaining ring, as shown in Fig. 2e, and kept in the oven for drying for
24 h.

3 Results and Discussion

Table 1 summarizes the geotechnical index properties of the Moreland clay. The
saturated water content and the dry unit weight of the compacted sample were found
to be 34% and 1.41 g/cm3, respectively. The clay-size fraction (material finer than
0.002 mm) was around 63%. The fine-grained nature of the Moreland clay suggests
a high water retention capacity. Overall, the soil was classified as CH (clay with high
plasticity) according to the Unified Soil Classification System (USCS).

Figure 3 shows SWCC with gravimetric water content, and Fig. 4 presents the
SWCC in the form of void ratio. The sample was put in a water tub for 48 h, and the
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Table 1 A summary of the
properties of the expansive
Moreland clay

Soil properties Value Soil properties Value

USCS symbol* CH Saturated moisture
content (%)

34

0.075 mm passing
(%)

99 Optimum moisture
content (%)

27

0.002 mm passing
(%)*

63 Maximum dry
density, kN/m3

14.52

Specific gravity, Gs 2.75 Plastic limit, PL (%) 28

Liquid limit, LL (%) 79 Plasticity index, Ip
(%)

51

*Data from Khan [42]

Fig. 3 SWCC for
desorption with gravimetric
water content

Fig. 4 SWCC for
desorption with void ratio
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water content was measured at 34% for the compacted sample. A MATLAB-based
computer programwas developed to fit themeasured data using Eq. (1) by a nonlinear
least-squares method. The measured gravimetric data fitted well to unimodal distri-
butions with the air-entry value of 50 kPa [47]. Fitting parameters, i.e., a,m, and n for
themeasuredSWCC in the formof gravimetricwater content,were found to be 169.6,
1.795, and 0.673, respectively. The void ratio was calculated from the dry density
at different suctions, and as presented in Fig. 4, the data closely followed unimodal
distributions showing an air-entry value of 12 kPa for the compacted sample.

The void ratio vs. suction from theSWCCofMoreland claywas comparedwith the
plot for another expansive soil called Regina clay. Air-entry value from the SWCC in
the form of void ratio of Regina clay was found to be 100 kPa for compacted samples
[43]. Measured void ratio of Moreland clay exhibited a sharp decrease in void ratio
up to the residual condition and became asymptotic to the abscissa after the residual
suction and never reached to 106 kPa on the complete drying stage, which showed
a similar pattern as Regina clay for a higher suction range. Figures 3 and 4 clearly
show that the more significant part of the shrinkage happens in the full saturation
state before the soil starts to desaturate.

Figure 5 presents the SWCC in the form of degree of saturation as a function of
soil suction. Similar to Fig. 3, laboratory-measured data depicted a unimodal function
with an air-entry value of 50 kPa. Desaturation occurred at an increased rate up to
residual suction of 7000 kPa, and the curve finally joined the abscissa at 106 kPa. The
SWCC given in the form of water content versus matric suction is the most precise
representation for expansive soils. Fityus andBuzzi [44] postulated that the expansive
soil aggregates remain saturated over a more extensive range of suction commonly
pervasive in the field. As a result, the gravimetric water content for each suction value
catches water drainage through pores and is independent of volume changes because
of water adsorption by clay particles. Similarly, the SWCC represented in the form
of degree of saturation versus soil suction is the most reasonable for understanding
volume decrease in pores because of a suction application. Laboratory-measured data

Fig. 5 SWCC with the
degree of saturation
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were fitted using Eq. (1) and plotted as “fitted” SWCC in Fig. 5. Fitting parameters,
i.e., a, m, and n for the measured SWCC in the form of degree of saturation, were
found to be 227.1, 1.243, and 1.017, respectively.

SWCC of plastic soils can be predicted using relationships based on the correla-
tions with the commonly obtained soil index parameters such as Atterberg limits and
grain size distribution data [45]. Zapata [46] proposed equations to predict the fitting
parameters for the Fredlund and Xing [5] equation for plastic soils. The measured
SWCC was compared with the predicted SWCC by acquiring the fitting parameters
using equations provided by Zapata et al. [47]. Fitting parameters, i.e., a, m, and n
for the “predicted” SWCC in the form of degree of saturation, was found to be 13.02,
0.54, and 1.56, respectively. There is a significant difference between the measured
and predicted SWCC curves of Moreland clay because the family of SWCC curves
presented by Zapata [46] for plastic soil was dependent on two parameters only (i.e.,
percent passing the #200 US standard sieve and Plasticity index).

Figure 6 exhibits the SWCCs of expansive soils at different locations in the form
of volumetric water content. Pressure plate test data of expansive soils from two
locations in Texas (Dallas-Fort Worth International Airport in Irving, and South
Arlington)were obtained fromPuppala et al. [48], and suction potentials of these soils
were compared with that of Moreland clay. Table 2 summarizes the SWCC fitting
parameters of soils from three different locations with 95% confidence interval. The
SWCCs of all three expansive soils exhibited similar suction characteristics. The
only noticeable difference is that the saturated moisture content (at zero suction) of
Moreland clay is much higher than those of the other two soils. This higher value
indicates the more ability to hold up water or moisture content, which implies that
the Moreland clay undergoes a more considerable swelling when hydrated.

Figure 7 demonstrates the shrinkage behavior for the expansive clay under inves-
tigation. Those theoretical lines representing different degrees of saturation were
obtained from fundamental phase relationships and using Gs = 2.75. The initial

Fig. 6 SWCCs with
volumetric water content



Experimental Study on Soil–Water Retention Properties of … 441

Table 2 SWCC fitting parameters of soils from different locations

Fitting parameters Coefficients with 95% confidence bounds

Moreland clay DFW soil Arlington soil

a 171.2
(42.2, 300.1)

37.36
(26.49, 48.23)

128.1
(111.2, 145)

m 1.802
(1.163, 2.441)

0.2578
(0.1865, 0.3291)

0.312
(0.2565, 0.3676)

n 0.6725
(0.5808, 0.7641)

1.091
(0.7804, 1.402)

1.704
(1.412, 1.996)

Fig. 7 Shrinkage curve of
Moreland clay
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unsaturated sampleswerewetted to achieve the near-saturation conditions and conse-
quently desaturated by applying different suction values. The data depicted in Fig. 7
show an S-shaped shrinkage curve for the compacted sample and the dynamic drying
of the investigated expansive soil. The curve is composed of an initial low structural
shrinkage pursued by a sharp decrease during normal shrinkage, and after that, by a
low decrease during residual shrinkage [49]. Three linear relationships between void
ratio and gravimetric water content were obtained from the shrinkage curve ofMore-
land clay. Equations 2, 3, and 4 represent void ratio as a function of gravimetric water
content (w in %) at different shrinkage stages, i.e., structural shrinkage (es), normal
shrinkage (en), and residual shrinkage (er), respectively. Al-Dakheeli and Bulut [50]
reported that the slope of the normal shrinkage curve at equilibrium becomes nearly
parallel to the saturation line. The shrinkage curve of Moreland clay depicted similar
results. It can be presumed that, during the residual shrinkage, air enters the pores
near the shrinkage limit and dismantles the particles that were assembled together
because of suction.

es = 0.0138w + 0.479 for w ≥ 32 (2)

en = 0.0226w + 0.2005 for 25 ≤ w < 32 (3)
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er = −0.009w + 0.7838 forw < 25 (4)

Deformation of the expansive subgrade soil is a function of moisture suction in
the soil due to climate changes, and it affects the pavement resting on expansive soil.
Ikra and Wang [51] simulated the moisture distribution and calculated the heave and
shrinkage-induced vertical deformation of the expansive subgrade soils subjected to
extreme weather conditions. Khan [42] adopted the distribution of moisture content
and the subsequent subgrade deformations across the pavement cross section to
analyze the structural behavior of the pavement. Solutions for the pavement structural
properties, i.e., shear forces, and bending moments were obtained, and a case study
was carried out on the research road farm to market 2 (FM 2) in Texas to validate
the results [52–55]. It tends to be noticed that the soil–water retention properties
obtained from this research can potentially be used for analyzing distresses on the
pavement caused by expansive Moreland clay.

4 Conclusion

Knowledgeof unsaturated soil properties for shear strength, permeability, andvolume
change of compacted expansive clays is pivotal for construction because of their
relationships to the stability of slopes andbearing capacity of foundations. Laboratory
investigation on highly expansive Moreland clay was conducted to determine the
unsaturated soil properties following ASTM D6836 using compacted samples. The
main conclusions of this research are summarized as follows: The SWCC had the
AEV of 50 kPa, the residual suction of 7000 kPa, and the residual volumetric water
content of 5%. Moreover, the shrinkage curve of Moreland clay was observed to
be S-shaped. It also incorporated a low structural shrinkage followed by a sharp
decrease during normal shrinkage, which is nearly parallel to the saturation line, and
subsequently by a low decrease during residual shrinkage. The drying gravimetric
water content SWCC and the proposed equations for three different shrinkage stages
ofMoreland claywill allowus to characterize the unsaturated portion of the expansive
soil profile similar to that used in saturated soil mechanics. Data from the ongoing
characterization of Moreland clay have indicated further that Moreland clay is a
highly expansive soil. Prediction of unsaturated soil deformation from soil–water
retention properties will encourage geotechnical and pavement engineers to design
pavements by considering expansive subgrade soil-induced distresses.

Acknowledgements The authors would like to express their gratitude to Mr. Daniel Thompson at
Aillet, Fenner, Jolly & McClelland, Mr. Gary Hubbard at Greater Bossier Economic Development
Foundation, andDr. ShamsArafat for their assistance in selecting soil sampling sites and soil sample
collection. Some suggestions during weekly discussions from Dr. Ling Cao, a visiting professor
from China Three Gorges University, were appreciated.



Experimental Study on Soil–Water Retention Properties of … 443

References

1. Fredlund DG, Rahardjo H, Fredlund MD (2012) Unsaturated soil mechanics in engineering
practice, 2nd edn. John Wiley and Sons, Hoboken, NJ

2. Brooks R, Corey T (1964) Hydraulic properties of POROUS MEDIA. Hydrol Pap Color State
Univ 24:37

3. MualemY (1976) A newmodel for predicting the hydraulic conductivity of unsaturated porous
media. Water Resour Res 12:513–522. https://doi.org/10.1029/WR012i003p00513

4. Van Genuchten MT (1980) A closed-form equation for predicting the hydraulic conductivity
of unsaturated soils. Soil Sci Soc Am J 44:892–898. https://doi.org/10.2136/sssaj1980.036159
95004400050002x

5. Fredlund DG, Xing A (1994) Equations for the soil-water characteristic curve. Can Geotech J
31:521–532. https://doi.org/10.1139/t94-061

6. Kosugi K (1996) Lognormal distributionmodel for unsaturated soil hydraulic properties.Water
Resour Res 32:2697–2703. https://doi.org/10.1029/96WR01776

7. Seki K (2007) SWRC Fit–a nonlinear fitting program with a water retention curve for soils
having unimodal and bimodal pore structure. Hydrol Earth Syst Sci Discuss 4:407–437

8. Leong EC, Rahardjo H (1997) Review of soil-water characteristic curve equations. J
Geotech Geoenviron Eng 123:1106–1117. https://doi.org/10.1061/(ASCE)1090-0241(199
7)123:12(1106)

9. Chen FH (2012) Foundations on expansive soils. Elsevier
10. Al-Rawas AA, Goosen MFA (2006) Expansive soils: recent advances in characterization and

treatment, 1st edn. CRC Press
11. Nelson JD, Chao KC, Overton DD, Nelson EJ (2015) Foundation engineering for expansive

soils. Wiley Online Library
12. Erzin Y, Erol O (2007) Swell pressure prediction by suction methods. Eng Geol 92:133–

145. https://doi.org/10.1016/j.enggeo.2007.04.002
13. Khan MA, Wang JX, Patterson WB (2017) Swelling–shrinkage properties of expansive

Moreland clay. PanAm Unsaturated Soils 2017:100. https://doi.org/10.1061/978078448170
7.011

14. Khan MA, Wang JX, Patterson WB (2019) A study of the swell-shrink behavior of expansive
Moreland clay. Int J Geotech Eng 13:205–217. https://doi.org/10.1080/19386362.2017.135
1744

15. Adem HH, Vanapalli SK (2015) Prediction of the modulus of elasticity of compacted unsat-
urated expansive soils. Int J Geotech Eng 9:163–175. https://doi.org/10.1179/1939787914Y.
0000000050

16. Chiu CF, Yan WM, Yuen K-V (2012) Reliability analysis of soil–water characteristics curve
and its application to slope stability analysis. Eng Geol 135:83–91. https://doi.org/10.1016/j.
enggeo.2012.03.004

17. LikosWJ, Song X, XiaoM et al (2019) Fundamental challenges in unsaturated soil mechanics.
Geotechnical fundamentals for addressing newworld challenges. Springer, Berlin, pp 209–236

18. Rao BH, Venkataramana K, Singh DN (2011) Studies on the determination of swelling proper-
ties of soils from suction measurements. Can Geotech J 48:375–387. https://doi.org/10.1139/
T10-076

19. Hunt AG (2004) Comparing van genuchten and percolation theoretical formulations of the
hydraulic properties of unsaturated media. Vadose Zo J 3:1483–1488. https://doi.org/10.2136/
vzj2004.1483

20. MarinhoFAM,OliveiraOM,AdemH,Vanapalli S (2013)Shear strength behavior of compacted
unsaturated residual soil. Int J Geotech Eng 7:1–9. https://doi.org/10.1179/1938636212Z.000
00000011

21. RassamDW,CookF (2002) Predicting the shear strength envelope of unsaturated soils.Geotech
Test J 25:215–220. https://doi.org/10.1520/GTJ11365J

https://doi.org/10.1029/WR012i003p00513
https://doi.org/10.2136/sssaj1980.03615995004400050002x
https://doi.org/10.1139/t94-061
https://doi.org/10.1029/96WR01776
https://doi.org/10.1061/(ASCE)1090-0241(1997)123:12(1106)
https://doi.org/10.1016/j.enggeo.2007.04.002
https://doi.org/10.1061/9780784481707.011
https://doi.org/10.1080/19386362.2017.1351744
https://doi.org/10.1179/1939787914Y.0000000050
https://doi.org/10.1016/j.enggeo.2012.03.004
https://doi.org/10.1139/T10-076
https://doi.org/10.2136/vzj2004.1483
https://doi.org/10.1179/1938636212Z.00000000011
https://doi.org/10.1520/GTJ11365J


444 D. Sarker and J. X. Wang

22. Tahasildar J, Erzin Y, Rao BH (2018) Development of relationships between swelling and
suction properties of expansive soils. Int J Geotech Eng 12:53–65. https://doi.org/10.1080/193
86362.2016.1250040

23. Vanapalli SK, Fredlund DG, Pufahl DE, Clifton AW (1996) Model for the prediction of
shear strength with respect to soil suction. Can Geotech J 33:379–392. https://doi.org/10.1139/
t96-060

24. Watabe Y, LeBihan J-P, Leroueil S (2006) Probabilistic modelling of saturated/unsaturated
hydraulic conductivity for compacted glacial tills. Géotechnique 56:273–284. https://doi.org/
10.1680/geot.2006.56.4.273

25. Fredlund DG (2018) State of practice for use of the soil-water characteristic curve (SWCC) in
geotechnical engineering. Can Geotech J 1–11. https://doi.org/10.1139/cgj-2018-0434

26. Akin ID, LikosWJ (2020) Suction Stress of clay over a wide range of saturation. Geotech Geol
Eng 38:283–296. https://doi.org/10.1007/s10706-019-01016-7

27. Peron H, Hueckel T, Laloui L, Hu LB (2009) Fundamentals of desiccation cracking of fine-
grained soils: experimental characterisation and mechanisms identification. Can Geotech J
46:1177–1201. https://doi.org/10.1139/T09-054

28. Frydman S, Baker R (2009) Theoretical soil-water characteristic curves based on adsorption,
cavitation, and a double porosity model. Int J Geomech 9:250–257. https://doi.org/10.1061/
(ASCE)1532-3641(2009)9:6(250)

29. Khan MA, Wang JX, Sarker D (2018) Stabilization of highly expansive moreland clay using
class-C fly ash geopolymer (CFAG). IFCEE 2018:505–518. https://doi.org/10.1061/978078
4481592.050

30. Sarker D, ApuOS, Kumar N, et al (2021) Application of sustainable lignin stabilized expansive
soils in highway subgrade. In: International Foundations Congress & Equipment Expo 2021.
Dallas, TX. https://doi.org/10.1061/9780784483435.033

31. TuH,Vanapalli SK (2016) Prediction of the variation of swelling pressure and one-dimensional
heave of expansive soils with respect to suction using the soil-water retention curve as a tool.
Can Geotech J 53:1213–1234. https://doi.org/10.1139/cgj-2015-0222

32. ASTM D1452 (2016) Standard practice for soil exploration and sampling by auger borings.
ASTM Int. https://doi.org/10.1520/D1452_D1452M-16

33. ASTM D4220 (2014) Standard practices for preserving and transporting soil samples. ASTM
Int. https://doi.org/10.1520/D4220_D4220M-14

34. ASTM D1557 (2012) Standard test methods for laboratory compaction characteristics of soil
using modified effort (56,000 ft-lbf/ft3 (2,700 kN-m/m3)). ASTM Int. https://doi.org/10.1520/
D1557-12E01

35. ASTM D2216 (2019) Standard Test methods for laboratory determination of water (moisture)
content of soil and rock by Mass. ASTM Int. https://doi.org/10.1520/D2216-19

36. ASTM D854 (2014) Standard test methods for specific gravity of soil solids by water
pycnometer. ASTM Int. https://doi.org/10.1520/D0854-14

37. ASTM D4318 (2017) Standard test methods for liquid limit, plastic limit, and plasticity index
of soils. ASTM Int. https://doi.org/10.1520/D4318-17E01

38. ASTM D6913 (2017) Standard test methods for particle-size distribution (gradation) of soils
using sieve analysis. ASTM Int. https://doi.org/10.1520/D6913_D6913M-17

39. ASTM D2487 (2017) Standard practice for classification of soils for engineering purposes
(unified soil classification system). ASTM Int. https://doi.org/10.1520/D2487-17E01

40. ASTM D6836 (2016) Standard test methods for determination of the soil water characteristic
curve for desorption using hanging column, pressure extractor, chilled mirror hygrometer, or
centrifuge. ASTM Int. https://doi.org/10.1520/D6836-16

41. Suits LD, Sheahan TC, Perez-Garcia N et al (2008) An oedometer-type pressure plate SWCC
apparatus. Geotech Test J 31:100964. https://doi.org/10.1520/GTJ100964

42. Khan A (2017) Influence of moisture content distribution in soil on pavement and geothermal
energy. PhD Dissertation, Programs of Civil Engineering and Construction Engineering
Technology, Louisiana Tech University, Ruston, LA

https://doi.org/10.1080/19386362.2016.1250040
https://doi.org/10.1139/t96-060
https://doi.org/10.1680/geot.2006.56.4.273
https://doi.org/10.1007/s10706-019-01016-7
https://doi.org/10.1139/T09-054
https://doi.org/10.1061/(ASCE)1532-3641(2009)9:6(250)
https://doi.org/10.1061/9780784481592.050
https://doi.org/10.1061/9780784483435.033
https://doi.org/10.1139/cgj-2015-0222
https://doi.org/10.1520/D1452_D1452M-16
https://doi.org/10.1520/D4220_D4220M-14
https://doi.org/10.1520/D1557-12E01
https://doi.org/10.1520/D2216-19
https://doi.org/10.1520/D0854-14
https://doi.org/10.1520/D4318-17E01
https://doi.org/10.1520/D6913_D6913M-17
https://doi.org/10.1520/D2487-17E01
https://doi.org/10.1520/D6836-16
https://doi.org/10.1520/GTJ100964


Experimental Study on Soil–Water Retention Properties of … 445

43. Azam S, Ito M, Chowdhury R (2013) Engineering properties of an expansive soil. In: Proceed-
ings of the 18th international conference on soil mechanics and geotechnical engineering,
Paris

44. Fityus S, Buzzi O (2009) The place of expansive clays in the framework of unsaturated soil
mechanics. Appl Clay Sci 43:150–155. https://doi.org/10.1016/j.clay.2008.08.005

45. Ramirez EF (2013) Introducing unsaturated soil mechanics to undergraduate students through
the net stress concepts. M.S. Thesis, Arizona State University

46. Zapata CE (1999) uncertainty in soil-water characteristic curve and impacts on unsaturated
shear strength predictions. Ph.D. Thesis, Arizona State University, Tempe, AZ

47. Zapata C, Houston WN, Houston S, Walsh KD (2000) Soil-water characteristic curve
variability. In: The GeoDenver 2000-unsaturated soils sessions ‘advances in ultrasound
geotechnical’. ASCE, pp 84–124. https://doi.org/10.1061/40510(287)

48. Puppala AJ, Punthutaecha K, Vanapalli SK (2006) Soil-water characteristic curves of stabi-
lized expansive soils. J Geotech Geoenviron Eng 132:736–751. https://doi.org/10.1061/(ASC
E)1090-0241(2006)132:6(736)

49. Haines WB (1923) The volume-changes associated with variations of water content in soil. J
Agric Sci 13:296–310. https://doi.org/10.1017/S0021859600003580

50. Al-Dakheeli H, Bulut R (2019) Interrelationship between elastic deformation and soil-water
characteristic curve of expansive soils. J Geotech Geoenviron Eng 145:04019005. https://doi.
org/10.1061/(ASCE)GT.1943-5606.0002020

51. Ikra BA, Wang JX (2017) Numerical simulation of moisture fluctuations in unsaturated expan-
sive clay, heave/settlement predictions, and validation with field measurements. In: PanAm
unsaturated soils. ASCE, pp 198–208. https://doi.org/10.1061/9780784481707.021

52. Khan MA, Wang JW (2017) Application of Euler-Bernoulli beam on winkler foundation for
highway pavement on expansive soils. In: Proceedings of PanAm-UNSAT 2017: Second Pan-
American Conference on Unsaturated Soils, ASCE. https://doi.org/10.1061/978078448169
1.023

53. Sarker D, Wang JX, Khan MA (2019) Development of the virtual load method by applying
the inverse theory for the analysis of geosynthetic-reinforced pavement on expansive soils.
In: Geotechnical special publication. American Society of Civil Engineers, Reston, VA, pp
326–339. https://doi.org/10.1061/9780784482124.034

54. KhanMA,Wang JX, SarkerD (2020) development of analyticmethod for computing expansive
soil–induced stresses in highway pavement. Int J Geomech 20. https://doi.org/10.1061/(ASC
E)GM.1943-5622.0001511

55. Wang JX, Sarker D, Ikra B (2018) Development of a mechanistic-based design method
for geosynthetic-reinforced pavement on expansive soils and prediction of moisture content
fluctuations in subgrades. Southern Plain Transportation Center, Norman, OK

https://doi.org/10.1016/j.clay.2008.08.005
https://doi.org/10.1061/40510(287)
https://doi.org/10.1061/(ASCE)1090-0241(2006)132:6(736)
https://doi.org/10.1017/S0021859600003580
https://doi.org/10.1061/(ASCE)GT.1943-5606.0002020
https://doi.org/10.1061/9780784481707.021
https://doi.org/10.1061/9780784481691.023
https://doi.org/10.1061/9780784482124.034
https://doi.org/10.1061/(ASCE)GM.1943-5622.0001511


Rainfall-Induced Deformation
on Unsaturated Collapsible Soils

Hamed Moghaddasi, Ashraf Osman, David Toll, and Nasser Khalili

Abstract The stability of transportation infrastructure can be affected by seasonal
rainfall infiltrated adjacent excavations and natural slopes. The paper investigates
the rainfall-induced deformation of an anchored excavation constructed in unsat-
urated soils. An advanced constitutive model based on the theory of bounding
surface plasticity is employed to predict the behaviour of partially saturated soils.
The collapse characteristics of unsaturated soils due to wetting are captured in the
model by introducing a suction-dependent hardening law. The proposed model has
been implemented in a finite difference code with a two-phase flow and deformation
formulation. In the numerical algorithms, the validity of the effective stress prin-
ciple in unsaturated soils is emphasized and the coupling between various phases of
porousmedia has been considered. The problem of an anchored excavation subjected
to rainfall is then simulated with the implemented model. The lateral deforma-
tion of the supported excavation during the infiltration of water into unsaturated
collapsible soils is obtained and compared with the case where the plastic collapse
is prevented. Finally, the effect of anchors on minimizing and changing the mode of
the deformation is explored.

Keywords Rainfall · Unsaturated soils · Constitutive model

1 Introduction

The infiltration of rainfall into slopes and excavations poses a serious threat to the
safety and stability of infrastructure built on them. Due to the extensive presence
of unsaturated soils across the globe, research on rainfall-induced deformation has
been an important development in unsaturated soil mechanics. Rainfall seepage can
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increase the porewater pressure inside unsaturated soils, leading to a drop in the effec-
tive stress thus generating deformation. On the other hand, the infiltration process
can substantially alter the hydraulic properties of soils due to the change of the
porosity. To explain properly the above hydro-mechanical process, the employment
of a coupled flow and deformation model is required [1].

The reduction of the suction during seepage not only creates recoverable defor-
mation via changing the effective stress but also can trigger irreversible wetting-
induced collapse. The latter effect of the rainfall cannot be explained successfully
by the constitutive models available for saturated soils. With the aid of a coupled
multi-phase plasticity model, Cho and Lee [2] investigated the behaviour of a slope
subjected to rainfall infiltration. The extended Mohr–Coulomb failure criterion was
adopted for the plasticity modelling, and the effect of the change in porosity due to
the suction was addressed by a state surface suggested by Lloret and Alonso [3]. This
model has been used by Alonso [4] to assess the stability of a slope in overconsoli-
dated clay under rainfall. The mixture theory for multi-phase porous media with an
effective stress based plasticity model has been used by Oka et al. [5] to analyse the
problem of the seepage through river embankments. Adopting the extended cam–
clay model for solid phase, Borja and White [6] conducted a numerical analysis for
rainfall-induced deformation of a steep slope and determined the failure mechanism.
Recently, Zheng et al. [7] implemented a preliminary unsaturated model (the basic
Barcelona model) in a finite difference code. They analysed a steep slope subjected
to the rainfall infiltration and predict a wetting-induced plastic deformation.

Most of the fully coupled formulations cited above incorporated preliminary
constitutive model for the solid phase and therefore fail to explain comprehensively
the collapse behaviour of unsaturated soils. Also, incorporating a constitutive model
with independent stress variables will reduce the applicability of the models since
a time-consuming process is required for the determination of the model parame-
ters. To overcome these deficiencies, the paper aims at implementing an advanced
plasticity model in a coupled hydro-mechanical finite difference code (FLAC). A
bounding surface plasticity model is adopted for the constitutive modelling of the
solid phase (Khalili et al. [8], Russel and Khalili [9]). The model enjoys the validity
of the effective stress principle and includes the hardening effect of suction. The
problem of rainfall infiltration into an anchored excavation is then simulated to show
the susceptibility of unsaturated soils to wetting collapse.

2 Effective Stress Principle, Water Retention
and Permeability Model

From the conceptual viewpoint, the mechanical behaviour of unsaturated soils can
be theoretically formulated within the principles explaining the behaviour of multi-
phase porous media. For single-phase media, Terzaghi’s effective stress law can
describe many features of the behaviour of saturated soils. It has been shown that
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this theory can be generalized for two-phased porous media as

σ ′ = σ + χpwδ + (1 − χ)pgδ = σnet − χsδ (1)

where σ’ is what we shall call “effective stress”, σ is total stress, δ stands for the
identity vector,χ is the “effective stress” parameter, pw and pg arewetting (water) and
non-wetting (air) pressures, s = pg − pw is the matric suction and σnet = σ + pgδ is
the net stress. The “effective stress” parameter is a key variable in the above equation.
In this study, the wetting degree of saturation, Sw, has been regarded as the “effective
stress” parameter despite the fact that more elaborate relationships, which can better
predict the results of experimental data, can be utilized for this parameter (see [10]).
The degree of saturation can be expressed in terms the matric suction, which is
recognized as the water retention model. Following the work of the van Genuchten
[11], the effective degree of saturation can be linked to matric suction as

Seff =
[
1 + (

s

p0
)1/(1−a)

]−a

(2)

where p0 and a are twomaterial parameters, the former has a close link to the suction
related to air-entry or air expulsion values and Seff is effective degree of saturation
defined as Seff = (Sw − Sw

r )/(1− Sw
r ), where Sw

r is residual wetting fluid saturation.
In two-phase porous media, the relative permeability laws for the wetting and non-
wetting phases can be correlated to the effective degree of saturation. Aligned with
the work of van Genuchten [11], the following expressions hold for the relative
permeability models

kw
r = Sbeff

[
1 −

(
1 − S1/aeff

)a]2
(3)

kgr = (1 − Seff)
c
[
1 − S1/aeff

]2a
(4)

where a, b and c are model parameters and kw
r and kgr are relative permeability of

the wetting and non-wetting phases, respectively. Having defined the model’s empir-
ical relationships, a theoretical framework based on the principle of the mass and
momentumbalance can follow to obtain the fluid constitutive laws (see [8]). To obtain
a fully coupled flow and deformation model, the employment of the momentum
balance equation for the solid phase is also necessary. The constitutive model for
the solid phase can finally be obtained by introducing a stress–strain relationship
capturing the essential features of the behaviour of unsaturated soil. In this study, an
advanced model based on the theory of the bounding surface plasticity is used as the
constitutive relationship of the solid phase.
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3 Bounding Surface Plasticity Model

The bounding surface is the locus of the possible state of stress in the stress space.
This surface can be determined from the response of the unsaturated soils in the
loosest state. A flexible shape is adopted for the shape of the bounding surface to
accommodate versatile behaviour of unsaturated soil

F
(
p′, q, θ, p′c

) =
[

q

Mcs
(
θ
) · p′

]N

−
ln

(
p′c/p′

)
ln(R)

= 0 (5)

in which p′
c adjusts the size of the bounding surface and N and R are material

parameters. Further, p
′
, q, θ stands for the mean “effective stress”, deviatoric stress

and lode angle on the bounding surface. It is noted that over-bar indicates parameters
given on the bounding surface. It is clear from Eq. (5) that a three-dimensional shape
is proposed for the bounding surface. The slope of the critical state line (CSL) has
been denoted by Mcs

(
θ
)
in Eq. (5), which can be expressed in terms of lode angle

Mcs
(
θ
) = Mmax

[
2α4

1 + α4 − (
1 − α4

)
sin

(
3θ

)
]1/4

(6)

where α = Mmax/Mmin with Mmax and Mmin are the slope of CSL at triaxial
compression and extension. The relationship between Mmax and Mmin is Mmin =
3Mmax/(Mmax + 3). The movement of the stress point has been enforced to lie
on the loading surface. In this study, an identical shape has been adopted for the
loading surface as for the bounding surface assuming that both surfaces are homol-
ogous about a centre of homology. The origin of the stress is taken as the centre of
homology in this study. Specifying the direction of the plastic strain is another ingre-
dient of the plasticity model involved. Following the work of Russell and Khalili [9],
a non-associated plastic potential is selected

g
(
p′, q, θ, p0

) = q + AMcs(θ)p′

A − 1

[(
p′

p0

)A−1

− 1

]
for A �= 1

g
(
p′, q, θ, p0

) = q + Mcs(θ)p′ ln
(
p′

p0

)
for A = 1 (7)

in which A is the material parameter and p0 indicates the size of the plastic potential
surface. The last ingredient of the bounding surface plasticity is to identify hard-
ening modules. Following the usual procedure in the theory of the bounding surface
plasticity, the hardening module can be decomposed into two terms
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h = hb + h f (8)

where hb is the hardening modulus on the bounding surface and h f is the hardening
modulus depending on the distance of the stress point from an conjugate point on the
bounding surface. Proposing a hardening modulus as a function of the distance to
the bounding surface ensures that smooth elasto-plastic behaviour can be achieved.
The following functions can be taken for these moduli (see Khalili et al. [8])

hb = − ∂F

∂ p′
c

(
∂ p′

c

∂ε
p
v

+ ∂ p′
c

∂s

ṡ

ε̇
p
v

)
mp∥∥∂F/∂σ

′∥∥
h f =

(
∂ p′

c

∂ε
p
v

+ ∂ p′
c

∂s

ṡ

ε̇
p
v

)
p′

p′
c

(
p′
c

p′
c

− 1

)
km

(
ηp − η

) (9)

in which ε̇
p
v is the increment for the plastic volumetric strain, km is a mate-

rial parameter and mp = ∂g
∂p′

/∥∥∥ ∂g
∂σ ′

∥∥∥. Also, η = q/p is the stress ratio, ηp =
(1 − 2(υ − υcs))Mcs(θ) is the slope of the peak strength line,υ is the specific volume
defined as υ = 1 + e and υcs is the specific volume at CSL. It is obvious that both
volumetric strain and matric suction can generate plastic deformation. This is a
unique feature of the model for the simulation of the problems involving the effect of
suction change and volumetric deformation. The simultaneous effect of the suction
and volumetric strain on the evolution of the size of the bounding surface is predicted
by

p′
c

(
εpv, s

) = p′
ciγ (s) exp

(
υi�ε

p
v

λ(s) − κ

)
(10)

with

γ (s) = exp

(
N(s) − N(si )

(λ(s) − k)
− (λ(s) − λ(si ))

(λ(s) − k)
ln

(
p′
ci

))
(11)

where υi and p′
ci are the initial specific volume and hardening parameter, k is the

slope of unloading–reloading curve on υ ∼ ln p′ plane. Also N(s) and λ(s) are the
intercept and slope of limiting isotropic compression line (LICL) on υ ∼ ln p′ plane
at the suction s, N(si ) and λ(si ) are corresponding parameters at the initial suction
si . LICL can be obtained from the result of the isotropic compression test performed
on the loosest soil sample.
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4 Rainfall-Induced Deformation in an Anchored
Excavation

The proposed constitutivemodel has been implemented in an explicit finite difference
code (FLAC) as a user-defined constitutive model. To show the applicability of the
model in predicting the response of collapsible soils, the problem of an excavation
under rainfall infiltration is simulated. The geometry of the problem is depicted in
Fig. 1. The hydraulic properties of the soil are available in Table 1. In this table,
μw and μg are dynamic viscosity of wetting and non-wetting phases respectively.
Also, Kw and Kg are bulk modules for wetting and non-wetting phases and κp

is saturated mobility coefficient defined as the ratio of intrinsic permeability over
dynamic viscosity of the water phase. The material properties for the solid skeleton

20m

5m

7m

13m
5.4m

28

2m

Rainfall

5.4m

28

4m

Fig. 1 Sketch of the excavation problem subjected to rainfall

Table 1 Hydraulic properties for soil

P 0(kPa) a b c Sres

7 0.58 0.5 0.33 0

μw/μg Kw (MPa) Kg (Pa) κp (m2/Pa.s)

55 2 20 1e − 8
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Table 2 Mechanical properties of soil

κ ν Mcs N R A km

0.05 0.2 1.1 1.44 2 2 20

Table 3 Suction-dependent
LICL for soil

Suction (kPa) s < sae = 100 700

λ(s) 0.2 0.2

N(s) 3.112 3.212

Table 4 Mechanical
properties for anchor

Young’s modulus
(GPa)

Yield strength
(kN)

Cross section (m2)

210 250 5e − 4

Bond stiffness
(N/m/m)

Bond strength
(N/m)

Spacing (m)

1.5e10 8e5 5

are defined in Tables 2 and 3. In these tables, the elastic parameters of the model
(e.g. κ and ν) are determined through calculating the initial tangent stiffness obtained
from the stress–strain curve under shearing. The parameters related to the critical
state condition (Mcs and A) are obtained in the ultimate state of soils achieved in the
residual state. The analyses of the behaviour of soils under isotropic loading with
various suction indicate the λ(s) and N(s) from which the model parameters R have
been determined. km is a fitting parameter adjusting the hardening modules during
unloading reloading cycles. The parameter N can also be determined through the
shape of bounding surface obtained in the loosest state of saturated soil. Finally, the
mechanical properties for anchors are introduced in Table 4.

The unsaturated soil with initial suction of 700 kPa is assumed for the soil behind
the wall. The initial specific volume is assigned based on the assumption that the
preconsolidation pressure for the whole layer is 1400 kPa. To simulate the effect of
rainfall infiltration, zero suction was applied at the ground surface and the inner face
of the excavation, which is equivalent to full saturation for the wetting phase. Also
a seepage boundary condition was employed at the bottom of excavation to absorb
the flow of wetting phase (boundary is impermeable until degree of saturation is
1; afterwards the pore water pressure is set to zero). It is assumed that all of the
excavated area was removed in one stage. The suction-dependent LICL was updated
during thewetting simulation to reduce the strength of the unsaturated soils, capturing
the plastic collapse behaviour.

The horizontal deflection of the excavation was obtained for the case where there
was no rainfall on the top surface of the soil (the effect of the self-weight only)
and compared to the excavation problem subjected to the rainfall. Also the effect of
plastic collapse due to wetting was included in the simulation. This was achieved by
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Fig. 2 Horizontal deflection of an excavation a without the instalment of anchors and b with
instalment of anchors

simulating the excavation problem under single LICL (the strength corresponding
to the suction of 700 kPa) and comparing the result with the case of an excavation
with suction-dependent LICL. In Fig. 2, the horizontal deflection of the excava-
tion is depicted for the three cases described above. For an unanchored excavation,
the increase of the horizontal deflection is predicated upon wetting. If the suction-
dependent strength parameters were not involved in the analysis, the model could
only predict the excess deflection due to the decrease of the effective stress. However,
the full wetting collapse behaviour can be achieved if the variation of the LICL with
respect to the matric suction is included.

A similar pattern can be seen for the horizontal deflection of an anchored excava-
tion (see Fig. 2), while different modes of deformation are obtained upon the plastic
collapse of the sample. It is also evident that employing anchors can reduce signifi-
cantly the lateral deflection of the excavation. The change in the degree of saturation
during the simulation is depicted in Fig. 3 for the excavation with suction-dependent
LICL. It can be seen that there is vertical settlement on the surface of the soil when
rainfall penetrates into the soil. Also, large amount of the horizontal deflection occurs
if the rainfall infiltrates into the soils.

5 Conclusion

The paper studied the deformation of an anchored excavation built on unsatu-
rated soils subjected to rainfall infiltration. Unsaturated soils consist of three phases
possessing independent compressibility properties. Relationships for the “effective
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Fig. 3 Change in the degree of saturation and deformation vectors without collapse behaviour a t =
25 h (9e4 seconds) and b t = 34 h (1.22e5 seconds)

stress” law, degree of saturation and the relative permeability are introduced, which
all rely on the variation of suction as a main variable. A non-associated bounding
surface plasticity model was developed to predict the behaviour of solid phase. The
model offers smooth elasto-plastic behaviour within the bounding surface since a
hardening modulus proportional to the distance of the stress point from the image
point on the bounding surface is advised. Thewetting-induced collapse of unsaturated
soils is captured via defining a suction-dependent hardeningmodulus. A user-defined
constitutive model has been written and embedded in an existing finite difference
code. With the aid of a coupled flow and deformation model, an anchored excava-
tion under rainfall infiltration is simulated. It has been shown that noticeable lateral
deflections can occur if the strength reduction due to the drop of the suction value is
permitted in the model. The amount of these deflections can be decreased substan-
tially if a proper set of anchors are installed on the side-wall of the excavation. Finally,
the change of degree of saturation during the simulation has been depicted for the
whole domain of the problem.
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Experimental Study on the Effect
on Stress Release Holes to Decrease Frost
Heaves of Fine Particle Fillers
in Northern China

Tianxiao Tang, Yupeng Shen, Xin Liu, and Ruifang Zuo

Abstract Seasonal frozen ground is mainly distributed in the north of 30°N, with
an area of 5.137 million km2, covering approximately 53.5% of the national territory
in China. In recent years, with the rapid development of Chinese railway, many lines
have been built passing through seasonal frozen areas. At the same time, with the
increase of traffic volume, transport capacity would become larger year by year, so
the requirements of low frost heave for the subgrades would also be made more
stringent. Based on the stress release holes (SRHs), several special experiments are
designed and implemented in a one-dimensional freezing condition from a sample’s
top to bottom, which are targeted to verify the effectiveness and feasibility of SRHs
on decreasing frost heaves. Also, a measure to decrease frost heave of subgrade filler
in seasonal frozen area is proposed. There are seven laboratory tests carried out in
the open system. And the frost heave effect of saturated soil samples within 72 h was
explored with a certain HRA set as 4% and SRHs filling materials.

Keywords Seasonal frost soil · Stress release holes · Fine particle fillers · Frost
heave ·Moisture migration

1 Introduction

Frozen soil refers to a special soil containing ice with a temperature equal to or
below 0 °C [1, 2]. Permafrost, seasonal frozen ground and short-term frozen soil
cover about 50% of the global land area, of which seasonal frozen soil covers about
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20% of the land area, and there are about 35% of highway and railway lines through
this area. In China, seasonal frozen soil covers approximately 53.5% of the national
territory, and there are about 75% of traffic lines operated in seasonal frost area [3,
4]. However, subgrade lesions, such as frost heaves or thaw settlement [5, 6], mud
pumping [7, 8] and ballast subsidence [9, 10], are universal during the period of
the operation, which would not only affect normal operation of railway lines, but
also the traffic safety. There are many effective measures that have been proposed
in a targeted manner. Compared with fine particle filler, coarse particle filler can
obviously reduce subgrade frost heave [11]. The combined structure of insulation
board, asphalt concrete pavement and gravel roadbed has verified the effect in frost
heave deformation treatment [12]. In this paper, the effect of SRHs on decreasing
frost heave is studied based on the one-dimensional freezing tests, which aim to
propose a new idea for treating the frost heaving of the subgrade in the seasonal frost
areas.

2 Description and Design of Tests

2.1 Physical Properties of Soil Samples

The sample soil in this study is taken from the filler of K222 + 800 to K223 + 300
mileage at the Shenmu–Shuozhou heavy-haul railway in Shanxi, China, because the
frost heave of this section is more serious as shown in Fig. 1.

The tested soil is a low liquid limit silt, and the soil sample is dark yellow, which
is a frost heave-sensitive soil. The particle distribution curve is shown in Fig. 2, and
the physical parameters of the silt are shown in Table 1.

Fig. 1 Damage of frost
heave in winter
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Fig. 2 Accumulative curve of particle size grading of the tested silt

Table 1 Physical parameters of the silt

Soil quality Soil specific gravity Liquid limit/% Plastic limit/% Plasticity index

Low liquid limit silt 2.745 25.2 17.2 8

2.2 Process and Method of Tests

In this paper, the results of 7 laboratory tests are analyzed, and the specific test plan
is shown in Table 2. Prepared soil samples are placed in a low-temperature chamber
with a constant temperature of 1 °C for 6 h. Then, temperature of the upper top plate
(the cold end) is set to− 5 and 1 °C to the lower bottom plate (the warm end), and the
water supplement system is turned on at the same time. Tests will last for 72 h. The
diameter and height of the soil cylinder are both 150mm. In the tests,water is supplied
by Markov bottle connected with the lower bottom plate (the warm end), and SRHs

Table 2 Experimental conditions of one-dimensional freezing tests

Sample number Compaction
coefficient

Moisture
content/%

HRA/% Filling
materials

Freezing time/h

1 /

2 P1

3 P2

4 0.93 20.7 4% P3 72

5 R1

6 R2

7 R3
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Fig. 3 Soil sample with
filling materials

are made through PVC pipe set at the soil sample. Two kinds of materials are selected
as the filler of SRHs (Fig. 3), one is a mixture of polystyrene, asphalt and fiber with
different proportions (P1, P2 and P3), and the other is amixture of rubber, asphalt and
fiber with different proportions (R1, R2 andR3). The frost heave ismeasured through
the displacement dial indicator set in the upper top plate during the freezing process
of the soil sample, and the moisture contents are determined at 10 mm intervals from
the warm end as soon as possible after completing the tests.

Note: The hole ratio in area (HRA) is defined as the ratio of the area of the SRH
to the sample’s area and can be expressed as:

HRA = [(
π · r2)/(

π · R2
)] × 100% = r2/R2 × 100% (1)

where HRA is the hole ratio in area (%); r is the radius of SRH (cm); and R is the
radius of soil samples (cm).

The composition and proportioning scheme of the two filling materials are shown
in Tables 3 and 4.

Table 3 First filling material and ratio in quantity

Number Mass fraction of polystyrene/% Asphalt/g Polystyrene/g Fiber/g

P1 10 200.00 22.78 5.00

P2 15 200.00 36.18 5.00

P3 20 200.00 51.25 5.00
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Table 4 Second filling material and ratio in quantity

Number Mass fraction of rubber/% Asphalt/g Rubber/g Fiber/g

R1 75 10.00 36.00 2.00

R2 80 10.00 48.00 2.00

R3 85 10.00 68.00 2.00

3 Analysis of Test Results

3.1 Effect of Filling Materials on Frost Heave

Figures 4 and 5 show the change process of frost heave deformation under different
materials filled in the SRHs. According to Figs. 4 and 5, the deformation laws of soil
samples are basically the same, and there are obvious phase characteristics during
the freezing process which can be described as rapid growth stage and slow growth
stage. However, the frost heave of soil samples with SRHs is significantly smaller
than that without SRHs, and the development of frost heave also has obvious lag. The
frost heave soil samples with SRHs occur with significant increment after 12–16 h.

Compared to frost heaves of the soil sample without SRHs of 6.887 mm after
being frozen for 72 h, the soil samples with SRHs have frost heave values of
4.49 mm, 3.82 mm and 3.25 mm under the three conditions of 10% polystyrene,
15% polystyrene and 20% polystyrene, respectively, which are only 0.472–0.653
times that of the sample without SRHs; and the soil samples with SRHs have frost
heave values of 4.15 mm, 3.09 mm and 2.53 mm under the three conditions of 75%
rubber, 80% rubber and 85% rubber, respectively, which are only 0.368–0.603 times

Fig. 4 Frost heave of soil
samples for SRHs with
polystyrene material
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Fig. 5 Frost heave of soil
samples for SRHs with
rubber material

that of the sample without SRHs. The test results show that frost heave can be effec-
tively decreased due to the existence of SRHs, and the effect has a great relationship
with the ratio of the filling material in the SRHs, the higher the quality ratio of the
skeleton material, the better the effect. Also, the type of the skeleton material has a
certain influence on the effect. As can be seen from Figs. 4 and 5, the rubber material
is superior to the polystyrene material.

It can be seen from the change of the soil frost heaving rate (Figs. 6 and 7) that
the variation of the frost heaving rates of the soil samples with SRHs is smaller than
that without SRHs. This is because the soil samples occur with frost heave along
the radial direction of SRHs during the freezing process, and then the vertical frost
heave would be reduced, so that the frost heaving rates of soil samples with SRHs
change smaller.

Fig. 6 Change of soil frost
heaving rates for SRHs with
polystyrene material
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Fig. 7 Change of soil frost
heaving rates for SRHs with
rubber material

3.2 Effect of Filling Materials on Moisture Migration

Figures 8 and 9 show the distribution of moisture content after 72 h. The moisture
migrates obviously after soil samples frozen, the moisture content of the soil samples
in frozen areas is higher than the initial value, and the content in the unfrozen area is
lower than the initial content. Meanwhile, the maximum value appears at the frozen
edge, and this is because the moisture continuously migrates from the unfrozen area
to the frozen edge during the freezing process. Due to the existence of SRHs, the
amount of moisture migration at the frozen edge of the soil samples with SRHs
was significantly higher than that without SRHs, which indicates that in practical
projects, the relationship between the SRHs and the height of the groundwater table
should be considered.

Fig. 8 Moisture content
after soil frost heave for
SRHs with polystyrene
material
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Fig. 9 Moisture content
after soil frost heave for
SRHs with rubber material

Table 5 Test results of the
soil samples

Sample
number

Maximum
frost
heave/mm

Maximum
freezing
depth/cm

Maximum frost
heaving rate/%

1 6.88 11.86 5.80

2 4.49 13.08 3.43

3 3.82 12.88 2.97

4 3.25 12.72 2.55

5 4.15 12.81 3.24

6 3.09 12.11 2.55

7 2.53 11.93 2.12

4 Discussion

Table 5 shows the results of seven laboratory tests. The SRHs and filling materials
would deform radially during the freezing process, so that frost heave of soil samples
could be decreased effectively. Meanwhile, according to Table 5, rubber has a better
effect than polystyrene as a skeleton material on decreasing frost heaves of fine
particle fillers.

5 Conclusion

In order to study the effect of SRHs on soil frost heave, one-dimensional freezing
tests were carried out, and there are three conclusions as follows:
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• The frost heave could be decreasedwith SRHsfilledwith certainmaterials, and the
effect is significantly obvious. The law of frost heave and moisture migration are
basically the same, but moisture migration of soil samples with SRHs is enhanced
obviously.

• The filling material in SRHs has a great influence on the frost heave. According
to the tests result, rubber is more suitable than polystyrene as a skeleton material
due to a better effect on decreasing frost heave.

• In contrast, the moisture migration enhances as a result of SRHs, so that it is
recommended that, in practical applications, the size and depth of SRHs should be
strictly controlled in consideration of the problem of water intrusion and damage
to avoid groundwater intruding into the hole.
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Numerical and Experimental Study
of the Unsaturated Hydraulic Behavior
of a Railroad Track Profile Considering
Fouled Ballast Subjected to Tropical
Climate Condition

Guilherme Castro, José Pires, Rosangela Motta, Robson Costa,
Edson Moura, Liedi Bernucci, and Luciano Oliveira

Abstract Environmental actions and geotechnical characteristics are vital in the
global behavior of railroad track. Climate, can be crucial to railroad geomaterials
behavior, especially in tropical regions. In addition, railroad track behavior depends
on water content, retention, and suction pressure over time, being dependent on
geotechnical characteristics. These aspects directly influence the amount of water
available to infiltrate into the soil, which can percolate or be retained, modifying its
water content. Thus, unsaturated soil mechanics should be applied to assess climate–
track interaction. This paper evaluated the unsaturated hydraulic response of a rail-
road track profile in Brazil considering fouled ballast under tropical climate condi-
tions through laboratory tests and numerical simulations. Physical–hydraulic tests
were performed with railroad track materials. A numerical FEM model was devel-
oped to evaluate the infiltration/suction profile and to quantify drainage, considering
laboratory results, distinct fouling levels, and seasons. The results reveal that the
hydraulic analysis of the track must consider the unsaturated condition of the mate-
rials, which will help to understand the ballast fouling influence on track in terms
of hydraulic concerns. Significant suction variation was observed in the subballast
when fines are strongly present. Thus, the presence of a fouled layer reduces water
transfer to the subgrade due to its water barrier effect. Additionally, in the wet season,
suction decreased over the fouled ballast in contrast to the one verified in the dry

G. Castro (B) · J. Pires · R. Motta · R. Costa · E. Moura · L. Bernucci
Polytechnic School University of São Paulo, Prof. Almeida Prado Ave. 83, Butantã, SP, Brazil
e-mail: guilhermecastro@usp.br

R. Motta
e-mail: rosangela.motta@usp.br

E. Moura
e-mail: edmoura@usp.br

L. Bernucci
e-mail: liedi@usp.br

L. Oliveira
Vale S.A, Vitória, Brazil
e-mail: oliveira.luciano@vale.com

© The Author(s), under exclusive license to Springer Nature Switzerland AG 2022
E. Tutumluer et al. (eds.), Advances in Transportation Geotechnics IV, Lecture Notes
in Civil Engineering 166, https://doi.org/10.1007/978-3-030-77238-3_36

467

http://crossmark.crossref.org/dialog/?doi=10.1007/978-3-030-77238-3_36&domain=pdf
mailto:guilhermecastro@usp.br
mailto:rosangela.motta@usp.br
mailto:edmoura@usp.br
mailto:liedi@usp.br
mailto:oliveira.luciano@vale.com
https://doi.org/10.1007/978-3-030-77238-3_36


468 G. Castro et al.

season. Water balance on the fouled layer surface showed an important amount of
runoff, in contrast to the dry period, when a water deficit and high suction values
were predominant.

Keywords Railroad track · Track drainage · Fouled ballast · Unsaturated soils ·
Climate action · Water infiltration

1 Introduction

Iron ore is the main commodity in the rail freight transport in Brazil, which currently
corresponds to 78% (407 million tons) of the total transportation in the country. The
amount of iron ore transported increased by 47% (180 million tons) from 2006 to
2018 [1]. Managed by Vale S.A. company, Carajas railroad (892 km long connecting
the largest open pit iron ore mine in the world, in Carajas, to Sao Luis Port) is mainly
used to transport iron ore in 330 cars per train composition, on average. The closest
railroad track from the mine (km 877 + 000) has ballast heavily fouled by iron ore.
Costa et al. [2] also identified this condition in another iron ore railroad in Brazil.
This problem attracted attention of engineers and researchers considering the failures
noticed in sleepers in the fouled ballast layer.

The literature presents studies on the fouled ballast condition [3–7]. However,
their authors have analyzed the mechanical response of the fouled ballast in different
fouling indexes, not considering climate aspects. Cui [8] says that the presence of
fines can considerably affect the hydro-mechanical behavior of the ballast due to its
sensitivity to moisture variation. Cui et al. [9] have studied the interlayer formation
(ballast with subgrade fines) and the effect of fines, cyclic loads, and the presence of
water in it. As the number of fine particles becomes significant with their migration
from subgrade to the overlying ballast, they tend to govern ballast pore structure
by separating coarse particles between them, thus controlling track drainage and
mechanical behavior [6]. Furthermore, it is well-documented that geomaterials used
in transportation infrastructure constructions are usually in unsaturated state, being
suction a variable to be regarded [8–16]. In other words, even if moisture variation
is considered in laboratory analysis of fouled ballast, it may not be representative
compared to what happens in the field due to the climate influence. Thus, it is impor-
tant to firstly identify and to understand the fouled ballast hydraulic behavior and
how the latter controls water infiltration and surface runoff (drainage) in the whole
track profile.

The negative effect ofwet coal fines on the ballastmechanical behavior has already
been investigated and showed a great contribution to the loss of shear strength [3, 4].
However, the hydraulic behavior of ballast fouled with iron ore and how it may influ-
ence track layers under tropical climate conditions is still unknown. Understanding
this may contribute to maintenance procedures as it helps to investigate how this
type of fouling material behaves in the track. For all these reasons presented, this
paper aims to analyze the hydraulic behavior of a railroad profile considering ballast
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fouled with iron ore. The study was based on field inspections, laboratory tests and
a SEEP/W finite element software [17] to simulate climate–track interaction with
fouled ballast under local tropical climate conditions.

2 Ballast Fouling

Ballast fouling is characterized as all fouling material present in the ballast voids.
According to Selig and Waters [18], fouling material is characterized by particles
smaller than 9.5 mm (sum of the fraction passing the 4.75 mm and 0.075 mm sieves).
The same authors stated that sources of fouling usually come from particle breakage
(76%) for North American railroads and depend on specific conditions, track envi-
ronment, and operational conditions. Indraratna et al. [19] attributed fouling as 58%
from subballast and subgrade intrusion, 20% from surface infiltration, and 22% from
ballast and concrete sleeper abrasion, while Feldman and Nissen [20] reported for
heavy haul (HH) track in Australia that fouling is mostly originated from wagon
spillage corresponding to around 70–95%. The same has been reported by Pires [21]
for HH track in Brazil.

Ballast fouling may cause severe damage to the track such as drainage inhibition,
deterioration of the mechanical behavior of the ballast, and loss of stability and
track geometry. Therefore, different methods to quantify the level of fouling were
proposed, such as Fouling Index (FI), to be a parameter for predicting maintenance
cycles [18]. However, these methods quantify only the percentage of the fouling
materials byweight (mass), providing amisleadingmeasurement of the actual fouling
components due to their different specific gravities (e.g., iron ore and coal). Thus,
equations have been developed considering a volumetric approach, such as the Void
Contamination Index (VCI) proposed by Tennakoon et al. [22]. VCI refers to the
specific gravity, as well as to the dry mass and void ratio of ballast and fouling
materials, which makes the evaluation more realistic and sensitive to changes of the
fouling material.

Three different zones in terms of load bearing capacity and drainage were identi-
fied byTennakoon et al. [6]: (i) Zone 1 orVCI<25% resulting in inter-particle friction
reduction and fines content, which is not enough to avoid ballast “free-drainage”;
(ii) Zone 2 or 25% < VCI < 50%, showing that strains tend to stabilize and sufficient
drainage still occurs; and (iii) Zone 3 or VCI > 50%which shows very poor drainage
and ballast hydro-mechanical behavior being governed by the fine matrix. Huang
et al. [4] also classified fouled ballast in three different phases classified from 1 to 3,
being the latter the worst scenario for its water drainage capacity.
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3 Experimental Program

3.1 Field Investigation—Site Characteristics

The hydraulic behavior of the fouled ballast under tropical climate influence of a
railroad track in Brazil was investigated. The track section is located in Parauapebas,
between the Carajas mine and the Sao Luis port and transports iron ore as the
main freight. The track profile was composed of 136RE rails, wide-gauge, concrete
sleepers, 30 cm of ballast layer, well-graded granular subballast layer over the trop-
ical soil of the region. During the on-site surveys, a high amount of fouled location
was detected as given by Fig. 1.

Fouling is known to usually accumulate at the ballast–subballast or ballast–
subgrade interface, being also composed of subballast or subgrade fines. However, a
high amount of wagon spillage was seen right beside the rails as shown in Fig. 1a. In
addition, fines were observed combined with a high amount of water being pumped
upward to the top of the sleepers during train passages (Fig. 1b). Considering the
possibility of different sources of fouling, bothmaterials were collected and analyzed
chemically in laboratory.

Historical climate data from 1981 to 2010 obtained by the National Institute for
Meteorology andStatistics (INMET) show that the region is characterized by extreme
events. High precipitation rate is observed from January to July (wet season) and a
low precipitation rate from August to December (dry season). Net flux (precipitation
minus evaporation) shows the highest water surplus from March to April and the
lowest water deficit from August to September, when precipitation rate tends to be
zero. The average temperature tends to remain between 26 and 29 ºC during the
year, which is expected in tropical regions. The average rainfall rate reaches around
1500 mm/year (see Fig. 2).

(a) (b) 

Fig. 1 a Wagon spillage observed beside the rail; b fouling material over sleeper surface
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3.2 Laboratory Tests

Samples of clean ballast, fouled ballast, wagons spillage, mud pumping on top of the
sleepers (Top-S), and subballast samples were collected from the track to perform
laboratory physical, chemical, and hydraulic characterization. Hydraulic description
was determined in laboratory and estimated from physical characteristics and equa-
tions from the literature. Figure 3 summarizes the grain size curves of the materials
from the track.

Ballast sampling was conducted according to ASTM [23]. Petrographic exam-
ination of ballast aggregates was performed according to ASTM [24]. Grain size
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distribution curves of fouled ballast were performed according to ASTM [25]. Grain
size curves of fouling materials smaller than 0.075mmwere performed using ASTM
[26] standard. Wagon spillage and sleeper top materials grain size curves were also
calculated. Subballast grain size analysis was conducted following ASTM [27].

To determine the percentage and composition of the real fouling components, X-
ray diffraction (DRX) and chemical analysis were performed. In addition, chemical
analysis of iron ore removed from the mine was also performed. The results showed
that material coming from wagon spillage was composed of hematite (90%) and
goethite (8%) which confirmed the presence of iron ore. Regarding fines material
collected on the sleepers, 43%, 36%, and 15% of albite, quartz, and hematite were
verified, respectively (see Fig. 4). This proves that such material was also originated
not only from iron ore, but also from ballast breakage and attrition since the ballast
material presented similar mineralogical origin (quartz, plagioclase, muscovite, and
opaque minerals). However, the chemical analysis showed that a high percentage
of iron was found only on wagon and mine samples, while material located on the
sleepers indicated a predominance of silicon dioxide (SiO2). Thus, thematerial on the
sleeper top was indicated to be the fouling material which passes mostly a 2.00 mm
sieve.

Atterberg limits (e.g liquid limit and plasticity index) of the fouling material and
subballast were determined based on ASTM [28]. From liquid limit (LL), plastic
limit (PL), and grain size distribution results, USCS and HRB soil classification
were carried out for subballast and subgrade characterization according to ASTM
[29] and ASTM [30], respectively. An expedite classification applied to tropical
soils was also performed with subballast material [31]. Atterberg limits and soil
classification results for the materials are shown in Table 1.

DNER-ME [32] or miniature compacted tropical (MCT) test was followed to
determine the dry unit weight of fouling material through compaction applying
proctor normal compaction energy.MCTmethodology requires the use of eachmate-
rial passing a 2.00 mm sieve, compacted in five specimens with 50 mm in height,
approximately, into the miniature mold different conditions below and above the
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Fig. 4 X-ray diffraction analyses results



Numerical and Experimental Study of the Unsaturated Hydraulic … 473

Table 1 Atterberg limits and soil classification of the materials

LL (%) PL (%) USCS HRD MCT

Subgrade 28.4 16.9 SC A-6 –

Subballast 30 17 SC A-2–6 LA′

Fouling material 15 NP – – –

optimum water content (see Fig. 5). Ballast bulk density and voids were determined
according to ASTM [33].

Hydraulic characterization of the subballast soil and foulingmaterial was based on
the determination of the saturated hydraulic conductivity (KSAT), soil/water retention
curves (SWRC), and hydraulic conductivity functions (HCFs). Fouling index and
VCI% of the ballast layer were calculated resulting in 33% and 63%, respectively,
corresponding to a high fouled ballast condition. Tennakoon et al. [22] state that VCI
values higher than 50% are related to a very poor drainage condition because fouling
starts governing the hydraulic behavior of the ballast layer. Thus, KSAT of the fouled
ballast was assumed to be fully completed by fines (Phases 2 and 3).

The KSAT of the subballast soil and fouling material were determined through a
variable head permeability test (VHP) which was developed for pavement purposes
for determining the saturated hydraulic conductivity of tropical soils [34]. Soil satu-
ration process was conducted through capillarity. Specimens were left in water reser-
voirs for 7 days. The saturation condition was assumed to be reached after a water
column attained a constant value above the soil samples surface. Physical indexes of
the saturated specimens were calculated after the VHP test to assure their saturation
condition. A weight was placed over the soil samples to prevent expansion and its
influence on KSAT values (see Fig. 5).

Nogami and Villibor [34] studied more than one thousand of different tropical
soils in Brazil for MCT classification purposes. The authors were compared both
HRB and MCT classification methods asserting that SC (clayey-sand) corresponded
to a LA’ type (sand or clayey-sand). This type of soil has a KSAT ranging from 10−4

to 10−8 cm/s around its optimum moisture content. Lopes [35] also studied a typical
LA’ soil from the region and determined its KSAT value and specific gravity (GS) as
1.22 × 10−6 cm/s and 2.667 g/cm3, respectively. Thus, KSAT and GS values of the
subgradematerial were assumed to be 1.2× 10–6 cm/s and 2.667 g/cm3, respectively.
Moulton’s [36] equation was used to predict the saturated hydraulic conductivity

(a) (b) (c) 

Fig. 5 VHP test for materials passing a 2.00 mm sieve: a compaction; b saturation; c test
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of the clean ballast layer, and its minimum value was assumed that obtained in
laboratory by Tennakoon et al. [6]. Table 2 summarizes all the physical and hydraulic
characteristics of the track materials such as porosity (η), void index (e), maximum
dry unit weight (γ d), optimum and saturated moisture content (wOPT and wSAT),
saturated volumetric water content (θSAT), GS , D60, D10, and KSAT.

The stiffening phenomenon of the fouled ballast layer was observed in situ consid-
ering the high number of accumulated traffic loads and the difficulty in excavating to
collect it. This occurred due to cementation and interlocking of fouling material with
ballast particles. Furthermore, fouling material is known to be not compacted in the
field but accumulated at the ballast–subballast interface over time. Thus, Menezes
[37] and Borges et al. [38] determined the minimum void index of iron ore material
(sinter feed) also passing a 2.00 mm sieve in the laboratory resulting in 0.71 and
0.72, respectively. As fouled ballast layer was under the load application point, the
compaction of the fouling material (sleeper top) in the laboratory through proctor
normal energy resulted in a void index of 0.5. Therefore, this value was assumed to
be equivalent to the fouling material compaction condition observed in the field.

3.3 Numerical Modeling (SEEP/W)

Thegeometric characteristics used in themodel developed considered a 0.30m fouled
ballast layer placed over a 0.20 m granular subballast and a compacted subgrade,
according to those observed in the track site. The water table was assumed to be
10 m based on in situ percussion drilling tests (PDT) results (i.e deepest water table
found). Moreover, we adopted the deepest water table scenario considering that the
track site is at a higher elevation, topographically. The track slope was assumed
to be 3% according to DNIT [39]. Hydraulic condition variation was investigated
at the fouled ballast layer. Point A (see Fig. 6) on the fouled ballast surface was
evaluated in terms of drainage and water balance while considering three different
fouled conditions (1, 2, and 3). Point B (0.20 m depth) was analyzed in terms of
suction variation in the subgrade (see Fig. 6).

To analyze railroad track geomaterials subjected to climate influence, a consti-
tutive relationship known as soil/water retention curve (SWRC) is considered. It
should be applied to describe the variation of suction pressure according to moisture
content over time. SWRC of all the track materials was determined according to
Aubertin et al.’s [40] equation (see Fig. 7a). This equation uses LL, D60 and D10

(diameter passing 60% and 10% of materials), and porosity values (see Eq. 1). The
D10 values of subgrade, subballast, and fouling material were also estimated from
Aubertin et al. [40], being assumed to be equivalent to typical sandy (0.009 mm) and
clayey soils (0.0001 mm), respectively.

Sr = θ

η
= Sc + S∗

a (1 − Sc); Sc = f (hco;ψ;m); Sa = f (ψr , ψ, hco) (1)
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Fig. 6 Model developed: points analyzed and different fouled conditions (HFB)

where Sr is the total saturation degree, S∗
a is the adhesion component, θ is the volu-

metric water content, η is the porosity, hco is the water capillary height in the soil,
m is the desaturation coefficient, ψ , ψr are the instantaneous and residual suction,
respectively.

SWCC is directly dependent on the hydraulic conductivity of the porousmaterials,
since the drier the material, the higher the suction and the discontinuity of the water
phase on it. This condition hampers water flow decreasing its hydraulic conductivity.
Thus, hydraulic conductivity functions (HCFs) were surveyed in the literature to
predict the hydraulic conductivity of soils under unsaturated conditions using SWRC
data [41]. HCFs of the track materials were calculated through Fredlund et al.’s [41]
equation, according to Geo-Slope [17] (see Fig. 7b and Eq. 2).

kw = ks

∑N
i=j

�(ey)−�(�)

eyi �′(eyi)
∑N

i=1
�(ey)−�s

eyi �′(eyi)
(2)

where kw is the conductivity calculated for a specified suction, ks is the saturated
conductivity, Θs is the volumetric water content, j is the least negative pore-water
pressure, N is the maximum negative pore-water pressure, Ψ is the suction corre-
sponding to the jth interval, i is the interval between the range of j to N, e is the
natural number 271,828, and Θ ′ is the first derivative of the Fredlund and Xing [42]
equation.

Finally, hourly local climate data were applied to simulate climate–track interac-
tion. The data were provided by the National Institute of Meteorology and Statistics
(INMET) such as solar radiation, rainfall, temperature, relative humidity, and wind
speed in 2019. Potential and actual evaporationwere calculated according to Penman-
Wilson’s [17] and Wilson et al.’s [11] equations, respectively, considering that the
soil temperature was the same as the air (see Eq. 3). In these analyses, only thewettest
and driest months (March–April and August–September) were applied to represent
the most extreme seasons (see Fig. 2).

qAE = 
q∗
n + γ Ea


 + γ

hs

; Ea = [2.625(1 + 0.146u)]pav

(
1

ha
− 1

hs

)

(3)

where ha is the relative humidity of the air, hs is the relative humidity of the soil, 

is the slope of the saturation vapor pressure verses temperature curve, q∗

n is the net
radiation in terms of water flow, γ is the psychrometric constant= 0.0665 kPa/C, u is
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the wind speed. To compute water flux and runoff on the track surface, the software
uses the fluid mass balance equation (see Eq. 4).

qI = qR + qP cosα + qE (4)

where qI is the infiltration, qR is the runoff, qP is the water flux due to rainfall,
qE is the evaporation, and α is the slope angle. Considering the possibility of water
ponding at any superficial node resulting from the infiltration applied, the pore-water
pressure is set to zero and the runoff was calculated through the runoff equation (see
Eq. 5).

qR = qapplied
I − qP cosα − qE (5)

where qapplied
I is the water infiltration applied.

4 Results and Discussions

A fouled track condition was simulated in a finite element model developed to eval-
uate the climate–track interaction over two extreme seasons. These seasons were
represented by months in the first and the second semester (wet and dry season,
respectively). The wettest month (March–April) of 2019 demonstrated that most of
the cumulative rainfall turned into runoff as well as high suction values in the fouled
layer after rainfall (see Figs. 8 and 9).

It was also observed was that only 16% of the total rainfall infiltrated into the
fouled ballast corresponding to a very poor track drainage condition. The results
confirm the highly fouled condition of the track section with the fouling material
reaching the top of the ballast layer as well as accumulation of rainfall water on its
almost impervious surface (see Fig. 1).

Furthermore, different levels of fouling were also analyzed considering the vari-
ation of the height of the fouled layer or the height of clean ballast at the top (see
Fig. 6). Thus, Figure 10 shows a comparison between a 0.20 m and a 0.30 m height
fouling layer. From the results, it could be noticed that track drainage capacity
increases as fouled ballast height decreases. Thus, water takes more time to be
drained from thicker fouled layers, which may contribute to deteriorating super-
structure components. However, the barrier formed against water infiltration in the
fouled ballast may still improve ballast mechanical behavior, considering that the
fouling material cementation (fines from ballast breakage and attrition mixed with
iron ore)may increase ballast stiffness and contribute to its hardening, as seen on-site.

Considering the driest month, nothing different was observed from the wettest
month, except that it rained only once during the whole season contributing to a
high suction fouled ballast condition. This condition turned fouled ballast a very
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low hydraulic conductivity layer due to its unsaturated condition (see Fig. 6b) and
whatever single rainfall event occurs, it will be turned into mostly in runoff and
evaporation, as shown in Fig. 11.

After analyzing the subgrade suction variation according to the level of fouling, it
could be observed that subgrade suction tends to be unchanged with and without the
fouled ballast layer due to a low KSAT value (1.2 × 10–8 m/s) (Fig. 12a). However,
if subgrade KSAT increases, such as 1.2 × 10−6 m/s, a slight increase in subgrade
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Fig. 12 Subgrade suction variation with time according to different level of ballast fouling:
a subgrade KSAT of 1.22 × 10−8 m/s; b subgrade KSAT of 1.22 × 10−6 m/s

suction can be noticed with the height of the fouled ballast layer. In addition, this
latter case shows that subgrade tends to be more sensitive to climate actions without
fouling material in the ballast layer (see Fig. 12b).

It can thus be asserted that 0.20 and 0.30mof the fouled ballast protected subgrade
againstmoisture content and suction pressure variation, consequently. In otherwords,
subgrade soil tends to be less exposed to climate in a fouled ballast conditionwith this
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type of fouling material, which may work as an alternative material for protecting a
relatively low KSAT subgrade under tropical climate. This may contribute to increase
subgrade suction values and to improve subgrademechanical behavior, consequently.
This calls attention to investigate the range of fouling that would concurrently have
a beneficial effect for the ballast layer and subgrade soil. It should be highlighted
that these results were generated for these railroad environmental and operational
conditions.

5 Conclusions

This research aimed to better understand the hydraulic behavior of a ballast layer
highly fouled with iron ore subjected to tropical climate conditions over the year. Its
hydraulic behavior was analyzed through on-site inspections, laboratory tests, and
numerical simulations.

• Physical, chemical, and hydraulic analyseswere performed to characterize ballast,
fouling material, subballast, and subgrade. The results showed that the fouling
material is mostly composed of quartz, albite, and hematite indicating not only
iron ore but also ballast particle breakage and attrition. Afterward, hydraulic tests
showed very low permeability values for the fouling material and high suction
values in the fouled ballast layer. This explains the high amount of water accu-
mulated on the fouled ballast surface in the field as well as pumping of fines
with water and attrition during trains passages.

• The results from laboratory tests were used to simulate the impact of real climatic
conditions on the drainage and hydraulic behavior of a fouled ballast. Hourly
climatic data were referred to two extreme weather conditions over 2019, corre-
sponding to March–April (wet season) and August–September (dry season). The
results revealed that most water from rainfall events turned into runoff and evap-
oration, which explains water accumulation in the real track for wet seasons,
characterized by a very poor track drainage. Infiltration events were observed to
be very low, around 16% of the total rainfall maintaining high suction values in
the ballast voids.

• Analyses of different levels of fouling considering fouled layer thickness demon-
strated that the lower the fouled layer is, the faster and more efficient the track
drainage is. In addition, subgrade suction tends to increase as the amount of fouled
ballast increases due to its protection against climate actions. However, the
thickness of this type of fouling material that could concurrently contribute to
enhancing subgrade and ballast behavior is not known and should be studied. The
driest season demonstrated to contribute to an impervious fouled ballast due to
its unsaturated condition. To conclude, the prediction and analysis of a railroad
track profile under the influence of changes in climate could be well performed
by the developed model of this research based on field inspections.
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Laboratory Study on Frost Heave
of Ballast

Feng Guo, Yu Qian, Yi Wang, Dimitris C. Rizos, and Yuefeng Shi

Abstract Frost heave is a long-recognized issue contributing to the railway track
upheaval in cold regions. Generally, frost heave is believed to happen in the subgrade
layer of transportation infrastructure, referred to as the volume expansion of frozen
soils, which are susceptible to frost action with the presence of moisture. The aggre-
gate layer, such as highway base course or railroad ballast, is believed not to be
prone to the frost heave due to its large void ratio and low capability to hold moisture
content. However, recent reports around the world, such as Norway, USA, China,
and Japan, etc., indicate the frost heave does happen in the ballast layer even when
the moisture content is low. Existing literatures, which often believe track upheaval
should not happen on aggregate like ballast, cannotwell explain the recently observed
phenomenon. In this study, the researchers conduct a series of laboratory experi-
ments aiming to identify the possible reason that cause ballast frost heave in a well-
controlled environment. Clean ballast is prepared with different moisture conditions,
including half submerged condition and fully submerged condition. The growth of
ice and movement of particles are tracked and qualified through image analysis. The
findings from this study provide evidence to prove the effect of ice formation on
ballast and would help to explain the root cause of ballast frost heave.
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Keywords Ballast · Frost heave · Laboratory experiment · Volume expansion

1 Introduction

Frost heave is the process by which the freezing of water-saturated soil causes the
deformation and upward thrust of the ground surface [1]. Typically, in the winter, the
detrimental effects of frost heave on infrastructure can be upward swelling of the soil,
deformation of ground surface, and longitudinal cracks in the center of pavements.
The scientific study of frost heave in the soil can be traced back to the 1920s. Taber [2]
firstly described the mechanics of frost heave and showed that vertical displacement
in soil is due to ice lens segregation, therefore disproving the early hypothesis that
frost heave is caused by a simple phase change of pore water to ice phase. Akagawa
and Kodama [3] reported frost heave may happen in porous materials such as soil,
porous rock, and weathered mortar. Beskow [4] contributed to the early research
of frost heave with his conclusion that there is a similarity between unfrozen water
content during soil freezing and residualwater content encountered during soil drying
which encouraged other researchers working on the water transport in frost heave.
Bronfenbrener [5] summarized that generally there are three necessary conditions
for frost heave to occur: (1) frost susceptible soil, (2) availability of water, and (3)
freezing temperatures. Apart from the mentioned research, there is a considerable
number of mathematical models have been established to explain the mechanism of
frost heave in frost susceptible soils [5–7]. However, frost actions in coarse-grained
soils such as ballast and sand are often ignored not only because they have long been
recognized as non-frost susceptible, but also because their water content is typically
very low, and their location is usually above the groundwater table. Therefore, in
the past decades, researchers and engineers from Finland, Sweden, and other cold
regions widely used coarse sand and gravel barriers as a separation layer to mitigate
and stop frost heave in the roads and railroads [8, 9]. Ironically, recent studies on
the railway track in China observed widespread frost heave in railway embankments
that occurred in clean ballast where the water content was low. Note the groundwater
table was lower than the coarse fill layers, and the frost region within coarse fills did
not reach the ballast layer [10]. Besides, Akagawa in Japan found the ballast layer
may heave if the moisture condition is favorable since the ballast layer may contain
susceptible fines that come from the surrounding environment but not crushed ballast
[11]. Unfortunately, themechanism of frost heave happening in the clean ballast layer
remains unclear.

To investigate the ballast frost heave behavior, a series of laboratory experiments
in a well-controlled environment were performed. Images were taken for recording
and analyzing any changes before and after freezing the ballast layer under different
moisture conditions. Results confirmed the frost heave does happen in ballast layer
under different moisture levels and needs to be considered for track design and
maintenance.
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2 Laboratory Experiments

2.1 Test Materials

Two kinds of materials were used to perform the freeze test in the laboratory,
clean ballast, and clean sand. Specifically, the ballast was a granite type 100%
crushed aggregate. The grain size distribution of the ballast satisfies the American
Railway Engineering and Maintenance-of-Way Association (AREMA) Manual of
Engineering (MOE) [12] No. 4 gradation requirements (see Table 1 and Fig. 1). The
sands used in this study were engineered materials manufactured by the Unimin
Corporation with the uniform grain size distributions, 2 mm for the yellow sand, and
0.5 mm for the purple sand, respectively. All the ballast and sands were washed first
and then dried in the oven at 160 °C for 12 h. Materials were stirred during the drying
process to ensure they were thoroughly dried. This process ensures all the materials
were clean and dry.

2.2 Sample Preparation

An acrylic cylinder with of which size is 30.48 cm outside diameter (OD× 29.85 cm
inside diameter (ID) × 30.48 cm height was used as a container to hold ballast or
sand. The Midea WHS-258C1 single door chest freezer with a temperature range
between− 12 and− 28 °Cwas used to freeze all materials together with the cylinder.
For all the tests in this study, the temperature of the freezer was controlled at− 15 °C
and double checked with another portable thermometer before putting any samples
into the freezer and during the specimen freeze period.

Each ballast sample was prepared with 10 kg of clean dry aggregates and
compacted slightly to avoid scratches and damaging of the cylinder wall. All the
samples were prepared to the void ratio of 0.70, given the specific gravity of the
granite was 2.75 g/cm3. The level of the top of each sample was checked with the
compaction plate. Due to the particulate nature of the aggregate, note the top of each
sample would not be smooth.

Each sand sample was prepared with 8 kg of clean dry yellow sands and 1 kg of
clean dry purple sand. Yellow sands were poured into the cylinder first as the bottom
layer with light compaction and smooth the top first, and then purple sands were
poured into cylinder later as the top layer with light compaction and smooth the top.
All the samples were prepared to the void ratio of 0.6 for the bottom layer and 0.4
for the top layer, given the specific gravity of the sand was 2.65 g/cm3.

After each sample was prepared, the sample image was taken, and the top surface
contour of the sample was lightly marked with a pencil on the acrylic surface. Each
samplewas then carefully placed into the center of the freezer to avoid uneven thermal
field. After each specimen was held in the freezer for 24 h, it was gently taken out
from the freezer and immediately checked for any volumetric changes. Images of
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Fig. 1 Ballast gradation in frost heave test

Fig. 2 Steps for laboratory experiment

the samples were taken right after wiping out any surface moisture on the outside of
the acrylic wall. Figure 2 shows the detailed test steps.

3 Results and Discussion

3.1 Cylinder Freeze Test

To ensure the acrylic cylinder is water-tight and have enough stiffness without any
substantial deformation during the freezing stage. A trial test was performed with
just water and the cylinder. A total of 3500 ml water was poured into the cylinder
which corresponding to 5 cm deep of water in the cylinder. The height and ID of the
cylinder were averaged to be 30.5 and 30 cm from four measurements with a caliper
before the freezing test.

After 24 h inside of the freezer with a temperature of − 15 °C, the cylinder was
taken out and checked any possible changes in the geometry. The diameter and height
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of the acrylic cylinder were averaged as 30.5 and 30 cm with four measurements at
the same location before the freezing test. Thus, nomajor deformation of the cylinder
was observed. The water volume was double checked to be 3493 ml after the ice
completely melted. The slightly difference was possible due to the handling and
residual moisture on the bottom and surface of the acrylic cylinder. It was believed
that the test setup was suitable for measuring potential volumetric changes with the
results obtained from the control test. The cylinder condition is different from what
a ballast layer would experience in the field. However, the purpose of this laboratory
test is to investigate if the ice would just grow within the voids between the particles
without disturbing the aggregate assembly or the ice would also push the aggregates
away from their original positions during the phase changing. During the laboratory
test, it was found that the freezing occurred initially on the top surface and then
moved downward to the bottom, and this could attribute to the heat isolation effect
of the acrylic glass and the wood base of the cylinder.

3.2 Ballast Freeze Test

Four groups of ballast test were performed with the prepared ballast, water, and
the cylinder. For fully submerged tests, a total of 8500 ml water was poured into
the cylinder which corresponding to 12 cm deep of water in the cylinder for each
specimen. For half submerged tests, a total of 4250 ml water was poured into the
cylinderwhich corresponding to 6 cmdeep ofwater in the cylinder for each specimen.
Before freezing, there were four measurements of the height and inner diameter of
the cylinder by using a caliper.

It was confirmed that the height and inner diameter of the cylinder were averaged
to 30.4 and 30 cm. After 24 h inside of the freezer with a temperature of − 15 °C,
the cylinder was taken out and checked any possible changes in the geometry. The
diameter and height of the acrylic cylinder were averaged as 30.4 and 30 cmwith four
measurements at the same location after the freezing test. Thus, nomajor deformation
of the cylinder was observed. It was believed that the test setup was suitable for
measuring potential volumetric changes with the results obtained from the ballast
test.

3.3 Sand Freeze Test

Four groups of sand testwere conductedwith dried clean sand,water, and the cylinder
under fully submerged condition. For fully submerged tests, a total of 2535 ml water
corresponding to 8 cm in bottom layer was poured into cylinder after the bottom
layer was prepared and smoothed in each sample. To avoid the disturbance of the
top layer, we did not pour water into the top layer. Instead, water was slowly release
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from the side wall. Before freezing, there were four measurements of the height and
ID of the cylinder by using a caliper.

It was confirmed that the height and ID of the cylinder were averaged to 30.5 cm
and 30 cm. After 24 h inside of the freezer with a temperature of − 15 °C, the
cylinder was taken out and checked any possible changes in the geometry. The
diameter and height of the acrylic cylinder were averaged as 30.5 cm and 30 cm
with four measurements at the same location after the freezing test. Thus, no major
deformation of the cylinder was observed. It was believed the test setup was suitable
for measuring potential volumetric changes with the results obtained from the sand
test.

To prove that these vertical displacements are not purely caused by the water
freeze, we performed the comparison test in the control group. In Fig. 3, there is no
obvious change or swelling happening indicating the frost heave does occur in the
ballast material under half submerged and fully submerged conditions.

Figures 4 and 5 demonstrate the changes for the ballast material with half
submerged and fully submerged conditions before and after the freeze. It is clear

Fig. 3 Cylinder freeze test

Fig. 4 Ballast freeze test with half submerged condition
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Fig. 5 Ballast freeze test with half submerged condition

to find that after freeze, there are clear swellings toward bottom in both conditions.
But the extent of swelling in the half submerged condition is 0.7 cm which not as
large as the swelling in fully submerged condition which is 1.1 cm. It should be
mentioned that the swelling direction toward bottom indicating the temperature on
the bottom is colder than the top. It is reasonable since the refrigerator is at the bottom
of the chest freezer.

Figure 6 shows the changes for the sand with fully submerged condition before
and after the freeze. It is clear to see that there is obvious separation after freeze
with a fully submerged condition. The crack in the yellow sand layer has a width
of 0.2 cm and a length of 6 cm. Since sand and ballast are solid particles with less
absorption ability, the preconceived opinion that they cannot have frost heave in here
is not supported in our case. Under certain moisture conditions, the frost heave does
happen in ballast material.

Fig. 6 Sand freeze test
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4 Conclusion

This study aims to investigate the potential frost heave in clean ballast. Ballast and
sand samples with different water levels were prepared and frozen in a controlled
laboratory environment. With the limited results obtained from the laboratory, the
following conclusions can be drawn:

• Image tracking proves there are vertical displacements on the half merged and
fully merged ballast particles.

• Volume expansion of water does not only cause ice to grow into the voids but also
pushes particles away

• Sand layer may heave under fully submerged condition
• Ballast layer may heave under certain moisture conditions
• Frost heave may occur on the solid particles that have low moisture absorption

capability
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Study of the Influence of Rainwater
on the Railway Track

Luisa Carla de Alencar Menezes ,
Antonio Carlos Rodrigues Guimarães , and Carmen Dias Castro

Abstract It is a common practice to use traditional criteria in the selection of mate-
rials in railway paving projects as well as the use of optimum moisture in pavement
design through the California Bearing Ratio (CBR) method. However, variations in
the weather can change the conditions of the infrastructure components over time,
especially of the railway tracks since they have no coating and thus are exposed to
the elements. These criteria, based only on the mechanical behavior of materials,
are not adequate to evaluate the tropical soils and their hydraulic behavior so that
soils with good performance can be discarded if more efficient criteria of analysis
are not adopted. Therefore, the main objective of this research is to evaluate the
variation of humidity over time in the railway platform when subjected to the action
of rainwater for five different soil types when used in the sub-ballast layer, from the
numerical–experimental analysis, considering as reference case the infrastructure of
the Carajás Railway. For this purpose, tests were carried out on the HYPROP and
WP4-C equipment in order to obtain the retention and hydraulic conductivity curves
of the studied soils. The hydraulic functions in questionwere performedwith the help
of the IVFlow program and the input parameters such as section type, precipitation
of the region, as well as the van Genuchten hydraulic model as a constitutive model.
The results revealed that sample 1 (LS) has the best performance in the presence
of water and is suitable for employment in the sub-ballast layer. The other samples
presented unsatisfactory results.

Keywords Railway track ·Moisture · Soil

1 Introduction

It is known that in order to achieve a good development in paving projects as well as
a consistent mechanistic analysis, one must take into account, among other climatic
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factors, temperature and rainfall. A different rainfall entails a variation of moisture
in situ and, therefore, affects the strength and module of the pavement.

The module of the materials is affected by its physical state; therefore, it is influ-
enced by the moisture content of the material. Several studies have shown that mois-
ture changes after compaction promote relevant changes in the module of resilience
[1–4].

The study in question has relevant application in the railway sector, considering
that the tracks do not have the coating protection, thus becoming more susceptible to
the action of precipitation. The effect in the degradation of tracks is observed in situ,
but little is known about how the variation ofmoisture from rainfall occurs. Currently,
the railway with higher volume transported is the Carajás Railway (EFC), which is
located in a region of high rainfall and high temperatures; that is, the platform is
constantly exposed to inclement weather which causes premature wear of the track,
once the water accelerates the degradation process of the permanent way.

In regionswith tropical climate, for sub-ballast material, lateritic soil is commonly
applied. This type of soil is common in these regions; however, theAREMAstandard,
which guides the design of railway pavements, recommends the use of stonematerials
as sub-ballast material, according to the characteristics of foreign railways. Thus,
one realizes the importance of the study and inclusion of new selection criteria more
appropriate to the reality of tropical regions.

Unlike stone materials, the lateritic soil is sensitive to the action of water and
its percolation may compromise the railway platform, causing a decrease of the
resilient module as well as permanent deformations. In this way, it is consistent that
the analysis of the soil water behavior, taking into consideration its permeability,
composes the set of criteria for the selection of materials to be used in the rail
pavement.

2 Theoretical Foundation

For the theoretical foundation of this study, the following concepts were addressed:

2.1 Railway Infrastructure

According to [5], the railway can be divided into two basic subsystems: the rolling
stock and the permanent way, which encompasses the railway infrastructure and
superstructure.

The railway infrastructure, focus of this study, is composedby the railwayplatform
which is composed of leveling, drainage systems, special structures and flyovers and
tunnels.

The railway platform is composed of rail, sleeper, equipments for direct fixation of
the rails to the sleepers, ballast, sub-ballast and subgrade. These layers, according to
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[6], make up the rail pavement. The term “rail pavement” was first used by Professor
Jacques deMedina, of COPPE/UFRJ, to distinguish the successive layers that consti-
tute the permanent railway and that work in an integrated way [7]. Its function is
to receive the loads from the rail traffic in order to limit the damage to acceptable
levels.

2.2 Retention Curve

The characteristic curve, retention curve or even suction curve of a soil is described
by the suction ratio due to the saturation degree, volumetricmoisture content or gravi-
metric moisture content. The mathematical equation commonly used for retention
curves is the equation of [8].

θ = 1
[
1+ (αψ)n

]1− 1
n

(1)

The coefficients of this curve relate to different soil properties. Prior knowledge of
the retention curve is of fundamental importance for the analysis of the non-saturated
soil behavior. Once known the retention curve of a given soil, it is possible to derive
the conductivity curve of the material.

3 Methodology

This research is part of an agreement called “Studies for Review of Design Criteria
of the Permanent Way,” signed between Military Institute of Engineering (IME) and
VALE S.A. in order to evaluate the criteria for selection of materials and assumptions
of sizing practiced currently in railway engineering projects. In general, these criteria
are based on international studies and, therefore, are not directed to the Brazilian
conditions and peculiarities.

For such, 53 samples were collected along EFC in order to perform an analysis
concerning its applicability as a layer of rail pavement. According to [8], at the time
of collection, one searched for materials that visually would not meet the design
criteria, if the traditional methods of selection were considered. However, if more
modern methods were used, they could exhibit good behavior.

As a methodology of this study, the following steps were followed: collection of
samples, experimental step and numerical modeling as shown in Fig. 1.

Five types of soils and their applicability in the sub-ballast layer of the railway
platform from the point of view of the hydraulic behavior of the pavement were
studied. However, there will be described in this article the full results for samples 1
and 4, which presented more relevant results.
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Fig. 1 Research flowchart
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Sample 1, also knownas sample 26, is a thick sandy soil, as visual description at the
time of collection, taken at the foot of a slope present at the site of the duplication. The
soil was identified by [9] as lateritic sand (LS) according to theMTC classification. In
accordance with the creators of this methodology, the soils classified as LS and LS’
would be the most recommended to be used in road works and present the following
characteristics as shown in Tables 1 and 2.

Applying the criteria laid down by [10], sample 1 would be disapproved once
it does not meet the granulometry ranges and value of physical indexes recom-
mended in the standards traditionally adopted. The grain size distribution (%) and the
geotechnical characterization of all samples are shown in Tables 3 and 4, respectively.

Table 1 Granulometric composition of sample 1

Granulometric composition (%)—sample 1 (LA)

Clay Silt Sand Gravel

Fine Medium Coarse

9.95 6.75 9.2 57.38 9.75 6.97

Table 2 Geotechnical characterization of sample 1

Geotechnical characterization—sample 1

Energy Compaction Physical indexes

W optimum
(%)

MEAS
(g/cm3)

DR LL (%) LP
(%)

IP (%)

Intermediate 6 2.07 2.65 17.5 NP 17.5
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Table 3 Grain size distribution of studied samples

Grain size distribution (%)

Clay Silt Sand Gravel

Fine Medium Coarse

Sample 1 9.95 6.75 9.2 57.38 9.75 6.97

Sample 2 39.2 57.48 3.32 0 0 0

Sample 3 7.43 0.25 83.37 8.9 0.02 0.04

Sample 4 6.69 21.24 70.62 1.45 0 0

Sample 5 22 17 37 21 1 2

Table 4 Geotechnical characterization of studied samples

Geotechnical characterization

Energy Compaction Physical indexes

W optimum
(%)

MEAS
(g/cm3)

DR LL (%) LP
(%)

IP (%)

Sample 1 Intermediate 6 2.07 2.65 17.5 NP 17.5

Sample 2 Intermediate 15.4 1.67 2.71 35.5 0 35.5

Sample 3 Intermediate 6 1.92 2.62 29.4 19.9 9.5

Sample 4 Intermediate 15.4 1.74 2.66 NL NP NP

Sample 5 Intermediate 16 1.76 2.64 27 10 17

3.1 Experimental Step

Initially, in order to obtain the required parameters for numerical simulation, it was
necessary to obtain the characteristic curve and the conductivity curve of the soil
of the studied samples. For this, initially, the material available was sieved and the
fraction retained on sieve nº 10 (2 mm opening) was discarded, as the equipment
HYPROP andWP4-C used for obtaining the hydraulic functions do not allow towork
with a higher granulometry material. It was admitted as a basis for such, the claim
of [5] that the nature of the fine fraction determines the soil behavior to resilience.

At the Laboratory of Geotechnical in COPPE/UFRJ—Section of Environmental
Geotechnics, tests were held for obtaining the retention curve and the conductivity
curve of the sample using the HYPROP equipment. The procedure for carrying out
the test was conducted as advocated in the device manual.

The HYPROP equipment has its optimal measuring range restricted between the
voltage values from 0 to 1000 cm of the water column. However, it was observed
the need of obtaining additional points for a better delineation of the retention curve
obtained in HYPROP.

With the completion of tests in the WP4-C equipment, it was possible to obtain
points from 1000 to 1000,000 cm of the water column, optimal measuring range of



498 L. C. de Alencar Menezes et al.

Table 5 Properties of sample
1

Hydraulic properties

Hydraulic saturation property (cm/h) 0.0099

Saturation humidity (m3/m3) 0.2946

Residual humidity (m3/m3) 0.1817

General information

Optimal gravimetric moisture (%) 6

Specific dry soil mass (Kg/m3) 2070

Water density (kg/m3) 1000

the apparatus. The analyses have been carried out at Embrapa Solos—CNPS, located
in the city of Rio de Janeiro—RJ.

3.2 Numerical Modeling

The second step of the study consisted in numerical modeling with the aid of a
software simulation of water infiltration in the railway platform, IVFlow, which uses
the finite element method for the solution of Richards equation, that governs the
process of transient infiltration of the water in the soil, developed in partnership
between the Military Engineering Institute (IME) and VALE S.A.

To build the model were used as parameters of the section values that represent
the EFC infrastructure. The conditions for precipitation considered were selected
from the program database when selected the study region. The multi-linear option
for the hydraulic model was selected, in which the hydraulic functions obtained
experimentally fit, as shown in Tables 5, 6, 7, 8, 9, 10, 11 and 12 (Tables 13 and 14).

4 Analysis of Results

4.1 Retention Curve

The test performed with sample 1 in HYPROP equipment showed its retention curve
adjusted in HYPROP-FIT program by the model of Fredlung-Xing bimodal (Fig. 2),
option among the five models available that provided better adjustment.

Including the complementary points from the test in WP4-C in the HYPROP-FIT
program, a new curve was obtained, which aspect is shown in Fig. 3.

The same procedure was made with sample 5. HYPROP equipment showed
its retention curve adjusted in HYPROP-FIT program by the model of Fredlung-
Xing unimodal (Fig. 4), option among the five models available that provided better
adjustment.
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Table 6 Data of the constitutive multi-linear model of sample 1

Redemption curve Conductivity curve

Pressure (cm) Volumetric moisture
(m3/m3)

Pressure (cm) Hydraulic conductivity
(cm/h)

0.00000 0.2946 0 0.0099

− 2.8184 0.2946 − 29.9916252 0.009995137

− 8.2985 0.2913 − 36.4753947 0.0099328005

− 15.9221 0.2844 − 44.874539 0.006757542

− 21.0378 0.2738 − 57.0164272 0.004263721

− 26.5461 0.2588 − 79.7994687 0.001948896

− 31.7687 0.2447 − 126.765187 0.002040745

− 1000 0.1352 − 245.470892 0.00165878

− 5370.31796 0.0741 − 515.228645 0.000954528

− 12,022.6443 0.0350 − 805.378441 0.002136922

Table 7 Properties of sample 2

Hydraulic properties

Hydraulic saturation property (cm/h) 0.0011

Saturation humidity (m3/m3) 0.4851

Residual humidity (m3/m3) 0.1822

General information

Optimal gravimetric moisture (%) 15.4

Specific dry soil mass (Kg/m3) 1670

Water density (Kg/m3) 1000

Table 8 Data of the
constitutive multi-linear of
sample 2

Redemption curve Conductivity curve

Pressure (cm) Volumetric
moisture
(m3/m3)

Pressure (cm) Hydraulic
conductivity
(cm/h)

0.00000 0.2946 0.0000 0.0011

− 13.2130 0.2946 − 13.2130 0.0060

− 65.3131 0.2913 − 65.3131 0.0025

− 96.8278 0.2844 − 96.8278 0.0015

− 91.6220 0.4746 − 91.6220 0.0010

− 157.7611 0.4695 − 157.7611 0.0010

− 202.3019 0.4641 − 202.3019 0.0012

− 1230.2688 0.4197 − 289.7344 0.0009

− 5370.3180 0.3464 − 427.5629 0.0026

−
14,454.3977

0.18822 − 574.1165 0.0069
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Table 9 Properties of sample 3

Hydraulic properties

Hydraulic saturation property (cm/h) 0.0013

Saturation humidity (m3/m3) 0.4907

Residual humidity (m3/m3) 0.0685

General information

Optimal gravimetric moisture (%) 6

Specific dry soil mass (Kg/m3) 1.92

Water density (Kg/m3) 1000

Table 10 Data of the
constitutive multi-linear
model of sample 3

Redemption curve Conductivity curve

Pressure (cm) Volumetric
moisture
(m3/m3)

Pressure (cm) Hydraulic
conductivity
(cm/h)

0.00000 0.4907 0.0000 0.0013

− 4.4157 0.4827 − 2.9923 0.0417

− 41.2098 0.4736 − 4.3752 0.0417

− 95.9401 0.4618 − 4.3551 0.0048

− 171.7908 0.4448 − 45.1856 0.0056

− 262.4219 0.4256 − 138.9953 0.0079

− 395.3666 0.4001 − 231.7395 0.0047

−
19,498.4460

0.2283 − 341.1929 0.0008

−
69,183.0971

0.1576 − 644.1693 0.0002

−
89,125.0938

0.0685 − 264.8500 0.0001

Table 11 Properties of
sample 4

Hydraulic properties

Hydraulic saturation property (cm/h) 0.0074

Saturation humidity (m3/m3) 0.3662

Residual humidity (m3/m3) 0.0621

General information

Optimal gravimetric moisture (%) 16.5

Specific dry soil mass (kg/m3) 1730

Water density (kg/m3) 1000
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Table 12 Data of the constitutive multi-linear model of sample 4

Redemption curve Conductivity curve

Pressure (cm) Volumetric moisture
(m3/m3)

Pressure (cm) Hydraulic conductivity
(cm/h)

0.00000 0.3662 0.0000 0.0074

− 5.0119 0.3642 − 5.0119 0.00776

− 1.0917 0.3575 − 11.0917 0.00831

− 25.9418 0.3464 − 41.5911 0.00812

− 49.6592 0.3316 − 63.6796 0.00457

− 67.6083 0.3143 − 71.9449 0.00513

− 76.9130 0.2856 − 89.1251 0.00162

− 2570.3958 0.1190 − 127.9381 0.00048

− 3019.9517 0.1528 − 264.2409 0.00014

− 645.6542 0.0621 − 642.6877 0.00003

Table 13 Properties of sample 5

Hydraulic properties

Hydraulic saturation property (cm/h) 0.00417

Saturation humidity (m3/m3) 0.3849

Residual humidity (m3/m3) 0.1235

General information

Optimal gravimetric moisture (%) 16

Specific dry soil mass (kg/m3) 1760

Water density (kg/m3) 1000

Table 14 Data of the
constitutive multi-linear
model of sample 5

Redemption curve Conductivity curve

Pressure (cm) Volumetric
moisture
(m3/m3)

Pressure (cm) Hydraulic
conductivity
(cm/h)

0.00000 0.3849 0.0000 0.0417

− 5.0119 0.3845 − 2.5293 0.00513

− 1.0917 0.3794 − 2.9648 0.00831

− 25.9418 0.3749 − 4.6666 0.00812

− 49.6592 0.3701 − 8.3946 0.00457

− 67.6083 0.3643 − 18.8365 0.00513

− 76.9130 0.2135 − 34.3558 0.00162

− 2570.3958 0.1764 − 76.3836 0.00048

− 3019.9517 0.236 − 167.8804 0.00014

− 645.6542 0.0621 − 308.3188 0.00003
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Fig. 2 Sample 1 retention curve obtained in HYPROP

Fig. 3 Sample 1 retention curve obtained in HYPROP 1 and in WP4-C

Including the complementary points from the test in WP4-C in the HYPROP-FIT
program, a new curve was obtained, which aspect is shown in Fig. 5.
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Fig. 4 Sample 4 retention curve obtained in HYPROP

Fig. 5 Sample 4 retention curve obtained in HYPROP 1 and in WP4-C

4.2 Simulation

Oncehaving the hydraulic functions of the samples, itwas possible to analyze through
the IVFlow program their behavior when employed in the sub-ballast layer of the
rail pavement subject to the action of rain. The tool provides results through spatial
distribution in a given moment (Figs. 6, 7 and 8), temporal graph for a determined
point and report summary.
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Fig. 6 Volumetric water content at t = 0 (sample 1)

Fig. 7 Volumetric water content at t = 10 min (sample 1)

Fig. 8 Volumetric water content at t = 3 h (end of simulation/sample 1)
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The program generated initially a temporal graph of volumetric water content (t
= 0). Based on the outputs provided by the program, moisture was detected from the
sub-ballast layer that presented a moisture content of 22.65 m3/m3, that is, around
3.3% below the saturation moisture and 4.95% above the optimum moisture of the
material.

This initial high moisture can be attributed to the infiltration of groundwater by
capillary rise, once in the construction of the model it was assigned a water level of
2.6 m and before the precipitation that would be the only possibility of action of the
water on the pavement. Realized this situation, the simulations were repeated now
assigning a water level of 10 m. However, the layer remained with the same initial
moisture content.

Based on the outputs provided by the program, it was detected that the moisture
from the sub-ballast layer, when constituted by sample 1, reached amaximumcontent
of 8.2% above the optimum content; that is, the action of rain caused an increase of
3.3% of this content, given that layer already presented a moisture 4.95% above the
optimum before the beginning of the simulation. It was also identified that 100% of
the layer has suffered a moisture variation greater than 3% in relation to the optimum
moisture.

For sample 4 based on the chart, it was possible to verify that before the action
of the environment, the sub-ballast layer presented a moisture content that is around
9.6% below the saturation moisture and 4.9% above the optimum moisture of the
material. Results for sample 4 through spatial distribution in a given moment are
shown in Figs. 9, 10, 11, 12 and 13.

Once the simulation started, subjecting the pavement to the action of the environ-
ment for 10 min, the moisture content of the exposed interface increased to 2.4%
below saturation, and the other regions did not change their humidity. It was posible
to see the advance of the moisture fringe on the railway track (Fig. 10).

Fig. 9 Volumetric moisture: t = 0 h
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Fig. 10 Volumetric moisture: t = 10 min

Fig. 11 Volumetric moisture: t = 30 min

Fig. 12 Volumetric moisture: t = 1 h and 30 min
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Fig. 13 Volumetric moisture: t = 3 h

At 30 min of rain, the moisture at the exposed interface of the sub-ballast and in
the border range with the ballast reaches the saturated moisture. The interior of the
layer retains its moisture content unchanged (Fig. 11).

Similarly, to the other simulations there was no change in the moisture of the
sub-ballast between 30 min and 1 h and 30 min of rain (Fig. 12).

After 3 hours of simulation up to 2.5% reduction in moisture at the top of the
layer was observed. The remaining fractions remained at the initial levels.

The IVFlow outputs showed that sample 4 reached a maximum moisture content
of 4.65% above the optimum content. Therefore, there was an increase of 9.55% in
themoisture content of the sub-ballast that can be attributed to the action of rainwater.
The tool also returned that only a fraction of 5.3%of the layer had amoisture variation
greater than 1% in relation to the optimum moisture. The output data provided by
the program are shown in Table 15.

Table 15 Output data provided by the program

Sample Layer Minimum moisture
(m3/m3)

Maximum moisture
(m3/m3)

Optimum moisture
(m3/m3)

Sample 1 (LA) Sub-ballast 0.225 0.295 0.124

Sample 2 Sub-ballast 0.469 0.485 0.257

Sample 3 Sub-ballast 0.448 0.491 0.084

Sample 4 Sub-ballast 0.189 0.366 0.285

Sample 5 Sub-ballast 0.346 0.385 0.282
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5 Conclusion

From the numerical analyses, it was realized that at the beginning of the simulations,
before the action of rain, all samples showedmoisture above optimum, except sample
4, which preliminarily presented a moisture content of 4.9% below optimum. This
behavior can be assigned to the influence exerted by the water level, once in the
initial condition the pavement suffers only the action of the groundwater infiltration.

Samples 1 (LS) and 4 (LS’) were less susceptible to the water-level influence.
The others exhibited initial moistures very close to the saturation content that would
lead them to significant changes of resilience module and, therefore, permanent
deformations.

Starting from the initial moisture content provided by the program and also using
as a criterion the elevation of moisture from the initial conditions, we observed that
sample 1 showed better performance, that is, lower elevation of moisture after the
action of rain in relation to sample 4. This one had an increase of 9.55%, while the
other ranged 3.25% in its content.

Sample 1 also presented low permeability, desirable property to the sub-ballast
to behave like a waterproof layer protecting the subbase. Its lateritic character
contributes to its applicability due to the formation of rigid blocks, a typical laterite
behavior, giving greater capacity to support the pavement. Considering the analysis
of hydraulic behavior, we can conclude that the soil of sample 1 is able to compose
the rail pavement, even not meeting the traditional criteria practiced nowadays.
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Predicting the Stability of Riverbank
Slope Reinforced with Columns Under
Various River Water Conditions
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Abstract A numerical analysis on the stability of soil–cement column-reinforced
riverbank along a river delta region in Viet Nam is presented in this paper. The
numerical analyses based on the limit equilibrium method (LEM) were performed
to assess the safety factor of the column-reinforced riverbank system under various
river water level (RWL) conditions. Several factors influencing the riverbank slope
stability including the position, length, quantity of soil–cement columns, and RWL
changes were investigated. The simulated results showed that the riverbank stability
is improved with an increase in the column quantity and the column length when
subjected to a constant RWL. Moreover, the predicted results by LEM indicated
that the column location and the RWL change significantly influence the stability of
riverbank with column reinforcement. The column location between the middle and
the slope toe had a significant improvement of the riverbank slope stability, where an
initial drawdown of RWL resulted in a notable reduction of the riverbank slope safety
factor. These factors should be taken into consideration in the design of a riverbank
slope, reinforced with columns, under variable RWL. It is worth mentioning that the
use of soil–cement column-reinforced riverbank could be a practical and possible
engineering countermeasure to prevent a steep riverbank slope under RWLvariations
from sliding failure.
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1 Introduction

Soil stability analysis has been a great challenge to geotechnical engineers because
the geotechnical structures are complex, involving a complicated soil–structure inter-
action. Slope failure due to some influential factors consisting of a rapid drawdown of
water levels [1, 2], excess soil movement when subjected to larger external loads [3],
uncertainty of soil properties [4], threatens human life and their properties. To main-
tain the slope stability and prevent soil from collapse, practical solutions of geotech-
nical engineering structures such as retaining walls, piles or columns constructed in
slopes are commonly adopted to reduce the probability of the sliding failure to occur.

Numerical methods such as the finite element method (FEM), the finite differ-
ence method (FDM) or the distinct element method (DEM) have extensively been
adopted and proven as an effectively alternative solution to slope stability analysis [4].
However, the majority of numerical investigations have been conducted and focused
on assessment of the natural riverbank slope stability [1, 2, 5] subjected various
conditions of water drawdown. They have also taken into consideration the effects
of several fundamental influencing parameters such as the bank geometry charac-
teristics, hydrostatic confining pressure, positive and negative pore water pressure
vegetation and vertical surcharge load on the slope stability of natural riverbank
slopes. Meanwhile, other researchers have paid their primary attention to investi-
gating the stability of slopes stabilised with high strength and stiffness piles based
on the numerical method [3, 6–8] and the analytical approach [9, 10]. Nonetheless,
investigating the deep cement mixing (DCM), low-strength columns (soil–cement
mixture) adopted to increase the stability of riverbank slope have remained very
limited although many investigators [11] indicated that DCM columns could be used
effectively as retaining walls to support shallow to intermediate excavation depths.
Dang et al. [12] investigated the mechanical behaviour of DCM columns foundation
[13–22] and stabilisedmaterials with recycled fibre reinforcement [23–31] to be used
as fibre reinforced load transfer platform (FRLTP) to support highway embankments
built on soft soils, and also confirmed that the application of combinedDCMcolumns
and FRLTP improved the embankment deformation and instability. Therefore, it is
crucially important to investigate the influence of DCM columns on the stability of
riverbank slope. Such investigations could provide a better understanding of the use
of DCM columns to reinforce slopes as an alternative and practical engineering solu-
tion to the stability improvement of riverbank along rivers when undergoing RWL
fluctuations.

In this paper, the effect of DCM column reinforcement on the riverbank stability
is examined by numerical analysis using LEM incorporated in SLOPE/W. Several
series of numerical parametric studies on the influence of the location, length and
numbers of columns on the riverbank stability are performed. The numerical results
are presented and analysed to comprehend the riverbank slope stability and the poten-
tial failure pattern of column-reinforced riverbank subjected to a constant RWL
condition. The key parameters affecting the stability of riverbank slope subjected
to different RWL conditions are also examined and discussed in detail. It should be
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noted that although, for design methods based on the limit equilibrium method, a
safety factor (FS = 1) is required to maintain the limit equilibrium state of riverbank
slope, a safety factor value greater than one (FS > 1) is typically required for the
riverbank slope stability during serviceability conditions.

2 Description of Case Consideration

The stability analyses based onLEMof a 19mhigh and 40mwide (at crest) riverbank
slope reinforced with 1–4 rows of DCM columns are carried out in this study (see
Fig. 1). The riverbank is composed of an isotropic and homogeneous silty sand with
a cohesion of 10 kPa, a friction angle of 30° and an average unit weight of 18 kN/m3.
Another isotropic and homogeneous sand layer with a thickness of 9 m was found
below the silty sand. The steady ground-water table is located at a depth of 10 m
below the riverbank surface. Details of these soil layers are summarised in Table 1.
It should be noted that tangential DCM columns with 1 m diameter (D), 9 m length
(Lc) and a centre-to-centre column spacing (s) of 2 m are arranged in a row pattern,

GWL RWL

Column

L=13 m

Xc
H=9 m

Lc

10 m

Sand

Silty sand

9 m

Xc: horizontal distance from the 
column location to the slope crest
Lc: vertical length of column
L: horizontal length of slope
H: height of river water level 

Fig. 1 Typical schematic of a riverbank reinforced with DCM columns

Table 1 Material properties
of subgrade soil layers used in
this study

Parameters Silty sand Sand DCM columns

Depth (m) 5–15 − 4 to 5 –

γ (kN/m3) 18 19 19

c′ (kPa) 10 0 75

ϕ′ (°) 30 40 42
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while horizontal length (L = 13 m) of slope considered is presented in Fig. 1. They
are used to improve the riverbank slope stability when river water level varies in a
range ofH = 9–16.5 m due to seasonal variations. The DCM columns were assumed
to have the unconfined compressive strength (qu) of 1000 kPa; a cohesion value of
75 kPa; and a friction angle of 42° and an average unit weight of 19 kN/m3, which
represents typical DCM column properties used in the examined region [32].

3 Numerical Modelling

In this paper, numericalmodelling based onLEMof the slope stability of a 19-m-high
riverbank reinforced with DCM columns is performed using geotechnical software
SLOPE/W. Bishop’s method of slices is used to calculate the factor of safety (FS) for
the riverbank slope. It is noted that in this numerical simulation, the effect of DCM
column quantity on the slope stability of the riverbank is investigated by changing a
number of columns (nc) from 1 to 4. Meanwhile, the LEM analyses of the columns
reinforced riverbank with various values of column length ranging from Lc = 3 m
to Lc = 12 m and the river water level varying in a range of H = 9–16.5 m due to
flooding conditions are performed to examine the influence of the investigated design
parameters on the riverbank slope safety of factor. It is also noted that fluctuations of
drawdown rate and different vertical surcharge loads may affect the slope stability
of the riverbank to some extent [32]. However, they are considered beyond the scope
of this LEM analysis and identified as future investigations.

4 Results and Discussion

4.1 Effect of Column Quantity and Location on the Safety
Factor of Riverbank Under a Constant River Water Level

Figure 2 shows the effect of DCM column locations on the safety factor (FS) of the
riverbank slope reinforced with columns for different column numbers (nc = 1–4),
river water level (H = 9 m), Lc = 9 m, Dc = 1 m and s = 2 m. As can be seen in this
figure, the safety factor generally increased and reached a peak value, followed by
a decrease to a certain value when the column location (Xc/L) increased in a range
between 0 and 1. However, this phenomenon excludes the case of one row of DCM
columns reinforced the riverbank slope that presents the FS value remained almost
unchanged with an increase in the column location up to Xc/L = 0.5, followed a
reduction of the slope safety factor and then approached a constant value of FS =
1.14, as shown in Fig. 2. Moreover, it is interesting to note that the DCM columns
with nc > 1 were observed to be more effective for increasing the riverbank slope
stability when the column location approached the slope toe (around Xc/L = 0.6)
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Fig. 2 Effect of DCM column location and quantity on the safety factor of the riverbank slope
stability

considered in this investigation. As Fig. 2 shows, it is also noted that the increase
of the riverbank FS with a high rate when the column location (Xc/L) increased was
predicted for the riverbank reinforced with a greater number of columns (nc > 1).
The increase of FS with increasing nc could be attributed to a higher shear strength
properties of DCM columns used to improve the riverbank slope.

To investigate the effect of both column length and column position on the river-
bank slope stability, a series of numerical parametric studies has been conducted.
Subsequently, the predicted results are presented in Fig. 3 showing the safety factor
of the riverbank slope reinforced with three rows of columns against various column
locations for different column lengths (Lc = 3 − 12 m), s = 2 m, Dc = 1 m and H =
9 m. It is observed that the slope safety factor appeared to increase with increasing
the column length and the column location ranging from Xc/L = 0 to Xc/L = 0.5.
Except for the case of the slope reinforced with long columns (Lc = 12 m), that
shows a slight decrease of FS value against an increase in the column position from
the top of the riverbank slope. However, the difference in the increased FS values
between the short column and long column-reinforced riverbank slope cases became
small and approached the same value when the column location increased further to
Xc/L = 0.95, as plotted in Fig. 3.

In addition, a special comparison between the two cases of the riverbank slope
reinforced with the long column length of Lc = 9 m and Lc = 12 m noted that when
theXc/L valuewas small, the slope safety factor was greater for the riverbankwith the
12-m-long column reinforcement than that of a 9 m column length. Nevertheless,
the safety factor difference between the two cases was smaller as the Xc/L value
increased, and as observed in Fig. 3, it was found to reach approximately the same
value for the column location varying between from Xc/L = 0.35 to Xc/L = 0.5.
Although there was a slight reduction of the FS value observed for the riverbank
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Fig. 3 Effect of DCM column location with different column lengths on the safety factor of the
riverbank slope stability

slope reinforced with the long columns of Lc = 12 m when Xc/L increased to a value
of 0.5, about 3% FS reduction was insignificant in view of engineering practice.
Therefore, for the riverbank slope reinforced with a long column length of Lc = 9 −
12 m, the column length of Lc = 9 m and their location in a range of Xc/L = 0.35–0.5
could be considered as the optimal length and locations. Meanwhile, as evident in
Fig. 3, the optimal column location was predicted to vary in a range of Xc/L = 0.5 −
0.65 for the riverbank slope reinforced with a short column length of Lc = 3 − 6 m.

A comparison of failure mechanism of critical slip surfaces of the riverbank rein-
forced with three columns between different column locations is shown in Fig. 4. As
presented in this figure, the critical slip circle of the riverbank reinforced with three
columns (Fig. 4a) located at the middle of riverbank slope (Xc/L = 0.5) is deeper
and passes through both subgrade layers. However, a smaller sliding circle passed
through only the upper layer of silty sand is observed for the riverbank reinforced
with three columns (Fig. 4b) corresponding to the column location at the extended
slope toe (Xc/L = 0.8). Referring to Fig. 4b, the column location at the extended
slope toe has an insignificant effect on the improved stability of the riverbank slope
because the critical slip surface has developed only in the slope of the silty sand
layer, which is outside the effective working region by the column improvement.
This comparison also indicates the importance of the column location in enhancing
the slope safety factor of the riverbank reinforced with soil–cement columns.
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(a)

(b) 

Fig. 4 Comparison of failure mechanism of critical slip surface between riverbank slope reinforced
with three rows of DCM columns at various column locations of a Xc/L = 0.5 and b Xc/L = 0.8
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Fig. 5 Effect ofDCMcolumn locations on the safety factor of the riverbank slope stability subjected
to different river water levels
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4.2 Effect of Column Position on the Safety Factor
of Riverbank Subjected to Different River Water Levels

Figure 5 displays the safety factor of the riverbank slope reinforced with two rows of
tangential DCM columns (2 DCM columns) against various river water levels (H =
9 − 16.5 m) and different column locations (Xc/L) with Lc = 9 m, s = 2 m andDc =
1m. To study the effect of column position on the safety factor of riverbank subjected
to different river water levels (RWL), four different cases of RWL are considered,
assuming that ground-water level is equal to RWL in this numerical investigation. It
can be seen from Fig. 5 that the safety factor of the reinforced riverbank slope was
noticeably depended on the column locations. In addition, as Fig. 5 shows, the slope
safety factor was calculated to increase with an increase in the RWL. The calculated
results indicate that as can obviously be seen in Fig. 5 for every RWL condition, the
highest riverbank slope FS was achieved when the DCM columns were located in a
range from the middle to the slope toe (e.g. Xc/L = 0.27–0.58). Whereas, the lowest
slope FSwas predicted when the columns were located in the extended slope toe (e.g.
Xc/L = 0.73–0.88). These findings demonstrate that the riverbank slope reinforced
with 2 DCM columns when subjected to a given RWL condition is susceptible to
sliding failure when the columns are located in the extended slope toe. By contrast,
when the columns are placed ranging from Xc/L = 0.27 to Xc/L = 0.58, they are
considered as the optimal column locations with respect to a change of RWL from
H = 9 m to H = 16.5 m, typical for the examined river delta region.

Moreover, by comparing the two DCM column-reinforced riverbank slope under
a low level of river water (H = 9 m) with the same reinforced riverbank subjected to
a high RWL ofH = 16.5 m, it is found that the critical value of the slope FS in every
column location was smaller for the reinforced riverbank slope under a low level
of river water. In other words, the low RWL could be more dangerous for causing
the slope instability. Thus, it should be taken into account in the design stage of a
riverbank slope reinforced with DCM columns in order to ensure the slope stability
under the most unstable condition. Meanwhile, as Fig. 5 illustrates, the optimal
column location between the middle and the slope toe (Xc/L = 0.27 − 0.58) should
be considered maximising the column improvement of the slope stability.

5 Conclusions

In this study, a practical engineering solution using deep cement mixing (DCM)
columns to improving the slope stability of a typical steep riverbank under various
river water levels (RWL) in a river delta region has been proposed and investigated
applying numerical analysis. The numerical analysis using the limit equilibrium
method has been performed to investigate the effect of several design parameters
consisting of the column numbers, column length and their location on the slope
safety factor and the critical sliding surface of a 19-m-high riverbank slope subjected
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to variations of RWL. Based on the numerical results, it is found that DCM columns
were remarkably effective in improving the riverbank slope stability. The safety
factor of the riverbank slope under a given low RWL increased with increasing
the column quantity and the column length as expected. However, when the DCM
columns are placed in the optimal locations between the middle and the toe of the
slope, a medium column length (corresponding to Lc = 9 m in this investigation)
as compared to the longer columns could result in a similar effect on the improved
riverbank slope safety factor. The findings also indicate that the column location in
the extended slope toe was predicted to have an insignificant impact on increasing the
riverbank slope stability and most susceptible to sliding failure irrespective of RWL.
Therefore, special attention should be taken when designing the riverbank slope
reinforced with columns under an initial drawdown of RWL and when considering
the column location in the extended slope toe.
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Landslide at Govindghat—Investigation
and Stabilization Measures

Ravi Sundaram, Sanjay Gupta, Minimol Korulla, Rudra Budhbhatti,
and Pankaj Mourya

Abstract A cloudburst and flash flood in June 2013 in the state of Uttarakhand,
India caused landslide at Govindghat located along a major highway. Large boulders
in soil matrix were encountered in the area. Water seeping through the open pores
between the boulders and erosion of the soil was themajor causes of the slope-failure.
Erosion of the accumulated debris on the valley side during periods of high discharge
in the area also added to the instability. The stabilization measures adopted include
a secured drapery of rock anchors and steel mesh on the hill side, nailed gabions
at road level, reinforced soil wall to ensure the desired road width, and river-side
gabion wall for erosion protection.

Keywords Landslide · Cloudburst · Boulder-soil matrix · Seismic refraction
tests · Hill-slope stabilization · Erosion protection

1 Introduction

A cloudburst in the state of Uttarakhand in northern India triggered several landslides
in the fragile Himalayan hill slopes and created havoc in the region. A flash flood in
the river Alaknanda flowing in the region further exacerbated the situation. Several
buildings and roads in the area were severely damaged / washed away. Of the many
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Existing Road (NH-58) 

River Alaknanda

Fig. 1 Satellite image—2014 shows no landslide in the area

landslides that blocked traffic along the National Highway 58 as a result of this
extreme event, this paper presents the case study of a major landslide at Govindghat.
The causes of the slide and the stabilization measures adopted are discussed.

2 History and Background of the Slide

Satellite image in 2012 shows no landslide and overall stable conditions along the
highway with vegetation on the hill slopes (See Fig. 1). Satellite image of 2014
illustrated in Fig. 2 shows a major landslide along the highway. Since this is the third
landslide in the vicinity of Govindghat town, it is identified as Govindghat III.

3 Site Conditions

3.1 Regional Geology

Geologically, the area belongs to a tectonic fore-deep in the Lesser Himalayas
[1]. Govindghat belongs to the Central Crystalline group of rocks and is in the
Pandukeshwar formation. The main rock types in this formation include whitish to
grey quartzite inter-banded with mylonite-gneiss and garnet-kyanite schist [2]. The
quartzites are medium to coarse grained, massive, cross-bedded, and folded. The
inter-banded mica-schists are crenulated and contain fibrolite, kyanite, and garnet.
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Existing highway (NH-58)

River Alaknanda

Landslide zone

Fig. 2 Satellite image in 2014 shows major landslide above and below the highway

Fig. 3 Slopes adjoining the highway at Govindghat with boulder-soil matrix. The photo on the left
shows strata above road level, and the one on the right shows the strata below road level

In the landslide area, rocks are not exposed except as a soil-boulder matrix. The
boulders are angular and vary in size from less than 0.5 m to 5 m. These boulders
are cemented in a sandy matrix. Figure 3 presents photographs of the area.

3.2 Stratigraphy

The landslide area at Govindghat III was investigated by two boreholes and one
seismic refraction test. Limited boreholes were drilled because of site constraints;
however, the borehole data and seismic refraction test were sufficient to clearly assess
the stratigraphy.
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Fig. 4 Borehole drilling in
progress

Figure 4 illustrates the borehole drilling in progress. Figure 5 presents a photo of
the seismic refraction test being done.

The study indicated the presence of large size boulders and cobbles in a soil matrix
to substantial depth, probably extending to the riverbed. Most of it was landslide
debris material. The higher recovery and RQD values are due to the large size of
the boulders. Figure 6 presents the seismic profile along with the borehole data
superimposed on it.

4 Problem Description and Causes of the Slide

After a detailed study of the slide, the destabilizing forces identified include the
following:

• Seepage of water through the open pores through the large boulders on the hill
side;

• Erosion of the soil between the boulders-soil matrix during heavy rains, thereby
triggering landslide in the foothill below the road; and

• Erosion of the toe on the river side during high discharge of the river.
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Fig. 5 Seismic refraction
test in progress

Fig. 6 Geophysical profile together with borehole data

These are discussed in detail in the sections below [3]. The chainages mentioned
are in two parts—the distance in kilometers (whole number) plus additional distance
in meters from reference point. For example, Chainage km 499 + 998 means the
distance from the reference point is 499.998 km.
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Fig. 7 Stretch with large boulders and open pores. Note the damage to the non-engineered
handmade gabion wall

4.1 Chainage km 499 + 988 to 500 + 030

In a 42 m stretch between chainage km 499 + 988 to 500 + 030, large boulders
ranging in size from 1 to 5 m are seen (See Fig. 7). There is substantial fine material
between the large pores that tend to get washed away as rainwater percolates through
them. This makes the boulders prone to sliding. Pore-water pressure builds up due
to the water percolation which in turn triggers rockfall. The damage to the non-
engineered handmade gabion wall at the toe of the slope highlights the problem.

4.2 Chainage km 500 + 030 to 500 + 138

In this stretch, the material on the hillslope consists of loose overburden soil and
fractured rock (See Fig. 8). The fines get eroded due to seepage during heavy rains
and this triggers the landslide. Consequently, the soil debris causes waterlogging of
the road as illustrated on Fig. 9.

4.3 River-Side Erosion

Erosion of the toe along the Alaknanda River at Govindghat is also one of the causes
of landslides in the area. The loose alluvium accumulated on the toe of the river gets
eroded, particularly during floods and periods of high discharge during monsoons.
This increases the instability, thereby creating conditions favorable for a landslide.
The impact of toe erosion is illustrated in Fig. 10.



Landslide at Govindghat—Investigation and Stabilization Measures 531

Fig. 8 Loose soil with
boulders

Fig. 9 Water and debris
accumulated on road

5 Stabilization Measures Adopted

Stabilization measures implemented include the following:

1. For retention of proposed 12-mwide road, reinforced soil wall of 8 mmaximum
height has been constructed. The wall is designed for the traffic load and very
high seismic loads (as per BS 8006 Part-1 [4] and for seismic loading condition,
FHWA-NHI-10–024 [5]). The stability analysis was performed using inhouse
built software for both static and seismic conditions. This software allows the
user to conduct the stability checks using the limit equilibrium method and
to do checks of different possible failure mechanism in heterogeneous strata
layers with all possible load combinations described in BS 8006 and MoRTH
specification [6].
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Fig. 10 Toe erosion on valley side

Fig. 11 Slope stability analysis of 8 m high reinforced soil wall

Reinforced soil system is advantageous in terms of overall performance, better
uniformpressure distribution at the base of thewall, and environmentally friendly [7].
Since the base is flexible, differential settlement can be accommodated.

A typical of software analysis is presented in Fig. 11, and the summary of factor
of safety (FoS) is given in Table 1.
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Table 1 Summarized factor of safety for 8 m high reinforced soil wall

Stability checks FoS (Static case) FoS (Seismic case)

Required (BS 8006 Part-1) Actual Required
(FHWA-NHI-00–043)

Actual

Global stability 1 1.377 1 1.197

Sliding 1.3 4.845 1.125 2.242

Bearing capacity 1.35 1.150 1.875 2.598

Overturning 2 8.255 1.5 1.784

Internal stability 1 1.189 1.125 1.272

2. For protecting the toe on hill side, nailed gabion wall of 3m height was provided
for entire stretch. By providing nailed gabion, cutting into the hill is reduced
as compared to gabion retaining wall, thereby minimizing disturbance to the
in-situ strata [8].

Gabions act as a robust fascia for the nails which helps in preventing erosion
of the toe and also act as a drainage toe. The nails provide the stabilization effect.
The analysis of nailed slope with gabion facia/drapery system (steel mesh as facia)
and global stability of overall system was carried out using software—‘SLIDE’ of
Rocscience Inc., USA. This software evaluates the safety factor or probability of
failure of circular or non-circular failure surfaces using vertical slice or non-vertical
slice limit equilibrium methods

A typical software analysis output is shown in Fig. 12 and the summary of factor
of safety (FoS) is given in Table 2.

3. On the hill side, secured drapery consisting of rock anchors with steel mesh
was used to secure the large boulders (designed as per Indian Roads Congress

Fig. 12 Slide analysis results a for hill side (static) FOS= 1.35 b for valley side (seismic) FOS=
1.17
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Table 2 Summarized factor of safety hill side and valley side slope

Stability checks FoS (Static case) FoS (Seismic case)

Required (IRC HRB 15) Actual Required (IRC HRB 15/IRC
75)

Actual

Hill side 1.3 1.35 1.05 1.06

Valley side 1.3 1.61 1.05 1.17

IRCHRB Special Report 23 [9]) all along the road in the landslide zone. For the
design of secured drapery, inhouse built software was used. The analysis for the
design of for hill side slope protection and rockfall mitigation was performed
using this software, a limit equilibrium approach for the design of secured
drapery. A typical output file of the analysis can be seen in Fig. 13. The summary
of factor of safety used in the analysis for seismic conditions is given in Table
3. Suitable bioengineering measures are being implemented to enhance the
stability of the area.

4. Runoff water was channelized by providing adequate drainage measures
including surface run-off deflector and roadside drain which discharges the
water collected into a nearby culvert as shown in Fig. 14 (designed as per IRC
SP 42 [10]). Figure 15 illustrates the scheme adopted. Rainfall intensity was
calculated as per IRC: SP013 and was measured as 14.58 cm/hr. Catchment
area delineation was done in Arc-GIS software was used and was calculated as
5.1 hectare. Design discharge from catchment was calculated as per IRC SP 42
and was come out as 1.66 m3/sec. Manning’s equation was used to calculate
allowable discharge for roadside drains and was come out as 2.71m3/sec with
the factor of safety of 1.63.

5. Protecting the toe exposed to the river, a gabion toe wall has been provided for
the whole 150 m stretch along with the gabion mattress as launching apron to
protect the exposed toe and reduce erosion as per IRC 89 [11]. The mattress
was covered with big boulders (min. 800 mm size). The gabion mattress act as a
launching apron, and boulders provided added protection against large boulder
impacts to the structure flowing along the river during floods. The protection
has been done to 1 m above the high flood level. Figure 16 illustrates the details.
The stability analysis of gabion toe wall was performed using inhouse built
software. The stability of gabion toe wall, i.e., both internal and external stabil-
ities were checked using limit equilibrium method, and the global stability was
checked using theories of Bishop (1955) [12] & Janbu (1956) [13]. External
stability of each individual gabion wall against sliding, overturning, and foun-
dation bearing pressures was checked and verified. Internal stability of gabion
layers was checked by taking apparent cohesion and apparent angle of internal
friction between gabion layers. A typical output of software analysis is presented
in Fig. 17, and the summary of factor of safety (FoS) is given in Tables 4 and 5.

The gabions and mattress provided for the project were as per IS 16014 [14].
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Fig. 13 Analysis of secured drapery system

Table 3 Summarized factor
of safety rockfall mitigation
(seismic case design)

Stability checks Required FoS Actual FoS

Bar design 1 1.61

Mesh design 1 6.43

Serviceability design 1 2.36
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Fig. 14 Drainage plan showing mitigation measures on hill side of the road

Fig. 15 Reinforced soil wall with secured drapery on hill side and nailed gabions to arrest rockfall
(schematic sketch, not to scale)

6 Present Status

The project is recently completed, and the photographs of the adopted remedial
measures at the site are shown in Figs. 19, 20, and 21.
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Gabion mattress for Erosion
 Protection 

Fig. 16 River-side Gabion Wall for bank protection (schematic sketch, not to scale) Note HFL:
High Flood Level (m); TOW: Level of Top of Wall (m); BOW: Level of Bottom of Wall (for 1 m
embedment)

Fig. 17 Slope stability analysis of 7 m high gabion toe wall
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Table 4 Summarized factor of safety for 7 m high gabion toe wall (Static case)

Stability checks FoS (Static case)

Required (IS 14458 Part-2) FOS for 7 m design height
atHFL

FOS for 7 m design
height with
drawdown

Global stability 1.3 2.177 1.705

Sliding 1.5 16.654 6.585

Bearing capacity 2.5 190 63.750

Overturning 2 5.742 2.159

Table 5 Summarized factor of safety for 7 m high gabion toe wall (Seismic case)

Stability checks FoS (Seismic case)

Required(FHWA-NHI-00–043) FOS for 7 m design height at LWL

Global stability 1 1.409

Sliding 1.125 5.765

Bearing capacity 1.875 60

Overturning 2.5 3.845

Fig. 19 Photograph showing the hill side rehabilitative measures 3-m high nailed gabion wall for
toe stabilization and secured drapery system to secure large boulders adopted at site
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Reinforced soil wall 
(max. 8m high)  

Fig. 20 Photograph showing reinforced soil wall constructed at site for road retention

Fig. 21 Photograph showing the bank protection works adopted at site

7 Concluding Remarks

A landslide was triggered on the hill slopes of National Highway 58 at Govindghat in
Uttarkhand state, India by a cloudburst and flash flood in June 2013. The geotechnical
problems identified were:
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• Seepage of water through the open pores through the large boulders on the hill
side;

• Erosion of the boulders and soil during heavy rains, thereby triggering landslide
in the foothill below the road; and

• Erosion of the toe on the river side during high discharge of the river.

Engineering solutions adopted to stabilize the area include the following:

• Stabilizing the hill slope above road level with a secured drapery of rock anchors
and steel mesh;

• Installing 3-m high nailed gabions at road level for toe stabilization;
• Constructing a reinforced soil wall on the valley side (max. 8 m high) to ensure

that the desired road width of 12 m is achieved with necessary stability;
• Adequate drainage planning to channelize water into drainage channels for

disposal; and
• Protecting the toe erosion on river side with a gabion wall and mattress.
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Earth Pressure, a Load, or a Resistance:
Formulation of the ‘What You Design is
What You Get’ Model for Stability
Design of Propped Cantilever Walls

C. K. S. Yuen

Abstract The geotechnical stability design for cantilever retaining walls is often
determined by a factor of safety expressed as a ratio between resistance and disturbing
load. Many variations of this ratio exist, but most consider the disturbing load
extending to the toe level of the wall. Questions are asked: Is the earth pressure
a load or a resistance, particularly for the part of wall that penetrates beyond the crit-
ical depth at which the wall is at critical rotational equilibrium, and if it is not a load
then what is it? The quest to the answers has led the author to formulate the ‘What
YouDesign IsWhatYouGet’, theWYDIWYGmodel, for stability design of propped
cantileverwalls. The newdesignmethod is shown to be consistent, numerically stable
for all soil conditions. The formulation is suitable for Load Resistance Factor Design
(LRFD) method, and it allows the Factor of Safety (FoS) to be expressed in terms of
the wall critical restoring capacity. For example, the wall designed with a FoS of 2
using this method will have two times the restoring capacity at critical equilibrium,
and what you designed is what you get. The calculated FoS can be meaningful and
easily comprehensible. The new method could provide a platform for designers to
compare between cases and assess adequacy of the level of stability with improved
certainty. A worked example is included to demonstrate simplicity of the calculation
process.

Keywords Embedded cantilever retaining walls · Stability design · Supported
excavation

1 Introduction

With the advent of urbanization in Sydney, Australia, there is a significant increase in
demand in the past decade for supported excavation to accommodate such facilities
as car parking and other infrastructure development. Embedded retaining walls are
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a most popular support type for such excavations. For these walls to be used satis-
factorily, they need to be constructed into the ground to mobilize sufficient lateral
resistance for stability. In general, these walls are installed to an economical depth
for both stability and functional performance which includes strength and deforma-
tion design. An optimum balance between these considerations is hence needed. The
lateral earth pressure distributions on the wall are fundamental to these designs, but
their considerations are quite different between them. For functional performance,
the walls are at stable equilibrium, and the pressure distribution due to soil struc-
ture interaction is an appropriate choice for realistic estimation of wall performance.
There are ample literature discussion on such pressure distributions and on factors
affecting them, e.g., Potts and Fourie [5, 6], and readers are referred to them sepa-
rately. For stability, the pressure distributions need to be idealized at limit states, and
this is the focus for discussion in this paper.

Traditionally, the earth pressures on the retained side are regarded as loads and
those on the excavation side as resistances. But do they have to be the case for
embedded walls, particularly for the part of wall beyond the critical equilibrium
depth? The pursuit of answers has led to a different interpretation on the role these
pressures play and to a new formulation for determination of a design embed-
ment depth to suit design authority requirements. A worked example is included
to demonstrate the straight-forward stability design process.

2 Issues with the Current Stability Design

Stability assessment has been a contentious issue for many decades. Earth pressure
distribution on the wall is idealized to facilitate calculation of loads for stability
design. Most engineers are familiar with the free and fixed earth support models,
shown in Fig. 1, for propped and free cantilever walls.

Due to practical difficulty to locate the pivot point in the fixed earth model, free
earth support becomes a favorable simpler model to use where the earth pressure on

Fig. 1 Idealized earth pressure distribution for stability design of propped and free cantilever walls
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the retained side is treated as load and that on the excavation side as resistance. The
CP2 model [4] is a classic example. Variations of the CP2 model have formed the
basis for most common methods such as the British Steel (BS) [2], Strength Factor
(SF), and Burland, Potts, and Walsh methods (BP) [3]. Figure 2 shows a schematic
distribution of the earth pressures used by these models where the shaded parts are
the earth pressure modification represented by the individual model.

Table 1 compares their calculated factor of safety (FoS) for two cases. The first
case is for a 5 m deep supported excavation in a uniform soil with an internal friction
angle of 35 ° propped at the top of the wall with a toe embedment of 2.28 m. A
10 kPa surcharge is considered at the crest level of the wall, and no groundwater
is considered. The second case is similar to the first one with 5 m deep excavation,
but in a uniform clay with an undrained cohesion of 40 kPa and a toe embedment
of 1.49 m below the excavation level. A minimum fluid pressure of 5 kPa is also
considered.

For a problem with the same stability, the results show a surprisingly wide range
of calculated FoS values, between 1.26 and 2.66 for the effective case, and between
1.15 and 2.01 for the total stress case. It is not possible to assess the quantum of
stability by the sheer calculated values, nor is it possible to compare stability if

Fig. 2 Schematic pressure distribution used by the common models

Table 1 Comparison of existing design methods

Model Case 1: Effective stress
FoS

Case 2: Total stress
FoS

Calcd Acceptable Calcd Acceptable

CP2 1.63 1.5–2.0a 1.36 2.0

BS 2.66 2.0 2.01 2.0

BP 1.72 1.5–2.0a 1.19 2.0

SFc 1.26 1.2–1.5b 1.15 1.4–2.0b

WYDIWYGe 1.84 1.55

athe acceptable factor varies with strength of the materials and nature of the works
bthese values vary with design standards
cthe acceptable factor varies with method of analysis
dFoS computed using commercial package WALLAP [7], except the WYDIWYG values
eFoS calculated using the proposed method
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(a) – Effective Stress (b) –Total Stress

Fig. 3 Sensitivity plots

the designs are using different methods. The FoS of 2.66 by BSC is as stable as
1.26 by SF in the above example. A higher number could convey an impression
of a more stable condition and may thus convey a false sense of security when
the FoS value is considered alone. On the other hand, a lower value may cause
designers to increase wall embedment resulting in excessive conservatism and cost
to a design. Neither of this is desirable. Indeed, each of design method is unique
and different and is measuring stability using a different scale. Direct comparison
between their calculated values for stability hence is not advisable and needs to be
treated with caution. The results of the proposed method are also included in the
table for comparison purpose.

Sensitivity plots of the above examples are shown in Fig. 3. The calculated FoS
to wall embedment responses is consistent with Table 1. All methods are showing
positive FoS responses to wall embedment in the effective stress case but not the
total stress case, where some methods failed to calculate a realistic value. A problem
in the formulation of some methods is obvious.

In Australia, Australian Standard AS 5100 Bridge design [1] is used for most
major infrastructures, and for geotechnical design of soil supporting structures all
load factors are unity. Stability design of these structures is ensured by multiplying
the soil resistance with a geotechnical reduction factor such that the resultant is larger
than the disturbance, known as the design action effect. Equation 1 shows this design
requirement.

φg Ru,g ≥ Ed (1)

where
φg is the geotechnical reduction factor.
Ru,g is the ultimate geotechnical strength.
Ed is the design action effect.
This approach is ideally suited to numerical calculation of the functional perfor-

mance of structures because of the use of unity load factors and the use of char-
acteristic unfactored soil parameters. For geotechnical stability design of cantilever
walls, the problem becomes complicated on distinguishing soil loads and resistances
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when using the existing models as they are often modified to provide assessment
of stability. This renders most of the common methods non-compliant to the stan-
dard requirements using the Load Resistance Factor Design (LRFD) approach. Some
designers apply geotechnical reduction factors on the passive soil pressure. While
this is conforming, the approach is similar to the CP2 method, and it tends to ignore
the technical improvements made in the past few decades.

3 Earth pressure—A Load or a Resistance

Traditionally, earth pressure is treated either as a load or as a resistance depending on
the relative movements between the soil and the structure. If the structure is moving
away from the soil, then the active pressure developed is considered as a load, and if
it is moving against the soil, then the passive pressure is a resistance. This concept
has been used on L-shape retaining walls and other gravity retaining structures. For
embedded cantilever walls, the situation is similar but only at the limit equilibrium
state.

For acceptable stability, the propped cantilever wall needs to be installed deeper
beyond the critical rotational equilibriumdepth. Some noticeable changes in the earth
pressures could be detected as the wall embedment is increased. Pott and Fourie [5]
presented the lateral earth pressure distributions of a 20-m sheet pile wall for a range
of excavation depths. The paper considered two at-rest pressure k0 conditions at 0.5
and 2.0, and their respective pressure distributions are partly reproduced in Fig. 4.

Of interest is the excavation at 13.26 m. Although the example had not calculated
the corresponding critical embedment depth for such excavation depth, one could
expect it to be shallower than 20 m. The shapes of the pressure distributions on

Fig. 4 Lateral earth distributions on the retained side a and b and on the excavation side c &
d (After Potts and Fourie [5])
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the wall would be similar to that at 15.26 m, line marked 4 in Fig. 4, which was at
critical equilibrium for the wall described in the paper with the lateral earth pressures
at limiting states on both sides of the wall. For the 13.26 m excavation with the wall
toe increased to 20 m, as per line marked 3 in Fig. 4, the wall is stable with a FoS
equals to 2. The pressure distribution on the retained side is close to that at critical
equilibrium roughly above the critical depth. More significant pressure increases
above the active limit occur below such depth. A similar observation could be made
on the excavated side except the earth pressure decreases approximately below the
critical depth.

It can be ascertained from the observation that the embedment beyond the critical
depth brings stability, and there is a corresponding change in earth pressures on the
wall, which are no longer at the limiting state. Logic follows that the earth pressure
on the retained side of the extra embedment is assisting stability, and it should not be
treated as a disturbing load. It serves as a component to provide stability. However,
the pressure is acting in the disturbing direction. To mitigate this, one has to also
consider the earth pressure on the excavation side. As the passive pressure acts
coherently with the active pressure, it is reasonable to consider that the net of these
pressures is responsible for the observed stability.

4 The WYDIWYG Method

The above discussion on lateral earth pressure distributions is for a stable propped
cantilever wall. For the purpose of evaluating the capacity for stability due to the
embedment beyond the critical depth, let us imagine a de-stabilizing process through
rotation of the wall. The earth pressure on the retained side, shown line 3 in Fig. 4
above, will gradually move back to the critical line, i.e., line 4; and similar changes
could be expected on the excavation side. The wall reaches limiting equilibrium
again when the earth pressures are at their respective limits. The maximum reserve
for stability thus occurs when limiting earth pressures are developed on the wall.

On the basis of this, the following assumptions could be made for establishment
of the WYDIWYG model for stability assessment:

1. The disturbing load on the active side of the wall extends below the excavation
level but only to the depth at which the wall is at critical equilibrium

2. The earth pressure on the passive side remains at passive limit above the critical
depth

3. The embedded wall beyond the critical depth provides a ‘reserve’ capacity
to stability, and such capacity is derived from the ‘net’ of the limiting earth
pressures from either side of the wall.

The WYDIWYG model is shown in Fig. 5.

where
Kaa is the active earth pressure on the retained side of the wall.
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Fig. 5 WYDIWYG model.
Note the dotted line
represents the portion that is
balanced on either side of the
wall

Kpp is the passive earth pressure on the excavated side.
At the design embedment, the restoring moment capacity is the difference of

those from the excavation side and the retained side. Hence, take moment about the
support, the reserve moment capacity, Mr, is:

Mr = Mp−Ma (2)

where
Mp is the total moment on the excavation side.
Ma is the total moment on the retained side.
Expand Eq. (2) as follows and re-group:

Mr = (
Mpcr + Mpp

)−(Macr + Maa)

= (
Mpcr−Macr

) + (
Mpp−Maa

)

where
Mpcr = the moment above the critical depth on the excavated side.
Mpp = the moment below the critical depth on the excavated side.
Macr = the moment above the critical depth on the retained side.
Maa = the moment below the critical depth on the retained side.
At critical depth, the wall is in equilibrium with Mpcr = Macr; therefore, Eq. (2)

may be simplified as follows:

Mr = Mpp − Maa (3)

Using the conventional overturning factor of safety definition,

FoSoverturning = Mrestoring/Mdisturbing
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Since Mrestoring = Mpcr + Mr , and Mdisturbing = Macr = Mpcr, the factor of safety
can be re-written as:

FoSoverturning = (
Mpcr + Mr

)
/Macr (4)

= (
Mpcr + Mr

)
/Mpcr

= 1 + Mr/Mpcr (5)

For a general case in layered materials, it may be shown that

FoSoverturning = 1 + ΣMrj/ΣM ′
pcri (6)

where the summation is of all layers of materials; i layers to the critical depth and
j layers to the toe of the wall; the apostrophe indicates the effective moment capacity.

5 Discussion and Some Characteristics of the WYDIWYG
Method

The proposed method may be regarded as a hybrid between the CP2 and the BSC
in that it takes advantage of their simplicity and effectiveness. The new formulation,
as shown in Fig. 5, strategically considers the critical equilibrium condition in the
upper part of the model. This part is identical to CP2. The portion below the critical
depth considers net earth pressures and is similar to BSC.

Most of the models consider a degree of earth pressure modification for enhanced
stability assessment. This, however, complicates the determination of loads and resis-
tances in the design calculations, which are needed when using a LRFD approach.
The proposed model avoids this by considering only the limit state pressures using
a consistent earth pressure theory. The loads and resistances are readily defined.
With the existing models, pressure modifications often start from below the exca-
vation level. Using the BSC net pressure model as an example, while this choice
provides an assessment on stability, it may be viewed as a premature reduction of
disturbing load in the stability calculation. This may explain a consistently high
calculated stability value. On the other hand, the active pressures extending to the
toe level of the wall on the retained side for the other models would appear to be
over-estimating the disturbing loads. This leads to the observed conservatism when
using the CP2 method. It may also explain the unreasonable results in the total stress
analysis because the increase in resistance is not kept up with the increase in load.
In contrast, the new model chooses the critical equilibrium condition as a reference
load. The total resistances are made up of the restoring capacity at critical equilib-
rium and the net pressures from below the critical depth. This effectively allows the
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FoS to be expressed as a function of the critical restoring moment, which becomes
a convenient quantity to measure stability for a given excavation. By limiting the
unreasonable increase of disturbing load, the model avoids the numerical problem
in the total stress calculations.

Safety of a design is ensured by adopting a suitable factor required by relevant
regulatory authority. In Australia, this factor is represented by the minimum geotech-
nical reduction factor when designing to AS 5100.3 as per Eq. (1). If the required
stability FoS is 2, which is equivalent to a geotechnical reduction factor of 0.5, then
using the new approach the design ensures that the wall is stable with a restoring
capacity exactly 2 times at its critical equilibrium condition.

Where soil layering occurs the wall embedment can be adjusted by taking into
account of the changes in resistance of the soil layers. A stronger foundation material
offering a higher lateral resistance would requires a shallower embedment and vice
versa. The design safety margin is maintained constant, whether it is for total or
effective stress analysis. This is again different from some of the existing methods
where the margin changes with regard to change of soil conditions. The difference
could become more apparent in stratified geological environment with significantly
different soil properties.

For the stability calculation to be undertaken effectively, the critical equilibrium
depth needs to be determined first. Then using Eq. (4), the required geotechnical
reduction is applied to all materials on the excavated side and also to those below the
critical depth on the retained side. A similar consideration on groundwater is needed.
Equation (6) suggests the reduction factor to be applied on the water components
as well. If this is ignored, then the reserve moment capacity could be expected to
reduce resulting in a deeper embedment.

A worked example is given in the next section to demonstrate the calculation
process to determine the required wall embedment. The FoS terminology is used in
the next section as most engineers are familiar with it, but it may be substituted by
the term geotechnical reduction factor as described above if needed.

6 A Worked Example

To illustrate application of the WYDIWYGmethod to embedment design, the effec-
tive stress case in Table 1 is used. Instead of calculating the factor of safety (FoS)
from a given wall embedment, the target FoS of 1.84 is chosen to suit a given design
requirement.

The embedment design using the WYDIWYG method is a two-step process,
firstly to calculate the critical wall depth and then determine the critical effective
restoring moment. The second step is to proportion the wall embedment to provide
the required reserve restoring moment to satisfy the design FoS requirement. The
critical wall depth may be calculated by hand for simple problems and for more
complex ones involving multiple soil layers and groundwater, it may be worthwhile
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Fig. 6 Earth pressure
distribution for effective
stress case. Note Not to
scale, wall shown at critical
depth only and prop support
not shown

to use appropriately developed calculation programs instead. In the above example,
the critical wall depth is calculated by using a commercial software calledWALLAP.

The first step in the process is to determine thewall embedment at critical stability,
i.e., FoS = 1. The critical embedment depth below the excavation level is calculated
to be 1.61 m. The earth pressure distribution is shown in Fig. 6 for ease of reference.

Depth to toe of wall, H, retained side

= 5 + 1.61

= 6.61m

The earth pressures at the critical depth are calculated using the following
equations:

Earth pressure at critical wall toe, retained side, Kaacr

= (γ ∗ H + σs) ∗ ka
= (20 ∗ 6.61 + 10) ∗ 0.27
= 38.53 kPa

where
γ is the unit weight of soil, kN/m3.
H is the overall length of the wall, m.
σ s is the traffic surcharge, kPa.
ka is the coefficient of active earth pressure.
Earth pressure at critical wall toe, excavation side, Kppcr

= γ ∗ h ∗ kp
= 20 ∗ 1.61 ∗ 3.69
= 118.82 kPa
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where
h is the wall embedment length below the excavation level, m
kp is the coefficient of passive earth pressure.
The restoring moment capacity at critical equilibrium, Mpcr

= Kppcr/2 ∗ h ∗ (5 + 2/3 ∗ h)

= 118.82/2 ∗ 1.61 ∗ (5 + 2/3 ∗ 1.61)
= 580.91 kNm

The next step is to determine the additional wall embedment to satisfy the required
stability. For a given FoS, the required reserve moment capacity can be calculated
using Eq. (5):

Mr = (FoSoverturning−1) ∗ Mpcr

Since the required FoS is 1.84, the above equation becomes

Mr = (1.84 − 1) ∗ 580.91
= 0.84 ∗ 580.91
= 487.97 kNm

The extra wall embedment is then proportioned to obtain the reserve moment
capacity. Take the extra embedment beyond the critical depth to be e, the earth
pressures at the new toe level are expressed as follows:

Kaa = [20 ∗ (6.61 + e) + 10] ∗ 0.27

= 38.53 + 5.42e

Kpp = 20 ∗ (1.61 + e) ∗ 3.69

= 118.82 + 73.8e

The reserve moment, Mr, may be expressed as follows:

Mr = (
Kppcr − Kaacr

) ∗ e ∗ (H + e/2)

+ [(
Kpp − Kaa

)
/2

] ∗ e ∗ (H + 2 ∗ e/3)

= (118.82 − 38.53)e(6.61 + e/2)

+ [(73.8e−5.42e)/2]e(6.61 + 2e/3)

= 22.80e3 + 266.15e2 + 530.72e

From above = 487.97 kNm.
Solving the cubic equation, e = 0.67 m, the design wall embedment, D, is hence
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= 1.61 + 0.67
= 2.28m

and the design wall length is 5 + 2.28 = 7.28 m.

7 Summary and Conclusions

The continued urban development in Sydney triggers increased demand for excava-
tion supports for infrastructure development. Some of the existing stability assess-
mentmethods are fraughtwith problems. The example such asCP2 inTable 1 showed
that including all active pressures as loads resulted in under-estimation of the wall
stability number, whereas BSC when considering only the net earth pressures could
not reliably calculate the stability numbers. BP improved the stability estimates by
modifying the loads and resistances. Nonetheless, the approximation commencing
from the mud line could not completely overcome the excess load issue, and the
problem experienced in the total stress cases remains.

Most of the existing models are not developed to enable conforming designs to
LRFD approach, such as that given in Australian Standard AS 5100.3. A review of
the existing design methodologies indicates that there are benefits to reformulate the
stability model to overcome the issues associated with consistency, reasonableness,
and reliability in the stability calculations.

Intuitively increasing wall embedment beyond the critical depth improves
stability, and this enables the wall to take on additional load without failure. Clearly,
a reserve for stability is created in the process. An examination of the earth pressures
on the wall revealed that they no longer exist at limiting states, higher pressure on
the retained side, and lower on the excavation side, particularly on the part installed
beyond the critical depth. The stability must therefore be derived from the earth
pressure changes from the limiting states. It has been argued that the earth pressures
over this part of the wall are neither only a load nor only a resistance. The net effect
of them is postulated to be responsible for the observed stability and hence should
be regarded as a resistance. Calculation of the reserve capacity for stability is made
through idealization of the wall with the earth pressures returning to their respective
limit state.

Limited sensitivity studies on the proposed method shown in Fig. 3 were under-
taken. The results demonstrated that the new formulation calculates consistently
throughout the soil strength spectrum. It compares favorably with the existing
methods overcoming the long-standing problem in total stress analysis and provides
a realistic estimate of the wall stability. Using the critical disturbing load as a new
reference datum in stability assessments, the proposed method maintains a constant
safety margin for a given design, whether the materials are sand or clay, or layered
materials. This is in contrast with the existing methods which tend to vary according
to the ground condition due to their formulation.
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Accompanying with the new model is a clear distinction of loads and resistance.
This makes it suitable for LRFD methods, and conforming design is possible. A
worked example has been included to demonstrate the simple design process.

So far the discussion has focused on geotechnical stability only. In order for the
wall to sustain this ultimate condition, it needs to withstand the bending moment
and shear stresses due to the idealized limiting pressures. For other wall loads and
serviceability calculations, design effects from earth pressures due to the conven-
tional soil structure interaction also need to be considered. With the WYDIWYG
method, this design process is usually undertaken after the final wall embedment is
determined. Or it may be completed simultaneously if the method is codified within
a suitable calculation program.

In conclusion a simple, consistent, and reliable way is proposed to calculate the
geotechnical stability for propped cantilever walls. The improved assessment for
stability design enables designers to better balance between economics of construc-
tion and margin of stability in design. The unique way it offers to calculate the
geotechnical stability by relating it to a tangible critical equilibrium quantity ensures
safety, giving clarity and certainty to design, such that a wall designed with a FoS
of 2 will have a restoring capacity exactly two times at its critical equilibrium state.
Consistent assessment and meaningful comparison of stability performance may be
made.

8 Future Work

The use of critical loads for stability calculation inLRFD is not new and has been used
satisfactorily in such as L-shape retaining walls. The problem for embedded struc-
tures occurs on the role of earth pressures, and the proposed model has provided
a different approach to the solution. It is envisaged that this proposed approach
could be applicable to some selected geotechnical design areas, notably for stability
assessment of laterally loaded geotechnical structures. Going forward, further explo-
ration on plausible application areas will be undertaken. This includes its application
on embedded free cantilever retaining walls to demonstrate a simple and effective
process, which would otherwise be a challenging mathematical problem when using
the conventional fixed earth support model.
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Maintenance Planning Framework
for Rock Slope Management

Roman Denysiuk , Joaquim Tinoco , José Matos , Tiago Miranda ,
and António Gomes Correia

Abstract This paper presents a computational framework to assist in maintenance
planning for geotechnical structures. The most suitable maintenance strategies are
determined by optimization regarding the deterioration of structure and the cost of
maintenance when satisfying constraints that translate demands for adequate levels
of service. Uncertainties are accounted by considering model parameters as random
variables. The framework is applied to the case study consisting in optimal main-
tenance planning for a highway slope belonging to the Portuguese network. The
obtained results show the validity and usefulness of this framework. The framework
can be also applied to different types of infrastructure assets.

Keywords Rock slope management · Maintenance planning · Infrastructure ·
Optimization

1 Introduction

As a developed country, Portugal has nowadays a fairly complete road network,
which together with other transportation infrastructures is a fundamental element
to ensure all necessaries mobility conditions. After several years of investment, the
main challenge today is how to guarantee all security and mobility conditions of the
road network under increasingly limited budgets. Therefore, there is an urgent need
to develop a set of tools able to help decision-makers to take the best decisions with
respect to the maintenance strategy to be implemented.

Mathematical modeling, combined with optimization techniques, can be used to
devise effective strategies for management of highway assets. Formulating a model,
one should make a trade-off between simple and complex models. Simple models
omit several details and have the disadvantage of possibly being unrealistic. Complex
models include more details and are more realistic, being generally more difficult to
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solve. Moreover, many real-world problems, including the management of highway
assets, require simultaneous consideration of multiple criteria.

Existing asset management systems rely on degradation models to forecast their
future states. These models can be either deterministic or probabilistic. A major
disadvantage of deterministic models is that they do not consider uncertainties. This
can be overcome by using probabilistic models. The most common probabilistic
models for modeling deterioration are the Markov chains [1].

The use of forecast models enables to plan maintenance strategies. To assist in
this process, optimization of maintenance strategies is performed based on models
describing the degradation and effects of maintenance. Early works rely on single-
objective optimization [2], where a maintenance strategy minimizing the total cost is
sought when considering the degradation as a constraint [3]. With advantages related
to the ability of obtaining a set of trade-off solutions efficiently and a posteriori
decision making, multi-objective optimization recently has attracted the attention to
management of highway assets [4].

Due to the social and economic importance of bridges and pavements, most works
focus on these two assets. Concerning the management of slopes, some approaches
can be found in the literature that addresses the failure risk assessment and manage-
ment [5]. These approaches essentially focus on characterizing, in a particular
moment, the condition of a given slope or a network of slopes through the quan-
tification of a risk measure related to its probability of failure [6]. For long periods
of time, Huisman [7] aimed to determine the relation between time and decay of
rock using numerical models. However, such studies do not give indications about
the future behavior of slope and the maintenance strategy to follow.

The purpose of the present study is to develop a complete framework for slope
management. In the previous work [8] that can be regarded as the first step to the
development of this framework, an innovative system named the slope quality index
(SQI) was suggested. The SQI system is characterized by its flexibility and is based
on the evaluation of different internal and external factors related to the slope quality
and stability. By weighting the different factors, a final indicator (the SQI) of the
slope stability condition is calculated, which ranges between 1 and 5, corresponding
to slopes in very good and very bad condition state, respectively. The system is
adopted as the basis for the prediction of the slope degradation over time and is
integrated with a methodology for quantifying effects of maintenance actions. This
is further extended by combining with multi-objective optimization to address the
optimal maintenance planning. The above feature has a particular advantage as it
allows obtaining a set of maintenance strategies representing different trade-offs that
can be employed for a posteriori decision making. Finally, different approaches to
decision making are considered.

2 Framework for Maintenance Planning

This section provides details about components of the proposed framework.
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Fig. 1 Flowchart of interactions among modules of the proposed framework

2.1 Global Methodology

The structure of the proposed framework is shown in Fig. 1. Although the present
study focuses on rock slopes, this framework can be applied to other types of slopes
and infrastructure assets. For this, a discrete characterization of the quality index and
a quantitative description of maintenance actions must be developed.

The process of planning begins with constructing the degradation model in the
performance module. To this end, a Markov chain is used to define a random process
based on a historical record of slope inspections. The maintenance module embraces
the quantification of effects of maintenance actions and their costs. These are devel-
oped on the basis of the expert judgment. The optimization module aims to find the
best combination of maintenance actions with respect to the performance and cost.
As two clearly conflicting objectives are involved, the problem is naturally posed as
a multi-objective optimization problem. This module is linked with the simulation
module that accepts a maintenance plan and performs a Monte Carlo simulation to
estimate the future degradation (performance) of the given slope. The outcome of
the optimization module is a set of Pareto optimal maintenance plans that are fed
to the decision-making module. In this module, the decision-maker’s preferences
are incorporated in order to select the most preferred solution among the available
alternatives.

2.2 Degradation Model

A continuous-time Markov process is used to model the degradation of slopes.
Markov chain is a random process that undergoes transitions from one state to
another on a state space. The Markov property sates that the next state only depends
on current state and not on the sequence of preceding states. The state space of the



558 R. Denysiuk et al.

Markov process is defined by the values of the slope quality index (SQI) from the
set {1, 2, 3, 4, 5} [8]. In the following, the state will refer to the value of SQI.

The transitions between states are defined in the transition matrix:

P�t =

⎡
⎢⎢⎢⎢⎢⎣

p11 p12 p13 p14 p15
0 p22 p23 p24 p25
0 0 p33 p34 p35
0 0 0 p44 p45
0 0 0 0 p55

⎤
⎥⎥⎥⎥⎥⎦

�t

(1)

where pij is the transition probability between i and j from instant t to t + �t .
When intervals are not regular, the matrix P can be computed by solving the

Chapman–Kolmogorov equation. This results in the following expression:

P = eQ�t (2)

where P is the transition matrix and Q is the intensity matrix [9].
The intensity matrix, Q, represents the instantaneous transition probability

between the state i to the state j ( j �= i). It is assumed that, in each time interval, the
advance can only occur between adjacent states [9, 10]. Therefore, the elements of
Q are null except for the main diagonal and the diagonal above that, as shown in:

Q =

⎡
⎢⎢⎢⎢⎢⎣

−θ1 θ1 0 0 0
0
0
0
0

−θ2

0
0
0

θ2

−θ3

0
0

0
θ3

−θ4

0

0
0
θ4

0

⎤
⎥⎥⎥⎥⎥⎦

(3)

Using the intensity matrix, the transition matrix can be computed for any time
interval �t . By constructing the Markov model, it is meant to estimate the elements
of the intensity matrix, Q.

An initial estimate of Q can be computed using a historical record of inspections
through:

θi = nij∑
�ti

(4)

where θi represents the transition rate between adjacent states, nij is the number of
elements that moved from the state i to j and

∑
�ti is the sum of time intervals

between observations, whose initial state is i.
The quality of fit of the initial model is improved by minimizing the following

function:
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M∑
m=1

N∑
n=1

log
(
pij

)
(5)

where m is the number of transitions observed in element k, n is the number of
analyzed elements, and pij is the probability of occurrence of observed transition, as
predicted by the Markov model.

2.3 Maintenance Model

The effects of maintenance actions are modeled based on the experience and data
provided by a major Portuguese highway managing company. When a maintenance
action is applied, its impact on a slope can be modeled by the following effects: (i)
an improvement in the performance at the time of application, (ii) a delay of the
degradation process for some period of time, and (iii) a reduction in the degradation
rate for a period of time after application. A single maintenance action can produce
either one or a combination of the above effects [4, 11].

Maintenance effects are parametrized and modeled as follows. When a mainte-
nance action producing the effect of improvement in the performance is applied,
the SQI is updated by reducing its current value by γ . In the case of delaying the
deterioration process, the SQI remains constant during a period of td . In the case of
reducing the degradation rate, the SQI deteriorates at a rate of δr during a period of
tr , which is lower than a normal degradation rate. All these values are determined by
experts based on their experience and knowledge. In practice, the effects produced
by maintenance actions are not deterministic. They are influenced by uncertainties
due to a wide range of factors. Therefore, parameters modeling maintenance effects
are defined as random variables. It is assumed that these random variables follow
a triangular distribution. The reason behind this choice is that triangular distribu-
tions are among easiest ways of introducing randomness. It is characterized by the
minimum and maximum values along with a mode (the most probable value).

Depending on the current SQI, the effects produced by the same maintenance
action can vary. This issue is addressed by defining different values of the parameters
(γ , td , δr , tr ) according to the current SQI value. Thus, considering the values between
1 and 5, at most five different triangular distributions can define each parameter in
the maintenance model, with each distribution referring to the current SQI.

2.4 Monte Carlo Simulation

As degradation andmaintenance models are given by stochastic processes, the future
performance of slope is subject to uncertainties. Therefore, aMonte Carlo simulation
is used to estimate the future SQI values. The simulation consists in sampling from
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probability distributions defined by both models. For a given instance of time, the
SQI is characterized by a sample of estimates that represent a probability distribution.
The SQI value is estimated by the mean value of that sample.

The transition matrix, whose components represent the transition probabilities
between i and j from instant t to t + �t , is calculated as shown in Eq. (2). Given
the SQI value of i in time t, the SQI value of i ′ in time t + �t is computed using
the probability vector from the ith row of P. In particular, the first row is used when
i = 1, the second row is used for i = 2 and so on. A random number u ∼ U (0, 1)
is generated and the value of the SQI is determined as:

i ′ =

⎧⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎩

1 if u <
1∑
j=1

pij

2 else if u <
2∑
j=1

pij

3 else if u <
3∑
j=1

pij

4 else if <
4∑
j=1

pij

5 otherwise

(6)

The value of i ′ is always greater than or equal to the value of i. The parameters
modeling maintenance action effects are incorporated into the Monte Carlo simu-
lation. In the corresponding year, the values of these parameters are drawn from
triangular distributions. If there is an improvement in the SQI, the current value is
reduced by γ . In the case of a reduction in the degradation rate, the matrix Q is
multiplied by δr . A delay in the degradation process is modeled by considering P as
the identity matrix.

2.5 Multi-objective Optimization

Theproblemof optimalmaintenance planning for a slope is posed as amulti-objective
optimization problem. Formally, it can be defined as:

minimize : f1 = max
1≤i≤th

SQIi

f2 =
th∑
j=1

cost(.)

(1 + r) j

subject to : SQIi ≤ 3∀ i ∈ {1, . . . , th} (7)
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where th is the time horizon, cost(.) is the cost associated with the maintenance
action, and r is the discount rate. The first objective represents the slope perfor-
mance. The smaller maximum (worst) value of the SQI, the better performance
is. The second objective represents the total cost of maintenance activities during
the planning horizon. The future costs are discounted to reflect their current values
using the concept of the time value of money. Constraints translate requirements for
adequate levels of safety and serviceability. At any instance of time, the SQI cannot
exceed the value of 3. This is in accordance with quality requirements established
by the Portuguese authorities.

For solving the above problem, a multi-objective evolutionary algorithm based
on decomposition (MOEA/D) is adopted. MOEA/D decomposes a multi-objective
problem into a number of single-objective subproblems using scalarization and opti-
mizes them simultaneously in a single run. For a detailed description of MOEA/D,
an interested reader is referred to Li and Zhang [12].

Each population member represents a potential solution to the problem and is
encoded as a string of integers. This string corresponds to the plan of maintenance
actions to be performed. The string length is equal to the number of years in the
time horizon. As an example, consider a string [4 0 2 0 5 0 2 0 1 0]. Each number
represents the identification number of maintenance action, whereas the position in
the string corresponds to the time of application. Thus, 4 at the first position means
that the maintenance action with the identification number of 4 is applied in the first
year, 0 at the second position means that no action is applied in the second year and
so on.

2.6 Decision Making

A solution to multi-objective optimization problem is a product of the search and
decision processes. The former refers to generating a set of solutions that are equally
important in terms of the Pareto dominance relation. The latter involves selec-
tion of a single solution from the obtained set. To enable the distinction between
different Pareto non-dominated solutions, an additional preference information must
be elicited by the decision-maker.

In the literature, there exist various methods to support decision making in the
presence of multiple conflicting criteria. Two different approaches are considered in
this study. The first one is adopted from the field of multiple criteria decision making
(MCDM). Specifically, compromise programming is used for the solution selection.
It is based on the concept that alternatives that are closer to the ideal are preferred
to those that are farther away. To be as close as possible to the perceived ideal is a
rationale of human choice [13]. The closeness is evaluated by the distance function
that using the Chebyshev metric can be defined as:

L∞(a,w) = max
1≤i≤m

wi
fi (a) − z∗

i

z∗∗
i − z∗

i

(8)
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where A is a set of non-dominated solutions, a is a solution from that set, w =
(w1, · · · ,wm) is aweight vectorwhose the ith component represents a relative impor-
tance of the ith objective fi , z∗

i and z∗∗
i are the ith components of the ideal and nadir

vectors, respectively. These vectors are composed of the minimum and maximum
values of the objectives inA. The preference information is elicited from the decision-
maker in the form ofw that specifies the relative importance of the objectives. Finally,
a solution a∗ that meets the best these preferences can be determined as:

a∗ = argmin
a∈A

L∞(a,w) (9)

The second approach to decision making addressed in this study is related to the
reliability of solutions under effects of uncertainty, which is particularly relevant
issue to the problem at hand. As the objective related to the slope performance is
derived from the Monte Carlo simulation, repeated evaluations of the same solution
produce different results. In the optimization literature, this effect is often referred
as to noise. Solutions exhibiting a higher tolerance to noise are preferred in practice.
To allow the use of this concept for the solution selection, a proper measure for
assessing the solution quality with respect to the noise tolerance and a way to model
the decision-maker’s preference regarding this criterion must be defined. In what
follows, the solution tolerance to noise and robustness are used interchangeably.

The expectation and variance are most commonly used as robustness measures in
the field of robust design optimization. Similarly, this studymakes use of the variance
to determine the tolerance of solution to noise (robustness). For each solution a from
A, this measure is calculated as:

σ(a) = 1

n

n∑
i=1

(xi − μ)2 (10)

where n is the number of evaluations, xi is the value of the second objective in the
ith evaluation, and μ is the expected value calculated as:

μ = 1

n

n∑
i=1

xi (11)

A small variance indicates that values of the performance function tend to be close
to the mean.

Tomodel the preference information of the decision-maker with respect to robust-
ness, the dispersion parameter ε is introduced. This parameter ranges from 0 to 1
and enables the decision-maker to specify the desired degree of robustness for the
obtained solutions. Solutions that meet the corresponding requirements form a subset
of A that can be formally defined as:

Aε = {a ∈ A : σ(a) ≤ ε} (12)
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where σ(a) is the normalized measure of robustness for the solution a, which is
calculated as:

σ(a) = σ(a) − σmin

σmax − σmin
(13)

where σmin and σmax are the minimum and maximum values of σ for solutions in
A, respectively. By specifying the value of the dispersion parameter, the decision-
maker filters out solutions that are not robust. For small values of ε, the size of Aε

is small and contains solutions of high quality. Increasing the value of ε embraces
a lager set of solutions adding those with lower tolerance to noise. The concept of
the dispersion parameter was introduced in Gaspar-Cunha et al. [14], for focusing
the search of multi-objective evolutionary algorithms on robust regions of the Pareto
front. In that study, the dispersion parameter was used for specifying the preference
information a priori (before optimization). This studymakes uses of ε for a posteriori
(after optimization) decision making.

3 Case Study

The case study consists in applying the proposed framework to find optimal
maintenance strategies for a slope belonging to the Portuguese highway network.

3.1 Experimental Setup

The rock slope under study is located in the west coast of Portugal. It belongs to
Beira Litoral and Beira Alta Concession managed by a major Portuguese highway
operating company. The current SQI is 2. For planning maintenance strategies, the
periods of 10, 20, and 30 years are considered. Table 1 presents the elements of
the intensity matrix describing the degradation of the slope. These parameters are
computed on the basis of the historical data resulting from visual inspections of all
slopes belonging to the highway operator. The intensity matrix has been validated by
a goodness-of-fit test as reported in [15]. In accordance with the current practice, the
seven maintenance actions have been defined ad their effects quantified on the basis
of expert judgment. The description and cost for each of these actions are given in
Table 2.

Table 1 Elements of
intensity matrix

θ1 θ2 θ3 θ4

0.0751 0.0997 0.1480 0.1679
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Table 2 Description and cost
of maintenance actions

id Description Cost (e)

1 Slope bench cleaning 1541.52

2 Deforestation 1073.07

3 Reconstruction of platform ditches 1223.10

4 Reprofiling 1360.8

5 Sealing of cracks with cement grout 1360.8

6 Superficial drainage system cleaning 102.51

7 Banquettes cleaning 1800.00

The optimization is executed with a population size of 100, running for 300
generations. The other parameter settings are as follows. The crossover and muta-
tion probability are 1.0 and 1/ l, respectively, where l is the chromosome length
that corresponds to the time horizon. The probability of selecting parents from the
neighborhood is 0.8, the neighborhood size is set to 5, and the maximum number
of individuals replaced by an offspring is 2. The most suitable configuration of the
parameters is determined experimentally. The number of samples used in the Monte
Carlo simulation is 100, which corresponds to an adequate trade-off between the
accuracy and complexity. The discount rate of 0.01 is used.

3.2 Results

For the three time horizons (10, 20, and 30 years), the obtained Pareto optimal
solutions are presented in Fig. 2. As expected, there is no single optimal solution
but a set of solutions that represent different trade-offs between the performance of

Fig. 2 Representation of the
Pareto optimal maintenance
strategies in the objective
space



Maintenance Planning Framework for Rock Slope Management 565

slope and the cost of maintenance. It can be seen that for larger time horizons higher
expenses are required for maintenance. For instance, to ensure that the worst quality
index of slope is not lager than 2.9, the maintenance costs are e222.2, e645.5, and
e1244.2 for 10, 20, and 30 years, respectively.

The obtained Pareto optimal curves in Fig. 2 can be divided into two parts. One
part represents scenarios in which the SQI can be improved efficiently. Another
part offers solutions with increasingly larger expenses. For instance, consider the
solutions obtained for the time horizon of 20 years. It can be seen that the reduction
in the SQI from the worst-case scenario to the value approximately equal to 2.3,
can be achieved incurring relatively small maintenance costs. However, expenses
start growing significantly to accomplish a further improvement in the performance.
Also, it can be seen that when the time horizon is increased, the number of solutions
that are appealing from practical perspective becomes lower. These results stress
the importance of a proper maintenance planning and the need for effective tools to
support decision making.

To analyze maintenance strategies lying in different parts of the Pareto fronts,
the following four weight vectors are defined: w1 = (0, 1), w2 = (0.1, 0.9),
w3 = (0.5, 0.5) and w4 = (1, 0). These weight vectors reflect different preferences
of the decision-maker in accordance with the relative importance attributed to the
performance of slope and the cost of maintenance. The vectorsw1 andw4 correspond
to the extreme scenarios when the focus is solely on minimizing the maintenance
cost and improving the performance of slope, respectively. Whereas the vectors w2

andw3 translate specific trade-offs for these criteria. For the time horizon of 30 years,
the compromise solutions corresponding to these weight vectors are highlighted in
Fig. 3. For the sake of readability, the compromise solutions for 10 and 20 years are
not shown in this figure.

Highway managing companies are often interested in solutions having smaller
costs. Considering the time horizon of 10 years, the lowest cost maintenance strategy
(solution S1) requires sealing of crackswith cement grout in the end of the considered
period, namely in the ninth years. The same maintenance action is suggested being

Fig. 3 Degradation profiles corresponding to different Pareto optimal maintenance strategies:
a 10 years; b 20 years
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applied for several times for the periods of 20 and 30 years. Solution S2 reflects the
aspiration in reducing the cost of maintenance with some additional focus on the
improvement in the SQI. For 20 and 30 years, the optimal maintenance strategies
corresponding to S2 require the same type of maintenance activities increasing the
number of interventions by one. For the time horizon of 10 years, solutions S1 and S2
are similar with respect to the type and number of actions though S1 has a lower cost
as sealing of cracks with cement grout is delayed in time. This is due to the effect of
the concept of the time value of money. Such situation is common in practice. This is
because agencies often prefer to delay maintenance activities due to limited budgets.
Owing to high maintenance costs, solutions S3 and S4 are unlikely to be interesting
from a practical point of view. However, they are important for understanding how
the model works.

For the considered compromise solutions, the dynamics of the SQI when imple-
menting the corresponding maintenance strategies are shown in Fig. 3 (time horizon
of 10 and 20 years). The plots in this figure clearly show that under suggested main-
tenance strategies the SQI does not cross the worst allowable value (SQI = 3). The
worst value of SQI is mostly achieved at the end of the time horizon. This means
that a maintenance strategy that is optimal for a certain period of time would not be
optimal when the time horizon is increased. These results suggest that the developed
framework is able to provide adequate maintenance strategies optimizing the defined
criteria and meeting demands for required levels of serviceability.

4 Final Observations

As environment becomes increasingly competitive, there is a growing attention to
the use of effective tools for decision support. This study suggested a computation
framework to assist decision making in maintenance planning for slope. The details
of modules composing this framework are presented. The performance module
involves building a mathematical model for degradation of slope quality index.
This model is based on a time-continuous Markov process derived from a histor-
ical record of inspections. It is an important step allowing the prediction of the
future performance of slope. The maintenance module comprises models for main-
tenance effects and costs that are developed on the basis of the expert knowledge.
Uncertainties are addressed by modeling parameters as random variables and using a
Monte Carlo simulation. Optimization of maintenance strategies is performed from
a multi-objective perspective enabling a posteriori decision making.

The application of the proposed framework to maintenance planning for the case
study slope demonstrates its validity and usefulness. It was observed that the perfor-
mance model adequately describes evolution of the slope quality index over time,
although a more complete validation with real/historical data is still required, when
such information is available. Also, it was confirmed that defining parameters in the
maintenance model as variables ranging is some intervals makes the incorporation
of expert knowledge easier. This also allows dealing with opinions of several experts
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that typically vary. Multi-objective optimization of maintenance strategies appears
an effective tool to support decision making. The results are highly dependent on the
type of activities and the time of application. When a set of maintenance strategies
representing different trade-off is obtained, a careful and more effective planning of
resource allocations can be carried out.
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Geohazard in Consequence of Ignoring
Primary Stress State and Failure
to Observe the Construction Process
of Stabilizing Constructions Designed

Juraj Ortuta and Viktor Tóth

Abstract With slope movements man does not encounter every day, but it should be
noted that this happens, and it happens more often. These movements are influenced
only by two factors, namely nature and humans themselves. Slope deformations are
one of the most widespread and to some extent one of the most dangerous country
geohazards and represent significant geobarriers to urbanization planning.With grad-
ually expanding populations comes extensive and demanding technical works built in
increasingly complex and less favorable geological conditions. In complexgeological
conditions, it is mainly about understanding the overall geological environment with
the development and effectively designing geotechnical structures to ensure long-
term stability. The term effective design encompasses a set of geotechnical construc-
tion, which complement each other, so that their final effect has the desired influence.
In this paper, we have attempted to describe ways of determining global stability,
which is directly conditional on the building progress of stabilizing construction. This
procedure creates and directs geotechnical engineers. Any change in construction has
an impact on the global calculation, which should be adapted and subsequently veri-
fied. This calculation also influences new geological and geomechanical conditions
that are specified by the construction process. Contractors may skip these essential
steps, due to time and cost skips and thus embarks on the risky work, often with fatal
consequences.

Keywords Geohazard · Slope stability · Primary stress

1 Introduction

The mechanism of slope movements is defined as natural procession of general
development and the course of slope mass movement. It is also conditioned by
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the geological—tectonic structure of a slope, by slope site topography as well as by
operating natural and human activity factors. On the basis of the specific deformation
and kinetic mutual coupling of separate parts of a moving mass in entire zone of a
slope movement, this integrating mechanism determines that in a given space and
time there develops and proceeds a characteristic type of downward slopemovements
and also a resulting type of slope failure, always with minimal energy consumption.
The mass movement mechanism and the type of slope movement, as well as its
velocity, can however change in space and time.

2 Sliding

The most widespread slope movement is sliding. It is distinguished by the gravita-
tional movement of soil or rock mass in solid (hard) to plastic state (from very stiff
to soft consistence) on a slope without loss of contact with the bed ground.

Analysis of slide movement in respect to kinetics is based on Newton´s law of
motion, valid for the acceleration of solid bodies in the gravity field. With respect
to the variable geometry of landslide, their surficial topography and their sliding
surfaces, is possible to solve the kinetics of slide movement just in simple cases or
in particular parts with clearly defined sliding mass path.

3 Landslides and Line Construction

Slope deformations generally have a negative impact on planned construction. The
greatest interest is mainly focused on landslides threatening the new family houses.
It being remembered that many times the owners, who decided to build on the slope
without the help of a geologist or geotechnical engineer, can often experience this
situation. Linear structures, however, represent a strategic building that has a very
wide use for the population and the state.

The complicated geological structure complex in the interactionwith the construc-
tion of highways and the related occurrence of slope deformations is the biggest
problem of most states in the world.

Although themaps of slope stability, inwhich the landslides and other slope defor-
mations are registered, is being developed. During construction it, the responsible
geotechnical engineer often encounter unexpected complications.

Project planning counts on what has been documented in the past, and there-
fore, are realized remedial arrangement which resulting from a previous survey. As
already mentioned, there are cases when the combination of adverse natural condi-
tions and anthropogenic intervention of construction into the natural environment
activate slope deformations. One of the most frequent building interventions in the
rock environment during construction is the undercut. Nothing unusual, but from
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stability view-point, it is very dangerous. Although the stability ratios are calcu-
lated, due to the construction of supporting walls, the slope deformations are often
unpredictable and thus annoying and mainly over-charge the actual construction.

4 Stability Assessment of Slope Deformations in Highway
Corridor

As an example, paper describes the construction of a highway in complicated
geological conditions, where the alternation of solid and plastic layers occurs. This
alternation results in several shear areas at different depths.

The most significant exogenous geodynamic phenomenon for near the highway
included landslide, which is a response to the geological and tectonic structure of
the area and its hydrogeological conditions. Slope deformations, that are in multiple
locations combined with a movement of rubble´s layers, cover the bulk of the area
slopes engaged motorway route (or a range). We decided to focus on the first section
of the highway, which almost represents one potential landing gear that directly
threatens the adjacent railway station and, therefore, the direct northern rail link
connecting the Czech Republic, Poland and Slovakia. This section is divided into
several homogeneous units.

4.1 Section 1

The route undergoes extensive stabilized slope deformation at the final development
stage. First 120 m is applied to potential landslides a frontal planar slip surface in a
depth of 7.0 to 8.0 m.

4.2 Section 2

The section of the highway is situated in the accumulation of potential frontal land-
slide. The rock environment disturbed by sloping movements reaches a depth of
2.1 m–3.0 m. The depth of the sliding body according to the piezometric borehole
is 5.0 m.
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4.3 Section 3

This section includes a large sliding area with two staged, stepped slides of 250–
300 m in length, interconnected by two smaller flat landslides. The surface layer is
damaged to a depth of 4–5 m by a potential landslide, where a basic shear surface is
assumed to be 9.5–10.5 m deep.

4.4 Section 4

Here is the highway route situated in a compound stabilized slope deformation.
The construction sites are situated in the frontal landslide with a thickness deluvial
landslide at 7–8 m. The central part of the territory is violated planar and current
stabilized landslides, and the upper part of the slope deformations are broken by
rubbles. The depth of the shear area is 7.0 m below the terrain.

4.5 Section 5

This is a section where the rock environment is damaged by stabilized frontal
landslide with a depth of shear area of 2.1 m–4.1 m.

Already on the basis of this sectional division and a short description of defor-
mations, it is obviously what challenging geological environment. In general, we
encounter several, mutually interconnected shear surfaces, either at the basal level
(deeper shear areas) or the level of deluvial rubbles movement (shallow shear
surfaces).

5 Design of Geotechnical Construction for Landslides
Stabilization

On the whole, the above described part of the newly built highway has been divided
into six homogeneous units, and on the basis of geological survey was proposed
set of geotechnical constructions, whose task is to stabilize the slope deformations.
Figure 1 shows one of these variants.

Given that the problem is not only shear surface but a number of independent ones,
it was necessary to choose the most advantageous construction process that would
already have its own built steps created a motion-preventing construction unit.

Calculation of stability ration took place on two levels.
Calculation of the global stability of the section, account of the construction

process and each step has been assessed separately, to avoid accidental triggering of
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Fig. 1 Plan of the highway D3—section length 6.3 km

slope movement. If the step results in a decrease of stability to the previous step, and
this step is reviewed and selected other process so as to still ensure the continuity of
the construction (Figs. 2, 3, 4 and 5):

Calculation of internal stability of individual structures to determine internal
forces and subsequent dimensional evaluation (Figs. 6 and 7):

Many times, there is a requirement for control of project documentation sometime,
directly from the contractor, supported global stability assessment for individual
objects of the construction system. However, this requirement is often based on a
misconception that the system can be divided into parts and they carry a proportion
of the total degree of global stability.

Fig. 2 Schematic cross section—highway width 24.5 m
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Fig. 3 Shape of the shear surfaces for the first construction step (phase 0 represents the initial stress
state)

Fig. 4 Redistribution of the shear displacements after completion of the first object, which now
allowed the start of landslide release

Fig. 5 Construction of another pilot wall, the task of which will be primarily to secure the left-hand
highway

Fig. 6 Final stability system of highway
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Fig. 7 Example of determining global stability for part of a construction with a reinforced structure

6 Construction Process and Global Stability

The main task of the geotechnical engineer is to propose a set of measures that will,
by their nature, prevent landslides. A set of constructions means that individual parts
fulfill their partial role until the builds up the next part (gravitational walls, piles,
MSE wall) and jointly take over the stability role as a whole.

The individual steps of geotechnical construction must be assumed and, on the
basis of the primary stress state in the mass, it must be ensured so as to avoid
landslides.

Each step must be supported by stability recalculation and only on the basis of it
can be chosen the next procedure or take an auxiliary measure.

In such a construction process, geotechnical engineer works with time as a vari-
able. This procedure must be followed by the contractor and cannot be diverted from
it because even the minimum change may mean collapse.

Geotechnical engineer is in constant contact with the geologist who is present
on the site. Each change from the assumption is immediately analyzed and inserted
into the design model to verify the calculations. In case of non-compliance, they are
immediately proposed measures. This does not mean an unnecessary increase in the
cost of the work and the time of construction is not extended.

Other examples are the sum of the most common geohazards of the contractor in
violation of geotechnics and ignoring nature.

Ignoring the construction process (Figs. 8, 9, and 10):
Ignoring the construction time (Figs. 12 and 13).
Geotechnical engineer prescribed not only the construction process but also the

time steps that need to be accomplished. This had to be completed within the day so
as not to damage the structure.

Nailed slope had to be secured by concrete in a day to prevent degradation of the
soil and the change in mechanical properties (Fig. 14).
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Fig. 8 Another part of the same object and determination of global stability for piles and anchors

Fig. 9 Primary stress state with identified landslide

Fig. 10 Primary stress state with identified landslide

7 Risk Analysis and Likelihood of Occurrence
an Undesirable Event

In geotechnical engineering, it is necessary to assume that a fault on the part of the
contractor will occur during the design itself. It is in this area of construction that
the manufacturer’s mistakes are of a great nature and have dangerous consequences
for the proposed work. It is necessary to count on them during the design, and thus
to prevent, respectively, at least reduce the negative impact of improper work. This
analysis will increase the safety of the building and increase the safety of workers.
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Fig. 11 Slope adjustment without free cut

Fig. 12 Slope adjustment without free cut

Fig. 13 More than a week open unsecured excavation and one-day rain
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Fig. 14 Crack zone

As mentioned above, frequent errors in the process of design geotechnical struc-
tures are neglect, respectively, simplifying undesirable effects on the building struc-
ture. But, if we are aware of these risks, it is possible to analyze them and under
consideration the likelihood of an undesirable occurrencewith regard to other aspects
of the design under consideration.

Generally, the risk can be understood as a probability of occurrence of an unde-
sirable and unintended event and a negative consequence of this event. So, if we talk
about risk, we are talking about the probability that a threat may occur. The risk is
accompanied by uncertainty. It is the event with which the risk is associated may
or may not occur. On the other hand, it is a loss, which is the result of unexpected
consequences.

The first stage in risk analysis is their identification, a savoir identification of risk,
and the identification of the risks that may affect the building structure. Creating a
list of potential risks is based on the fact that everything can occur during the static
calculation solution and what events it does. At present, there are many techniques
and methods for identifying risks (Fig. 15).

The next step is the risk analysis itself. It serves to sort the risks according to their
impact on project goals. Quantitative risk analysis serves to determine the likelihood
of risks and to link these risks to the objectives of the project. Various risk analysis
methods can also be used for building and designing building structures. However,
the mathematical method, the method of scenario analysis and the method of using
experience are the most optimal.

The main advantage of the matrix method is the ability to capture a great deal
of interrelationships between the rock environment and the building structure. The
scenario analysis method has the ability to use simulation patterns of construction
behavior. In practice, it is being used less and less. The method of exploiting experi-
ence is in turn based on similarities with other similar constructions, which have been
proposed under similar geological conditions. However, as geological conditions are
predominantly different in each building, this method of analysis is rarely applicable.
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Fig. 15 Reduction of
geotechnical risk

8 Lessons for Contractors

8.1 Application of the Observation Method

Natural or artificial environment from natural materials can never be considered as
homogeneous, eventhough we are thinking in static assessment. Its real characteris-
tics and the type of behavior of building structures in the rock environment cannot
be reliably determined at the stage of preparing the project documentation. And it
cannot do even the finest computational procedures.

The use of the observation method during construction will allow the quality
of construction projects to be improved. To a certain extent, take into account the
behavior of each part of the construction in specific cases. Indeed, the behavior of
the construction structure after completion as a whole is decisive. It is therefore
necessary to pay increased attention to the monitoring proposal. However, in order
to be able to proceed with the design of the observation method during construction,
it is necessary to accept a certain acceptable risk during the design.

8.2 Procedure of Construction

Another important part of static assessments is, of course, the stage of construction—
the construction process, which inmost cases is determined by the contractor himself.
In this section, all stages of earthworks and building construction should be modeled
as they will be carried out on site.

The problem is whether or not to consider this part of the assessment or to simplify
it in the calculationmodel. At that time, complications also occur in simpler construc-
tions, when this fact is neglected most often. It is not a complete rarity when the
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proposed abutment walls in the landslide area are also modeled in the 15 stages, only
to ensure stability at each stage of construction.

8.3 Geotechnics is no Science

Geotechnics is no science. This argument we often encounter in practice is very
erroneous. Geotechnical constructions account for about 5–10% of all costs on the
financial side of the construction site. For civil engineering, it is 30%, and for water
constructions, the share of geotechnics is up to 50% of the total cost of the construc-
tion work. The largest share of these buildings is of course underground, where the
share of geotechnics represents up to 95% of all costs. Based on these statistics, it
is clear that the impact of geotechnics is significant for all types of construction and
cannot be neglected under normal conditions.

9 Conclusion

Slopemovements are events man does not encounter every day, but it should be noted
that this happens, and it happens more often. These movements are influenced only
by two factors, namely nature and humans themselves.

In complex geological conditions, it is mainly about understanding the overall
geological environment with the development and effective design of geotechnical
structures designed to ensure long-term stability. The term effective design is meant
a set of geotechnical construction, which complement each other, so that their final
effect has the desired influence. Therefore, the calculation is conditional on precisely
the construction process and the time dependency. This is the primary input that
geotechnical engineers should identify at the beginning of the design work. This
procedure is unalterable and all other work has to come from it. Based on this, it
is then possible to simply involve individual suppliers in the building process and
effectively manage the overall process.
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Inverse Analysis of a Failed Highway
Embankment Slope in North Texas

Burak Boluk , Sayantan Chakraborty , Anand J. Puppala ,
and Navid H. Jafari

Abstract Expansive clayey soils undergo significant volumetric changes, and desic-
cation cracks develop due to wetting and drying cycles. The presence of desiccation
cracks changes the soil’s hydro-mechanical properties and allows rapid infiltration
of rainwater to the underlying deeper layers. The abrupt increase in moisture content
and swelling reduces the soil’s peak strength to fully softened strength. Consequently,
these slopes experience shallow failures that are approximately parallel to the slope
surface. The purpose of this study is to assess the impact of weathering cycles by
studying the failed highway embankment slope located inDenison, Texas. The exper-
imental laboratory studies, including direct shear test, fully softened strength test, soil
water characteristic curve, and soil hydraulic conductivity tests, were conducted on
samples that were collected from scarp of the failed slope. A comprehensive inverse
analysis was conducted using a finite element method-based software package. The
analyzed results suggest that the surficial slope failure was attributed to (i) the forma-
tion of desiccation cracks, (ii) increase in soil permeability, (iii) reduction in shear
strength, and (iv) the formation of the perched water table in the weathered surficial
soil during intense rainfall events.

Keywords Fully softened strength ·Wetting and drying cycles · Slope stability ·
Shallow slope failure
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1 Introduction and Background

Expansive clayey soils are commonly present in many arid and semi-arid areas of
the USA, and several highway embankment slopes are built with highly expansive
clays [1, 2]. These highway embankments are in marginal condition since seasonal
weathering activities, particularly wetting–drying cycles, have detrimental effects on
hydro-mechanical properties of clayey soils [3–6]. Expansive clayey soils experience
a significant amount of swelling due to exposure of moisture at near-surface layers
from rainfall [7]. Whereas, in the drought season, the same soil tends to shrink, and
its volume decreases significantly [8]. At times, extended weathering activity results
in several shallow highway embankment slope failures, which constrain mobility
services and require high maintenance and expensive rehabilitation measures [9].

The recurring weathering cycles result in surficial desiccation cracks in clayey
soil, and these cracks directly influence the soil hydraulic properties [10]. Benson [11]
concluded that the permeability value of clayey soil linersmight increase around1000
times after the first threewetting and drying cycles due to the high shrinkage potential.
Similarly, Daniel [12] pointed out that the hydraulic conductivity value of clay liner
in the field generally increases one to four orders in magnitude after construction.
Boynton and Daniel [4] studied the effect of confining stress on the permeability
of the clayey soil after the development of desiccation cracks and reported that the
permeability value increases significantly up to 30 kPa (627 psf) of confining stress,
which can be present at shallow depths.

Wetting and drying cycles result in irreversible changes and damage soil integrity.
As a result of irreversible volumetric changes, desiccation crack patterns promote
rapid moisture intrusion in the near-surface layers of embankments. Since the mois-
ture content of the clayey soil increases easily, the cracked clayey soil swells, and soil
shear strength reduces from peak to fully softened strength (FSS). FSS is defined as
the peak strength of normally consolidated clay [13]. By conducting back analyses
on failed embankment slopes, Skempton [14] concluded that the development of
fissures in clayey soil reduces the peak shear strength to FSS. Kayyal and Wright
[(3)] found a similarity between the shear strength of newly compacted clayey soil
exposed to wetting and drying cycles and the peak strength of normally consolidated
clayey soils. The initial factor of safety (FOS) of the critical slip surface calculations,
using peak shear strength of the clayey soil, is generally above one. However, over
time, shallow slope failures of 1.2 to 2.4 m (4 to 8 ft) depth occur due to softening
behavior [15–17].

The primary purpose of this study is to investigate the probable reason(s) behind
the failure of a highway embankment slope located in Denison, Texas, by conducting
comprehensive inverse analyses. The peak shear strength parameters of the embank-
ment soil were determined using direct shear (DS) tests and were used to assess the
stability of the slope after construction. Whereas FSS parameters were estimated
using the Bromhead torsional ring shear (TRS) equipment to study the stability of
the embankment slope after exposure to extensive wetting and drying weathering
cycles. Soil water characteristic curve (SWCC) was determined in the laboratory,
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and the unsaturated hydraulic conductivity of clayey soil was predicted by using
van Genuchten’s SWCC function [18]. The changes in shear strength parameters
and unsaturated hydraulic conductivity properties estimated from laboratory tests
were used to perform an inverse climate-coupled slope stability analysis using the
commercially available SEEP/W and Slope/W software packages.

2 Site Details

The failed embankment slope is located along U.S 75 Frontage Road in Denison,
Texas. Before the failure, the slopewas having a height of 11.58m (38 ft) with 3H:1V
slope ratio. While the exact slope failure date is not known, the Texas Department of
Transportation (TxDOT) engineers noticed that the slope started to experience several
desiccation cracks from 2014, and no major failure was observed until December
2015. However, the road is closed since 2016 as the cracks caused several surficial
slope failures and also damaged the pavement structure. In 2018, the length of failure
affected zone was 18.3m (60 ft), and one lane of the road experiencedmajor damage.
However, in 2019, due to the effect of continuous weathering cycles, the length of
failure affected zone increased to 134.7 m (442 ft), and both lanes of the road were
affected by the slope failure (Fig. 1). The soil samples for laboratory testing were
collected from the failure scarp after discarding approximately 30 cm (1 foot) of
topsoil to avoid the presence of vegetation, fertilizers, and aggregatematerial from the
failed pavement structure. The collected soil samples were stored in sealed buckets

Fig. 1 Condition of slope in June 2019
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and transferred to the laboratory to determine the hydro-mechanical properties of the
soil. The details of the experimental program are elucidated in the next section.

3 Experimental Studies

3.1 Soil Characterization Tests

Soil characterization tests were conducted as per ASTM and TxDOT standard proce-
dures to determine the basic soil properties. Wet sieve analyses and hydrometer tests
were conducted on samples to determine the soil grain size distribution following the
ASTM D 422–63 procedure. Plastic and liquid limits were measured in accordance
with ASTMD4318. Standard proctor compaction tests were conducted as per ASTM
D698-12. One-dimensional (1D) free swell tests and 1D linear shrinkage tests were
conducted in accordance with ASTM D 4546–14 and Tex-107-E, respectively.

3.2 Soil Shear Strength Tests

Soil strength parameters are important to understand the reason for slope failure.
Newly compacted clayey soil generally imparts enough shear strength, resulting in
highFOSof the critical slip surface.However, in the long term, a significant number of
wetting and drying cycles detrimentally impacts the clayey soils’ hydro-mechanical
properties, ultimately reducing the FOS of the critical slip surface to unity. In this
study, several inverse analyses were performed using the soil strength parameters,
which were obtained from DS and TRS tests.

Direct Shear Tests. The shear strength parameters obtained from the DS test
represent the initial soil strength before exposure to wetting and drying cycles. DS
tests were conducted as per ASTM D3080 using the DS testing equipment shown
in Fig. 2a. Cylindrical specimens of 63.5 mm (2.5 in) in diameter and 25.4 mm
(1 in) thickness were prepared at the optimum moisture content (OMC) of 19.5%
and maximum dry density (MDD) of 16.8 kN/m3 (107 pcf) as per standard proctor
compaction test results (Fig. 2b). The DS test specimens were sheared at normal
stresses of 50, 100, and 150 kPa (1044, 2089, and 3133 psf). A slow shearing rate of
4.4 × 10–3 mm/min (1.73 × 10–4 in/min) was used to simulate a drained condition
by allowing sufficient time to dissipate the excess pore water pressure that might
have developed during the shearing.

Torsional Ring Shear Tests. TRS tests were conducted to estimate the shear
strength parameters of a specimen that was exposed to a significant number of wet-
dry cycles (FSS parameters). Tests were conducted using the modified Bromhead
TRS device as per ASTM D7608-10 (Fig. 3a). The dry soil was mixed with water to
attain a moisture content equal to 1.5 times of liquid limit (LL) of soil. The soil slurry
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(a) (b)

63.5 mm

25.4 mm

Fig. 2 a DS test apparatus and b DS test specimen

(a) (b)

70 mm

100 mm

Fig. 3 a Modified Bromhead ring shear test apparatus and b annular ring shear mold

was placed in an annular ring shear mold that has an inside diameter of 70 mm (2.75
in) and an outside diameter of 100 mm (4 in) (Fig. 3b). TRS tests were conducted at
the same normal stress levels that were used for the DS test with the shearing rate of
0.018 mm/min (7.1 × 10–4 in/min).

3.3 Unsaturated Soil Properties

Highway embankments are generally present in unsaturated conditions. During
rainfall events, the soil suction level and development of pore water pressure are
controlled by the unsaturated hydraulic conductivity parameters of the soil. There-
fore, the hydraulic properties of the unsaturated soil are important parameters that
are required for performing a rainfall-induced slope stability analysis.
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SWCC provides information on the variation of volumetric water content at
different suction levels. As the unsaturated soil permeability is a function of the
degree of saturation, the unsaturated permeability can be indirectly estimated using
the SWCC. In the literature, numerous empirical models are defined to estimate
the unsaturated permeability of soil [19]. These models generally require saturated
permeability value and SWCC best-fitting curve parameters. Therefore, the saturated
permeability value of soil was determined using the modified triaxial device, and its
details are provided in Bhaskar et al. [20]. The drying path of SWCCwas determined
using Tempe cell for suction values of 0 to 500 kPa (0 to 10.44 ksf), and dew point
potentiometer for suction values ranging from 500 to 120,000 kPa (10.44 to 2,506
ksf). The determined SWCC was fitted using the van Genuchten [18] function to
identify the best-fitting parameters.

4 Numerical Model Studies

In this study, the impact of weathering cycles on the stability of highway slope
was studied using SEEP/W and Slope/W software. Transient seepage analyses were
conducted by using SEEP/W software to determine the changes in the pore water
pressures during rainfall events. The obtained pore water pressure distributions were
transferred to SLOPE/W to determine the FOS of the critical slip surface of the
embankment slope.

Several inverse analyses were conducted to identify the cause of slope failure.
The numerical analysis model was built according to the geometric configurations
provided by TxDOT (Fig. 4). As the slope failure was measured at 2.1 m (7 ft) depth
from the slope surface, the analysis was performed by dividing the numerical model
into two layers, surface layer, and deep layer. The surface layer was defined as a
2.1 m (7 ft) thick surficial layer, where the soil experienced degradation in hydro-
mechanical properties due to weathering cycles. The deep layer starts beneath the

Fig. 4 Numerical analysis model of the slope
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surface layer and represents the soil layers that were not affected by wetting and
drying cycles.

The slope stability was investigated for two different scenarios: (1) Case 1,
portrays the initial condition in which there are no desiccation cracks, and (2) Case
2 shows long-term conditions in which there are desiccation cracks in the surface
layer due to weathering cycles. Case 1 analysis was conducted after assigning soil
peak shear strength and newly compacted condition of soil hydraulic conductivity
value into all the regions of the slope model. Case 2 analysis was conducted using
the degraded hydro-mechanical properties in the surface layer. The soil strength was
decreased to FSS parameters, and permeability value was increased by 10,000 times,
to simulate the presence of desiccation cracks, in accordance with existing literature
[12].

In rainfall-induced slope stability analyses, the initial suction level of the slope
controls the unsaturated soil properties. During preliminary site investigations, no
water table was observed until a depth of 15.7 m (51.5 ft) (up to an elevation of
179.9 m) from the ground surface. Therefore, analyses were conducted assigning the
water table at an elevation of 179.9 m. The numerical analyses were conducted by
limiting the maximum suction level at 50 kPa (1044 psf) to prevent overestimation
of suction-induced soil shear strength [21]. The effect of an increase in the soil shear
strength with respect to soil matric suction was incorporated in the analysis using
the internal friction angle due to soil matric suction (φb angle). The φb value was
assumed to be 15° based on the soil air entry value, in accordance with existing
literature [22]. After defining the probable entry and exit points of trial slip surfaces,
the stability analyses were performed using the Morgenstern-Price method.

Since the exact failure date was not known, rainfall-induced analyses were
conducted using rainfall frequency estimates provided by National Oceanic and
Atmospheric Administration (NOAA) [23]. The stability of slope was evaluated for
two different rainfall durations, a short-duration rainfall of 1 day and a long-duration
rainfall of 10 days. As the hourly rainfall variation data is not available, a total amount
of 15.77 cm (6.21 in) rainfall was continuously applied to slope model in 1 day with
a constant rainfall intensity of 1.83 × 10–4 cm/sec (7.19 × 10–5 in/sec), to simu-
late a short-duration rainfall event. For the long-duration rainfall, a total amount of
25.65 cm (10.10 in) rainfall was applied in ten days with a constant rainfall intensity
of 4.43 × 10–5 cm/sec (1.17 × 10–5 in/sec).

5 Results and Discussions

5.1 Soil Characterization Test Results

The basic soil characterization test results are tabulated in Table 1. Based on the
grain size distribution and LL and PI, the soil is classified as a high plasticity clay
(CH) using the USCS classification chart. The soil exhibited a high value of 1D
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Table 1 Summary of soil characterization test results

Property

Clay fraction, CF (%) 55

Liquid limit, LL (%) 58

Plastic limit, PL (%) 37

Plasticity index, PI (%) 21

USCS classification CH

Optimum moisture content, OMC (%) 19.5

Maximum dry unit weight at optimum moisture content (kN/m3/pcf) 16.8 /107

1D free swell strain (%) 7.2

1D linear shrinkage strain (%) 17.7

swelling and shrinkage strains of 7.2% and 17.7%, respectively. The severe swelling
and shrinkage strain results are consistent with a high PI value of 21% and a clay
fraction (CF) of 55%. The basic characterization test results indicate that the soil is
susceptible to degradation in hydro-mechanical properties when exposed to wetting
and drying cycles.

Soil Shear Strength Test Results.

The soil strength test results showed that the soil specimens experienced a decrease
in effective cohesion value from 13.2 kPa (276 psf) to 1.28 kPa (26.8 psf) due to
softening behavior. The soil friction angle remained practically the same, with a
minor decrease from 23.7° to 23.4°. The soil strength test results are consistent with
those observed by previous researchers [24]. These results are supporting evidence
that indicates the chances of slope stability issues when exposed to wetting and
drying cycles. The drastic reduction in soil cohesion values causes a decrease in
shear strength of the surficial soil layers. Therefore, in the long term, the soil shear
strength is only contributed by the soil friction angle.

5.2 Unsaturated Soil Test Results

The experimental result of the drying path of SWCC is shown in Fig. 5. The experi-
mental data points were fitted with van Genuchten [18] function and the best fitting
parameters are presented in Table 2.

The SWCC results indicate that the soil has an α value of 0.01 kPa−1, which can
be attributed to the high CF of soil. Soil saturated permeability test showed that soil
has a low value of hydraulic conductivity of 2.68× 10–10 m/s (8.8× 10–10 ft/s). This
low permeability value also can be attributed to the high fines content of the soil,
which fills the voids and results in a low hydraulic conductivity value.
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Fig. 5 Drying path of SWCC of soil

Table 2 SWCC model
parameters

van Genuchten [18] best fitting parameters

α (kPa−1) n m

0.01 2.89 0.095

5.3 Numerical Analyses Results

Rainfall-induced slope stability analyses were conducted to illustrate the impacts
of weathering cycles on the stability of the embankment slope. Table 3 shows the
calculated FOS of the critical slip surface of the embankment slope.

In the newly compacted condition, Case 1, there was no significant amount of
moisture intrusion for all the rainfall events. Figure 6 shows the pore water pressure
in the middle of the slope between elevations of 195.4 m to 191 m (641 ft to 626 ft)
after 15.77 cm (6.21 in) of rainfall in 1 day.

Themoisture fluctuation was obtained only within a depth of 3.6m (11.8 ft) below
the surface of the slope (between elevations of 195.4 to 191.8 m). The critical slip
surface of the slope had sufficient FOS (minimum 2.84) for all the rainfall amounts.
The high FOSvalue can be attributed to the sufficient post-construction shear strength
of the soil, coupled with a low permeability value that prevented rapid moisture
intrusion into the deeper layers. Consequently, the presence of a considerable amount

Table 3 Calculated FOS of
the critical slip surface

Total rainfall

Case # 15.77 cm (6.21 inches) 25.65 cm (10.10
inches)

Case 1 2.84 2.84

Case 2 1.86 0.86
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Fig. 6 Pore water pressure diagram for Case 1 after 15.77 cm (6.21 in) rainfall

of negative pore water pressure (soil matric suction) contributed towards the stability
of the slope.

In the long term, Case 2, after a total of 25.65 cm (10.10 in) rainfall in 10 days,
FOS of the critical slip surface showed a drastic decrease to 0.86. The presence of
desiccation cracks in the surficial layer allowed rapid moisture infiltration into the
slope, resulting in the accumulation of rainfall water in the surficial layer due to the
presence of an underlying layer with low permeability value of 2.68 × 10–10 m/s
(8.8 × 10–10 ft/s). A perched water table was observed to develop in the surficial
layer within a depth of 2.4 m (7.9 ft) from the surface (Fig. 7). This development
of positive pore water pressure decreased the soil’s effective strength, and slope
experienced shallow failure.

Fig. 7 Calculated FOS of the critical slip surface after 25.65 cm rainfall for Case 2
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6 Summary and Conclusions

This study focused on investigating the reason behind the failure of a highway
embankment slope located in Denison, Texas. Extensive laboratory tests were
conducted on the soil collected from the failed embankment site. Rainfall-induced
slope stability analyses were performed for different rainfall events, and its effect on
the stability of the slope was studied. The analyzed result suggests that the shallow
slope failure was attributed to the following reasons.

• Soil samples experienced high swelling and shrinkage strains of 7.2% and 17.7%,
respectively. These high amounts of volumetric changes indicate the susceptibility
of soil to wetting and drying cycles. Due to the exposure to weathering cycles, the
surficial embankment soil lost its integrity and experienced desiccation cracking.

• The development of desiccation cracks in the surficial layer caused the abrupt
moisture intrusion into the embankment slope during rainfall events.

• After experiencing wetting and drying cycles, the effective cohesion value of the
soil showed a significant decrease from 13.2 kPa (276 psf) to 1.28 kPa (26.8
psf) while the friction angle showed a minor decrease from 23.7° to 23.4°. The
reduction in cohesive force resulted in a decrease in the shear strength of the
surficial soil layer and was detrimental to the stability of the slope.

• The degraded hydro-mechanical soil properties in the surficial layer, along with
the development of positive pore water pressure during an intense rainfall event,
led to a significant decrease in effective soil strength and probably resulted in the
failure of the slope.
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Investigating the Effect of Direction
of Grass Roots on Shear Strength of Soil
and Stability of Embankment Slope

Jakob Schallberger and Lalita Oka

Abstract The use of grass to protect the slopes from erosion of road embankments
is a common practice. However, quantifying the changes in shear strength of such
bio-structured (with grass roots) soil is a complex procedure. One of the impor-
tant factors affecting the shearing resistance of such soils is the direction of grass
roots with respect to the slope angle. An experimental investigation was taken up
to quantify the changes in shear strength of soil due to the direction of grass roots.
Direct shear tests were conducted on field samples from a slope with grass roots and
compared with remolded samples without roots. The field samples were obtained by
pushing the samplers in a sloping ground in vertical, horizontal, and in 45 ° incli-
nation. Direct shear tests were conducted on these samples by keeping the direction
of the roots in perpendicular, parallel, and inclined to the failure plane during the
direct shear test. Thirty-five samples were tested with in-situ moisture content, and
fifteen samples were tested in saturated conditions. For the samples tested with in-
situ moisture conditions, the test results indicate that the soil with the vertical and
inclined root direction experienced a similar overall increase in cohesion and a near
negligible change in friction angle. However, the samples with roots parallel to the
failure plane experienced the least increase in cohesion in comparison with the other
two root directions. A similar trend was observed for the samples tested in satu-
rated conditions. Additionally, slope stability analysis was performed using software
SLIDE (version 7) to determine the effects of the root direction on the factor of safety.

Keywords Slope stability · Grass roots · Shear strength

1 Introduction and Background

Maintaining the stability of embankments is one of the important concerns of all
road transportation and infrastructure development projects. Road embankments
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and retaining walls are typically constructed using granular soils to avoid exces-
sive buildup of pore pressure. However, these soils lack cohesive properties and
are susceptible to slope failure. Improving the shear strength of such cohesionless
soils is, therefore, a big challenge. While geotextiles are widely used to protect and
strengthen the slopes, they are sometimes cost-prohibitive and require regular main-
tenance. These considerations are especially important for roads located in remote
regions. Using plant roots or grass roots to stabilize the slopes is one of the cost-
effective solutions. However, predicting the response of such root-reinforced soils is
challenging, mostly due to the unknown soil behavioral model. Multiple studies in
the past have reported that root-reinforced sandy soils have higher shear strength in
comparison with sands without roots (Cazzuffi et al. [1], Comino, and Druetta [2],
Eab et al. [3], Fan andSu [4]). Several factors, e.g., root diameter, root tensile strength,
and planting density, were found to affect the shear strength of root-reinforced soils
(Loades et al. [5]). Effect of Vetiver grass roots on shear strength parameters have
been extensively studied by many researchers (e.g., Eab et al. [3], Xu et al. [6],
Hamidifar et al. [7]). These researchers have shown a clear evidence of improvement
in shear strength and thus improved sliding resistance capacity. While most of these
studies were conducted using direct shear tests, it has amajor disadvantage of forcing
the sample to shear in a horizontal direction. Thus, the direction of the roots with
respect to the shearing plane can affect the results. Unfortunately, the problem is
further compounded since the existing standardized testing procedure for the direct
shear test, ASTM-D-3080 [8], does not include information on the testing procedure
for root-reinforced soils. Therefore, this investigation was prompted by the need for
more research on the effect of root direction on the shear strength of root-reinforced
soils. The soil specimenswere obtained froma grass root-reinforced slope by pushing
samplers in three directions (vertical, horizontal, and inclined to the slope) to capture
the effect of root direction, and direct shear tests were conducted in the laboratory.
This paper describes the sampling method and results from the tests. A sample slope
stability analysis using software SLIDE (version-7) is also presented.

Use of root-reinforced soil to improve slope stability has been in practice since
the thirteenth century (Cazzuffi et al. [1]), but the geotechnical testing of such soils
was introduced by the researchers Endo and Tsuruta [9], andWu et al. [10] in the late
twentieth century. Wu et al. [10] and Waldron and Dakessian [11] were among the
early researchers to propose the use of Mohr–Coulomb model to estimate the shear
strength of root-reinforced soil, and it is still in practice. Recently, some studies (e.g.,
Cazzuffi et al. [12]) have focused on evaluating the effect of grass species, and soil
types and some (e.g., Ji et al. [13], Zhou et al. [14]) have investigated the effects of
large root system such as tree roots on the shear strength of the soil.

While there are instances of using triaxial test to measure the shear strength of
root-reinforced soils (Zhang et al. [15], Mazzuoli et al. [16]), most studies reported
in the literature are based on direct shear tests. This is mainly because of ease in
sample preparation; and no difference was found in the end results with remolded
specimens (Castellanos andBrandon [17]). However, one of the important drawbacks
of the direct shear test is that it forces the failure plane to be horizontal. Although
Fitz et al.[18] have documented the role of the direction of failure plane on slope
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stability, it is rarely considered in the testing of sands since it is very difficult to
obtain undisturbed samples in the sand. Hence, there is evidence in the literature that
the direction of roots could play an important role in determining the shear strength
of root-reinforced soils, and it will ultimately influence slope stability analyses for
the road embankments. A study was therefore undertaken to investigate the effect of
root orientation on shear strength of sandy soil and the factor of safety estimation
for a slope.

2 Testing Program

2.1 Field Sampling

The sampling site was located between the Laton and Riverdale towns in the Fresno
County of Central California. Figure 1 shows the details of field measurements and
sample collection. The slope profile was determined by staking along the length of
slope and measuring the elevations with the help of Ziplevel Pro-2000 high precision
altimeter. A split sampler drive tube consisting of two 6-inch-long samplers was
pushed in the sloping ground (covered with grass) with the help of slide hammer.
After retrieving the samplers, both ends were covered with plastic caps to retain the
moisture content. Additionally, one borehole was drilled to a depth of 35 ft. below
the top of the basin for soil profile to be used in the numerical model.

Fig. 1 Site location and details of field sampling: a grass root-reinforced slope, b slope length
measurement, c altimeter, d sampling split mold
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Fig. 2 Schematic
representation of orientation
of grass roots during
sampling

To overcome the difficulty due to forced horizontal plane during the direct shear
test, the soil samples from a natural root-reinforced slope were collected in three
directions (vertical, horizontal, and inclined). Figure 2 shows a schematic represen-
tation of the orientation of grass roots during sampling. A total of sixty samples
were collected from ten locations along the slope consisting of two samples in each
direction.

2.2 Laboratory Testing

The field samples consisting of root-reinforced soil were brought back to the labo-
ratory. The laboratory testing consisted of measuring unit weight (ASTM-D-7263
[19]), moisture content (ASTM-D-2216 [20]), particle size distribution (ASTM-D-
6913 [21]), organic content determination (ASTM-D-2974 [22]), and direct shear
tests (ASTM-D-3080 [8]) to measure the shear strength parameters (c’ and φ’). The
diameter of each sample was 2.42 inches. A minimum of three direct shear tests
with the normal stress increments of 1 ksf, 2 ksf, and 3 ksf were conducted on
each directional sample from each sampling location. The rate of shearing was 0.03
inch/min. Figure 3 shows the direct shear test setup and the direction of shearing

Fig. 3 Direct shear tests: a test setup, b orientation of grass roots
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plane with respect to root orientation. A total of 35 samples were tested under in-
situ moisture condition, and 25 samples were tested under the saturated condition to
capture the effect of saturation on shear strength parameters. Direct shear tests were
also conducted on remolded samples without roots with in-situ moisture content and
under the saturated condition for comparison.

3 Results and Discussions

Table 1 shows the average index properties of the soil, including organic content,
which is the ratio of the weight of roots to the weight of soil solids. It is important
to note that all the soil samples revealed that the field slope consisted of sandy soil
with USCS classification being SP-SM (poorly graded sand with silt). As mentioned
earlier, each set of the direct shear test consisted of fixed normal stress increments
(1 ksf, 2 ksf and 3 ksf). Figure 4 shows the typical direct shear test data for one set
of samples. The combination of peak shear stress (τmax) and corresponding normal

Table 1 Index properties of
the soil

Soil properties Orientation of roots

Vertical Horizontal Inclined

Dry unit weight
(lb/ft3)

99 97.7 99.5

Organic content
(%)

0.8 0.7 0.7

Fines content
(%)

13.3 11.4 10.9

Plasticity of
fines

Non-plastic Non-plastic Non-plastic

Soil
classification
(As per USCS)

SP-SM SP-SM SP-SM

Fig. 4 Typical direct shear test result: a vertical displacement versus horizontal displacement,
b shear stress versus horizontal displacement, b mohr–Coulomb failure envelope
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stress (σ ) was then selected to develop Mohr–Coulomb failure envelope. The angle
of internal friction (φ’) and cohesion (c’) was thus estimated for each set of samples.

Figure 5 shows the comparison between the displacement response of the soils
with and without grass roots. Inclusion of roots was found to show increased hori-
zontal displacement than soils without roots. Thus, roots were found to make the soil
more ductile and thus improved resistance for cracking which typically is a sign of
brittleness. Similar behavior is noted by multiples studies (e.g., Comino and Druetta
[23]) in the past.

Figure 6 shows the comparison of displacement based on root direction for a
typical specimen. Itwas observed that soilswith inclined root orientation experienced
more horizontal displacement (ductility) in comparison with horizontal and vertical
root orientations. This clearly shows that direction of root influences the deformations
that the soil might undergo.

Figure 7 shows shear strength parameters based on the inclusion of grass roots
as well as the saturation condition of the test specimens. Figure 7a, c shows that

Fig. 5 Comparison of displacements during direct shear tests: a for soils without roots, and b for
soils with roots

Fig. 6 Comparison of displacements during direct shear tests based on root orientation: a for soil
with vertical root orientation, b for soil with horizontal root orientation, and c for soil with inclined
root orientation
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Fig. 7 Comparison of shear strength parameters: a φ’ at in-situ saturation, b c’ at in-situ saturation,
c φ’ at 100% saturation, d c’ at 100% saturation

angle of friction (φ’) generally remained unaffected irrespective of changes in root
direction or saturation condition, while Fig. 7b and d shows that soils with roots
generally experienced increased cohesion in comparison with soil without roots.
These findings are similar to the previous studies by Mickovski and Beek [24],
and Xu et al. [6]. Additionally, as per Fig. 7b, when tested with in-situ moisture
content (partially saturated), soil containing vertical root reinforcement developed
the maximum cohesion (127 psf) while soil containing horizontal roots developed
the least cohesion (86 psf). On the other hand, Fig. 7d shows that when tested under
fully saturated condition, the soil with inclined roots developed the highest (86 psf)
cohesion while soil with horizontal roots experienced the least cohesion (23 psf).
Figure 7b and d also indicates that cohesion decreased with an increase in saturation.
This phenomenon can be attributed to the addition of suction due to the presence
of roots. Interestingly, the unsaturated soil specimens with inclined root orientation
experienced the highest (310%) increase in cohesion in comparison with unsaturated
soils without roots. For the fully saturated samples, the soil specimens with vertical
rootmobilized the highest (1133%) increase in cohesion in comparisonwith saturated
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soils without roots. Figure 7b and d also indicates that although the specimens with
roots in the horizontal direction (parallel to the direction of the shearing plane) did
experience an increase in cohesion, their percent increasewas least when tested under
fully saturated condition. Changes in cohesion are summarized in Table 2.

The findings of this study can be effectively applied in slope stability analysis
in engineering practice, which consists of determining the factor of safety using the
limit equilibrium method. In the case of finite slopes such as road embankments, the
factor of safety estimate is based on moment equilibrium of sliding slices or wedges
of soil under the slope. Thus, the factor of safety is given by the equation:

Fs =
∑

MR
∑

MD
=

∑
c′la + tan ∅′N ′
∑

W sin α
(1)

where MR is the resisting moment and MD is the driving moment. c′ and φ′ are
the cohesion and angle of internal friction of the soil, la is the length of arc, (N’ =
Wcos α) and (W sin α are the normal and tangential components of the weight of
the sliding wedge of soil, and α is the radial angle. The critical factor of safety is
typically determined iteratively by considering slip surfaces passing through sloping
ground. These iterations can easily be performed using any commercially available
software. Figure 8 shows computation of the factor of safety using the software,
SLIDE (version 7) for slope without grass roots and with grass roots in the vertical
direction. The slope profile was constructed using soil properties from this study. The
strength parameters of the soil were modeled in the software using the anisotropic
function. This function allows the user to input strength parameters depending on
how the failure plane passes through the soil with grass roots. The failure plane
represents the shear plane in laboratory testing. Therefore, the vertical, horizontal,
and inclined directions were all considered in the model for determining factor of
safety. Figure 8a and b displays the anisotropic function input parameters. Horizontal,
inclined, and vertical sample strength parameters were input from 0˚ to 10˚, 10˚ to
80˚, and 80˚ to 90˚, respectively. These values are mirrored in the circle for any
other failure plane beyond 0˚ to 90. Figure 8c and d shows the estimation of factor
of safety for slopes with and without grass roots, respectively. Based on the field
observations, the roots were assumed to be present only in the top one-foot thick
layer. It is, however, entirely possible to have deeper roots depending on species of
grass. In this example, the critical factor of safety for slope without grass roots was
found to be 1.266, while the critical factor of safety for the slope with grass roots
in the vertical direction was found to be 1.327, which is approximately 5% higher
than the slope without grass roots. A similar increase in the factor of safety was
previously reported by Eab et al. [3], Lin et al. [25], and Liu et al. [26]. Although
the numerical model predicted a modest increase in factor of safety, the purpose of
this example was to show that numerical tools can easily be applied to predict the
behavior of slope with grass roots. By tactically arranging the root reinforcement,
practicing geotechnical engineers can easily quantify the differences and recommend
slope protection measures.
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Fig. 8 Slope stability analysis using Slide (version 7): a entering anisotropic function, b assigning
values of anisotropic shear strength parameters, c estimating factor of safety for slope without grass
roots, and d estimating factor of safety for slope with grassroots in the vertical direction

4 Conclusions

• An experimental study was undertaken to investigate the effect of root direction
on the shear strength parameters of soil.

• Field samples were collected with vertical, horizontal, and inclined root orienta-
tion, which enabled direct shear tests to be performed by keeping root orientation
perpendicular, parallel, and inclined to the shearing plane, respectively.

• While root orientation did not affect the angle of internal friction (φ’) of the
soils, the development of cohesion (c’) was considerably affected by root orien-
tation. The samples with the root orientation perpendicular to the shearing plane
were found to mobilize the highest cohesion while root orientation parallel to the
shearing plane mobilized the least amount of cohesion.

• Soils with inclined root orientation showed more ductility in comparison with
soils consisting of vertical and horizontal root orientations.
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• A numerical model incorporating improved soil properties for the surface
layer predicted a modest (5%) increase in factor of safety for the vertically
root-reinforced slope in comparison with a slope without root reinforcement.
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Abstract This communication analyzes the latest experiences in slope and founda-
tion drainage and runoff water management to improve resilience in roadway infras-
tructures. The actions resulted from temporary rain and adverse weather conditions
during the months of January and February 2012 and 2013, which caused singular
damage to several road slopes in Northern Spain. The objective of the repair was
to restore road safety and road stability. Regarding runoff water, heavy rains cause
loose and scattered stone movements along the slopes of the La Hermida Gorge and
in the limestone rocky massifs that make up the Gorge. There are also many karst
caves exiting that load their levels to the fullest and produce impressive waterfalls
on the road. The energy of these waterfalls was dissipated, and the water curtain
was channeled into the Deva River through an innovative solution. With regard to
the drainage of slopes and foundations, the action carried out on the slope of the
A-8 motorway includes its stabilization by biological engineering. All the actions
presented in this article have proven to be valid throughout the last year of road
operation. Furthermore, the monitoring system used in full-scale tests for dynamic
barriers according to ETAG-27 is reliable to better understand the force transmission
mechanism and also for future design purposes.
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1 Approach to the Problem

The effect of the storms of February 2012 and 2013 resulted in numerous compli-
cations in the environment and on the road that runs through Cantabria and which
resulted in three major problems [1]:

1. Disruption of traffic by flooding of the elevation, both by water (Fig. 1) and by
materials of the road (Fig. 2).

2. Problems of stability of slopes [2], both in clearings and embankments, which
resulted in invasion of part or all of the road by materials and cracking of the
roadway, with partial (or total) falls of several meters (Fig. 3).

3. Seat and overturning of walls, with problems, usually sliding at its base (exces-
sive thrust) or themass of land onwhich they rested or increased compressibility
of the wetting foundation [3].

Fig. 1 Situation of PK 158,140 MI produced by heavy rains on rocky slope (upstream) without
acting

Fig. 2 Situation in the N-621 produced after intense rains with stone falling
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Fig. 3 Cracking of the
roadway with descent of
100 cm in the A-8, Liendo

The problem to be solved Type 1, of management of runoff water, is that of the
currents of water that appear after a heavy downpour or in the event of avalanche or
thaw fall on the road in the form of a waterfall from the escarpments that border the
road, which stop or at least hinder the circulation of the vehicles (Fig. 1). Amultitude
of karst caves exists, which when episodes as the ones described above take place are
filled with water to the maximum and produce impressive waterfalls on the national
road. In addition to the waterfalls stones are continuously falling: On average, 50
stones are counted in a day in the stretch of the Gorge (Fig. 2). A count carried out
in 2009 in PK 171+ 800 gave as a result 58 incidences of falling stones with a total
of 212 stones throughout the year, which compared to the year 2014, gave a result of
21 incidents for the same reason after the performance and with a count of 56 stones
(from 3 to 5 cm to 30 cm–30 cm). It should be borne in mind that the purpose of the
action in such PK was to channel that waterfall so as not to hinder the traffic due to
waterfalls of water. This has reduced the fall of stones (average size of 10 × 8 cm)
by 74%.

Regarding the Type 2 problem, there was a large slide of the right road (Fig. 3),
in this case embankment of the highway A-8 in PK 167, in Liendo, on February 8,
2013, with strong horizontal and vertical displacement of the right lane, of the order
of 30 and 100 cm, respectively. This led to cut traffic in the roadway and to the urgent
set up of metal lanes in the central reservation to prevent the slippage from affecting
the opposite lane, which is along where the two traffic directions circulated.

Another Type 2 problem occurred in Reinosa on February 5 and 6, 2012, with
rainfalls of 134 and 65 mm, respectively, and which caused the rapid melting of
snow fallen the previous week in the Campoo Valley, leading to flooding in the area
and abnormal river flooding. In Cañeda, the flooding of the Besaya River, which
crosses the town, took place; at the height of PK 141.1 of the N-611, the river had
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Fig. 4 Initial situation in
Cañeda, road N-611, p.k.
141.1

been previously piped under the road embankment, and probably, by the collapse of
a metal tube, the tube was blocked and subsequently broke down at the event with
the consequent risk to the road stability (Fig. 4).

Type 3 problems occurred elsewhere such as in the A-67 road, PK 150+ 600 near
the village of Pujayo. In this case, there was a head slide on the green wall of 17 m
high and 70º slope, which supports the highway in the access to the viaduct of Pujayo.
A “spoon” surface slip occurred at an approximate length of 15 m and a height of
about 6 m. In other areas of the green wall, the beginning of a rollover/breakage
process of the top step of the wall was also observed.

2 Climate Conditions

Froma regional point of view, the climate of the area isAtlantic, temperate humid, and
is conditioned largely by markedly abrupt orography and by the relative proximity
to the sea, which exerts a damp ending effect. It is worth noting the abundance of
wet-type weather situations, which originate in the Atlantic and northern storms.

In particular, the area of the Gorge of the Hermida has unique physiographic char-
acteristics: The area further north suffers huge influence from Atlantic conditions,
while in the south, there are Mediterranean conditions.

2.1 Precipitation

For the climate study, the latest precipitation data collected from the Piñeres mete-
orological observatory, dependent on the State Bureau of Meteorology (AEMET),
has been taken into account. They recorded 424 mm of precipitation in February
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Fig. 5 Location of the weather stations and percentage of accumulated precipitation

2012, being the rainiest month of the historical series since October 2000. In addi-
tion, the day February 6th, 2012, stands out with a maximum precipitation of 24 h
of 142,3 mm.

On average, for all of Cantabria in February 2013, 275 mm were collected, 252%
of the average 109 mm in the period 1971–2000 (Fig. 5), the second wettest since
1931 (346 mm). This data could be used to try to predict slope behaviors, just as
different authors have done. Applying our Cantabrian data to the Lumb (1975, for
Hong Kong) and Onodera (1974, for Japan), criteria would result in the risk of
landslides being “severe” for Lumb and “occurrence” for Onodera [4].

2.2 Nivology

The meteorological characteristics of Picos de Europa that are directly related to
nivology are as follows:

• Frequent episodes of cold discharges and storms occur that can accumulate layers
of grainy snow of a certain thickness. Episodes of waterfalls and rockslides on the
N-621 roadway have been documented to match the first episodes of snow and
avalanches of the season (7 days snowing on 2/02/2012 and 3 days snowing on
2/02/2013).

• In winter, periods of positive temperatures occur even above 2000 m. Snowfall is
usually accompanied by strong winds.

• Snowfall over 2000 m often occurs with temperatures around −5 °C or −6°C,
and only a few snow yells are accompanied by temperatures below −8 °C at that
level [5].
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3 Geological and Hydrological Conditions

3.1 Geology

The Paleozoic lands (P) are located at the western end of Cantabria, constituting the
eastern boundary of the large Paleozoic sedimentary basin of the astur-leonesa area.
The oldest outcrops that appear, in the coastal area, are represented by the Ordovi-
cian quartzites (Ria de Tina Mayor, surroundings of Pechón and Pesúes). On these
materials’, large masses of massive limestone during the Carboniferous, mountain
limestone,were deposited, protagonists of the relief of the domain of Picos deEuropa,
whose most prominent features derive from this geological nature. Massive coal age
limestones, which show high resistance to erosion, preserve the general morphology
of blocks displaced by alpine tectonics. The slopes of the main valleys, whose slopes
reach 2000 m, show steep slopes, resulting in a morphology of very steep and deep
canyons (location of the study area of the waterfalls). Meanwhile, the relief of the
higher areas is dominated by glacial forms (circuses, ridges, “jous”/sinkholes, etc.)
and karst forms (naked dolinas and limestone pavement fields), developing a complex
underground water drainage system. South of this area, the Liébana area consists of
a series of slates, greywackes, sandstones, and sometimes conglomerates, which
extend through the valleys [6].

3.2 Hydrology and Hydrogeology

As for surface hydrology, the slope of the Deva riverbed is considerable, so they
dominate rapids and fast boards with total average resources of 1008hm3/year and
with an average annual-specific contribution of 843 mm. From a hydrogeological
point of view, the territory is nestled in the hydrogeological units 01.17 Picos de
Europa-Panes and 01.13 Cabuérniga [4].

3.3 Geomorphology

From a geomorphological point of view, the Gorge of La Hermida is defined as a
flowkarstic gorge, combination of river or flow-torrential incision processes, karsti-
fication, and gravitational processes associated with high slopes. It is a natural space
characterized by a high geodiversity, with points of 1500 m of elevation, which
allows the existence of a wide range of processes and forms of relief, inherited from
some of the climates of the past and from others active today. It is a natural space
characterized by a high geodiversity, where its 20 km of longitudinal development
and its more than 1500 m of elevation in some points allow the existence of a wide
range of processes and relief forms.
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Fig. 6 Hermida gorge

The current road layout, perfectly integrated into the landscape of the Gorge and
located at its bottom, runs through the most recent part of the Gorge, that is to say,
the most active and dynamic (Fig. 6).

3.4 Geotechnical

The limestone formations of the Hermida Gorge corridor are grouped together and
have a very similar geotechnical behavior. Massive calcareous formations (mountain
limestone formation, laminated black micritiques and Picos de Europa limestones,
white and graymicritiquemasses) would be considered according toHoek–Brown as
a group of good or very good geotechnical characteristics in the condition BLOCKY
toMASSIVE, healthy rockmatrix with good interconnection between the rockmass,
consisting of cubic blocks formed by three families of angular discontinuities [3].
The conditions of the joints are favorable, with hard and clean edges, where the water
circulates.

4 Solutions Adopted for the Management of Runoff Water
in Karstics Areas (the Problem to Be Solved Type 1)

The energy of these cascades has been dissipated by placing sequences of metal
modules based on profiles or rods placed on the ground, dynamic screens comple-
mented by metal mesh and chain screens. The water curtain is channeled to the Deva
River by placing a reduced opening metal net. Sometimes, the rocky slope is very
close to the road, so runoff water falls directly onto the road, watering it with little
chance of drainage, even opening it transiently after a heavy downpour (Fig. 7).
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15

"Las Higueras” pk. 169,050 MI 
"La Santuca” pk.168,620 MI  

"Lebeña" pk.158,140 MI
"Cueva-Murciélagos”  pk.  171,800 MD

N-621

Fig. 7 Map showing the location

The actions carried out within the National Highway N-621 (Fig. 8) is the water-
energy absorption of waterfalls based on dynamic screens and screens of chains
complemented with metal mesh, arranged according to orography in sequence for
the adaptation of the energy.

The water curtain is channeled to the River Deva by placing a dense metal net and
performing ditches and sewers crossing under the road.

Fig. 8 Type 2 (M2) and Type 3 (M3) protection modules with photography on the right
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Fig. 9 Situation of PK 158,140 MI produced by heavy rains and situation of PK 158,140 MI with
the finished stonework (national roadside)

4.1 PK 158 + 140 MI Cascading Energy of Absorption
“Lebeña”

It is associated with a rocky ballast that descends to the edge of the road, with a
variable height between 50 and 75 m and 17o. The speed and energy of the water
force sprouting from two karst cavities and channeled to the Deva River have been
decreased, through five consecutive levels, 1 of M2 and 4 of M1-2. The receiving
bowl has been improved by rock bite, and a masonry wall has been executed, with
putlog holes being performed and mimetized with the natural environment, which
allows for the integration of landscape (Fig. 9).

4.2 PK 169 + 050 MI Energy Absorption at “Las Higueras”
Waterfall

The speed and energy of the water force that descends from four channels that
converge in two and are channeled to the Deva River have been decreased. All this
by arrangement of the different modules are shown in Fig. 10.

4.3 PK 171 + 800 MD Energy Absorption at “Murcielagos”
Waterfall

The speed and energy of the water force that descends from two torrents and chan-
neled to the Deva River have been decreased by: 26. 00 m2 of dynamic screen
(Module No. 1) and 185. 74 m2 of string screen (Module No. 2) (Fig. 11).
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Fig. 10 Situation of the PK 169,050 MI produced by rains. Protection channels 2, 3 y 4

Fig. 11 Operation of modules no. 2 in lower slope in the face of rain events

5 Biological Engineering Solutions in A-8 Highway
(the Problem to Be Solved Type 2 and 3)

The action carried out on the slope includes its stabilization by means of a measure
of biological engineering, consisting in the incorporation of a gravity wall formed
by a cell structure of eucalyptus wood logs, with living stakes and container plants,
with the aim that the future development of the plant replaces the trunk structure.
The structure has been reinforced with a foot of slab. The performance has been
completed with the execution of a coronation ditch with its corresponding descent.

With regard to other solutions that were carried out, we could cite the following:

• Mortar piles 60 cm in diameter net. Triangles equilateral mesh of 2,40 m side,
in the center 80 m and mesh of equilateral triangles of 2. 70 m side, in the 20 m
sides to the sinking area. With a total 248 pilots between 20 and 26 m deep.
Preparation of accesses, execution of drain 4 m deep filled with draining material,
construction of concrete-coated ditch. Execution of Californian drains and rail
stake and topographic control. The movements recorded in the period leading up
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Fig. 12 Embankment stabilization A-8 (E-70)

Fig. 13 Embankment stabilization A-8 (E-70). before

to the start of the repair works are elevated, greater than 20 cm at some points.
During repair work, up to a maximum of 3–4 cm. After completion of the repair
work, the movements on both the carriageway as in the slope practically have
disappeared (Figs. 12, 13, and 14).

Walls, rockfill bases and rocky slopes skin, rail staking. Replacement of ARMCO
(Fig. 15) tubes with prefabricated three-articulated concrete structure.

6 Full-Scale Tests on Dynamic Barriers

6.1 Background

Dynamic barriers are flexible metal structures specifically designed to stop detached
rocks from slopes, to prevent them from reaching critical infrastructures or even
dwellings. They have been amajormeasure tomitigate rock falls damages in northern
Spain and in Cantabria in particular, especially in La Hermida Gorge.

GITECO (Construction Technology Research Group of the University of
Cantabria) has collaborated for the last 20 years in different research projects with
the company Malla Talud Cantabria in the field of landslides and rockfall protection
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Fig. 14 Embankment stabilization A-8 (E-70). after

Fig. 15 Replacement of
ARMCO tubes with
prefabricated

systems. One of the main achievements has been to carry out a field test on dynamic
barriers following ETAG27 on two products: IBT-150 and IBT-500. Forces in cables,
stresses in foundations, displacements in membrane, and energy dissipaters defor-
mation have been measured through load cells, strain gages and high-speed video
cameras, among others.
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6.2 Test Description

Field tests were carried out on IBT-150 and IBT-500 in 2010 and 2015, respectively,
following ETAG-27. The test consists on applying a vertical impact over a dynamic
barrier installed in a horizontal position. The dynamic barrier consists of three func-
tion modules of 10 m length by 3 m width. The projectile used is a concrete block
with standard dimensions that is releasedwith a crane at a certain height producing an
impact of a certain potential energy. IBT-150 and IBT-500 are commercial dynamic
barriers that have a nominal energy of 150 kJ and 500 kJ, respectively. The test
procedure, according to ETAG 27, consists of applying three consecutive impacts on
a dynamic barrier, the first two correspond to the service energy level (SEL) while
the last one corresponds to the maximum energy level (MEL= 3SEL). The nominal
energy of each commercial product corresponds to the MEL energy obtained from
a full-scale test. The weight and drop height of each block can be defined by a test
developer as long as it reaches the desired MEL/SEL level taking into account that a
minimum speed of 25m/s at the moment of impact is always required. If the dynamic
barrier can bear the MEL impact, even if certain components might have broken, the
test is considered valid.

In the IBT-150 full-scale test, maximum vertical displacement of middle panel
was recorded through a high-speed camera. Also, the forces at the central functional
module were monitored using two load cells (N1, N2) for 8 mm diameter cables. In
addition, four reinforcement cables (N3, N4, N5, N6) and upstream cables (N7, N8,
N9, N10) were monitored using load cells for 16 mm diameter cables. Furthermore,
specific load cellswere fabricated and attached in theGEWIbar, between the rock and
the posts, in order to measure the stresses in the foundations as ETAG-27 indicates.

For the particular case of the IBT-500, certain changes were made in the instru-
mentation with respect to IBT-150 in order to improve data recorded. Foundations
were monitored in this case, directly attaching stain gages in the GEWI bars close
to the wall (N15, N16). Four load cells for 8 mm diameter cables were placed in
the central functional module (N1, N2, N3, N4), eight load cells for reinforcement
cables of 22 mm diameter were added (N5, N6, N7, N8, N9, N10, N11, N12), and
two more load cells for 16 mm diameter in upstream cables (N13, N14) were set up
(Fig. 16).

6.3 Test Performance

Both tests were valid since the dynamic barriers stopped the MEL impact;
furthermore, both barriers did not present significant damages.

Load cells in sensors worked pretty well detecting the evolution of tensile forces
in cables along each impact for around 0.2 s. In the particular case of IBT-150,
the specific load cells placed in the GEWI bars did not work as expected due to
an inadequate force transmission between the bar and the load cell. In both tests,



620 F. Collazos Arias et al.

Fig. 16 IBT-150 and IBT-500 full-scale test

reinforcement cables were the components that recorded higher forces and not the
cables in the membrane itself. Also, it is considered that the best location to place
the load cells in the reinforcement cables is close to the lateral anchors (N9, N10,
N11, N12). This is due because of two reasons: They generally record more force
than the ones located at the central functional module, and also because it is easier
to place them because there are not sewing cables that connect the membrane with
them.

Measuring the forces in the foundations, as ETAG-27 establishes, is considered
the most difficult task because the types of foundations vary a lot from one model to
other for different manufacturers. In this case, the bolts themselves were considered
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Table 1 Characteristics of the SEL and MEL test of both barriers

Barrier type mSEL (kg) Vimp (m/s) ESEL (kJ) mMEL (kg) EMEL (kJ) Vimp (m/s)

IBT-150 148.0 25.27 47.25 504.0 165.0 25.59

IBT-500 460.5 26.94 167.15 1429.5 518.9 26.94

as foundations which are used to join the posts to the ground. Measuring forces in a
bolt is not either an easy issue; however, it has been considered that the best method
is to stick straightforward strain gages into the GEWI bar.

Although ETAG-27 does not state any specific acceptance criteria for the forces,
and stresses recorded with the sensors, they are quite useful for design purposes,
especially when a new and larger dynamic barrier is intended to be developed. Data
recorded can be used to understand better which are the mechanisms of force trans-
mission among components, also to determine which are the components that bear
the higher forces, and finally, to calibrate numerical models [7] for future design
purposes (Table 1).

7 Conclusions

The weather events that occurred after the interventions were installed are compa-
rable in magnitude and frequency to those that occurred before the interventions
were put in place are more extraordinary yet. For example, the amount of precip-
itation collected last November must be qualified as extraordinary; specifically, in
the station of Tresviso, the 648 mm (254.0 mm normal) constitutes the maximum
value registered since the series began in 1980. The time passed after the execution
of the exposed solutions (1–2 years) has shown that they work efficiently, and it is
important to highlight the good results obtained with the use of chain curtains in
the Hermida Gorge, which substantially improves road safety under rainy weather
conditions (comparing Fig. 1 and Fig. 17); also, it is worth mentioning the stability
achieved with the use of the cell structure of eucalyptus trunks on the A-8, which
prevents slide accidents during winter.

Full-scale test according toETAG-27with the typeof sensors usedbyUniversity of
Cantabria has shown to be a good monitoring system to determine maximum tensile
forces on different cables, stresses on foundations, and maximum elongations.
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Fig. 17 Situation of PK
158,140 MI produced by
heavy rains on rocky slope
(upstream) performed the
performance

References

1. Collazos F (2015) Gestión del agua de escorrentía en terrenos kársticos y estabilidad de taludes y
cimientos en el norte de España. Actas finales. Presentación oral. XXVth World Road Congres.
Seoul (South Korea)

2. Road Congress. PIARC- Seoul (South Korea)
3. Hoek E, Brown K (2002) “Rock slope engineering” I.N.M. London
4. Odón Hernández Holgado (2013) Agencia Estatal de Meterología. Una aproximación a la

nivología en Picos de Europa, pp 34–38
5. Gobierno de Cantabria (2010) Decreto 57/2010, de 16 de septiembre, por el que se aprueba el

Plan Especial de Protección Civil de la Comunidad Autónoma de Cantabria ante el Riesgo de
Inundaciones, INUNCANT. Santander

6. Mapa Geológico 1:50.000, hoja nº 56 (Carreña- Cabrales), editado por el Insti-tuto Geominero
de España (MAGNA)

7. Castanon-Jano L, Blanco-Fernandez E, Castro-Fresno D, Ferreño D (2018) Use of explicit FEM
models for the structural and parametrical analysis of rockfall protection barriers. Eng Struct
166:212–222



Application of FEA in a Highway Fill
Embankment Slope Stability Failure
Study

Jiliang Li and Thiago Leao

Abstract This paper presents the study of a slope stability failure due to a roadway
widening using an FEA program. It consists of a case study of static load induced
liquefaction in a simple roadway widening project constructed in the north eastern
part of Ohio in 2008. Thewidening required an embankment fill, whichmoved nearly
4 feet vertically and 1 foot laterally after days of installation. The main objective of
the work is to compare different approaches dealing with this static liquefaction
situation; in this case, limit equilibrium method (LEM) and finite element analysis
(FEA) method are being studied. The use of two approaches is important to show
how the results can be compared and to determine the reliability of the factor of safety
(FS). The mechanism that caused the rotational slope failure was the liquefaction
of sand layers beneath the road embankment. The study explains how this loose
sand layer could be simulated with the use of FEA which provides an advanced
tool to perform a more complete and accurate analysis. The study concluded that
each method has its advantages and limitations; however with the use of FEA, it was
possible to build amore realisticmodel since advancedmaterial model and properties
could be defined which are more adequate for such cases as liquefaction in sands.

Keywords Slope stability · Static liquefaction · Critical state soil mechanics · FEM

1 Introduction

Liquefaction of soils has been a topic of extensive studies over the past decades.
Casagrande [1] was one of the pioneers in this research topic, followed by other
authors such as Castro [2]. The most common situation able to trigger this
phenomenon occurs due to dynamic loads caused by seismicmotion. However, static
loads also can lead to the loss of shear strength when some such conditions are met.
This study presents one of these cases in which an apparently simple structure had
some issues due to soil liquefaction, a condition not initially understood or predicted.
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The case presented in this study was described by Weber and Bredikhin [3] and
consists of a simple roadway widening constructed in northern Summit County,
Ohio, in 2008. It was necessary to construct an embankment with dimensions of
25-foot wide and 15-foot high because of the widening of the road. The issues
started after the conclusion of the fill placement activities, with some shear cracks
indicating some movement. After the construction of highway fill embankment and
a rainstorm in October 2008, this fill movement reached 4 feet vertically and 1 foot
laterally; therefore, it would be necessary to understand the failure before continuing
the stabilization work.

Some field exploration and soil laboratory tests were performed to determine the
cause of the failure. Firstly, the settlement was analyzed and estimated, and it was
concluded that this could not be the cause of the failure. The testing results revealed
a hydrostatically charged sand layer confined between two clay layers beneath the
embankment. The sand at this location could be assumed to be in undrained condition,
since the clay layers enclose the flux of pore water to be drained after the external
load was applied. These conditions could lead to static liquefaction of the sand layer,
a fact that explains the large movement of the fill.

The original study [3] considered limit equilibriummethod (LEM) to calculate the
factor of safety of the slope and concluded that in fact it was instable. The same study
concluded that if the pore water pressure could drain from the sand layer, the static
liquefaction would not occur; therefore, the installation of wick drains was adopted
to solve the problem. Even being a more simplified approach, the static liquefaction
could be demonstrated in this model.

Another approach which could be applied in this situation would be the use of
constitutive models to represent the sand layer in this situation. In this case, the
consideration of the additional parameters and the undrained condition could show
the complete loss of shear strength in the sand. Figure 1 presents a simplified diagram
of the analysis procedures generally used in geotechnical engineering. The overview
of some of the most commonly used constitutive models is presented by Lade [4].
Thesemodels need to be used with finite element and/or finite difference calculations
of soil structures problems under axisymmetric, plane strain, and/or general three-
dimensional conditions.

Finite element method (FEM) provides a useful tool to apply constitutive models
for soil materials and achieve a more realistic approach. FEM has found increasing
use in geotechnical engineering practice over the past 50 years. It was first used
to solve problems of heat flow and water flow in soils and later was applied to
determination of stresses and deformations in excavated slopes and embankments.
More recently, it has been used to evaluate the factor of safety defined in the same
way as that used in limit equilibrium method.

Griffiths and Lane [5] identify the following as being advantages of the finite
element analysis over conventional limit equilibrium analysis:

1. It is not necessary to divide the domain into vertical slices.
2. Since there are no slices, no assumptions are required for side forces between

slices.
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Fig. 1 Simple and advanced procedures for predicting behavior of prototype structures [4]

3. The FEM determines the locations of failure zones by calculation of stresses,
without the search for a critical slip surface that is required in limit equilibrium
analyses.

2 Literature Review

2.1 Static Liquefaction

Static liquefaction occurs when the total stress remains constant and the pore pres-
sure increases such that the normal effective stress becomes zero, or when the pore
pressure remains constant and the total stress decreases such that the normal effective
stress becomes zero [6].

Several works have demonstrated the behavior of loose sands under monotonic
loading. These experimental studies consist of analyzing drained and undrained
triaxial compression tests and comparing with results from constitutive models.
Castro [2] simulated banding sand under undrained condition until the complete
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loss of strength. Yamamuro and Lade [7] tested Ottawa sand and observed complete
static liquefaction at low confining pressures. Buscanera and Whittle [8] applied an
effective stress soil model, MIT-S1 at Toyoura sand to examine the influence of the
initial state on the potential for undrained instability. The behavior is approximately
the same in all studies and occurs only for loose sand samples.

While shearing in triaxial test, sands show a hardening behavior depending on
being in loose, medium, or dense state which results in different volumetric behaviors
upon shearing. Loose sand undergoes compaction andmedium dense and dense sand
will show an initial compaction followed by dilation and increase in volume. In
undrained triaxial test, due to the generation of excess pore water pressure, (very)
loose sands tend to undergo static liquefaction. Dense sand on the other hand can
endure high levels of shear stress partly due to the generation of negative excess pore
water pressure.

2.2 Constitutive Models

Some authors have developed constitutive models to represent sand behavior under
both drained and undrained monotonic loadings. The first theory that captured the
dilation of soils was what became known as critical-state soil mechanics (CSSM),
popularized by Schofield and Wroth [9] with the Cam clay idealized theoretical
model of soil. Critical-state soil mechanics is basically an effective stress framework
describing soil mechanical response.

Other models derived from Cam clay were developed by Roscoe et al. [10] and
Burland [11]. However, these models were inadequate to represent sand because
of their inability to dilate and yield in a manner approximating real sand behavior.
This inability to dilate realistically arises from the assumption that all yield surfaces
intersect the critical state.

More recent models based on CSSM were created with more parameters to over-
come some limitations of the classical methods. One of these models is the NorSand
model. This model was proposed by Jefferies M.G. in 1993 [6]. The main difference
between NorSand and Cam clay model is that NorSand assumes a yield surface and
stress-dilation relationship known from Cam clay but disassociated hardening from
CSL which gives the model capability to reproduce real sand behavior.

The softening–hardening model presented in RS2 finite element program simu-
lates the plastic deformation in soils that start from the early stages of loading utilizing
a hardening law after yielding. The model can utilize up to three yield surfaces that
includes deviatoric (shear), volumetric (cap), and tension cut off. This model in its
simplest form has one additional model parameter than that of the elasto-perfect
plastic model. Figure 2 shows the yield surfaces of the softening–hardening model.
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Fig. 2 Yield surfaces of the softening–hardening model; a Deviatoric yield surface (red) and the
vertical cap (green); b deviatoric yield surface (red) and elliptical cap (blue) [12]

3 Methodology

3.1 Software

The finite element analysis software adopted in this study is Rocscience—RS2

version 9 which has incorporated the NorSand advanced constitutive model to
simulate static liquefaction [16]

3.2 Models

The model considered in [3, 14] used limit equilibriummethod with method of slices
and Modified Bishop method for the typical section (Fig. 3a–c). The sand layer in
undrained condition immediately after a rainstorm in October 2008 was represented
by a consideration of pore pressure ratio of 1 as reported in [3, 14].

For the study presented here, two models were created in finite element program
RS2 to simulate the embankment by using a FEMprogram. The firstmodel represents
the entire typical section as shown in Fig. 4. The slope model has been discretized
using 2000 six-noded triangular elements. Mohr–Coulomb was initially considered
for all materials. Shear strength reduction (SSR) technique was used to calculate the
factor of safety. The SSR area considered followed approximately the critical slip
surface from deterministic analysis.

The second model consists of only the sand layer being represented (Fig. 5).
The softening/hardening model was considered in this case. In this simulation, the
increase in deviatoric strain due to embankment construction is considered to check
if the change in deviatoric stresses could indicate static liquefaction properly. In
undrained condition, it is assumed that no pore water is able to escape, so no volume
change can occur since water is incompressible. Vertical displacement was incre-
mented in a constant rate, and horizontal displacement is also incremented tomaintain
constant volume.
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(a)

(b)  

(c)

Fig. 3 LEM for typical section [3, 14]. a Highway fill embankment cross-section materials [3].
b Highway fill embankment cross-section slip line search [3]. c Slope stability analysis (During
failure) [14]
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Fig. 4 Model 1—FEM for typical section

Fig. 5 Model 2—FEM for
sand layer—Undrained
condition

Table 1 Materials properties for Model 1

Layer γ(pcf) c (psf) φ (º) ψ (º) E (psf) ν

Peat/OL 65 0 5 0 105,000 0.35

Embankment Fill 125 420 32 10 440,000 0.30

Clay 125 230 28 5 210,000 0.30

Saturated sand 131 0 27 5 440,000 0.30
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Table 2 Material properties for sand Model 2

Material Failure friction angle (º) Zero dilation angle (º) c (psf) Hardening parameter

Sand 27 0 0 0.075

3.3 Material Properties

The material properties considered for both models are presented in Tables 1 and 2
based on the synthesis of data from reference [3, 14]. For the first method, the soil
is treated as an elastic-perfectly plastic (elastoplastic) material adhering to Mohr–
Coulomb failure criteria. Only six soil parameters are required for conducting the
analysis:

• c = cohesion
• φ = friction angle
• γ = unit weight
• ψ = dilation angle
• E = Young’s modulus
• ν = Poisson’s ratio

4 Results and Discussion

In this section, the results of all simulations are presented. Results from RS2 are
compared to the limit equilibrium analysis results.

When the typical section was considered entirely in RS2 (Model 1), it was not
possible to verify the effect of static liquefaction in the model with Mohr–Coulomb
model. Even though it was possible to see a region of larger shear stresses in the sand
layer (Fig. 6), the critical SSR value was 5.8, much different from the value of 0.79
presented in [3].

Fig. 6 Shear strains—Model 1
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For the second model considered, the results for the sand layer by assuming
NorSand model are presented in Figs. 7, 8 and 9. The charts represent the data from
each of the 50 iterations considered in the finite element analysis [6]. In the first
chart (Fig. 7), it is possible to see that when the deviatoric stress increases, there is a
reduction in the effective mean stress, but after the deviatoric stress reaches a peak
point, it starts to decrease until 0 psf, showing a complete loss of strength. Figure 8
shows the increase of excess pore water pressure during the increase of soil strain.

Fig. 7 Plot of deviatoric stress versus effective mean stress

Fig. 8 Plot of excess pore water pressure versus deviatoric strain
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Fig. 9 Plot of deviatoric stress versus deviatoric strain

Because of the undrained condition, total stress remains constant and the normal
effective stress becomes zero. The strains at peak deviatoric stress and complete loss
strength can be obtained as shown in Fig. 9.

5 Concluding Remarks

This paper presented a static liquefaction case study of a highway fill embankment
failure resulted from the liquefaction of the loose sand layer. It was demonstrated
the importance of the constitutive model considered in the analysis, which should
represent some specific characteristics of sands. The use of FEM allowed the repre-
sentation of static liquefactionwhen the sand layer was simulatedwith the softening–
hardening material model. In this model, only the sand layer was considered, and a
constant deformation was applied in the material representing the increase of vertical
stresses due to the embankment construction. The typical section consideringMohr–
Coulomb and SSR area could not predict the instability of the slope, since the model
could not represent the sand behavior properly. The newly added NorSand consti-
tutive model reported in Rocscience (2019) as verified by its NorSand capability in
Rocscience RS2 program [16] could be adopted to model the static liquefaction.
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Assessment of Innovative Slope Repair
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Abstract This paper summarises work to evaluate the effectiveness of innova-
tive geotechnical repair techniques for Highways England’s slopes. The techniques
assessed were live willow poles, fibre reinforced soil (FRS) and electrokinetic
geosynthetics (EKG) used in place of conventional approaches in order to reduce
the overall impact of various challenges including environmental constraints (habitat
and visual), access and utility constraints, and the need to reduce the scale and/or cost
of traffic management and traffic delays. Trials of these techniques have been under-
taken over the last 20 years or so, but monitoring was generally limited to just a few
years post-construction; longer-term evaluation has not generally been undertaken.
This paper presents a summary of the assessment of the effectiveness of live willow
poles, FRS and EKG as aids to increased stability. The success, or otherwise, of the
techniques led directly to recommendations for future use ranging from the devel-
opment of design guidance and specification information for willow poles, guidance
on the execution of further trials of EKG, to the cessation of use of FRS. The results
of a life cycle assessment (LCA) are reported, and more generic lessons learnt from
the trials and the practical application reported were used to produce guidance for
future trials of innovative geotechnical repair techniques.
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1 Introduction

Work to assess the effectiveness of innovative geotechnical repair techniques for
slopes was commissioned by Highways England. The techniques assessed were the
planting of live willow poles, fibre reinforced soil (FRS) and electrokinetic geosyn-
thetics (EKG). These techniques were used in place of conventional approaches in
order to reduce the overall impact of various challenges including environmental
constraints (habitat and visual), access and utility constraints, and the need to reduce
the scale and/or cost of traffic management and traffic delays.

Trials of these techniques have been undertaken over the last 20 years or so,
but monitoring was generally limited to just a few years post-construction. Longer-
term evaluation had not generally been undertaken with the maximum duration of
monitoring generally being around two to three years for formal research trials but
oftenmuch less for other trials and practical applications. Available information from
trials and practical applications undertaken on the English strategic road network
(SRN) of the techniques was evaluated, and detailed site inspections and assessments
were undertaken as part of this work.

This paper summarises the assessment of the efficacy of the three techniques
including the recommendations for future use, summarises a comparative life cycle
assessment (LCA) and gives information on the recommendations made with respect
to future trials of innovative geotechnical slope repair techniques.

2 Willow Poles

The use of vegetation as an aid to slope stability has been widely written about, and
the associated benefits are often described as follows [1]:

• Root reinforcement as the root structure develops, which will enhance the initial
reinforcement provided by the willow poles.

• Canopy interception of rainfall and subsequent evaporation.
• Increased root water uptake of the water that does infiltrate into the soil and

subsequent transpiration via the leaf cover.

Willow poles will, in addition to these benefits, provide immediate reinforcement
to the slope as the poles act as either mini-piles or as short soil nails depending on
the configuration of the design.

The available information from a series of trials of the planting of livewillow poles
was considered for sites at the A10 Hoddesdon, M1 J12 Toddington, A5 Milton
Keynes and M23 Gatwick. The information from the trials was supplemented by
site visits during February 2017, March 2017 and August 2018. At this time, the
trial at the M1 had been removed as part of the works to reconfigure Junction 12
at Toddington, and the M23 trial was about to be removed because of works at that
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site. The results of the work to determine the efficacy of the use of willow poles to
stabilise shallow slope failures are presented in greater detail elsewhere [2].

The trial applications of live willow poles were primarily focused on the envi-
ronmental benefits of their use to prevent shallow slope failure, but the aesthetic and
ecological consequences were also considered.

The trials were informed by a precursor experiment at the A429 Iwade Bypass.
The Iwade experiment yielded disappointing results in terms of the survivability of
the willow poles and changes to the installation process were made for the trials. The
primary lesson learned from the Iwade experiment was that driving the willow poles
led to a low survival rate and subsequent trials installed the poles into pre-drilled
holes, which were then backfilled. However, it should be noted that poles are usually
tamped into the intact ground at the base of the hole in order to aid the process of
backfilling, tamping of the backfill and sealing of the top of the annulus at the top of
the hole, which gives a much higher survival rate [2, 3].

The monitoring undertaken at the A10, M1, A5 and M23 sites was extensive
includingmeteorological data (sunshine, temperature, precipitation), condition rating
andheightmeasurement of the trees, tensiometer (suction) data, standpipepiezometer
data, neutronprobedata, andmini-rhizotrondata to record root development. Invasive
root investigations by exhuming the poles were also undertaken to establish root
growth and to assessmycorrhizal status and tomake directmeasurements ofmoisture
content [3]. The suction data was graphic, clearly showing the seasonal trends as well
as the effects of plant development in successive growing seasons and, generally, the
difference between the planted areas and the control areas without willow poles. The
groundwater data, in contrast, showed clear variations only in the seasonal data.

From the monitoring results and subsequent site observations, it was clear that
although monitoring was undertaken only in the relatively short-term, the planting
of live willow poles has been beneficial in terms of promoting the type of changes
and behaviours in the soil that would be expected and that would be beneficial from
the point of view of reducing instability.

In addition to the trial sites, a practical application of willow poles, planted around
15 years after the trials, to stabilise a slope was examined at the M6 South of J40
(Fig. 1). At this site, inclinometer readings were taken before, during and after the
willow poles were installed. Progressive downslope movements of up to around
50 mmwere evident during a period of around 570 days before and during construc-
tion. In the 540 days post-construction, thesemovements largely stopped and/or were
reversed (Fig. 2).

Collectively, the trial sites and the practical application used four different species
ofwillowpoles (Salix alba, Salix dasyclados, Salix spaethii, Salix viminalis) andwere
located in areas from the south-east of England to the north-west of England, thus
encompassing a wide range of climatic conditions.

Specific challenges related to the future use of willow poles include:

• The selection of appropriatewillow species including in the light of climate change
and in consultation with statutory bodies and appropriate professionals.
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Fig. 1 General view of the M6 south of J40 from the B5320 overbridge looking south-east: Left,
March 2017 (installation was between November 2105 and February 2016); Right, August 2018
showing growth [2]

Fig. 2 Downslope
movement measured using
an inclinometer at
BH05A/13 at the M6 South
of J40 site showing
movement with depth at
different times [2].
(BGL—below ground level.)
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• Construction issues related to the installation of the poles and the fitment of
appropriate tree guards.

• Design and construction costs.
• The types of monitoring that have proven to be useful.
• Maintenance issues, particularly the need to ensure that the willows are appropri-

ately coppiced, and that competing vegetation is eradicated during the period of
establishment.

• Future uses for willow pole coppicing products, and
• The need for a long-term end-of-life strategy for willows to allow for, for example,

succession planting.

These challenges are fully addressed in design, specification, construction and main-
tenance guidance for livewillow poles installations inwhich the challenges identified
above are fully addressed [2] as updated, expanded and formalised from the original
trial work [3]. This covers the principles of design, site survey, sourcing of livewillow
poles, site preparation, installation of live willow poles, protection of installed poles
and maintenance requirements, with an appendix indicating an approach to detailed
design.

3 Electrokinetic Geosynthetics

The use of EKG treatment typically comprises an active treatment phase, when the
EKG installation is electrically powered, and a passive phase when the power is
switched off.

EKG treatment provides four primary contributions to enhance slope stability:

• Electroosmotic active dewatering, leading to a reduction in water content, pore
water pressures, consolidation and an increase in shear strength.

• Physiochemical changes in the soil, such as cementation, precipitation, ion
exchange and flocculation, which can lead to increases in shear strength and
stiffness, and a reduction in plasticity.

• Temporary active EKG drainage and permanent passive drainage provided by the
EKG cathodes.

• Soil nail reinforcement provided by the EKG anodes with an enhanced soil/nail
bond.

The design of the EKG treatment has been undertaken by Electrokinetic Limited
and is based on laboratory testingwhich is specifically targeted at the EKG technique.
The installation comprises an array of anodes and cathodes (Figs. 3 and 4). The
technique is considered to improve the stability of slopes by a number of processes,
the contribution of which can be summarised as follows:

• Reduction of pore water pressures by electroosmotic dewatering.
• Reduction in water content due to electroosmotic consolidation.
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Fig. 3 P45 Slope climbing drill rig installing electrodes: A419 Rat Trap, 2014 [4]

Fig. 4 Cathode at A21 stocks green. Water flowing from cathode (passive flow) [5]

• Increase in shear strength.
• Soil/grout Interface shear resistance/adhesion increase around the anode electrode

soil nail.

Three of the four EKG trials (A21 Stocks Green, M5 Junction 7 and A419 Rat
Trap) were undertaken as practical remedial works for known relatively shallow (1m
to 2 m deep) earthwork embankment instability issues. The fourth EKG trial (A56
Woodcliffe) was undertaken to demonstrate, on a small scale, the effectiveness of
EKG primarily for active dewatering of fine-grained soils, but also ground improve-
ment. The available information was supplemented by site visits during February
2017, March 2017 and August 2018. The results of the work to determine the effi-
cacy of the use of EKG to stabilise slope failures are presented in greater detail
elsewhere [5].
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Based on the available information and the inspections undertaken by the authors
for this project, theA21 andM5 trials appear to have been successful in stabilising the
shallow landslides whilst reducing disruption to the network and damage to ecologi-
cally sensitive sites. However, the ground improvements by EKG treatment cannot be
rigorously assessed due to limitations in the extent and duration of post-EKG treat-
ment ground characterisation, groundwater monitoring and movement monitoring.
The results of the A419 Rat Trap are of uncertain value as the interpretation of the
existence of a shallow slide seems to be questionable. However, the trial provides
additional information on the installation and operation of the EKG system.

The A56 trial provides a high-quality data set to demonstrate the effectiveness
of the active dewatering of a deep (6–12 m) landslide using the EKG technique.
However, the detailed rigorous assessment was compromised by the limitations in
the extent and duration of post-EKG treatment ground characterisation, ground-
water monitoring and movement monitoring. The EKG active dewatering effect on
groundwater levels was significant and appears effective in fine-grained soils. This
technique has the potential to be a valuable means of groundwater removal and
control in fine-grained soils with high water tables, a situation which is often prob-
lematic for permanent works, and particularly for the temporary works required to
install permanent works.

Specific challenges related to the EKG trials include:

• That there is currently only one supplier of the EKG system possibly complicating
procurement.

• The need for more robust and effective system components and monitoring
systems (electrical and water discharge).

• The need for early assessment of likely current draw coupled with discrete EKG
panels with monitored and controlled current supply.

• The need for post-trial ground investigation, in situ testing, laboratory testing and
monitoring to determine effectiveness and the longevity, and thus the design life,
of the EKG processes.

• These challenges are addressed in preliminary guidance for trials of EKG slope
stabilisation [5]. This covers site selection, site characterisation and monitoring
and design.

4 Fibre Reinforced Soil

The addition of discrete fibres to improve the physical properties of soil is relatively
common practice in countries such as the USA. The use of FRS has been reported to
have benefits over other more commonly used slope repair techniques. It allows the
reuse of site-won material through the addition of a relatively small proportion of
the fibres. The polypropylene fibres are ostensibly inert and therefore are potentially
less hazardous than other soil improvement techniques that use lime or cement.
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The available information on the use of FRSwas considered for sites at the A1(M)
Junction 1,M20 Smeeth (Fig. 5) andA27 Polegate (Fig. 6). The reported information
from the trials was supplemented by site visits during February and March of 2017.
The results of thework to determine the efficacy of the use of FRS to stabilise shallow
slope failures are presented in greater detail elsewhere [6].

The trial applications of FRS were primarily focused on their use to prevent
shallow slope failures and desiccation cracking. However, it became apparent during
the construction works that the addition of fibres to ground softened by rainfall and
plant movements allowed work to continue on site when it would otherwise have
stopped.

Difficulties in accurately determining the improvement to the geotechnical prop-
erties of the soils at the trial sites were reported at both the design and construction
stage. At design stage, a 25% increase in the effective angle of shearing resistance
was generally adopted. However, post-construction testing at the A1(M) site and
slope instability at A27 Polegate suggest that the increase in angle of friction was
less.

Fig. 5 Fibres present at ground surface and to a lesser degree in the exposed made ground [6]

Fig. 6 A27 Polegate/bay tree lane FRS trial; note arcuate back scar indicating slope failure [6]
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It was considered that the three trials did not demonstrate the effectiveness of the
FRS as a long-term slope repair technique. Specific difficultieswere experiencedwith
mixing the fibres into the soil so as to achieve an effective randomdistribution leading
to ‘clumps’ of fibres being located at the soil surface several years after construction
(Fig. 5). This difficulty of mix control is also likely to have contributed to the post-
construction failure illustrated in Fig. 6; this is located in an area of supposed FRS
but only a very limited fibre presence was found during the authors’ investigations.
There were also considerable concerns around the environmental issues surrounding
the introducing of plastic fibre into large soil masses including general issues on
plastics in the environment and more specific issues regarding the end-of-life waste
regulation status and treatment of the FRS mass.

In order to progress further with FRS trials, the following aspects would need
significant further consideration:

• In situ sampling and laboratory testing techniques need to be further developed to
better determine the effect the addition of fibres has on the geotechnical properties.

• Further research is needed into effective methods of sampling FRS for post-
construction validation testing.

• Construction needs to be controlled to prevent FRS being placed too wet of
optimum.

• FRSneeds to be encapsulated to prevent erosion and fibresmigrating into drainage
and water courses.

• Further consideration needs to be given to the long-term sustainability and reuse
of FRS.

The above would require further research prior to the implementation of any future
trials. Given these issues plus the potential environmental challenges associated
with reuse, it is considered that FRS technology and knowledge are not sufficiently
developed for it to be adopted as a long-term slope repair technique.

Notwithstanding this, the trials demonstrated the potential for FRS to be used to
improve the trafficability of soils. Further research was recommended to assess the
use of FRS, created with sustainable and biodegradable natural fibres, for tempo-
rary ground improvement and the construction of temporary roads and tracks. It was
particularly noted that such studies would need to address the key issue of the rela-
tionship between the design life of the works and the time taken for biodegradation
of the fibres.

5 Life Cycle Assessment (LCA)

Acradle-to-site comparativeLCAwas undertaken to assess the environmental impact
of the three techniques compared to a dig and replace rock fill control. In general,
two failure depths were analysed, 1 m and 2.5 m, although the shallower depth was
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considered uneconomic for EKG, and this was omitted from the analysis. Results
were presented for both total carbon (CO2 equivalent) emissions (Fig. 7) and by area
of slope repaired (Fig. 8), allowing alternative means of comparison.

It was found that at both failure depths and for all transport cases, the technique
with the greatest environmental impact was the rock fill replacement, which is the
conventional technique used as a control. At 1.0 m and 2.5 m failure depth, this tech-
nique resulted in 51–80kgCO2e/m2 and 109–174kgCO2e/m2 of failed slope, respec-
tively. The use of willow poles had the lowest impact, resulting in 4–8kgCO2e/m2
and 8–12kgCO2e/m2 for the shallow and deep failure depths, respectively. For the
2.5m failure depth, EKG was the second-best performing technique, with an average
impact of 14kgCO2e/m2. The FRS technique had an impact ranging between 16–
35kgCO2e/m2. Relative to the granular rock fill replacement, the impact of the
willow pole technique was about 7–8%, EKG is 8–13%, and the impact from the
FRS technique ranged from 19–32% of the control [7, 8].

For techniques requiring large quantities of materials and movements of these
materials across substantial distances (such as the rock fill replacement control and
willow pole planting), it was found that transportation accounts for more than 50% of
the total impact. The environmental performance of the willow poles and EKG indi-
cates significant environmental benefits and savings when compared to the rock fill
replacement. The FRS technique also shows considerable carbon savings compared
to rock fill, albeit that there are other issues with its use as highlighted in Sect. 4.

Fig. 7 Total impact comparison between transport cases and technique [8]. Low, medium and high
transport distances were 37 km, 52 km and 77 km, respectively
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Fig. 8 Areal impact comparison between transport cases and techniques [8]. Low, medium and
high transport distances were 37 km, 52 km and 77 km, respectively

6 Future Trials

This project presented a primary opportunity to evaluate not only the efficacy of the
three techniques used for slope repair but also the trials processes itself [9].

Guidance for future trial of innovative techniques covering key issues included:

1. Site selection including the slope morphology, ground conditions, defect type
and failure mechanisms are well matched to the technique being evaluated; that
accessibility of the site is such as to allow maintenance of the trial; and that
network risks and environmental constraints have been fully evaluated.

2. Interaction with other works, in particular, to ensure that other routine site
construction and maintenance operations do not undermine the value of the trial
site.

3. Location recording and access, to ensure that the trial area can be accessed
and that the records of the trial are stored accessibly; to this end, changes were
made to the Highways England Geotechnical Data Management System [10]
to facilitate more effective access to trial data and information.

4. Verification and monitoring of the trial are planned to ensure that the approach
is appropriate to the site, that the technique and that the monitoring period is
planned to be of adequate duration, and that those clear success criteria are set
in advance.
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7 Conclusions and Summary

It is concluded that the planting of live willow poles can be a successful approach
to improve the stability of shallow slope failures. The evidence suggests that this
stability can, with proper maintenance, be applicable in the long term at sites to
which a sixty-year design life is applicable. This has been progressed, and design
guidance and specification information has been developed as described.

Other opportunities for innovative applications within the field include the option
to use willow poles planted at an angle to the vertical such that they act as soil nails
and the use of other vegetative species whether to supply poles or to stabilise the
surface of slopes subject to erosion. However, it should be noted that other species
are not likely to confer the immediate reinforcement benefit afforded by willow poles
unless they too can be configured as poles.

The lack of adequate post-EKG trial ground investigation, testing and monitoring
prevent any clear assessment of the contribution of the various elements of EKG
slope stabilisation to be made. A lack of longer-termmonitoring and verification also
currently hinders the adoption of the EKG treatment. It was concluded that further
EKG trials, building on the lessons learnt, should be undertaken and documented to
enable the technique to be taken into more regular use.

Lessons learned from the EKG trials and practical application will need to be
incorporated into design guidance and specification in due course, building on the
tentative guidance on design and specification for trials developed as part of this
work.

It was also noted that the EKG technique has the potential to be a valuable means
of groundwater removal and control in fine-grained soils with high water tables, a
situation which is often problematic for permanent works, and particularly for the
temporary works required to install permanent works.

FRS proved less successful, and the recommendations are for an effective cessa-
tion of its use in both trials and applications until such time as the issues surrounding
testing, mixing, placement and end-of life/reuse can be fully addressed. Notwith-
standing this, it was noted that the use of biodegradable reinforcement for temporary
works showed some promise. Such a technique is essentially the fascine technique
used to reinforce soft ground since at least Roman times [11], but plastics are now
widely enough distributed that they may act as an anthropogenic marker horizon in
the future geological record.

The use of innovative techniques such as the planting of willow poles and
EKG clearly has the potential to reduce the environmental impact of slope stability
measures and the impact on the travelling public. The relatively limited amounts of
materials and equipment that are required on site can mean that access to the site can
be made off-network, reducing the exposure of road workers, limiting the need for
traffic management and thus limiting delays to the travelling public. The results of
the LCA also suggest very strongly that carbon emissions are greatly reduced.

Recommendations are also made with a view to improve the value that is rendered
from future trials.
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Challenges Associated with Construction
of Highways on Steep Side Slopes
Covered with Colluvium from Hunter
Expressway Project Australia

Sudarshan Aryal and Robert Kingsland

Abstract A section of the recently completed Hunter Expressway in the Hunter
Valley, Australia, traverses steep side sloping topography covered by colluvium
overlying weathered coal measures rocks. The rock mass contained seams of very
low-strength and highlymoisture-sensitive tuffaceous claystone interbedded in sand-
stone, siltstone and coal. The blocky and transmissive sandstone beds overlay the
weaker, aquiclude siltstones and claystones creating a geological terrain vulnerable
to rockfalls, surficial colluvium instability and deeper translational failures on the
slope next to the alignment. The design of the motorway vertical alignment required
a 10 m high reinforced soil wall (RSW) to retain the fill on the downslope side.
Foundation works for the RSW were an early construction activity in the area. The
construction of the RSW involved a large foundation excavation into the colluvial
capped slope which had the potential to destabilize global stability of a marginally
stable slope whilst boulder fall hazards presented both a construction and opera-
tional risk to be managed. Therefore, the construction of the RSW foundation was
assessed as a high-risk activity. The team had to deal with challenges of additional
hazards associated with inclement weather during excavation of the foundation. This
paper discusses how the risks and challenges were successfully managed during
construction through a broad range of mitigation measures including implementa-
tion of a responsive design development strategy, stakeholder engagement, on-site
close geotechnical engineering oversight and staging of works which led to good
design outcomes and allowed the works to be completed without any occurrence of
slope instability or safety incident.
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1 Introduction

This paper presents a case history of successfully managing risks of slope insta-
bility during construction of a 10 m high reinforced soil wall (RSW) on a steep
sloping ground (the site) as part of Hunter Expressway Motorway Project, in the
Hunter Valley, Australia. This retaining wall, identified as RW17 in the project docu-
mentation, was required to support the carriageway from the downhill side on the
existing hillside slope. Foundation excavation for the reinforced block of RW17
involved up to 16 m of excavation of the sloping ground across the carriageway. The
excavation undermined stability of the upslope section including temporary earth-
works for access tracks, catch drains and part of the existing hillslope next to the
opposite side of carriageway. Signs of instability were observed at several locations
including tension cracks on compacted earthworks, concrete lining for catch drains
and in colluvium close to the toe of the existing slope at the edge of carriageway.
Groundwater seepage from uphill was visible in the excavation. These observations
triggered several actions: immediate review of the construction methodology consid-
ering the potential slope failures, review of the retaining wall design, risk mitigation
measures to address landslide risks, further geotechnical investigations tomore accu-
rately characterize the ground conditions and consideration of potential impacts to
the construction program and budget.

This paper describes the project, the original retaining wall design concept,
the construction phase mapping and investigations to characterize the ground, the
retaining wall design revision and the assessment of slope risk and mitigation
measures adopted to address the risk. The final outcomes demonstrate the power
of the observational approach.

2 The Project

2.1 Project Description

The $1.7b (AUD)Hunter Expressway is located 140 kmnorth of Sydney and involved
construction of a new 40 km long, four-lane divided carriageway motorway link
between the M1 Pacific Motorway near Seahampton, west of Newcastle and the
New England Highway, west of Branxton.

At the time, the Hunter Expressway was one of the largest and most complex
projects undertaken in New South Wales, presenting environmental, geographical,
Aboriginal and European heritage, technical and time frame challenges.

Deliverywas establishedunder twocontracts:HunterExpresswayAlliance (HEA)
for the eastern 13 km and Hunter Expressway Design and Construct (HED&C)
contract for the western 27 km section (Fig. 1).
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Fig. 1 Hunter Expressway Project Location with Alliance section shown in orange

The eastern section of the expressway includes the rugged Sugarloaf Range
area underlain by old coal mine workings at depths of up to 120 m. Construction
commenced in late 2010, and the Expressway was opened to traffic in March 2014.

The Expressway provides a new east–west connection between Newcastle and
the Upper Hunter and has reduced travel times, relieved congestion and provided for
future traffic growth.

2.2 Geological Conditions

The alignment at the site trends along awesterly facing slope of the Sugarloaf Ranges
which is underlain by the sediments belonging to the upper part of theNewcastle Coal
Measures (NCM). The upper part of the NCM sequence comprises a relatively thick
unit of coarse-grained sandstone interbedded with beds of conglomerate, tuffaceous
and carbonaceous sedimentary rocks with lenses of coal. The tuffaceous sedimentary
rocks comprise tuffaceous sandstone, tuffaceous siltstone and tuffaceous claystone.
The tuffaceous claystones are low-strength rocks that are particularly susceptible to
weathering and are highly reactive [1].

Structurally, these rocks are cut by a dominant high-angled joint set trending
north-north-east to east to north–east with a subordinate joint set trending to the
west. Associated with the dominant joint set are some low to moderately angled
joints, usually clay lined. The formation also forms prominent escarpments along-
side deep valleys which have exploited prominent tectonic joint sets. Valley cutting
and associated horizontal stress relief of these thicker rigid sandstone units have
resulted in irregular interbed fractures. Colluvial debris of variable thickness masks
the frontal slope of these escarpments. The Sugarloaf Ranges are underlain by former
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underground coal mine workings predominantly in the Borehole Seam which was
mined in various collieries during the early 1900s at typical depths of 70–100 m [2].

3 Design Development Phase

3.1 Site-Specific Details

The portion of the Expressway presented in this paper (the “site”) is defined in project
nomenclature as Fill 9, Cut 9 and retaining wall RW17. The site traverses a south
facing hillside slope in an east–west orientation. The Fill 9 triangular profile embank-
ment is approximately 260 m long with a maximum RW17 height of 11 m at the
edge of westbound (WB) carriageway. The edge of the eastbound (EB) carriageway
intersects the lower slopes of a thickly vegetated steep (28° to horizontal) hillside
slope. Within the footprint of the carriageway, the ground slopes ease to 14° to hori-
zontal. An aerial view of the site area together with a cross-sectional view from the
east looking towards west is captured in Fig. 2.

Fig. 2 Aerial view of site (a) and side view looking west (b)
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Fig. 3 Simplified geotechnical model for design (design phase)

3.2 Geotechnical Basis for Design

Geotechnical Data. The detailed design for Fill 9 and RW17 was developed from
a geological model inferred from 4 boreholes and 6 test pits. No boreholes were
available at the location of RW17 due to ecological and access constraints.

A site geotechnical walkover was carried out; however, the densely forested slope
conditions prior to construction clearing, reduced visibility of geological features.
From the available data, a simplified geotechnical model was postulated as shown in
Fig. 3. This consisted of a thin colluvial layer over fractured sandstone, mostly with
low and very low rock substance strength.

Design. Foundation design for Fill 9 included stripping of topsoil and vegetation,
removal and replacement of unsuitablematerial and terracing the sloping foundation.
Retaining wall RW17 was designed to be founded on weathered sandstone after
stripping of the overlying colluvial layer.

4 Construction Phase

4.1 Construction Works for RW17

Planning for Foundation Excavation. Foundation works for RW17 were one of
the first construction activities at the site. These included boxing out of the sloping
surface to provide a stepped level foundation for the reinforced soil wall (RSW) block
up to 11 m wide plus a specified parameter backfill zone extending a further H/2 (i.e.
up to 5 m) behind the block forming a temporary excavated face up to 4 m high
below the Fill 9 embankment. This substantial excavation into the steep cross-slope
would present a significant risk to undermining the existing slope.
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Fig. 4 RSW foundation test pits exposing a tuffaceous claystone (light grey-brown on photo);
b colluvial materials; and c fractured sandstone bedrock

Excavation Works. Construction access tracks and temporary catch drains were
first constructed within the upslope side of the carriageway to allow for excavation
works to commence at the site of RW17 on the downslope side.

Six probing test pits were excavated below the stripped surface at different
chainages along the wall footing to expose the foundation level to confirm design
assumptions. The test pits revealed variable subsurface profiles exposing weak tuffa-
ceous claystones, carbonaceous bands and colluvium below the designated founda-
tion level (Fig. 4). This identified a potential for a translation failure if the weak
layers were continuous that warranted further investigation.

As the excavation progressed into the existing slope, it became more apparent
that the tuffaceous/carbonaceous bands along with colluvial gullies extended under
the expressway foundation.

As interim measures, excavations were secured by providing batters suitable for
temporary stability, excavated materials were stockpiled in temporary berms around
the excavation, and a concrete-lined catch drain was installed at the toe of the existing
slope above the site to collect surface runoff (Fig. 5).

InclementWeather. During the foundation excavation, episodes of sustained rain
occurred in the area impacting the temporary earthworks. Tension cracks developed
upslope of the excavation indicating ground movement, seepages were observed on
the fill slopes and additional cracks formed on the concrete-lined drain (Fig. 5); a
section of which eventually failed and dislodged down the slope.

Action Plan. Following the evidence of instability, an emergency task force team
was set up, and an action plan was developed. All construction works ceased and
personnel and equipment were moved out of the area which was then cordoned off.
Urgent repair works necessary to make the area safe and secure were then completed
which included reinstatement of the damaged drain, ripping and recompaction of
the cracked berms, a network of temporary subsoil drains installed, reshaping and
sealing off the earthworks structures.

Subsoil Drains. Seepages occurred in several locations through temporary berms,
colluvium and carbonaceous bands in the bedrock. Under the supervision of the on-
site geotechnical engineer, subsoil drains targetingmajor seepage areaswere installed
by progressively trenching and backfilling in short sections (10 m typically) as one
operation. Drains comprised a 300 mm wide trench typically 1–2 m deep with a
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Fig. 5 Impact of rain on work-in-progress earthworks: a view following a rain episode, b tension
crack on temporary berm upslope from RSW foundation excavation area, c cracking observed on
concrete lining of catch drain along the toe of existing hill slope and d view of a slip on temporary
berm batter

100 mm slotted PVC pipe with gravel surround, wrapped in geotextile. The network
subsoil drains were funnelled to a triple pipe subsurface trunk drainage which was
extended under the foundation of RSW to daylight on the slope downstream of RSW,
sized to accommodate the large seepage flows.

No further cracking or widening of existing cracking was observed following
installation of the drainage.

Potential Global Slope Instability. Along with deployment of the repair works
directed at stabilizing the area tomake it safe for recommencing theworks, a “bigger-
picture” issue of global stability during construction and in the long term was also a
focus of the task force.

The presence of tuffaceous claystone layers beneath the sloping ground under
the RW17 wall raised concerns about the potential global instability of the RSW.
Tuffaceous claystones are associated with many slope instability issues in the Hunter
Region due to their persistence and very low shear strength.

It was also postulated that these bands may underlie the hillslope above the EB
carriageway, which would pose a significant risk to global instability for the entire
Fill 9 site, not just RW17. This triggered a direction by the project seniormanagement
for a comprehensive risk assessment of the current design, constructionmethodology
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and the long-term stability of this expressway section and its potential impact on the
in-service expressway.

4.2 Risk Assessment

Several risk workshops involving relevant stakeholders including senior construction
and design staff and the client representatives were held. Key actions resulting from
this process included:

• Thorough review of the stability of the entire site as well as design review of each
of Fill 9, RW17 and the existing slope above separately

• Further geotechnical investigation and testing including, detailed geological
mapping of the slope, boreholes, test pits and shear strength tests on claystone
seam samples [3, 4]

• Boosting of full-time geotechnical advisory staff availability for inspec-
tion/mapping, assessment and advice during foundation earthworks and tempo-
rary structures

• Work safety measures with restricted access to the site, full-time spotters for
further earthworks construction, daily pre-start risk assessment for all workers in
the area

• Daily review of construction program to ensure a safe construction environment.

4.3 Review of Stability of RW17

Further Geotechnical Investigations. In addition to existing boreholes in the
vicinity of RSW location, four more boreholes were completed along the RSW
footprint to collect subsurface geotechnical data from deeper levels under the RSW
foundation for stability review (Fig. 6).

Findings. Interpretation of geotechnical data indicated non-homogeneity verti-
cally and laterally with areas of colluvium overlying weathered sandstone interlay-
ered with coal and tuffaceous claystones (Fig. 7). The findings confirmed that the
actual foundation conditions were different to what was assumed (i.e. homogeneous
bands of weathered sandstone under thin colluvium) for detailed design. These inves-
tigation outcomes triggered a revision of the geological model and redesign of the
RSW foundation incorporating slope stabilizing piles to satisfy long-term stability.
The design of stabilizing piles for RW17 is discussed in more detail in [4].
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Fig. 6 Borehole locations

Fig. 7 RSW foundation exposing different materials: in situ rock and compacted colluvium

4.4 Fill 9 and Natural Slope Above

Stability of Fill 9 and the natural slope above the project was assessed for two
possible scenarios: deep-seated translational failure and slope failure associated with
colluvium.
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Fig. 8 Revised geotechnical model (construction phase)

Investigations for thePresence ofDeepSeatedWeakPlanes. The gap in subsur-
face information between the existing boreholes in the vicinity of the EB carriageway
was investigated with two boreholes, positioned at the edge of EB carriageway and
one borehole drilled from the crest of the hillslope some 70 m north from the align-
ment. The boreholes targeted the deep subsurface profile details to investigate the
risk of global translational failures on weak layers (tuffaceous?) within high strength
sandstones.

A review of geological conditions based on more complete data set available
indicated that there was a very low risk of global instability as the slope was formed
with high and very high strength sandstones and siltstones with no weak layers
to a depth of 31 m (around the foundation level of Fill 9). A horizontally bedded
sequence incorporating tuffaceous and carbonaceous layers underlies this sandstone
unit (Fig. 8).

Investigation of Colluvium. Detailed geotechnical mapping and four test pits
were completed to assess the nature and distribution of the colluvial cover on the
natural slope above the expressway.

The results indicated that the colluvium mostly comprised sandstone boulders,
sand and loamy soil, thicker in the lower part of the slope close to the expressway level
with occasional unstable boulders resting on fractured in situ sandstone rock mass
further up the slope. The fill/colluvium layer thickness in the lower part was variable
ranging from about 2 to 5 m overlying a similar bedrock sequence as encountered
in the deep borehole. This variability suggested presence of localized narrow infill
gullies. The majority of this material would be removed as part of the foundation
preparation for Fill 9 and RW17, and therefore, would have no impact on the stability
of the road formation.

Despite this favourable outcome, boulder falls remained as a hazard which could
impact serviceability of the expressway in the operation phase.
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4.5 Boulder Fall Risk Mitigation

Slope Risk Rating. Slope risk rating, as per RMS slope risk analysis ver. 4 [5], a
project requirement for all slopes, was carried out for the existing natural slope. The
results showed that there was an unacceptably high risk to road users for boulder fall
hazards.

RiskMitigationMeasures. The following mitigation options were workshopped
with representatives of design, construction and the client:

• Option 1—Remove colluvium (eliminate boulder fall hazard)
• Option 2—Barrier structure (pile wall, precast L-shaped wall, rock fence, etc.) at

the toe of the slope (manage risk)
• Option 3—Combination of boulder removal and barrier structure (manage hazard

and risk)
• Option 4—Provision of a fall zone (minimize consequence).

The adopted design solution comprised a combination of selected boulder removal
with a fall zone and low concrete barrier at the toe. Rockfall analysis was used to
assess the required width of the fall zone (Fig. 9).

Implementation of Design. Large boulders (estimated 1 tonne or more) with
potential for dislodgement and rolling were identified and removed. The fall zone
and concrete barrier provided mitigation for remnant boulder falls (Fig. 10).

Fig. 9 Output of boulder fall analysis
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Fig. 10 View at constructed solution

5 Instrumentation and Monitoring During Construction

Instrumentation and monitoring of the Fill 9/RW17 area comprised daily visual
monitoring by geotechnical staff during construction works and slope movement
monitoring using two inclinometers installed within 2 m in front of the RSW face.
Themaximum displacement recorded by the inclinometers several months following
completion of the RSW block to full height was 5 mm, well within the predicted
value of 20 mm [4].

6 Conclusion

A coordinated approach from all relevant stakeholders in dealing with complex situ-
ations with a common spirit to deliver the project successfully drove the actions to
find an optimal solution. Availability of geotechnical staff on site full time proved
to be crucial in making informed risk-based engineering decisions which took into
account work safety during construction, quality and standard of the works to project
completion and the client’s perspective of the whole-of-life costs in the operation
and maintenance phase.

Efforts during construction on targeted geotechnical investigations specific to the
geotechnical issues unearthed as construction progressed provided a great benefit to
the project success as more site and issue-specific data became available enabling
adjustment to design to suit the exposed subsurface geotechnical conditions.
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Analysis of BIM Implementation
on Railway Infrastructures Through
an Application to Rail Track
Rehabilitation and Inspection

José Neves , Zita Sampaio , and Manuel Vilela

Abstract Having the aim of promoting the application of BIM—Building Informa-
tion Modeling—in the railway sector, this paper’s main objective is to analyze the
BIM implementation in the particular case of rail track rehabilitation and inspec-
tion. BIM enables the computational development of projects during their lifecycle
including all the phases. Three-dimensional (3D)modeling using Civil 3D® software
was applied to the rehabilitation of a rail track in service. The following tasks were
carried out: (1) the modeling of the geometry of the railway infrastructure; and (2)
the capacity analysis to extract diverse information from the model, in particular
the geometric parameters of the rail track: gauge and transversal leveling. Revit®

software was also used to model the project. Families were created relating to the
sleepers and fastenings and to the rails. Other rail track components, such as the
ballast, sub-ballast, geosynthetics, and foundation, were generated as slab layers in
the infrastructure component. In order to create a four-dimensional (4D) model that
includes the time factor, Navisworks® software was used. The 4D model allows for
simulation of the rehabilitation sequence of the rail track, including the application
of geotextile and geogrid under the ballast layer. It was concluded that the use of
the 3D model can present limitations to the implementation of the BIM method-
ology, particularly with respect to interoperability in the transference of models
between softwares. Regarding the inspection and maintenance of the rail track, some
limitations were observed in the storage and processing of relevant information.
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1 Introduction

Generally speaking, the architecture, engineering, and construction (AEC) industry is
increasingly implementing the Building Information Modeling (BIM) methodology
in the context of Industry 4.0. BIM is a concept supported in advanced computa-
tional technologies and allows for the development of collaborative projects along
the various phases of a structure’s life cycle: i.e., planning, design, construction,
maintenance, management, and demolition [1, 2]. However, BIM is less frequently
applied in the segment of transportation infrastructures (roads, railway, airfields,
tunnels, bridges, and ports). Given the increasing interest, more research and prac-
tice are needed on BIM implementation in the sector of transportation infrastructures
[3, 4].

The integration of BIM in railway projects, as in other transport infrastructures,
brings important advantages and benefits, namely: greater efficiency in terms of
construction and maintenance management; operation management; cost control;
sharing of information; and activity coordination [5–10].

Various computational tools currently being applied to transportation infrastruc-
tures can be used in a perspective of BIM implementation. Infraworks® is often used
to support the spatial analysis of the infrastructure and has an efficient degree of
interoperability with Revit® and Civil 3D® [11]). Civil 3D® emerged in the 1980s,
but it is a software that was not developed from a BIM methodology perspective. It
is oriented to create, manage, visualize and analyze data related to general civil engi-
neering projects. It has only recently developed interoperability capacities, allowing
for the implementation of BIMmethodology [12]. In the case of transportation infras-
tructures, the most common software programs are Revit® and Navisworks® from
Autodesk®. They are well-known BIM-based tools and are regarded as the most
comprehensive programs for civil engineering applications [3].

With a view to promoting and developing BIM implementation in railway sector,
this study has defined its main objective to analyze the implementation of BIM
methodology in the particular case of rail track rehabilitation and inspection. The
paper presents: (1) three-dimensional modeling (3D) of the geometry of railway
infrastructure, including the application of geosynthetics in the stabilization of the
ballast layer; (2) the four-dimensional modeling (4D) related to the construction
activity planning; and (3) the capacity analysis to extract diverse information from
the model, in particular the geometric parameters of the rail track, which are of use
for the quality monitoring: Track gauge and transversal leveling.

2 Methodology

General framework. Figure 1 presents an overview of the proposed methodology
to implement BIM in the context of existing transport infrastructure rehabilitation.
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Fig. 1 Schematic illustration of the methodology

Indeed, the rehabilitation action presents an opportunity to initiate the implementa-
tion of BIM in this sector. Accordingly, based on all project and construction data
available, mostly interpreted from the technical drawings (2D) used as inputs, the
process can be developed towards the definition of several activities supported in the
model. The research seeks to demonstrate the implementation of 3D and 4D levels
of information using BIM software. However, this general methodology can be also
implemented up to 5D (costs), 6D (sustainability) and 7D (maintenance) levels [8].

3D Modeling. 3D modeling, the most commonly known characteristic of BIM,
enables participants to not only see the infrastructure in 3D before earthworks, but
also to automatically update said views throughout the infrastructure life cycle,
from initial conception to final demolition. 3D modeling also allows the partici-
pants to manage their multidisciplinary collaboration more effectively in modeling
and analyzing complex spatial and large constructions, as is the case of transporta-
tion infrastructures. This BIM dimension is also important for reducing rework. In
this paper, 3D modeling was performed using Civil 3D® and Revit® software. For
the geolocation and ground modeling, Infraworks® software was used. The main
outputs of 3D modeling are a more efficient definition and representation of railway
geometry and components.

4DModeling. By introducing the time element, a 4Dmodel was created and used
to represent the construction site planning and related activities. This fourth dimen-
sion of BIM enables the participants to extract the information in each construc-
tion phase and to visualize the progress of the construction activity. 4D modeling
can provide enhanced control over conflict detection and over the complexity of
changes that frequently occur during the construction work. At this level, construc-
tion activities and team organization can benefit in terms of planning and scheduling
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optimization. The main outputs of 4D modeling are the definition over time of the
rehabilitation phases, production flow, and the activities planning and scheduling.

3 Case Study

An important renewal of the main railway network is currently being carried out
in Portugal by the national railway agency [13]. The case study presented herein is
for a section of an important double-track railway line, with a total length of 35 km
and characterized by mixed and heavy traffic (passengers and cargo). UIC 60 rails,
VAX LU41 NG bi-block concrete sleepers, and the corresponding fastenings were
the main components of the track structure. The track gauge was the Iberian type:
1668 mm. This railway line is classified as D4 (22.5 ton/axle; 8 ton/m), according to
UIC 700-O. Mainly due to stabilization and drainage problems, this railway section
was rehabilitated in 2016 as follows: the complete renovation of the rail track through
replacement of rails, sleepers, and fastenings; the placement of a new ballast layer
with a thickness of 25 cm; the renovation of the drainage system; the update of the
electrification system.

Figure 2 shows the existing fouled ballasted rail track. The passage of traffic over
time and a deficient sub-drainage system resulted in the modification and contamina-
tion of the ballast aggregates. The infiltration of materials from the subgrade and the
surface led to large amounts of smaller particles and the presence of clayed soil. This
modification of the ballast layer has negatively affected, over time, the general quality
of the rail track, requiring more continuous and expensive maintenance action.

Due to the restrictions that come with a railway in service, the rehabilitation of the
ballasted rail track was carried out during the night period (from 5:00 am to 7:00 am).
In addition to the laying of a new rail track, the rehabilitation has mainly consisted of

Fig. 2 Cross-section of the ballasted rail track [14]
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Fig. 3 Application of geotextile and geogrid [14]

the application of non-woven geotextile and triaxial geogrid after the general removal
of the contaminated ballast layer. The geotextile has the functions of separation and
filtration with regard to the subgrade soil. The geogrid serves to stabilize the lateral
movements of the ballast particles (lateral restraint). A track-mounted undercutting
machine rolled out both the geotextile and the geogrid and finally the new ballast
layer of 25 cm thickness was placed on top (Fig. 3).

Based on the project and construction data, available on printed versions and
digital files of drawings, a straight alignment with a length of 1787 m was selected
to be modeled in Civil 3D®. The 3D model includes the subgrade, sub-ballast, and
ballast layers; rails, sleepers, and fastenings; sub-drainage components (lateral piles);
and catenary system (vertical poles and cantilever).

The geolocation and ground modeling of the construction site was performed
through the application of Infraworks® software and was then transferred to Civil
3D®. Vertical and horizontal alignments of the railway line were established and,
finally, the cross-section was designed. Figure 4 shows the perspective view of a
generic part of the 3Dmodel created for the case study. This model was then used for
BIM implementation through 3D and 4D modeling using Revit® and Navisworks®

software programs, respectively. Based on the 3D model, it was possible to analyze
the possibility of extracting information from the model, in particular the geometric
parameters of the rail track: gauge and transversal leveling. The 4D model describes

Fig. 4 The 3D model of the railway generated using Civil 3D® [15]
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the sequence of the rail track rehabilitation, including the application of geotextile and
geogrid. This BIM model allows for planning the rehabilitation techniques (Fig. 1).

4 Results and Discussion

4.1 Rail Track Modeling

An attempt was made to export the model created in Civil 3D® to Revit® software.
However, due to interoperability difficulties between the two software programs, a
new3Dmodelwas developed inRevit®. Based onBIM library, families of parametric
objects related to the railway components were created: rails, concrete sleepers,
fastenings; rail track substructure (sub-ballast and ballast layers, geosynthetics, and
subgrade); and sub-drainage system (two identical pipes placed in a lateral position).

Generally speaking, the various layers of track substructure were modeled as
slab elements (subgrade, sub-ballast, ballast, and geosynthetics layers). The corre-
sponding properties of BIM parametric objects were layer thickness and material
type: sand in the subgrade and gravel in the ballast/sub-ballast layers. In the case
of the geotextile and geogrid, the procedure was similar: The horizontal dimensions
were 25.6× 12.0× 0.45m3 and the thicknesswas 5.4mm (assumed value) (Fig. 5). A
newmaterial, polypropylene, was createdwith specific thermal andmechanical prop-
erties. Supplementary descriptive andproduct information on the class,manufacturer,
and model was provided (Fig. 6).

Fig. 5 Geotextile and geogrid modeled in Revit® [15]
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Fig. 6 Association of geotextile and geogrid properties in Revit® [15]

Fig. 7 Final 3D model of the rail track generated using Revit® [15]

Figure 7 represents a perspective of the global 3D model created in Revit®

including rail track structure components and lateral drainage pipes.

4.2 Rehabilitation Activities Planning

The 4D model was developed in Navisworks® by associating the time parameter
to the construction steps, thus allowing for the rail track rehabilitation planning
and scheduling. The 3D model developed in Revit® was successfully exported. To
simulate the rehabilitation process, seven activities were defined: (1) existing rail
track; (2) replacement of rails, sleepers and fastenings; (3) existing substructure;
(4) removal of ballast; (5) application of the geotextile and the geogrid; (6) ballast
tamping; and (7) final rail track tamping. The existing rail track and substructurewere
not real activities but theywere included in order to achieve amore realistic simulation
of the rehabilitation. The sets (groups of elements) were created through selection
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Fig. 8 Sets menu and Gantt chart [15]

of the geometric components of the 3D model associated to each construction phase
(Fig. 8).

Subsequently, the duration of each activity was added in accordance with the
information obtained from the real work development. Figure 8 illustrates the Gantt
chart established directly in Navisworks® for a rail track segment. The Gantt chart
was also modified, so that the different construction phases could be visualized.

4.3 Rail Track Inspection

Throughout the life cycle of a rail infrastructure, rail trackmonitoring is an important
activity, with a view to ensuring safe conditions for the rail traffic. Regular inspec-
tions are aimed at identifying and controlling structural degradations and the overall
conditions of the rail track components. According to standard EN 13848-1 [16],
the main parameters to consider in the track geometry are the track gauge, leveling,
alignment, and twist.

Through the model developed in Civil 3D® it was possible to consider only the
track gauge and the transversal leveling. The track gauge is the minimum measured
distance between the heads of the rails. Transversal leveling is the difference between
the rail surface and a horizontal reference plan.

However, the functionality of these geometric parameters is very simplified and
significant improvements should be carried out in the future in a perspective of
regular rail track monitoring based on BIM methodology. Most railway agencies
and companies have their own quality monitoring systems. It would be desirable to
promote the implementation of thesemanagement systems from aBIMmethodology
perspective.
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5 Conclusions and Recommendations

The paper describes the application of BIM methodology to a case study consisting
of the rehabilitation of an existing railway infrastructure with a total length of 35 km.
Due to stabilization and drainage problems, the rail track had to be rehabilitated:
Replacement of rails, sleepers, fastenings; the placement of a new ballast layer; the
renovation of the drainage system; the update of the electrification system.A segment
measuring 1787 m was selected to be studied using the BIM methodology.

The implementation of BIM consisted of three steps: (1) development of the
3D model of the railway infrastructure using Civil 3D® software and Infraworks®

(ground modeling); (2) 3D modeling of the rail track in the Revit® software; and (3)
4Dmodeling in Navisworks® software in order to plan and schedule the construction
process of the rail track rehabilitation. Finally, the possibility of extracting informa-
tion from the 3D model on the rail track geometry in the context of the inspection
activity was studied.

The main conclusions of the research relate to the generation of the 3D and 4D
models, the analysis of the interoperability capacity betweenBIMsoftware programs,
and the possibility to use BIM methodology in the rehabilitation and inspection of
rail tracks:

• The Civil 3D® and Revit® tools proved to be suitable for the 3D modeling,
including all the rail track components (substructure and superstructure), drainage
elements (pipes), and electrification system (catenary);

• Using the Navisworks® tool, a 4D model was established. Seven sets were
created to illustrate the different construction phases, including the application
of geotextile and geogrid;

• The interoperability between software packages was analyzed. The integration
of the 3D model from Civil 3D® into Revit® was unsuccessful as most of the
elements were not recognized. Interoperability between Revit® and Navisworks®

was possible and facilitated the process of creating the 4D modeling, as they are
both from Autodesk®;

• Regarding the inspection of the rail track, there were still many limitations
regarding the storage and manipulation of this type of information using Civil
3D®. But Revit® was unable for this purpose.

Some recommendations arise from the implementation of BIM to the case study.
Regarding the Revit® software, we would recommend more advances in the devel-
opment of specific families of objects of transport infrastructures. The modeling
process would thus be completer and more realistic. A further recommendation has
to do with the integration of BIM methodology in the track monitoring systems,
including all the usual geometric parameters. It is desirable that further considera-
tion will be given to the possibility of having a proper track inspection system, so
that the maintenance planning, coupled with quality control inspection tests, can be
more integrated and completer.
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Finally, it is expected that in the near future the reported problems of interop-
erability between BIM software programs will be solved, given the current and
foreseeable evolution of digital systems, in line with the technical advances.
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Targeted Asset Management on Ageing
UK Railway Embankments—Wrabness

Ian Payne, Simon Holt, Isaac Griffiths, and Stuart Fielder

Abstract To prioritise and optimise mitigation with sustainable and value engi-
neered solutions, a targeted asset management (TAM) regime has been established.
The early stages have been successfully implemented at an embankment site atWrab-
ness in Essex which has experienced long-term instability issues. The site is located
on sidelong ground leading to the Stour estuary with evidence of natural mass move-
ment and drainage issues. Temporary mitigation, including local toe weighting and
drainage improvements, has helped to control slope movements. Detailed geomor-
phological mapping, interrogation of ground investigation data, slope instrumenta-
tion data, and review of track monitoring data have allowed development of good
ground models and understanding of geotechnical issues. Early ecology surveys,
upfront preliminary designs and site risk zonation have enabled network rail to plan
budgets and decide on the works in each five yearly funding cycle.

Keywords Asset management · Slopes—stabilisation · Earthworks · Geotechnical
engineering · Railway tracks

1 Introduction

The Wrabness site is centred on national grid co-ordinates TM 19,091 31,556 and
comprises a 900 m long embankment approximately 5 kmwest of Harwich in Essex,
as shown in Fig. 1. The railway is electrified with 25 kV (AC) overhead equipment
and has a line speed of 60mph. Originally opened in 1854, and doubled in 1882, the
line connects the port of Harwich carrying both passenger and freight traffic.

The site is adjacent to a site of special scientific interest (SSSI) and ecology
surveys have been critical in the programme to ensuring protected species such as
dormice are not impacted by proposed engineering works.
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Fig. 1 Site location plans

The embankment is constructed on sidelong ground using uncompacted end-
tipped locally derived fill, common practice in Victorian age earthwork construction
prior to full understanding of geotechnical engineering. Embankment slopes are up
to 8 m high on the north side, with very steep upper slope angles and thick ash and
ballast layers near the crest.

The site has a long history of instability and resultant issues including track dips,
leaning infrastructure and periodic implementation of temporary speed restrictions
(TSRs) for the safety of the public.

Network rail (NR) asset management teams have a difficult balance trying to
spread their budget and prioritise risk to best ensure public safety. To aid this,
consulting engineers, such as Atkins, characterise such sites in detail to ensure opti-
mised and focused mitigation. Targeted asset management (TAM) has been devel-
oped to facilitate getting the balance correct and will be demonstrated at Wrabness.
Phased site investigation, previous engineering intervention, potential future works
and controlling residual risks will also be discussed, drawing upon lessons learnt
from the site in the region.

The paper builds on the initial work presented on this site for the 2017UKRailway
Engineering Conference in Edinburgh [1].

2 Site Characterisation

2.1 Geomorphological Survey

A detailed geomorphological survey was undertaken at the site, with key slope
features and defects mapped, as shown in Fig. 2. Numerous indicators of stability
issues were noted including toe bulges, lobes, historic intervention, track defects and
leaning and uprooted trees (Fig. 3). Groundwater issues were evident along the south
side where saturated soils were noted along the embankment toe.
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Fig. 2 Detailed geomorphological mapping undertaken winter 2018/19

Fig. 3 a—Lower slope lobe feature in eastern part of site, north side. b—Looking East: track dips,
thick ballast shoulder, TSR and leaning gantry on the north side slope (left of photo)

2.2 LiDAR

NR have biannual LiDAR surveys flown across network and there is ongoing
research on how best to use this data to aid asset management. LiDAR imagery
of the site (Fig. 4) was used in conjunction with the geomorphological survey to aid
interpretation.
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Fig. 4 High resolution LiDAR image of the site

2.3 Trackside Issues

Track stability issues have been a long-term problem at the site, with reports of
instability dating back to the 1960s. More recently, continuous track defects have
been recorded at discrete locations along the embankment, with occasional TSRs
being required, as shown in Fig. 3. Track maintenance works, including tamping
and hand packing of the track in combination with ballast drops, have enabled line
speeds to be restored; however, ongoing movements have caused alignment issues
to continue and re-occur in the same areas repeatedly.

Typical defects exhibited at the site include track dips and twists, cess level drops,
troughing collapse, ballast thickening, depleted ballast shoulders, exposed sleeper
ends, leaning trackside structures, spalling of material down slope faces and surface
subsidence. Key areas noted by visual assessment are highlighted in Figs. 2 and 5
shows one of the worse affected areas.

Fig. 5 a—Thick ballast shoulder spilling downslope and leaning OLE mast (looking west). b—
Drop in cess level with associated ballast thickening and adjacent track dip (looking east)
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Fig. 6 a—P60 slope climbing rig set up on steep north side slope (Geotechnics Ltd). b—
Lightweight limited access modular rig (LLAMR) set up on south side slope (Topdrill Ltd)

2.4 Track Monitoring

NR periodically monitor track condition through train mounted equipment under-
taking geometrymeasurements and ground penetrating radar (GPR) to infer trackbed
condition, and the results ofwhich are presented in the LinearAsset Decision Support
(LADS) tool. LADS data and maintenance records have been used at the site to iden-
tify where defects and regular maintenance events occur. Typically, the LADS data at
the site shows poor line and level condition on both lines throughout, with numerous
maintenance interventions.

3 Ground Model

3.1 Ground Investigation

Several phases of ground investigation (GI) have been undertaken at the site including
installation of inclinometers and piezometers. GI work has required specialist slope
access rigs (Fig. 6) and careful health, safety and environmental considerations.

3.2 Ground Conditions

Ground models have been developed to allow design and optimisation of mitigation
solutions (Fig. 7) and derived from a combination of GI, geomorphological, LiDAR
and topographical survey information.
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Fig. 7 Ground model at 65 m 65ch; section line shown in Fig. 8

Embankment fill is heterogenous, with varying amounts of cohesive and granular
material, an indicator of both the long-term instability issues and the nature of original
end-tipped uncompacted construction [2, 3]. Typically, embankment fill was found
to contain a greater proportion of cohesive material in the eastern half of the site and
dominantly granular fill in the western half. Cohesive fill is likely to be reworked
Thames Group deposits, whilst granular material represents reworked Kesgrave
Catchment Subgroup deposits, excavated in nearby cuttings during construction.

Throughout the site, the embankment is topped with a layer of ash and clinker,
varying in thickness from less than 0.5 m to over 3.5 m. This layer is likely to
represent historic repairs to embankment crest failures and is as a result thicker
where movement indicators are observed, or where the upper slope is particularly
steep on the north side.

An organic clay layer was encountered in numerous exploratory holes across,
with a maximum thickness of 2.7 m. Typically, this organic layer was found to
directly underlie the embankment fill or, where present, the naturally reworked
head/solifluction deposits. This is thought to represent relic topsoil from before
construction of the embankment and / or historicmassmovement in the form solifluc-
tionmudslides. Head comprising low strength sandy gravelly clayswere encountered
beneath embankment fill in many exploratory holes and were generally consistent
with naturally reworked Harwich Formation. Typically, the deposits were encoun-
tered in areas where the embankment sits on the toe of the natural slope as shown in
Fig. 7.

Solid geology at the site comprises over 20 m of the Harwich Formation (Thames
Group), under which deposits of the Lambeth Group are encountered.
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3.3 Slope Monitoring

Slope monitoring has been installed at Wrabness through several different phases
of GI works and Fig. 8 shows a summary of the key inclinometer and piezometer
position within the eastern part of the site.

Historically, the area of the site with the most serious track issues and signs of
instability has been the section as shown in Fig. 7. Due to the severity of this area,
an automated inclinometer system was installed at the location, along with a surface
camera for ‘real-time’ photographs, aiding remote assessment by the asset manage-
ment team. These inclinometers (BHIN06 and BHIN07) indicate movement at a
depth of 5–6 m below ground level, suggesting a deep-seated failure mechanism.
Despite the generally progressive increase in recorded displacement, the data indi-
cates a clear seasonal variation, increasing at the start of the winter period, before
reaching amaximum at the end of spring or start of summer, and then reducing before
the cycle repeats (Fig. 9a).

The inclinometers across the rest of the site generally suggest a gradual downs-
lope movement of embankment fill, occurring primarily at the crest of the north
side embankment. This displacement typically occurs in approximately the top 5 m
and increases towards ground surface. A maximum displacement of 82 mm was
recorded in BH10 (Fig. 9b) occurring since monitoring commenced in March 2016.
Similar downslope movement was recorded in BH04 (48 mm). It should be noted
that displacements occurring in the top 1 m may be partially attributed to poorly
compacted backfill of the inspection pits following inclinometer installation.

Assessment of ground water trends is ongoing including establishing poten-
tial links with the seasonal slope movements and drivers of pore water pressure
fluctuations [4].

BHIN01 recorded a maximum downslope displacement of 38 mm; however,
unlike other locations, the displacement observed in this inclinometer did not increase
towards ground surface. Moreover, it appears to approximately correspond to the

Fig. 8 Location plan of key monitoring location for the eastern end of the Wrabness site
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depth at which embankment fill transitions from granular to cohesive material,
suggesting movement of the granular layer over the cohesive layer.

Displacement in BH301 (20 mm) and BH313 (30 mm) corresponds to the tran-
sition between embankment fill and natural ground, at approximately 5.4mBGL
and 6.2mBGL, respectively, suggesting downslope movement over natural ground.
Clearly, there is movement across the whole site that corresponds to the variability
of the ground conditions encountered.

Whilst monitoring has been focused to the north side over the last 10 years,
in early 2019, inclinometers and groundwater monitoring points were installed at
key locations on the south side to further understand the failure mechanisms. Data
is currently limited although there is evidence of movement below areas of track
defects as shown in Fig. 2. Whilst the slope is relatively shallow on the south side,
movements here highlight the importance of interpreting both sides of the railway to
ascertain the global picture, not just focusing on one side in isolation.

4 Targeted Asset Management (TAM)

It is recognised that due to the large scale ofmany of the EarthworksRenewal projects
and constrained remedial works budgets, large-scale heavy engineering solutions
across entire sites are not feasible. This was recognised during CP5 and Payne et al.
[5] report the successful risk management approach at Ashdon Way, eliminating
widespread sheet piled walls and prolonging the life of the asset with targeted local
cess retention and soil nailing. The process has since been further refined and to
prevent further deterioration of earthwork assets and to maintain the operational
safety of the railway, the TAM riskmanagement approach is being utilised to identify
the scope of remedialworks at key siteswithin theAnglia EarthworksCP6workbank.
The TAMprocesswas set out by Payne et al. [6] and targets stabilisation at the highest
risk sections of the earthworks to minimise operational disruption and is undertaken
in four stages as outlined below:

• TAM Stage 1 (Option Selection and Outline Design)
• TAM Stage 2 (Costing)
• TAM Stage 3 (Detailed Design)
• TAM Stage 4 (Post-Construction).

Constant collaboration between client, contractor and designer is imperative to
ensure the success of the TAM process and ensure that the final design solution
manages the instability issues at the site, whilst remaining sustainable. TAM Stage
1 focuses on data collection and considers the current condition of the whole asset.
The asset is divided into zones based on information collected and each zone is
assigned a risk rating (see Fig. 10) of high, medium or low based on its condition.
Outline design and optioneering is then undertaken for high and medium risk zones,
allowing the contractor to provide cost estimates for remediation in TAM Stage 2
before NR commit to the works. Following agreement of scope and cost with the
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Definition of TAM Risk Category
Risk Category Definition

High (H)
Known evidence of regular high priority track issues and or above average 
slope movements with visual signs of instability with high potential to cause 
public disruption and a threat to the safe operation of the railway. 

Medium (M)

Potential to cause continued track issues and affect maintenance regime. 
Slope movements are considered at or below average and steady.  No immi-
nent signs of failure from visual observations.  Continue to monitor and have 
a future works strategy plan in place should it enter HIGH risk.  

Low (L)
Minor track and maintenance issues with no cause for concern, below aver-
age slope movements (where data) and no visual indicators of failure. 

Fig. 10 Definitions of TAM risk category

client, detailed design of the works is completed in TAMStage 3. Finally, TAMStage
4 is implemented post-construction and involves the continued monitoring and asset
management to ensure any risks from unremediated areas are managed.

4.1 TAM Stage 1

TAM Stage 1 aims to identify the underlying geotechnical issues which are causing
instability in the asset and have potential to affect the operational safety of the railway.
These issues are recorded in the form of a technical risk register which has threemain
failure categories:

1. Track and maintenance issues
2. Ground conditions and slope movement monitoring
3. Visual movement indicators.

These categories are subdivided into several subcategories, such as service
impacts, slope defects, drainage defects, with a risk rating applied to each as defined
in Fig. 10 (full details of these subcategories are recorded in Payne et al. (2019)).
Design optioneering is then undertaken for the high and medium risk zones to feed
into TAM Stage 2 costing.

Wrabness has been subjected to the TAM Stage 1 process following the detailed
site mapping and GI interpretation described earlier. The site was assessed in accor-
dance with the TAM criteria and the output of the TAM risk mapping can be seen in
Fig. 11.

Whilst both sides of the embankment were subject to zonation, greater attention
is given here to the north side given the higher slope, more regular defects; slope
movement data for the south side is still being built up. Zones 8 and 10were identified
as being the highest risk areas driven by themajor track and slope defect observations
together with the higher recorded inclinometer slope movements.
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Fig. 11 Wrabness TAM risk zonation map (see Fig. 10 for risk definition)

The TAM zoning process has allowed intervention at the site to be targeted at the
highest risk areas to reduce the overall cost of remediation at the site whilst ensuring
good management of the asset.

5 Intervention

Historical evidence of engineering intervention was reported by Payne et al. [1]
including records from a 1966 walkover survey showing counterfort drainage, lump
slag and rubble berms as possible toe weighting on the north side and numerous
observations of instability, including old major landslips and blocked drainage, on
the south side. There are localised engineering works including a 2001 sheet piled
wallwith gabionwall immediately downslope (possibly to create aworking platform)
over a 50 m length with Zone 8 on the north side and a toe berm in Zone 17 on the
south side. However, there are still signs of problems at track level above both fixes
and movement downslope of the sheet piled wall indicating not all the stability
mechanisms have been addressed by the historical reactive interventions.

In late 2014, extensive drainage improvement works were undertaken on the
south side which included an impermeable toe cut-off drain (Fig. 12) ‘catching’
run-off from the adjacent woodland and reinstating 2 culverts to provide an effective
passage below the embankment. The work was undertaken by Volker Fitzpatrick and
required extensive ecology surveys with associated controls and close collaboration
with the RSPB, winning an Environmental Green Apple Gold Award for outstanding
environmental protection. Whilst it is difficult to measure the improvement of the
asset as a result of the drainage works, there has certainly been less critical slope
movements in the last 4–5 years and as has been proven at many similar sites,
intervention must start with addressing the drainage. One means of assessing the
improvement was noted during the geomorphological survey in the area beyond
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Fig. 12 a—South side cut-off toe drainage installed in early 2015. b—Completed Temporary Toe
Berm on the north side at 65 m 65ch

limit of the 2014–2015 drainage works. Within Zone 15 a culvert was blocked on
both sides of the embankment and the catchment of water from the embankment toe
falling from the west and east, plus the woodland run-off from the south, has resulted
in very boggy ground at the embankment toe. This coincides with notable issues on
the embankment slopes on both sides and higher maintenance on track.

Further, GI was carried out in early 2016 and given access was required from the
toe, and the NR minor works team took the opportunity to construct a temporary
toe berm around the previously recorded highest and deep-seated movements at
65 m 65ch on the north side (Fig. 12b). As this was a reactive emergency mitigation
measure, a short term design betterment approach was adopted given the intention
was for a longer-term stabilisation in accordance with design standards (Eurocode
7).

During CP5, it was recognised that fully fixing sites like Wrabness with 120 year
design life solutions would be unsustainable and unrealistic. The NR asset manage-
ment team have to very carefully ensure budgets are spread correctly across thewhole
region. Whilst Wrabness was subject to drainage refurbishment and a temporary toe
berm, other sites were experiencing higher movements and required longer-term
mitigation. One such site was Ashdon Way which was close to Basildon station in
Essex and on a very busy London commuter line. Payne et al. [1] describe the use
of automated inclinometers allowing high active slope movements to be controlled
during construction and post-construction arrest of slope movements was evident
validating the design. Further, inclinometers were installed in lower risk areas for
observational monitoring and a Future Works Strategy Plan (part of TAM Stage 3)
was developed to advise NR of the monitoring strategy, trigger levels and outline
emergency works options should they be required.

The higher risk TAMzones identified atWrabness (north side) as shown in Fig. 11
have been subject to TAMStage 1 optioneering. Given additional land purchase at the
toe byNR in 2016 as shownby the new fence line as shown inFig. 13, design solutions
needed tomake best use of this space. Preliminary design options were appraised and
costed in TAMStage 2. The unsustainable nature of importing vast volumes of fill for
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Fig. 13 a—Additional land purchase shown by the new fence line to allow future permanent
works/access. b—Preliminary TAM Stage 1 Output Engineered Solution of soil nails and cess
retention with some additional toe weighting

a full shallow slope regrade and expense of a sheet piled wall meant that soil nailing
with cess retention was likely to be the preferred option moving forward, especially
given the success on arresting slope movements on other cohesive embankments in
the region. A preliminary design option is shown in Fig. 13a that also includes toe
weighting with imported granular fill which could be used as a working platform
which may also incorporate drainage.

6 Conclusions

The Wrabness site provides a good case study of how targeted asset management
(TAM) can optimise how Network Rail deal with ageing UK railway earthworks.
The railway has been built on a natural landslide and the topography has resulted in
an over-steep higher north slope which has suffered both shallow, deep and cyclic
ground movements over many years. Groundwater plays a vital part and providing
new relief pathways fromnear surface run-off has slowed slopemovements; however,
infiltration into an upper ashy embankment with clay core will continue to increase
pore pressures and cause instability.

The case study provides a typical example of embankment problems in the region
and demonstrates the importance of establishing an accurate ground model linking
surface observations, track and maintenance data, and historical information. Good
reliable monitoring is essential, whilst more expensive remote monitoring provides
accurate trends, greater control and reduces safety risks of attending site. It is impor-
tant for the designer to target the correct areas and compare movement trends over
time and to other sites. Lessons can also be learned from intervention across the
region and it is critical to work as a collaborative team to fully understand the balance
between risk, mitigation and cost.
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There have been many historic interventions and the railway line has been subject
to a long history of maintenance which continues to the present day. The patchwork
of treatments has kept the line operational, although it has been subject to restrictions
following some higher slope movements. Further, detailed design is required, but the
early TAM stages have shown that a feasible option can be determined and priced
before NR commit to the final works, aiding their budget planning and assessment
of further mitigation requirements. Wrabness represents less than 0.1% of the total
Earthwork mileage in Anglia, yet initial remediation costings for the high risk zones
on the north side were approaching 10% of the total CP6 budget. Resultantly further
TAM refinement may be required with continued observational monitoring, which
has been successful in controlling risks at other sites in the region.
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Integrated Technology Geological
Surveys

Gennadii Boldyrev

Abstract The paper presents the results of the development of integrated technology
engineering and geological surveys and design foundations. It is shown that the
currently existing information systems for data transmission and processing, infor-
mation measuring systems allow not only to manage the process of testing soils and
process test data, but also to simultaneously perform calculations of the deformation
and strength of the foundation. Modern methods of field research of soils, such as
static, dynamic and boring sounding, allow to obtain continuous information about
the physical and mechanical properties of soils in depth and rather cheaply with an
increase in the number of test sites within the studied survey area. The recording of
sensing parameters data can be performed at any depth interval. Using known or local
correlation equations and sounding data, soil depth characteristics are found. Further,
the calculated values of the characteristics of the soils are determined, and then, the
deformations and strengths are calculated directly in the field conditions during the
soil sounding process. The proposed complex technology combines engineering and
geological surveys and the design of building foundations into a single production
process. The result is a reduction of the survey time due to the application of soil
sounding methods with automated control of the test process and interpretation of
test data. In this case, the results of engineering and geological research provide
not only information about the properties of soils, but also an assessment of their
influence on the behavior of the designed building or structure.

Keywords In-situ soil test · Foundation design · Information systems

1 Introduction

Currently, foundations of buildings and structures are designed using analytical and
numerical solutions. Analytical solutions are given in the corresponding sets of
rules (SR) [1]. They are simple, easily programmable, require determination of the
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minimum number of soil characteristics. And many years of practice of their appli-
cation testifies to the reliability of these solutions. Numerical methods of foundation
calculations are much more complicated. In most cases, it is necessary to determine
more characteristics/parameters of soil models during engineering-geological and
geotechnical investigations. And very often their validity is to be checked using
analytical solutions. Due the fact that it is still obligatory to comply with the require-
ments of the SR, in the development of integrated technology, we propose to use the
appropriate analytical solutions for calculating the foundations on deformations and
bearing capacity given in the SR. The structure of the proposed technology allows
to apply numerical methods of solutions implemented in various programs such as
PLAXIS, and FLAC. However, it is not yet clear how to determine all the parameters
of soil models directly in the field.

2 Soil Testing Methods

Most of the required physical and mechanical characteristics of soils for designing
buildings and structures can be determined both in laboratory and in-situ condi-
tions. More attractive is the determination of physical and mechanical characteris-
tics of soils in in-situ conditions, for example using static (CPT, CPTU, SCPTU) and
dynamic (SPT, DCPT) penetration tests, Russian screw test (RST), boring sounding
(RDT), vane shear test (VS), etc. The first two methods are known and widely used
in practice of engineering and geological investigations [2]. Boring sounding is little
known and is still rarely used in domestic practice in determining mechanical char-
acteristics of soils and fragmentating the soil thickness into separate layers, despite
its shown efficiency [3, 4].

Boring sounding method allows to carry out investigations of soil properties of
practically all types similar sandy, clay, gravelly rock, and frozen soils. In thismethod,
the well boring is performed by a screwwith a boring tool, the type of which depends
on the type of soil. Due to fact that the auger almost without force moving into the
ground, it allows to use conventional drilling rig. These machines are widely used
in carrying out engineering-geological and geotechnical investigations without their
modernization. It will be shown later that combining the static penetration and boring
soundingmethod allows a significant increase in the number ofmeasured parameters,
which is useful in constructing correlation dependencies.

3 Soil Testing Technology by Means of Boring Sounding

In our opinion, a more promising method of in-situ studies of soil properties is the
method of boring sounding method. First, this method is applicable, in contrast to
the method of static penetration, not only in clay and sandy soils, but also in gravelly,
rocky, and frozen soils. Second, the method allows to determine the modulus of soil
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deformation and force resistance to shear without using correlation dependencies. At
the same time, other soil characteristics can be found using correlation dependencies,
as in the case of static and dynamic penetration.

Boring sounding method involves testing of dispersed and frozen soils by means
of measuring a number of parameters during well drilling with a solid or hollow
auger, which are given in Table 1.

The device of boring sounding is measuring system including sensors, amplifiers
of signals, and analog-to-digital converter which are structurally located in the steel
cylinder having standard shafts in end faces [3].One part of which is connected to the
rotator shaft and the other to the shank of the boring column. The device for boring
parameters measurement contains “bidirectional action” force sensor for measure-
ment of compression and tension forces, sensor for torque measurement, sensor for
rotation speed measurement and inclination. Penetration depth measurement of a
boring column and a line speed is carried out by a potentiometer range finder. Range
finder indications are transferred by means of interface RS 485 and registered in a
computer database.

Sensors of force, moment, slope angle, and rotational speed are connected toATsP
boards powered by a built-in accumulator. ATsP boards are connected to the wireless
RS-485/ZigBee modem by RS-485 interface. The modem antenna is brought to an
upper part of the device. There is a modem for wireless ZigBee communication from
the managing computer. It is connected by means of USB port. For data exchange
between ATsP and computer boards, ModBus RTU recording is used. The block
which is electronic and transforming with RS-485 interface for the range finder
which is located on a mast of the boring device is connected to a computer. The

Table 1 Parameters measured

The measured parameter Dimension Range Measurement accuracy, % of a
range

Disperse not frozen soils

Torque kNm 0–0.5 1.0

Feed force/thrust force kN 0–50 1.0

Hoisting force/weight of a boring
column with soil on flanges

kN 0–50 1.0

Rotational speed RPM 0–300 1.0

Depth m 30 0.5

Vertical deviation degree 0–10 0.5

Pore pressure MPa 0–2 0.5

Additionally, for frozen soils

Soil resistivity under boring tool
Temperature soil and heating of
the soil
Heating power

MPa
°C
W

1–80
− 20- + 110
0–100

1.0
± 0.1
1.0
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process of registration and visualization of boring parameters is carried out by ASIS
program.

The boring measurement apparatus operates as follows. The upper part of the
device is connected to boring machine rotator, and the lower part of the device is
connected to a boring column. Range finder is fixed on mast, and its cable is fixed
on rotator housing. By means of a button on the upper part of the device, the power
supply is switched on and signals from sensors (forces, torque, rotation, movement,
inclination) begin to enter the computer in digital form by wireless communication.

Then, boring master activates the rotator and the well drilling process begins.
Torque and axial load from boring machine are simultaneously transmitted to the
upper part of the device. The torque is measured by a torque sensor, and an axial
force is measured by a bidirectional force sensor. At the same time, only torque
(M) is transmitted to the moment sensor, and only the axial force (N) is transmitted
to the force sensor. The rotation speed of the device is measured by the rotation
speed sensor located in the electronics unit. The movement of the boring column is
measured by a laser or potentiometric range finder. The slope of the boring column
is measured by an inclination sensor located in the electronics unit. The same sensor
can be used for monitoring the angle of inclination of the boring mast. Torque and
axial force from the lower shank of the device are transmitted to the boring column
sounding the ground.

The described boring sounding device is located in the upper part of the screw
column above the soil surface. Therefore, the measured boring parameters are influ-
enced by screw column bending, friction forces between the surface of the screw
flange and the soil, friction forces between the moving soil and the well walls,
and also other factors. However, these disadvantages can be avoided if the boring
sounding device is placed in the first link of the hollow screw string by penetrating
an extensible static penetration cone into the structure.

4 Interpretation of Measurement Data

Interpretation of the boring sounding involves determination of the following
parameters.

Mechanical power at rotational motion at the current depth of penetration (kJ /s):

A = M · 2πω (1)

whereM—present torque (Nm); ω—rotation speed of the boring tool (s−1). This
parameter characterizes the work spent in a unit of time when boring the well.

Specific energy. In 1965, R. Til [5] suggested to use the parameter called specific
energy for well-boring process control. The specific energy is the work value
necessary for boring a volume of soil:

E = Q/A + M · ω/A · υ (2)
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where Q—axial force (kN); A—transverse section of the well (m2); M—torque,
(kNm); ω—rotation speed (rad/s); v—speed of boring tool progress (m/s).

Specific energy index is used for optimization of penetration speed into soil of a
boring tool at penetration of deep vertical, inclined, and horizontal wells. Penetra-
tion speed depends on several factors: axial load, rotation speed, downhole pressure
gradient, boring fluid pressure, soil strength, etc. However, in the field of geotech-
nical surveys, the specific energy indicator is practically not used, despite the fact
that well boring is also carried out, but only of lower depth.

For the first time, the parameter of mechanical power in rotational motion was
applied in PNIIIS (Russia) in 1989 in order soil type identification with different
strength. Later, possibility of using this method was shown not only for the soil
stratigraphy, but also for the determination of deformation modulus.

In the latter case, the tests are carried out at a given depth by pressing the drill
string from hollow augers into the ground with a preliminary measurement of its
weight and the weight of the soil on the flanges of the auger. The loading is carried
out in steps to a predetermined stabilization of deformations with the measurement
of axial load and displacement of the column.

In the case of using a drilling bit in the form of the vane, the undrained strength
is determined from the expression:

M = πcu

(
d2h

2
+ β

d3

4

)
(3)

whereM—maximum torque (kHm); d—vane diameter (m); h—vane height (m);
cu—undrained strength (kPa);β—coefficient depending on the distribution ofmobi-
lized soil resistance: β = 2

3 with a uniform distribution of pressure equal to cu on
the surface of the vane; β = 1

2 with increasing pressure on the surface of the vane
according to the linear law from 0 to cu i β = 3

5 with increasing pressure on the
surface of the vane in a parabola from 0 to cu .

The shear modulus is found from the expression:

G == HM

πR4ϕ
(4)

whereM—current measured moment (kHm); ϕ—vane rotation angle (rad.), R—
radius(m);H—vane height (m). Since the angle of rotation of the vane and therefore
the shear deformations are measured during the test, this allows one to determine
both the initial shear modulus and its degradation with increasing shear deformation.
The friction forces on the side surface of the vane during its vertical immersion in
the soil are found from the expression:

fs = N

As
(5)
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where N—axial load; As —the area of the side surface of the vane. The shear
resistance of the soil is found from the expression:

τ = M

B
(6)

where B—vane constant (cm3), taken according to vane type.

5 Implementation of the Proposed Technology

The solution to this problem is performed using the ASIS information-measuring
system, the composition of which is shown in Fig. 1.

Currently, ASIS information-computing system is a set of measuring instruments
(instruments and devices) and a set of control and computing programs formeasuring
the parameters of sensing and interpreting in-situ data and laboratory tests of soils
(Fig. 1). ASIS information-computing system receives signals in digital form from
sensors of penetration devices (CPT, CPTU, SCPTU, SPT, DCPT, RDT, VS, etc.),
converts them to physical values (see Table 1), performs basic interpretation from
the point of view of soil behavior, determines various physical and mechanical char-
acteristics of soils, and calculates deformation of bases of buildings and structures
in accordance with the requirements of the SR during the whole process of pene-
tration devices into soil. The linear penetration speed, rotational speed, input force,
and other force parameters are monitored and controlled by means of feedback to
the drilling rig of the loading mechanism by the ASIS program.

As it was noted earlier, the estimated values of soil characteristics are based
on the corresponding correlation equations. Correlation equations, in Geotek Field
program, are based on the works of domestic and foreign investigations. Note that
correlation equations are presented only as a guide to geotechnical use and must be
carefully analyzed and adjusted for local soil varieties. The values of the obtained soil
characteristics are estimated and should be clarified by carrying out the corresponding

Fig. 1 Structural diagram of ASIS information-computing system
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laboratory tests of the soils. At the same time, Geotek Field has a module “Statistics,”
which is used to build local correlation equations according to laboratory and field
soil tests. Now Geotek Field program includes several modules of calculation of
the bases: settlement and tilt of the foundation; base stiffness coefficient; bearing
capacity of foundation bases with use of analytical solutions [6–8].

6 Conclusion

The proposed complex technology combines engineering-geological and geotech-
nical investigations and design of structures bases into a single production process.
The result is the reduction in investigation time due to the use of soil penetration
methods with automated control of the testing process and interpretation of measure-
ment data. At the same time, the result of engineering-geological and geotechnical
investigations is not only information on soil properties, but also assessment of their
impact on the behavior of the designed building or structure.
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Present Demands on Earth Structures
in Transport Engineering in Europe

Ivan Vaníček , Yvonne Rogbeck, Joost Breedeveld, Daniel Jirásko ,
and Martin Vaníček

Abstract One of the major challenges for modern society is to continue providing
sustainable, affordable, and available transportation networks for people and goods.
The challenge is twofold: (1) new structures should be built in a more resilient and
a more durable and affordable manner, and (2) existing structures need to be main-
tained, retrofitted, or reset for a new purpose. Over recent times, different visions for
improving transport engineering in these areas have been defined in Europe. Like
many transport and geotechnical engineering platforms, European Large Geotech-
nical Engineering Platform (ELGIP) declares the readiness of the field of geotech-
nical engineering to contribute to the realization of these visions. The focus is on
both engineering approaches and those which are helping to add a new dimension
to Earth Structures in transport engineering—sustainability, availability, and afford-
ability. This paper describes someopportunities that are currently on offer in this field.
In Europe, the engineering approach is recorded in EC 7—Eurocode 7 in which the
principle of limit state design was accepted, and the geotechnical categories classi-
fication is used. The second generation of EC 7 is now undergoing the final phase
of preparation. The question on how to consider sustainability in Earth Structures in
Transport Engineering is covered by describing geotechnical solutions for reducing
energy and resource consumption. Moreover, proactive measures to guarantee trans-
port infrastructure availability and affordability under extreme circumstances (e.g.,
natural and man-made hazards) are discerned. In conclusion, this paper explains
why geotechnical engineering should devote appropriate attention to the use of the
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building information model (BIM) for Earth Structures in Transport Infrastructure
generally.

Keywords ELGIP · Transport infrastructure · Earth structures · Sustainability ·
Availability · Affordability · BIM

1 Introduction

Over the most recent period, different visions for transport engineering have been
defined in Europe. Politicians and investors (owners) of transport infrastructures
should enable engineers to fulfill these visions. Therefore, many transportation and
geotechnical engineering platforms are declaring their preparedness to contribute to
the realization of these visions. ELGIP—the European Large Geotechnical Engi-
neering Platform have prepared many supporting materials in this direction. Its
focus is on both engineering approaches and other approaches which are helping
to add a new dimension to Earth Structures in Transport Engineering—in terms of
sustainability, availability, and affordability.

The engineering approach is now specified in Europe by Eurocode (EC) 7
Geotechnical Design where the principle of limit state design was accepted. In this
paper, some possibilities in this direction will be described with respect to the second
generation of EC 7 which is now in a final phase of preparation. The main focus is
on risk identification and subsequent risk reduction for basic phases of geotech-
nical structure design and execution, as in the ground model, the geotechnical design
model, the calculationmodel, and in structure construction (execution)with proposed
quality control.

But the earth structures should not only be safe and economically efficient, but
also environmentally friendly. Possibilities in this direction are now at the center
of interest, as indeed is reducing energy and resource consumption as instanced for
example with land and natural aggregates. For an area sensitive (or prone) to natural
hazards such as landslides, flood, and rock falls, there is a tendency to increase
structure robustness, to guarantee structure operation even on a limited scale and, at
the same time, to limit costs for structure maintenance during life time expectancy.

The building information model (BIM) can be a very useful tool to guarantee
mutual bonding of the above-mentioned aspects. In this way, it helps to stress the
significance of geotechnical engineering, as well as a good cooperative relationship
among the individual partners right from the start.

Thepresentedpaperwill brieflydescribe the possibilitieswhichgeotechnical engi-
neering is now offering and will utilize new achievements in this branch. However,
only in some selected cases will a closer specificity be addressed.
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2 ELGIP Activities

ELGIP was founded in 2002. Now ELGIP is a group of 14 European research orga-
nizations, leaders in geotechnical engineering, with the main aim being to promote
internationally the profession, its networking, and its societal relevance. A working
group on transport infra has over the last 5 years prepared different workshops,
as on “Geotechnical risk management for transport infrastructure,” published a
vision document “Reduction of geotechnical uncertainties for infrastructure” and
also distributed a position paper “The need for improved knowledge and under-
standing of ground properties in transport infrastructure.” The organizer of the 4th
ICTG2021, after themeeting of theWGofELGIP andTC202 of ISSMGE supported
not only the idea of closer cooperation, but also publication of the activities of the
ELGIP WG at this conference.

Let us start with themain aims summarized in the position paper focused on policy
makers, transport engineers, risk managers, geoscientists, and engineers, and their
need to collaborate at early stageswhen planning, building, andmaintaining transport
infrastructure. Especially, cooperation in the early stages is extremely important as it
is a chance to include in the design new ideas giving to the transport infrastructures
(TI) such new dimensions as:

• Sustainable TI by using innovative solutions;
• Available TI by guaranteeing secure and resilient solutions;
• Affordable TI by cost optimization.

For example, innovative solutions by slope reinforcement can safeguard land, as
well as demands on ground investigation, which is also important in the case of
TI widening as additional land buying is a very sensitive problem. Application of
large volume waste can limit the demands on natural aggregates, and the volume of
embankments can be higher than the volume of cuts. In the final analysis, the position
paper argues that planners and policy makers need to put money and efforts where it
makes a difference—improved knowledge and understanding of ground properties.

3 Safe and Economically Efficient Earth Structures
of Transport Engineering

According to [1], the European Commission agreed to sponsor the development of a
set of European codes of practice for building structures and in this way to encourage
free exchange between member countries going back as far as 1976. Eurocode 7
Geotechnical design was prepared in the 1980s under the umbrella of ISSMGE,
but from the 1990s, the work on all Eurocodes was transferred to the European
Committee for Standardization (CEN), namely that of Technical Committee 250—
CEN/TC250. A subcommittee (SC 7) is responsible for Eurocode 7 (EC 7), of which
a final draft was prepared in 2004. After positive voting by national standards bodies
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the European standard EN 1997-1, Eurocode 7: Geotechnical Design, Part 1: General
rules are valid inmost European countries.A similar statuswas obtained forEN1997-
2. Eurocode 7: Geotechnical Design Part 2: Ground investigation and testing, which
came two years later. After another 5 years, the review of existing codes started, and
a second generation of the ECs is now prepared and being discussed before final
voting. Geotechnical engineering will be more visible as the basic code EC 0 will
have a title: Basis of structural and geotechnical design. With respect to EC 7, it will
have three parts.

3.1 EC 7—1 Geotechnical Design Part 1: General Rules

Generally, the design principle assumes limit states with the application of partial
factors of safety and distinguishing ULS—ultimate limit state and SLS—service-
ability limit states. The second generation of EC 7 utilizes either the “resistance
factor approach”—RFA or the “material factor approach”—MFA. In the first case,
ultimate limit states involving failure of the ground should be verified using the
partial factor for ground resistance and increased factor on effects of actions; while
in the second case, ultimate limit states involving failure of the ground should be
verified using partial factors for material properties and actions. EC 7 is recom-
mending these partial factors. The National Standards implementing the Eurocodes
will comprise the full text of the Eurocodes followed by a National Annex (NA). A
NA can only contain information on those parameters, known as nationally deter-
mined parameters, which are left open in the Eurocodes for national choice. For SLS,
the recommended partial factor is equal to one.

Subsequently, for each geotechnical design situation, it shall be verified that no
relevant limit state is exceeded and shall provide a level of reliability no less than
that required by EC 7. However, the complexity of each geotechnical design should
be determined along with the associated risk, or with an impact (consequence) of
failure. Three geotechnical categories are used for any distinction in this direction.

The geotechnical categories classification influences each step of the geotechnical
structure design and execution. For example, with simple structures with low risk,
the design can use geotechnical parameters which are collected as the result of the
experience of our predecessors and are presented in different tabular form based on
soil (rock) classification. On the other hand, the structures connected with very high
risk deserve the collection of undisturbed samples on which geotechnical parameters
are subsequently determined. The number of such samples from each lithological
layer (geotechnical unit) should be sufficient for statistical evaluation. In both cases,
the designer should select the characteristic (representative) values for geotechnical
parameters as a cautious estimate of the value affecting the occurrence of the limit
state. Therefore, the GC classification right from the beginning is very desirable. One
of the possibilities for such classification is an overview of uncertainties linked with
basic steps of the geotechnical structure design and performance as in:
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• Ground model—containing geological model + results of lab and field tests;
• Geotechnical design model—where for each lithological layer (geotechnical

unit) or discontinuity there is selected a characteristic (representative) value,
subsequently used in the next phase namely in the calculation model;

• Calculation model which includes analytical or numerical calculation models;
• Geotechnical construction—sensitivity of geo-technology to the input data.

When checking limit states of a geotechnical structure (during the phase of the
calculation model) with the help of the partial factor method, the inequality given
below (Eq. 1) shall be verified:

Ed ≤ Rd (1)

where
Ed is the design value of the effect of actions;
Rd is the design value of the corresponding resistance.

3.2 EC 7—2 Geotechnical Design, Part 2: Ground
Investigation

EN 1997-2 provides rules for specifying the ground investigation (GI) used to gather
information needed for the design and verification of geotechnical structures. The
relationship between the GC and demands on sampling was already mentioned.
Generally, it is valid that in the phase of ground investigation planning, the relation-
ship between the proposed structure and methods of the ground investigation as well
as required geotechnical information should be considered. Therefore, more atten-
tion is devoted to the demands of ground investigation for individual geotechnical
structures than on own tests, either lab or field. The usefulness of different phases
of ground investigation are described in more detail, such as desk study and site
inspection, preliminary GI, GI for design, construction, and control and monitoring
investigations. This latter one is able to evaluate the differences in the results during
this last phase against the results obtained during the phase of the design GI. In
the case of large differences, the geotechnical structure should be re-modelled for
new information. The range of investigation points should guarantee that all ground
volume which will be affected by geotechnical structure will have been investigated.
As TIs are generally 2D structures, the verification between individual investigation
points in longitudinal direction can be controlled by indirect methods, namely by
geophysical ones. Therefore, our attention is focused on quicker and cheaper possi-
bilities with a high predicative value in order to decrease uncertainties connected
with the ground model. It is valid not only for ground (subsoil), but also for borrow
pit. Attention is also devoted to ground mechanical response to dynamic loads and to
parameters for seismic loading. The result of the ground investigation is summarized
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in the ground investigation report (GIR), which shall be part of the geotechnical
design report (GDR).

3.3 EC 7-3 Geotechnical Design, Part 3: Geotechnical
Structures

The proposal for EC 7-3 includes the following geotechnical structures: Slopes
(embankments and cuts), spread foundations, piles, retaining structures, anchors,
reinforced (soil) earth structures, and ground improvement. The last two were not
specified in the first version and deserve a few additional notes. Still not all geotech-
nical structures are mentioned there, typically the most difficult structures such as
tunnels or high earth and rock-fill dams. General rules are valid for them but should
normally include alternative provisions and rules to those in EC 7. For example, in
the case of tunnels, a special expert group was established by means of the Joint
Research Center (JRC) administered by the European Commission and sponsored
by CEN.

With respect to ground improvement, different techniques are classified into:

• Diffused ground improvement as, e.g., different compaction or consolidation
methods, different methods of mixing and grouting, or

• Discrete ground improvement as, e.g., different vertical columns as stone,
geosynthetic encased columns or jet grouting, vibrated concrete columns.

The distinction between the twobasic improvement techniques has a strong impact
on characteristic parameters selection. For diffused improvement, the properties
of new material should be tested; while for discrete improvement in most cases,
the characteristic parameters are determined for basic ground as well for discrete
elements.

Ground improvement techniques are studied very intensively as they can help
to reduce an expulsion of less appropriate ground from the construction process.
Clayey soils with highermoisture content than optimum are a typical example, where
stabilizationwith lime is a preferredway of ground improvement. A different amount
of quick lime can lead firstly to a workability improvement (roughly up to 2%), while
higher content up to 6% can lead to a strengthening improvement. New characteristic
values of geotechnical parameters are selected from the tests performed on stabilized
clay at least 28 days after soil stabilization. However, this process is problematic for
soils containing sulfates, or where sulfates arise through oxidation of “sulfides,” as in
this case, the final result is sensitive to swelling due to creation of mineral ettringite.

From the viewpoint of TIs, the chapter on reinforced ground deals with fill rein-
forcement (mostly with geosynthetics), slope cuts reinforcement by soil nailing or,
respectively, with basal reinforcement. A recommendation is given for the long-term
design strength of geosynthetics reinforcement based on ultimate short-term strength.
For verification of ULS by analytical methods of slices, the distribution of tensile
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forces in a reinforcing element is recommended with a maximum (long-term design
force) at a point where the reinforcing element is cutting a potential slip surface.

4 The Sustainability Principle

It is now about 30 years since the concept of sustainable development was accepted
at the highest level during the International conference “Environmental Summit” in
Rio de Janeiro. Over time, this concept was gradually developed in various areas of
human activity, including geotechnical engineering, e.g. [2–4] Very briefly stated, the
principle is to propose geotechnical structures which are not only safe and economi-
cally competitive, but alsomuch friendlier to the environment. However, this concept
was accepted by politicians only at the highest level, while here it is a specialist duty
to say how we are prepared to fulfill this concept. Usually in the field of TI, the
focus is on saving land, natural aggregates, and energy (or here at least setting on
lower CO2 footprint). This can be achieved with implementation of new advances
in geotechnical engineering, developing from the fact that this branch always had a
very close working contact with the environment. In order to reach this new goal, full
acceptance should be declared from all sides of the construction process (investors—
owners, ground investigators, designers, contractors) involving them from the very
earliest steps. Nevertheless, there are many different questions on how to include
any savings into the total (or at least the bidding) price of the project. For example,
the price of land should be included as is at the phase of design or that which can be
expected during half of the structure life time expectancy. How do we express the
benefit when the large volume waste can be used for the TI construction instead of
depositing it at different landfills? How can we evaluate the lower CO2 footprint?
Therefore, this means that the technical solution to these problems, which will be
presented below giving the simplest examples, should be accompanied by answers
to these kinds of above-mentioned questions.

4.1 Savings on Land

Annual consumptionof land for different activities inEurope is alarming.Many coun-
tries declared an effort to significantly safeguard land, in the first instance denoted
as greenfield. The transportation network is one of the greatest land consumers.
Merely to reduce land consumption or divert it on to less valuable land such as, e.g.,
brownfields, TI gives roughly two basic possibilities:

• During TI planning to situate it on less valuable land (brownfields) or to find such
a traffic route that will need lower embankments and shallower cuts;

• To propose steeper slopes with the help of new techniques, as is, e.g., soil
reinforcement.
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As steeper slopes enable a saving on not only land, but also natural aggregates
and energy they should be preferred, even when this solution may require better
protection of slopes against surface erosion.

As buying up of land is always a very difficult task, steeper slope reinforcement
(by geosynthetics for fill and soil nailing for cuts) can be a very attractive solution
for any proposed existing TI widening, especially if the geomorphology allows it.

4.2 Savings on Natural Aggregates

TI uses huge amount of natural aggregates, therefore any basic effort is connected
with higher utilization of different materials denoted as waste, especially where these
are produced in large volume, as in:

• Construction and demolition waste—e.g., bricks, concrete, ceramics;
• Excavated soil during construction activities in cities—e.g., metro, underground

garages;
• Mining waste—different waste rocks, debris;
• Industrial waste—e.g., flying ash from electric power stations, slag from metal-

lurgy, waste (tailings) from concentrator factories.

The application of the above-mentioned large volumewaste can decrease the need
of their deposition on different landfills, so they can change the general principle
about balance of the volume of ground excavated in cuts with volume needed for fill.
However, the decision in which phase of the revaluation chain the particular residue
can be used, depends on:

• Structural stability—sensitivity to structural collapse or sensitivity to swelling;
• Qualification of a leachate character and subsequent contaminant transport

modeling—to approve that there is a practically negligible potential risk of
environmental contamination.

Recent and current experience shows that there is a high potential for the appli-
cation of large volume waste. Even a very high mining spoil heap composed from
clayey clods deposited by free fall can be used for TI—[5]. There is similar validity
for embankment where flying ash was deposited together with classical soil in sand-
wich arrangement [6]. Only one example of small volume waste can be mentioned.
Small pieces of waste glass which are not appropriate for recycling in a glass factory
can be transformed to foam glass. Grains of foam glass about the size of sand and
gravel have a very low density of about 150–70 kg/m3.When used as bridge abutment
backfill, such material can reduce fill settlement, also earth pressure and in addition,
it has very good insulation and drainage properties.
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4.3 Savings on Energy

As consumption of energy used for transportation is huge, about 30–40% of all
spend energy, there is now a natural trend to reduce it. In the field of transportation
geotechnics, there are different possibilities. Instead of the already mentioned (lower
demands on excavation and transport), they can be divided into:

• Renewable energy harvesting;
• Savings via application of new geo-technologies;
• Savings via application of geotechnical structures with lower demands on energy

or with a lower CO2 footprint.

ELGIP common European research project COST called GABI was focused on
thermo-active structures—energy piles, diaphragm walls, and tunnel lining. Pipes
installed in these structures can, with the help of reversible heat pumps, extract
heat from surrounding ground in wintertime and deposit there heat in summertime.
In transport engineering, this system is applied for tunnels, foundations of bridge
piers as well as for bridge abutment. Harvested energy can be used for the transport
infrastructure surface, in order to limit extremely low and extremely high temperature
there. Toward a similar purpose of utilization, the energy can be harvested also from a
lowdepth. Earth areal heat exchanger can be placed on the contact of the embankment
with the ground. Numerical models of heat transfer are exploited to define the total
amount of energy which can be extracted for specific ground conditions.

Soil compaction is a basic technology for embankment construction. Selection of
the optimal type of compaction technique, aswell as thickness of the compacted layer
and frequency and amplitude for vibratory technique is the first possibility to limit
energy consumption during this process. A significant step forward was achieved
with rollers denoted as with continuous compaction control (CCC) or as intelligent
compaction. Last year, a special symposiumwas dedicated to the 40 years anniversary
of this technology [7]. Besides the main output—to be informed directly about the
compaction result—this technology can decrease energy demands via optimization
of roller passes and via savings on classical control in a lab. Other possibilities are
tested for rollers with non-standard shape of drum or with non-circular compacting
masses.

In building engineering, the term “smart buildings” is nowvery fashionable,where
the term “smart” is mostly connected with structures which need less energy with
a lower CO2 footprint. Politicians have declared the intention to stop or limit atmo-
spheric concentration of CO2, and therefore, geotechnical engineers should also try
to follow in this direction. For example in [8], there is already approval that clas-
sical concrete retaining wall needs more energy with a higher CO2 footprint than a
retaining wall from made from reinforced soil. However, to be able to declare more
examples, we need to be more familiar with this energy as a CO2 calculation, as up
to now, it is out with our field of competence.
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5 The Availability and Affordability Principles

Demands on themobility of both people and goods have been increasing steadily over
time, and safe access to certain places at certain times is expected to be guaranteed
not only under usual conditions, but also under circumstances resulting from natural
or man-made hazards including accidents.

Three proactive measures mentioned in this chapter include a better forecasting
of unusual and emergency events, increasing structural resistance and finally,
emergency action planning.

5.1 Resilience of Infrastructure in the Context of Climate
Change

At present, it is obvious that average temperatures have been increasing and regis-
tered in most European countries over at least the last 50 years. Therefore from the
viewpoint of available and affordable infrastructures, it is important both to adapt the
existing infrastructure to any climate change and to consider climate change when
designing new constructions. The effects of climate change on the subsurface and
on the infrastructure will vary between different countries in Europe; but in all coun-
tries, it is important to take this matter into account. Extreme events seem to become
yet more extreme and more frequent. Increased and more intense precipitation, sea
level rise, increased water flow, storm surge, more surface water, increased periods of
freezing and thawing (zero crossings), and more drought in summer can be included
among the climate change effects.

Extremeweathermayhave a significant impact on any infrastructure. Sea level rise
and water-related effects may lead to flooding and erosion that also might influence
the bearing capacity and the stability of slopes and embankments. The probability
of natural hazards like landslides and rock fall will also increase. More thawing and
snowmelt can increase water content in base or sub base layers in road embankments
followed by cracking and degradation of pavements. Heat waves and droughts may
induce shrinkage of the soil leading to differential settlements.

Adaptation of existing infrastructure should be undertaken to reduce future
damage. The measures can be different depending on the problems. Uncertainty
in climate predictions must be considered, and different climate scenarios should
be used for assessing the resilience of existing infrastructure. Planned infrastructure
should be more robust and designed to be more resilient to changes in conditions.
Hazard mapping, risk analysis, and risk management should be performed to help
in considering the climate change effect on any infrastructure. Monitoring could be
used on existing infrastructure as an early warning system. It is also important to
develop the methods available for decision makers.

Many research projects have been studying the different phenomena and the effect
they have on infrastructures as in [9] and [10]. There are also amany ongoing research
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projects in Europe with the purpose of getting a deeper understanding of the effect of
climate change and to find solutions for existing infrastructure and design methods
for new infrastructure. One such example is the European project INTACT which
deals with the impact of extreme weather on critical infrastructure.

As the expected temperature increase has the highest impact on floods, landslides
or rock falls, the interaction of these events with TI is now at the very center of our
interest.

5.2 Landslides

According to [11], landslides create roughly 17% of all negative impacts caused by
natural hazards. As a result, an ELGIP workshop arranged in Paris 2019 was also
devoted to this problem. The problem of slope instability is especially sensitive for
areas prone to landslides, as is also these areas—with respect to their range—that
should be used for TI. Typical problems are connected with:

• Landslides in quick clays;
• Landslides along a contact of quaternary layer with elder fine sediments, as, e.g.,

claystone;
• Landslides with over-consolidated fissured clays or weak rocks.

The first case is typical only for a limited number of countries and is the subject of
interest on International Workshops on Landslides in Sensitive Clays (IWLSC), the
last one arranged in Trondheim 2017. Two other cases are more general. An increase
of the ground water table in the quaternary layer can decrease slope stability to reach
a limit state of instability and can be a reason for shallow planar landslides, [12]. If
during such a situation,man-made impacts are also realized, as in cuttings in the lower
part of the slope or deposition in the upper part of the slope, the slope instability is
more realistic [13, 14] describes large landslides affecting the highwayA7 inGranada
with a mobilized volume greater than 1.5 million cubic meters. Dolomitic karstified
and fractured marbles are overlaying phyllites which are in their upper part highly
weathered. Cuts for motorway in phyllites that initiated horizontal deformation with
progressive slip development passing through this material for which a residual angle
of friction 13° was measured with a ring shear apparatus. In the upper part, the slip
surface went through cracks in the marble. Remediation measures were proposed,
combining such different possibilities as pore water pressure reduction (by vertical
drains), excavation of material in the upper part, and finally, the construction of a
retaining wall from diaphragm panels in the lower part.
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5.3 Floods

Nearly one third of all natural hazard damage is attributed to floods. One of the
problems relates to the higher utilizationoffloodprone areas.Given expected climatic
changes, an increase in attention is fully justified. Among the main problems, now
investigated are:

• Foundation of bridges;
• TI such as road and railways embankment in direct contact with floods;
• Flood protection measures such as dikes, small dams the surface of which is used

for TI.

During floods access to bridges is usually limited or indeed the bridge is closed.
Reopening after a flood, wave decrease is associated with a structure check, when
attention is not only focused on the upper structure, but preferably also on pier
foundation. The higher level and speed of flowing water causes scouring of ground
along bridge pier which can lead to failure. Therefore, the depth of scouring for an
expected maximum water level has to be calculated and compared to the foundation
depth. As the foundation depth is usually low for historical bridges, in that case, the
problem is extremely sensitive. Charles bridge in Prague, founded in the fourteenth
century, is one such example. Reference [15] described the interaction of bridges
with floods for the Po River in Italy.

For direct contact of embankments of TI with floods, two basic examples have
a different approach. When the TI embankment is close to, and parallel with, water
course surface erosion of slopes, then it creates a very sensitive place. As these
most sensitive places can be detected in advance, the protection measures should be
realized as soon as possible. When the TI is intersecting the water course, there is
a potential problem with culvert blocking. The water level is going up, and seepage
through the embankment can start. Practical examples show that partly saturated less
permeable material is most dangerous, as enclosed air bubbles can cause upheaval
and slope instability [16].

The last case of interaction is typical for dikes and small dams the surface of which
is used for TI. The character of any failure tends to be caused by internal or surface
erosion. For historical small dams, the sensitive place with respect to the internal
erosion is along the old bottom outlet, often a wooden one. The connection with
surrounding ground is often affected by the vibration of heavy trucks. Surface erosion
is playing a most important role when the crest is overflowing. Asphalt pavement can
significantly increase resistance against surface erosion. Similarly, some protection
measures on the downstream slope are recommended, e.g., geosynthetics matrasses.

A last note is devoted to the potential flooding of a metro system as occurred in
Prague during heavy floods in 2002.
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5.4 Rock Falls

Due to heavy traffic increases as well as the expected climatic changes, the problem
of interaction of TI with rock falls has been getting greater priority in recent times.
Protection measures applied on the slope are developed as well as protection barriers
at the slope toe. Numerical modeling of individual rock block falls can help to
design these barriers for expected impact force. However, the same care is devoted
to emergency action planning. In the case of direct access to the individual blocks
which can fall down, the installed sensors control theirmovements andwhen crossing
limits defined in advance, the control point is alarmed or the TI closed [17]. When
there is no such access, the slope is observed geodetically or by geophysical methods
with respect to observed points or blocks movement. Reference [18] describes the
utilization of ground-based radar interferometry for such purposes.

6 The BIM Model

For BIM—the building information model there exist different definitions. One of
themdescribesBIMas an information databasewhich can encompass all data starting
from the design, through the construction phase, the management facility, on to
maintenance and right up to the demolition of structures. A 3D digital model of
structure is the basis of the BIM model, enriched by other information such as time,
financial expenses, structure management, etc.—by which we can refer further to
4D, 5D, and then generally concerning nD models.

The implementation of the BIM model is a little bit slower for civil engineering
structures than for building engineering; but in some countries, this model should be
used for significant structures financed from the governmental budget. For the Czech
Republic, the starting year is 2022.

Geotechnical engineering is playing an irreplaceable role in the whole process
as all structures are founded on ground, and the interaction of an upper structure
with ground is secured by foundation structures. Also earth structures as well as
underground structures are in interaction with ground, and therefore, partial models
entrusted to geotechnical engineers will be covered by models similar to those
mentioned in EC 7—the ground model, the geotechnical design model, the calcula-
tion model, and finally, a model of the fully realized geotechnical structure placed
into the last ground model.

The exploration of such a model will have different levels:

• Information such that the range of the ground investigation corresponds to the
demands of structure design;

• Information on whether the structure was constructed in accordance with the
previous demands;

• Information about an individual element of the structure—e.g., for each day, the
range of compacted layers can be controlled together with results of compaction
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control, preferably if continuous compaction control (CCC) was used and having
also GPS, and this, together with information from which borrow pit the soil for
this layer, was excavated and what properties it had;

• Information for future purposes should a designed geotechnical structure have
some problems (e.g., during any interaction with natural hazards or man-made
accidents) or in the case where a new proposed structure would be in interaction
with an existing one.

The BIMmodel creates a new level for civil engineering, and our specialist branch
can play a very important role here. Therefore, we have to pay close attention to this
new approach from the start or as early as possible.

7 Conclusion

This paper shows that, according to ELGIP (the European Large Geotechnical
Engineering Platform), geotechnical engineering offers many opportunities for
contributing to the realization of visions on new and existing transport infrastructure.
These opportunities occur in both engineering approaches (EC 7) and approaches
which are helping to add new dimension to Earth Structures in Transport Engi-
neering—sustainability, availability, and affordability. In conclusion, to seize all the
opportunities (including those described in this paper), geotechnical engineering
should devote proper attention to the use of BIM for Earth Structures in Transport
Infrastructures.
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Abstract The French rail network comprises more than 30 thousand kilometers
of lines with over 15,000 trains running each day. Most of the lines are more than
100 years old. As a result, the rail network is aging due to natural wear and tear
of the materials and environmental conditions despite regular maintenance. Various
and non-necessary optimized maintenance practices, either extended or localized, to
improve the condition of the railway lines are carried out every day. Besides, accurate
knowledge of the substructure condition is necessary to assess the quality of the
track line. In order to (a) improve the network performance, (b) increase the traffic
on this network, (c) maintain a high level of safety, and (d) improve the comfort and
accessibility of infrastructures, the French railway company SNCF planned to use a
holistic assessment approach for the rehabilitation and modernization of hundreds of
kilometers of rail lines. The results obtained in the studies showed that it is possible
to carry out an optimal classification of railway sections which require a structural
reinforcement of the platform, propose drainage rehabilitation, or complementary
investigations for better decisionmaking. The crossing engineering domain described
here has included procedures for assessing the optimum engineering solutions to
acceptable long-term performances for railway line. This multidomain approach
gives an adapted rehabilitation technique.

Keywords Railway ·Maintenance · Georadar · Drainage · Hydrogeology

1 Introduction

Many French railway lines have been in operation for more than 100 years. Their
rehabilitation or adaptation to modern trains or increase of speed requires a detailed
characterization of their geotechnical characteristics in order to propose relevant
maintenance operations. Accurate knowledge of the substructure condition is impor-
tant in effectively assessing the potential for service interruptions and the need for

A. Dhemaied (B) · G. Saussine · A. S. Guillemenet · J. M. Cornet · Q. A. Ta · M. Koscielny
SNCF Réseau, 93574 La Plaine Saint-Denis Cedex, France
e-mail: amine.dhemaied@reseau.sncf.fr

© The Author(s), under exclusive license to Springer Nature Switzerland AG 2022
E. Tutumluer et al. (eds.), Advances in Transportation Geotechnics IV, Lecture Notes
in Civil Engineering 166, https://doi.org/10.1007/978-3-030-77238-3_54

715

http://crossmark.crossref.org/dialog/?doi=10.1007/978-3-030-77238-3_54&domain=pdf
https://orcid.org/0000-0002-6780-6864
mailto:amine.dhemaied@reseau.sncf.fr
https://doi.org/10.1007/978-3-030-77238-3_54


716 A. Dhemaied et al.

slow orders. An important part of a railroad’s trackmaintenance budget is allocated to
correct rough track that is caused by movements in the substructure under repeated
train loading. The substructure performance is significantly affected by moisture
accumulation thickness of the roadbed layers and water accumulation. This multido-
main analysis focuses on an analysis of maintenance operation, layers geotechnical
characterization, an evaluation of the drainage system capability, and a survey of
hydrogeology condition. The results obtained in the studies showed that it is possible
to carry out an optimal classification of railway sections which require a structural
reinforcement of the platform, propose drainage rehabilitation or complementary
investigations for better decisionmaking. The crossing engineering domain described
here has included procedures for assessing the optimum engineering solutions to
acceptable long-term performances for railway line. This multidomain approach
gives an adapted rehabilitation technique.

2 A Holistic Assessment Approach: Background
Information

Since 1800s, the predominate design of French railway track structures is the
ballasted trackbed. This “classical structure,” which does not comprise any sub-
ballast or shape layer. It consists of a ballast layer which has been deposited on
various supporting soil improvement devices or directly on the ground. This has
resulted in the development, under the ballast, of a “plugged” ballast layer, followed
by a so-called “intermediate layer” horizon, which is usually stable and compacted
by the successive passages of trains. This layer consists of an in situ ballast mixture
by interpolation of the ballast in the ground in place (Fig. 1).

The SNCF track inspection program is carried out on a weekly or monthly basis
by specific monitoring trains. The collected data are transformed to indicators which
enable managers to plan maintenance or renewal actions. These indicators coupled
with geotechnical investigations highlight the appearance of defects which may orig-
inate from disorders related to components of the track and/or variation in the struc-
tures of the railway platform, nature of the subsoil or poor drainage. Besides, for

Fig. 1 Comparison between new and classical lines structures ( Source before adaptation: [1])
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many old lines (in terms of age and / or last date of regeneration work), restoration
of the track geometry requires a complete regeneration of the line.

The identification of railways line portions presenting geotechnical issues (sub-
ballast layers and hydraulic disorders) require selecting and collecting appropriate
data for better analysis in order to define relevant and optimized works solutions.
Therefore, we propose a method to estimate the sections which are predisposed to
rapid degradation according to the following characteristics:

• History of maintenance: the number and nature of maintenance operations are an
indicator of the degree of degradation and enable to prioritize areas to regenerate,

• Geotechnical investigations: the thickness, nature, and mechanical characteriza-
tion of under ballast layers are key parameters to determine if geotechnical works
are needed,

• Drainage capability and site configuration: the knowledge of the hydric state of
the structures enables to determine whether the hydraulic system works correctly
or not, and then makes it possible to anticipate the need for hydraulic works and to
grant regeneration works sustainability. Railway environment and configuration
of the earthwork,

• Hydrogeological context: the hydrogeological risk combined with the configura-
tion of the earthwork is good indicators of possible water-related disorders that
impact the platform

3 Methodology

As mentioned previously, the input data that are considered are related to the main-
tenance, the geotechnical properties, the drainage, and the hydrogeological context
[2].

3.1 Maintenance

Measurement of track geometry quality is the most used automated condition assess-
ment technique in railway maintenance. Most problems with the track (at least the
ones concerning the ballast and substructure) will be visible as track geometry irreg-
ularities, but the root cause of the problem is not detected via the track geometry
measurements. In these cases taking into account, maintenance parameters are a part
of a decision-making approach which allows confirm the root cause of poor track
behavior [3]. We propose in our approach to focus on the longitudinal level (NL for
“Niveau Longitudinal”) variations.

The main parameters are the four last values of longitudinal level and the cumula-
tive tamping operation over the last 10 years. The analysis consists in identifying the
NL evolution which represents the degradation rate of railway track and comparing
the maintenance effort to the average for corresponding UIC group.
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We also focus on the cumulative number of mechanized andmanual maintenance.
The analysis’ results can help to evaluate the impact of maintenance on the curative
work capability to ensure a stable maintenance effort. The clean ballast thickness
(BS) is also considered. The parameters combination enables to identify railway
track portion weaknesses.

3.2 Geotechnical Properties

The maintenance effort is strongly influenced by the properties of the track layers.
From the experience and innovative tool, we have the opportunities to conduct
geotechnical surveys based on combined use of Georadar technique (Fig. 2), Panda®

dynamic penetration tests and Geoendoscopy ([2, 4, 5]) (Fig. 3). 2D Georadar evalu-
ations, we obtain a simple representation of the longitudinal section. For the Panda®

test, in addition to calibrate the Georadar data, we get local information about
geotechnical properties of the different layers of the railway platform.

We propose to evaluate the following parameters:

• Mechanical quality of the sub-ballast layers which is evaluate as a mean value of
the cone penetration test (when the information is available),

• Thickness of the sub-ballast layers,
• Mechanical quality of the supporting ground in order respect the SNCF Railway

classification (when the information is available),
• Moisture level evaluated by theGeoradar or/andGeoendoscopy test ([4, 6–8]): the

presence of water in the different layers degrades the soils mechanical properties
so it is essential to evaluate the saturation level.

Fig. 2 Georadar vehicle (Source: Ground Control Geophysik & Consulting GmbH), PANDA®

equipment (Source: Sol Solution’s PANDA® slides and [6]) and Geoendoscopy
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Fig. 3 Pie charts representation with on the top, the platform works recommendations and on the
bottom, the hydraulic diagnosis recommendations over the Buchy—Motteville line. The defini-
tion of the different “The platform works recommendations” and “Hydraulic diagnostics” cases is
detailed in paragraph 4 above. (Source: SNCF Réseau)

3.3 Evaluation of Drainage Capability

The purpose of this analysis is to identify areas with hydraulic hazards with respect to
drainage. The identification of vulnerable areas can help to identify the root problem
in order to ensure sustainability of the railway track. A second objective is to optimize
maintenance and/or renewal work to maintain a healthy line.

The main disorders affecting the track’s stability are generally due to poor quality
of drainagewhich plays in important role on themechanical properties of substructure
layers [9]. Under the effect of repeated stress of train circulations and increase in
railway load and traffic, trapped waters create progressive and irreversible softening
of platforms particularly in sensitive soils (clay,marl, etc.). They contribute rapidly to
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reduction of lift which is recognized by the alteration of track geometry appearance
of muddy areas. Moreover, the geometry of the track can be affected indirectly by
alteration and aging of earth structures.

A diagnosis concerning the hydraulic aspect will make it possible to identify the
zones with high criticality in order to study themmore finely. The parameters chosen
for this analysis are as follows:

• Environment of the line (urban, agricultural, forestry) plays an important role on
water circulation and consequently on stability of the railway infrastructure,

• Previous water-related disorders are indicative of a risk. This type of disorder
and its repetition (within a close perimeter) can give information about a reason
related to water. The number of disorders that will be taken into account in this
analysis.

• Classification of earth structures according to internal SNCF references, namely
sensitiveworks (OTS) for water-related hazards, special works classified aswater-
related hazards (OTP), and current structures (OTC),

• Configuration of earthwork and more specifically if it is cutting or rock trenches,
grazing embankments or simple embankments,

• Drainage and drainage devices with regard to the following criteria:

– Information on the presence or absence of a water drainage system,
– Hydraulic and mechanical condition, whether good or bad,
– Drainage functionality: the drainage of the seating structures must be ensured,

and there must be no blocking of the flows (no sealed cords, for example). For
that purpose, the drainage timing was considered; the top of the drainage must
be located lower than the bottom of the intermediate layer and the presence of
rising mud traces.

3.4 Hydrogeological Analysis

The object of this diagnosis is to identify the zones presenting a hydrogeological risk
with respect to the rail network (slope, platform, and track) and the configuration of
the earthwork.

Hydrogeological risk is a hazard that is related to groundwater. Flows of water and
aquifers circulate through enclosures that are of different natures (limestone, marl,
sandstone …). A geological approach is therefore needed to determine whether or
not there may be a potential groundwater presence.

The potential presence of an underground water table can lead to indirect or direct
disturbances at the level of the platform and track. Phenomena such as muddy ascent,
slope slide, and groundwater level variability may result in tracking and/or drainage
disorders and flooding of the platform [3]. Two criteria were used to identify potential
risk areas:
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– Potential presence of aquifer close to the surface of the TN base on the
classification of BRGM,

– Configuration of the earthwork according to the three categories: embankment,
grading embankment, and excavation.

This hydrogeological diagnosis includes certain limitations such as the data preci-
sion, the lack of information on the height of the cuttings, and since most of the
parameters are not punctual, evaluation was made for the most critical zone of the
200-m section.

4 Results and Case Study

The proposed approach gives a practical framework for engineers according to
the SNCF technical references by considering four domains: maintenance, railway
geotechnics, hydraulic, and hydrogeology. The evaluation was made for 200-m
portions. The combination of the domains allows defining directly civil engineering
works and gives practical information for railway track managers.

The expert system, which represents all the combination for decision making,
helps to define eight cases:

• Renewal works

– Case P1: No need of civil engineering work,
– Case P2: No information,
– Case P3: Civil engineering is needed on a length that remains to be defined
– Case P4: Advanced analysis to define the civil engineering works required or

the supplementary geotechnical investigations

• Hydraulic diagnoses

– Case H1: No need of hydraulic diagnosis,
– Case H2: No information,
– Case H3a: Recommendation of a hydraulic diagnosis based on the presence,

function, and possible drainage state as well as a link with possible former
disorders,

– Case H3b: Recommendation of an hydraulic diagnosis like H3a with a high
priority (existence of a disorder related to water and/or a high hydrogeological
risk)

Also, this approach was tested on a few projects where works have been initiated
urgently: it helped to adapt or modify works methodologies and finally led to better-
progressed projects. The next step of this work is the evolution from a system based
on expert analysis to the use of neural network techniques based on expert knowledge
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and database from numerous diagnoses. Some tests have been done and show some
very encouraging results.

Case Study: Buchy—Motteville
In the context of the the Buchy—Motteville line modernization, a diagnosis has been
carried out. This modernization is aimed at maintaining a dense traffic over a 30-year
period, a 100 km/h speed, and a traffic increase with two dozen trains instead of 10
currently.

The pie charts below (Fig. 3) represent the line shares that are in good condition
or requiring supplementary investigations or engineering works. For example, 36%
of the line need platform renewal works, while 64% do not. Moreover concerning
the hydraulic state, 51% of the line needs a diagnosis and 39% do not. Other results
indicate that 99% of the line presents a compliant clean ballast layer thickness.
Beside, 71% of the line needs to be inspected regarding the platform lateral water
flow.

The figure above on the top (Fig. 4) shows the results of the analysis of each
200 m section of a railway line: either recommendation for further investigations
to be requested and/or geotechnical work to be done and/or hydraulic diagnosis to
be performed. Figure 4, on the bottom, summarizes the results as a cartographic
representation.

5 Conclusions

Currently, the railway line regeneration program is based on the service life of
the track components (rail, sleeper, ballast). The proposed multidomain analysis
gives an operational guideline for track renewal or rehabilitation which classifies
every portion of railway track by the importance of civil engineering works needed.
Thereby, the developed approach aims to provide a system vision for a better defini-
tion of the regeneration and maintenance policy. It has been implemented in a web
application (DIAG’PLAT) to enable a better integration and capitalization of the
data. A national training program has been set up to help the engineers to use this
new analysis tool. Several regeneration projects have been improved using this new
approach. A machine learning process will be integrated to estimate the network
state without conducting geotechnical investigations but by using only maintenance
and environmental parameters information.

The approach described in this work is under implementation for management of
the regeneration program of the French Railway Network. The authors believe that
this holistic assessment approach can be improved and deployed in other railway
networks.



Multidomain Approach for Track Maintenance and Renewal 723

Fig. 4 On the top, an overview of the DIAG’PLAT application interface and on the bottom, the
results cartographic representation of the Buchy—Motteville line. The columns of the table corre-
spond, respectively, to: start kilometer point, end kilometer point, the structures, the result of the
ballast thickness diagnosis, the result of the platform diagnosis and the result of the hydraulic
diagnosis. (Source: SNCF Réseau)
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Assessment of CPT Data on Liquefaction
Mitigation with Rammed Aggregate
Piers®

E. Kurt Bal , L. Oner , I. K. Ozaydin , and T. B. Edil

Abstract This paper presents the results of pre- and post-improvement cone penetra-
tion test (CPT) results executed at the site where Rammed Aggregate Pier® elements
were used for the liquefaction mitigation. The effectiveness of these elements is
attributed to the lateral pre-stressing that occurs in the matrix soil during construc-
tion and to the high strength and stiffness of the piers. The improvements provided
by Rammed Aggregate Pier® elements mitigate liquefaction potential include (i) soil
densification (ii) transferring amajor portion of the seismically induced shear stresses
from the soil to columns (iii) increasing the horizontal stress of the surrounding soil
(iv) dissipation of excess pore water pressure. In the case history presented in this
paper, the soil profile consisted of a thick hydraulic fill layer (characterized by silty,
clayey sand) overlying sea bottom sediments of soft to medium stiff silty clay (CL)
and medium stiff silty clay with sand (SM) down to almost 40 m depth which are
underlain by a stiff to very stiff silty clay layer. Installationof 50 cmdiameterRammed
Aggregate Pier® elements which are constructed by Impact® System construction
procedures (bottom-feed dry displacement method) is aimed to mitigate liquefaction
risk in the hydraulic fill layer and to limit settlements, by forming an improved soil
crust of desired thickness at the surface. Rammed Aggregate Piers of 16 m length
were installed in square and triangular patterns with 1.5 m and 1.7 m on-center
spacing, respectively. CPT testing was performed before and after the installation
of the piers. The results show that the additional densification and improvement in
non-cohesive soils due to vibration and ramming during the pier construction has
increased the safety factor against liquefaction by 2.5–3.0 times.
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Keywords Impact® System · Rammed aggregate pier® · Liquefaction mitigation ·
Cone penetration test (CPT)

1 Introduction

Liquefaction induced differential and total settlements, lateral spreading in saturated
sand, or non-plastic silty deposits occur due to earthquake loading. For this reason,
soil deposits need to be improved bymeans of variousmethods to control earthquake-
induced displacements in civil engineering projects. The choice of the appropriate
ground improvement technique depends on soil and structure type, project time, and
cost. In recent years, Rammed Aggregate Pier® elements are frequently preferred
to provide cost-effective solution and easy installation for settlement, low bearing
capacity, liquefaction, and soil stability problems instead of other traditional soil
improvement techniques, such as deep foundations, preloading, and over excava-
tion and replacement. The matrix soil is improved by a closed ended mandrel pene-
trating into the soil and aggregatematerial compactedwithmechanical energy during
Rammed Aggregate Pier® installation. It was indicated that construction of new pier
at the center of a group of piers is more difficult than construction of new pier at the
outside of a group of piers because of lateral stresses and densification of soil mass
during Impact® System [1]. In this study, the liquefaction potential of the hydraulic
fill layer reclaimed by dredging sea bottom sediments was evaluated by using post-
improvement cone penetration (CPT) test results executed at the site improved with
Rammed Aggregate Pier® elements. Within the scope of this paper, after a literature
summary related to Impact® System, a representative soil profile and the pre- and
post-improvement CPT test results will be presented.

1.1 Construction of Rammed Aggregate Piers®

In the field, Rammed Aggregate Pier® elements are installed using Impact® System
(soil displacement method) construction procedures: (1) a closed ended mandrel
with a diameter of 36 cm is pushed into the design depth using hydraulically applied
static force assisted with vertical dynamic energy, (2) the mandrel and hopper are
filled with aggregate, (3) the ramming action is applied with 100 cm up/67 cm down
compaction efforts, during which vertical energy is also introduced resulting in a
50-cm column (Fig. 1).

The significant increase in lateral stress combined with the high density of the
stone created by the installation process provides the unique strength and stiffness
of the Impact® System. In this method, it is provided to increase in lateral stress due
to displacement of soil by mechanical vertical ramming actions and to create 50-cm
diameter, high stiffness Rammed Aggregate Piers® elements. In this project, pier
stiffness was measured as between 53 and 240 MN/m3 by using modulus load test
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Fig. 1 Construction procedure of Impact® System (Sentez Insaat, 2005)

results performed consistent with ASTM D-1143 standard [2]. Figure 2 shows the
photos of Rammed Aggregate Pier® installation taken from the site.

1.2 Summary of Literature

Wissmann et al. [3] presented a trial test program funded to evaluate the efficiency of
various cost-effective ground improvement methods at Christchurch, New Zealand
affected by 2010–2011 Canterbury Earthquake Sequences. The program objective
was to investigate the technical viability of using ground improvement to reduce
liquefaction vulnerability for the rebuilt or repaired houses. For this purpose, different
ground improvement methods were used at three sites in Christchurch in areas
severely affected by liquefaction. Rammed Aggregate Pier® was one of the ground
improvement methods used in this trial program. The testing phase comprised pre-
and post-improvement cone penetration testing (CPT) and cross-hole shear wave
velocity (VS) testing, vibroseis T-Rex testing, and blast-induced liquefaction testing.
Nine test areas were constructed at three sites in Christchurch. The piers were spaced
1.5–3.0-m on-center in a triangular pattern and installed to depths of 4 m in soil
profiles that graded sequentially from sandy silt and silty sand to clean sand with
depth. CPT results show that pier installations consistently increased CPT tip resis-
tance, qc in soil layers with Ic < 1.8 (i.e., lower fines content, FC), whereas a minimal
improvement in qc occurred in soil layers with Ic > 1.8. The authors indicate that the
observation is consistent with those widely reported in the literature for other soil
densification methods. The cyclic resistance ratio (CRR) values for various column
spacing using the Boulanger and Idriss [4] liquefaction triggering methodology indi-
cate that for the silty soil layers (Ic > 1.8), there is a negligible increase in qc and,
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Fig. 2 Rammed aggregate pier® installation
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hence, CRR. Conversely, measured qc and hence computed CRR values increase
significantly for soil layers where the Ic < 1.8. As a conclusion, the Rammed Aggre-
gate Piers® consistently reduce liquefaction susceptibility in both clean sand and
silty soils through a combination of soil densification and composite ground shear
stiffening.

In the scope of a master thesis at Iowa State University by Zeng [5], pre- and
post-installation CPTs were evaluated on the case study data from 16 sites where
displacement and replacement aggregate piers were installed. These aggregate piers
with a diameter of 50–76 cm were installed in an area replacement ratio, Ar, ranging
from 3.5 to 20% and in the lengths of 2–12 m at the clean sand and clayey layers.
The effective improvement data and non-effective improvement data are shown in
Robertson’s classification chart (1986) by Zeng (Fig. 3).

The results from this study indicate that the soil is significantly improved for FC
of less than 20%, and that soil improvement will reduce when the FC is greater than
20%. However, in sandy soil with less than 20% FC, it is reported that it is difficult
to estimate the degree of improvement. In some of the cases in this project where
the FC was less than 20%, the CPT results indicate the tip resistance in a very loose
sandy layer does not increase as much as in a denser layer. That indicates that the
initial relative density somewhat affects the degree of improvement.

Safner et al. [1] presented in situ testing data collected before, immediately after
and 1 month after installation of displacement Rammed Aggregate Piers in New
Madrid, Missouri. The soil profile consisted of a stiff sandy silt layer (2-m thick), a
clean sand layer (1-m thick), a silty sand layer (3-m thick), and another clean sand

Zone Soil Beavior Type 
1  Sensitive, Fine Grained 

2  Organic Material 

3  Clay 

4  Silty Clay to Clay 

5  Clay Silt to Silt Clay 

6  Sandy Silt to Clayey Silt 

7  Silty Sand to Sandy Silt 

8  Sand to Silty Sand 

9  Sand 

10  Gravelly Sand to Sand 

11  Very Stiff Fine Grained* 

12  Sand to Clayey Sand* 

* Overconsolidated cemented 

Effective to improvement 
Non-effective improvement

Fig. 3 Effective improvement data and non-effective improvement data shown in Robertson’s
classification chart by Zeng [5]
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layer (6-m thick). The piers were installed in a triangular pattern with 3-m center-
to-center spacing and extended to a depth of 12 m. Cone penetration test results
showed a time-dependent strength gain following the disturbance of the loose clean
sand layer, increasing roughly 33% in the month after pier installation. Tip resistance
values remained generally consistent with 1-day testing in the shallow layers, as well
as below pier installation.

Rudolph et al. [6] examined the effect of Rammed Aggregate Pier® elements on
liquefaction improvement by CPT tests before and after installation at a site which is
approximately 2.9–27.4 km from San Andreas, San Gregorio, and Hayward faults.
The piers were installed to a depth of 8.5 m below the ground surface and with a
square pattern of 1.2-m on center under spread footings and 2.1-m on center for slab
support after the execution of the pre-installation CPTs at the site consisting of loose
to medium dense silty sand layer scattered by medium stiff to stiff clay, sandy silt
layer overlying dense to very dense sandy layer. Post-installationCPTswere executed
approximately 4 weeks and 10 weeks after pier installation in order to better account
for time-dependence of ground improvement. Liquefaction hazard was assessed by
the pre- and post-CPT results using the liquefaction potential index (LPI), as defined
by Iwasaki et al. [7]. Within the spread footing area where a closer Rammed Aggre-
gate Pier® spacing was used, the reduction in LPI from pre-installation CPT versus
post-installation CPT shows a reduction from very high risk (LPI of approximately
17.8) to low risk (LPI of approximately 3.2). Within the slab on-grade area where
a wider pier spacing was used, the reduction in LPI from the pre-installation CPT
versus post-installation CPT shows a reduction from very high risk (LPI of approx-
imately 17.8) to high risk (LPI of approximately 9.6). Time-dependence of CPT
penetration resistance indicates the potential for further liquefaction risk reduction
with time.

2 Site Investigation and Improvement with Rammed
Aggregate Piers®

The project site is within a private harbor located at southern shores of Marmara Sea
in the city of Bursa, Turkey. The soil profile comprises alluvial deposits consisting of
soft to stiff silty clay layers with sandy inclusions. In the western side of the harbor
area, a 180m× 350m landwas reclaimed by hydraulic filling usingmaterial dredged
from the sea bottom. Based on the findings of the soil exploration borings drilled at
the investigation area, soil profile is determined to be as shown in Fig. 4.

The liquefaction triggering potential of silty, clayey, and sandy hydraulic fill
layers with varying fines content (12–90%) was identified under a seismic scenario
of maximum acceleration amax = 0.4 g and magnitude Mw = 7.5 by using the
approaches proposed by Seed and Idriss [8] and Youd and Idriss [9]. A surcharge
load of 60 kPa was envisaged due to container storage. The almost unavoidable
settlement problems expected could be somewhat tolerated under container storage,
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Fig. 4 Representative soil profile

as long as the differential settlements are kept within limits not to hinder the opera-
tions. But the risk of large lateral soil movements and risk of soil strength and rigidity
loss during a strong earthquake could not be tolerated. Especially the hydraulic fill
layer (C0) and the underlying soft clay layer (C1) shown in Fig. 4 are expected to
possess high level of risks. In order to increase the resistance against liquefaction
and strength/rigidity losses during a strong earthquake, to decrease problems which
might arise as a result of excessive surface settlements, and to limit the lateral soil
movements, it was decided to implement soil improvement down to a depth of 16 m.
The main goal of in situ soil improvement to be implemented was chosen to be
formation of a homogeneous crust of improved soil properties. The elimination of
settlements is considered be a task not easily (or economically) achievable and found
to be not necessary for the proposed use of this land. The detrimental effects of soil
liquefaction and differential settlements to be reflected on the ground surface and
lateral soil movements are expected to be minimized if a 16 m thick crust on top of
the soil profile is generated.
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3 Evaluation of CPT Data

CPT tests were carried out pre- and post-installation of RammedAggregate Piers® in
two areas where 1.5-m square and 1.7-m triangular pattern were applied to determine
the additional improvement expected to occur at the soil matrix due to vibration and
impact applied during installations. Post-installation CPT tests were executed at the
center of the column group closest to the pre-installation CPT tests (Fig. 5).

Figure 6 shows plots of all of the pre- and post-improvement CPT tip resistance vs
depth for square and triangular groups performed in Zone-1 and Zone-2. In Zone-1
where square and triangular piers were installed in silty- clayey- sandy hydraulic fill
with fines content FC of about 6% down to 10 m depth, the tip resistance increased
approximately 1.5–2.0 times from 6–8 to 11–13 MPa. In Zone-2 where fines content
is in the order of 15%, at square pattern test area the tip resistance increased from
2.2 to 5.8 MPa values, whereas there was no significant and systematic change in
penetration resistances in triangular pattern test area.

An overall evaluation of the results point out an increase in CPT cone resistance
in silty sand deposits of the hydraulic fill layer after the installation of Rammed
Aggregate Piers®, consistent with the expectations and data reported in the literature.

According to Robertson and Wride [10] method of estimating cyclic resistance
ratio (CRR) for liquefaction fromCPT cone tip resistance, for soils with fines content
<15%, or pre- improvement CRRvalues of 0.10–0.20 are increased to 0.30–0.60 after
the installation of piers, reflecting 2–4 times improvement in CRRwhich corresponds
to 2.5–3 times increase in factor of safety against liquefaction.

The variation of tip resistance increase (�qc) with the soil type index (Ic) is shown
in Fig. 7. The soil behavior types encountered at the site soil profile ranged from 2
(organic soils-clay) to 6 (clean sand to silty sand) based on CPT soil behavior type
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Fig. 6 CPT tip resistance vs depth responses in square and triangular test areas for Zone-1 and
Zone-2

chart [11]. The amount of increasing tip resistance (�qc) tended to decrease as the
soil behavior type index increased indicating that the level of improvement is more
pronounced in sand and silty sand-sandy silt soils, whereas not much noticeable in
clayey soils. An additional improvement in sandy soil matrix is achieved due to the
vibration and impact effects during the installation of piers.

Furthermore, the presence of rigid columns in a soil deposit is expected to resist
a significant portion of the shear stresses arising from earthquake waves leading to a
decrease in level of shear stresses in the surrounding soil. The level of mitigation in
liquefaction risk due to this effect is closely related to site soil conditions [12].
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4 Conclusions

In this paper, a case history of recorded increase in CPT cone resistance values at
a site where Rammed Aggregate Pier® elements were used for soil improvement
against liquefaction. The soil conditions at the site comprised of a hydraulic fill of
dredged sea bottom sediments consisting of silty clayey sand layers overlying thick
soft silty clay layer with sandy seams, grading to stiff-very stiff consistency with
depth.

Soil improvement was needed to mitigate liquefaction-related risks as well as
limiting total and differential settlements. The effect of 16-m long piers chosen for
soil improvement against liquefaction was investigated with the aid of pre- and post-
improvement CPT tests. An increase in CPT cone resistance values was recorded in
silty sand deposits of the hydraulic fill layer after the installation of piers, consistent
with the expectations and results reported in the literature. For soils with fines content
<15%, pre-improvement cyclic resistance ratio values of 0.10–0.20 are increased to
0.30–0.60 after the installation of piers, corresponding to 2.5–3 times increase in
factor of safety against liquefaction. However, for soils with fines content >15%,
there was little or no improvement.

The increase in cone tip resistance increase is observed to be related to soil
type index (Ic) reflecting the improvement achieved in sandy soil matrix due to
the vibration and impact effects during the installation of piers.

It is concluded that soil improvement with Rammed Aggregate Pier® elements
can be effective in mitigation of soil liquefaction-related risks, as well as limiting the
amount of total and differential settlements for soils with low fines content.
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Observational Method Applied
to the Decision Optimizing of Foundation
Method in Kujala Interchange on Silty
Clay Subsoil

Monica Susanne Löfman and Leena Korkiala-Tanttu

Abstract Observational method is a powerful approach to dealing with uncertainty
in subsoil conditions. In the presented case study, Kujala Interchange, constructing
test embankments and applying the observational method enabled to replace many
initially planned pile slab foundations with ground-supported road embankments.
The residual settlements of these embankments were controlled by means of
preloading accompanied with monitoring. This paper demonstrates how a deci-
sion tree analysis can be employed to assess the feasibility of constructing the
test embankments. The prior probability of acceptable settlements of the ground-
supported embankments is estimated for a typical soil profile in Kujala area via
Monte Carlo simulation. This prior probability is then updated via monitoring results
and Bayes’ theorem. Lastly, the expected costs of each design alternative are derived
based on their respective probabilities and the actual cost savings acquired at Kujala
Interchange. The results of the decision tree analysis confirm that constructing the test
embankments and minimizing the pile foundations were the optimal decision in this
case study. In sum, this paper shows how the observational method can be employed
to reduce the expected costs and environmental impact of foundation design charac-
terized by significant uncertainty in subsoil conditions. However, it is concluded that
besides monetary costs, one should also include non-monetary consequences such
as carbon dioxide emissions.

Keywords Observational method · Decision tree · Road embankment · Bayesian
updating

1 Introduction

Geotechnical engineers have developed many strategies to deal with uncertainty.
According to Christian [1], they include (1) ignoring it, (2) being conservative,
(3) using the observational method, and (4) quantifying uncertainty. The second
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approach, conservatism, has been widely used with satisfactory results, but it may
result in non-economical design solutions in challenging site conditions. Hence, in
projectswith higher level of uncertainty and greater difficulties to predict the geotech-
nical behavior, the observational method (OM) might be more suitable [2, 3]. This
recommendation to consider OM is also given by the Eurocode 7 for geotechnical
design [4].

In Kujala Interchange, which is a part of Highway 12 in Finland, the considerable
uncertainty in the geotechnical properties of the silty clay subsoil conditions led
the designers to apply observational method. The uncertainty in subsoil properties
was partly caused by the high sensitivity of silty layers, which led to sample distur-
bance. As a result, field vane and oedometer tests were deemed unreliable. Thus,
the epistemic uncertainty in both stability and settlement predictions was lowered by
monitoring of two 4–5.5 m high test embankments. Besides the test embankments,
settlement monitoring was performed in other road sections in the interchange area
also during the construction process. As a result, most of the initially planned pile
slab foundations could be replaced by ground-supported road embankments; the
residual settlements were decreased by applying preloading. In addition, lightweight
fills made of recycled foamed glass were used in transition zones. This optimization
of foundation method led to construction cost savings of six million euros (6 Me)
compared to the initial road plan estimate; compared to the initial plan, the amount
of pile slabs was reduced to one third, and the amount of lightweight fills became
1.5 times larger.

This paper utilizes a decision tree analysis to quantify the expected costs of
different foundation method alternatives in the case of Kujala Interchange (conser-
vative design versus optimized design, i.e., minimized pile foundations). In addition,
this paper demonstrates how one can rationally evaluate whether it is an optimal
decision to apply observational method (to construct the test embankments) or not.
In sum, this case study shows how the observational method together with decision
tree analysis can be employed to reduce both monetary costs and environmental
impact of design cases with low-quality site investigations.

2 Project Description

Kujala Interchange area forms the Eastern border of Part 1B inHighway 12, Southern
Ring Road of Lahti. Part 1B was assessed to be technically the most challenging
part of the project. Hence, the selected procurement model was an alliance, which
is considered to be suitable model for executing a complex project with consider-
able risks [5]. VALTARI alliance is formed by the owner parties (Finnish Transport
Infrastructure Agency, City of Lahti and Municipality of Hollola) and the service
providers Skanska Infra Oy and Pöyry FinlandOy. The geotechnical design of Kujala
Interchange was provided by Pöyry Finland Oy, and Skanska Infra Oy was the
constructor.
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The allowable settlements in Kujala Interchange during service time were defined
by the Finnish Transport Infrastructure Agency. The maximum total settlement for
road embankments was either 300 mm (class V1) or 400 mm (class V2) during
50 years of operation. The maximum change in longitudinal grade (slope) was set to
0.6 percentage points (p.p) in 50 years and 0.8 p.p./50 years for classes V1 and V2,
respectively. In transition zones, no more than half of this maximum change in grade
is allowed. Due to this limit, themaximum total settlement was set to 50mm/50 years
at the transitions to the piled structures.

The subsoil in Kujala area consists of 10–25 m of clay and silt. Between the
fine-grained soil and bedrock, there is a few meters thick layer of glacial till. The
groundwater depth is at 0.3–2 m. The thickness of top clay layer (dry crust) is 2–
4 m. The water content of clay and silt layers is 30–90%, and the liquid limit is
approximately equal or slightly greater than the water content. The clay fraction is
30–70%. The undrained shear strength is in the scale of 20–50 kN/m2 in clay and silt
layers and up to 200 kN/m2 in the dry crust layer. The sensitivity is mostly in the scale
of 10, but in some silt-rich layers, the sensitivity is up to 60. The overconsolidation
ratio (OCR) is mostly in the scale of 1.5–2 but higher (OCR = 4–6) in the dry crust
layer.

Two instrumented 4–5.5 m high test embankments were constructed in order to
increase the reliability of settlement predictions. These embankments will remain
as a part of final interchange ramp structures. The monitoring data was collected
for six months before starting the construction at the area; settlements, horizontal
displacements (via inclinometers), and pore pressure measurements were recorded
every 2–4 h. The data collection was continued for almost 1.5 years. Besides moni-
toring, an extensive ground investigation program was planned with special focus
on ensuring the best possible quality. The settlement predictions were then cali-
brated using the newly collected data, and it turned out that the subsoil conditions
were more favorable than what the preliminary ground investigation implied. Conse-
quently, these test embankments and other monitoring in the area (i.e., observational
method) allowed for minimizing the pile foundations in Kujala Interchange.

3 Observational Method

The principles of observational method were first defined by Peck [6], based on a
methodology applied by Terzaghi. Peck [6] states that the observational method can
enable considerable savings in time or money or provide the needed assurance for
the safety (reliability) of the design. Terzaghi, who applied this method successfully,
called it the ‘learn-as-you-go’ method [6]. Christian [1] summarizes the basis of
the observational method as follows: ‘It involves (1) considering possible modes of
unsatisfactory performance or other undesirable developments; (2) developing plans
for dealing with each such development; (3) making field measurements during
construction and operation to establish whether the developments are occurring; and
(4) reacting to the observed behavior by changing the design or construction process.’
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According to Peck [6], observational method is often used to provide affirmation
that enough timehas elapsed for a certain desirable outcome. In the case of preloading,
the desirable outcome would be that enough settlements occur during the available
consolidation time in order to minimize the settlements that would occur during the
operation time. Peck [6] continues that the observational method can only be used if
the engineer can alter the design during construction. Consequently, the specifics of
the contract between the owner and the constructor may pose limitations to the usage
of observationalmethod. The strength in alliancemodel,whichwas themodel applied
in Kujala Interchange, is that the communication between the constructor, designer,
and owner parties is proficient, and optimizing the design solutions is encouraged
for by means of bonus and sanctions scheme. The service-providing parties can earn
bonuses via working toward solutions that are in accordance with the agreed key
objectives [5].

Peck [6] also notes that in some cases the probability of most unfavorable condi-
tions is so high that the usage of observational method is simply not economical. In
other words, if the expected probability of needing contingency actions is too high
with respect to their cost, the observational method does not provide more favorable
option than the conventional design [7]. That is, the engineer should have a prior
position that the actual conditions are more favorable (or the same) as predicted
before the observations. In the case of Kujala area, the prior position based on engi-
neering judgment was that the geotechnical properties of the silty clay subsoil should
be more favorable than what was indicated by the preliminary ground investigations.
Moreover, the uncertainty in OCR forced the engineers to consider the most unfa-
vorable conditions (subsoil in OCR = 1 state mostly). As noted by Terzaghi [6], this
conservatism-based approach to deal with high uncertainty can be uneconomical.

Observational method has not been widely used in Finland; the usage has been
increasing in the field of rock engineering, but in foundation engineering, the system-
atic use has beenmore scarce. In his master thesis research, Bäcklund [8] interviewed
industry representatives during years 2012–2013 and concluded that the main reason
for the rare applications of observational method has been that the geotechnical
designers do not fully understand its principles or possible benefits. Nevertheless,
the observational method has been successfully applied in other Nordic countries
(e.g., [2]). In order to study which is more effective, the observational method or
conventional design, one can apply decision optimizing methods such as decision
tree analysis [7].

4 Decision Tree Analysis

A decision tree is an organized graph that presents the information available for the
decisionmaking [9]. It is formed by two basic components: alternatives and outcomes
[10]. Different events arise from the outcome nodes (chance nodes), and one can
assess the probability of these outcomes. Figure 1 presents a basic decision tree for
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Outcomes and their 
probabilities Pij

Alternatives ai Consequences 

Conservative 
design:
Keep piles

Optimized design:
Minimize piles

Acceptable settlements  
(P = 0.98)

Excessive settlements  
(P = 0.02)

Outcome 
node

Decision 
node

Acceptable settlements   
(P(“favorable subsoil” ) = Pg)

Excessive settlements    
(P(“unfavorable subsoil” ) = 1-Pg)

Construction costs

Construction costs
and repair costs

Construction costs

Construction costs
and repair costs 

Fig. 1 Basic decision tree for the serviceability limit state design of a road foundation (modified
after Gilbert et al. [10])

two alternative designs (ai) for Kujala Interchange with their possible outcomes,
consequences, and their respective probabilities (Pij).

The probability of excessive settlements in the case of conservative design (‘keep
the piles’) is usually low; it is here assumed that there is P = 0.02 probability in the
case of a design consisting mostly of end-bearing piles supported by the bedrock.
On contrary, the probability of excessive settlements in the case of ground-supported
embankments is usually much greater. In this study, ‘minimize piles’ (Fig. 1) refers
to an optimized design in which pile slab foundations are replaced with ground-
supported road embankments at all sections in which it is feasible given the design
criteria and the available knowledge on the subsoil conditions. This optimized design
will requiremore site investigations andmonitoring compared to over-designing (i.e.,
‘keep the piles’).

When the consequences can be defined as monetary costs or value, a common
procedure is to adopt the decision criterion known as maximum expected monetary
gain [11, 12]. In other words, the optimized decision is the design alternative with
the smallest expected monetary cost (or the greatest value). This expected monetary
cost of the ith design alternative E(ai) is derived by weighting the total cost of each
outcome (Cij) by its probability Pij [11]:

E(ai ) =
∑

j

Pi jCi j (1)

Besides monetary costs, one can also include other consequences such as envi-
ronmental impact or human health risks. A common procedure is to then combine
all the attributes to a single monetary value, or, alternatively, to a utility value [10].

In the simple case presented in Fig. 1, the expectedmonetary costs of the optimized
design alternative for Kujala Interchange are
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Fig. 2 Expected relative costs for the alternative designs (keep piles versus minimized piles)

E
(
aminimize piles

) = Cconstr.Pg + (Cconstr. + Crepair)
(
1 − Pg

)
(2)

→ E
(
aminimize piles

) = (Cconstr. + Crepair) − CrepairPg (3)

where Cconstr is the cost of construction, Crepair is the cost of repair and other costs
created by excessive settlements, Pg is the probability of acceptable settlements, and
(1 − Pg) is the probability of excessive settlements. Probability g is later referred to
as the ‘probability of favorable subsoil conditions’. Figure 2 presents the expected
relative cost of the two alternatives (optimized design and ‘keep the piles’ alternative).

In Kujala Interchange area, the expected cost of keeping the piles does not depend
on the probability of favorable subsoil conditions Pg, because the end-bearing piles
are supported by the bedrock. On the other hand, the expected cost of fully optimized
design (minimizing the piles) decreases linearly as the probability of favorable subsoil
conditions Pg increases. At Pg = 1, the relative cost of optimized design is zero,
whereas the expected cost of keeping the piles is 6Me greater. This difference (6Me)
corresponds to the actual cost savings acquired in Kujala Interchange by replacing
two thirds of the initially planned pilings with ground-supported embankments).

At Pg = 0, the intercept of expected cost for optimized design (E(aminimize piles))
is defined by the assumed costs of construction and repair (Cconstr + Crepair). At
these low values of g, the risk of both excessive settlements and stability issues is
so large that the conservative design (‘keep the piles’) is usually preferred. Hence,
the lowest value for Crepair should be in the scale of 1.5 times the construction costs
(dotted line in Fig. 2); at low values of Pg, the expected cost of ‘keep piles’ is
then lower and thus optimal. However, the authors estimate that the actual monetary
repair cost of excessive settlements would be lower; thus, it is assumed that Crepair

here includes other consequences also, such as contingency actions required by low
stability, environmental impact, and repair works’ consequences to road users.

Given the assumed relative costs of excessive settlements, minimizing the piles
becomes more optimal when Pg is larger than 0.2–0.4. In the following sections,
the site-specific probability of favorable subsoil conditions (Pg) for Kujala area is
assessed.
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5 Decision Optimizing for Kujala Interchange

5.1 Prior Probability of Favorable Subsoil Conditions

In order to study the feasibility of constructing the test embankments, the probability
of acceptable settlements (that is, the probability of favorable subsoil conditions Pg)
must be high enough. In order to assess this probability, the prior distribution of
residual settlement was estimated for a typical soil profile in Kujala.

The preliminary ground investigations in Kujala area revealed that the subsoil is
mostly silty clay with a few layers with higher clay content. Taken into account the
ground elevation (+80 m above sea level) and geographic location, one can estimate
that the subsoil may represent somewhat overconsolidated Baltic Ice Lake sediment.
For this sediment type, prior distributions of geotechnical properties are available
in the literature. Alternatively, one could utilize a probability of favorable subsoil
conditions based on local expertise or other prior knowledge such as established
correlations between water content and compressibility index, for example.

In this study, prior distributions for compressibility properties given by Löfman
and Korkiala-Tanttu [13] were mostly utilized. The prior distribution for OCR was
modified after Gardemeister [14]. Regarding the coefficient of creep (coefficient of
secondary compression Cαε), no prior distribution for Baltic Ice Lake sediments was
available; hence, a general prior distribution for clay soils given by Löfman [15] was
used. The probability distribution of residual settlement in Kujala area was estimated
viaMonte Carlo simulation (30,000 simulations) in@RISK software [16]. The input
parameters for random variables are presented in Table 1.

Table 1 Input parameters for the random variables used in Monte Carlo simulation

Input† Unit Distribution
type

Min Mode/mean Max Standard
deviation

COV (%)

OCR – Truncated
lognormal

1.00 1.20/1.80 6.00 0.869 48.2

Cc – Lognormal 0.00 0.200*/0.586* + ∞ 0.6003* 102

Cs – Lognormal 0.00 0.044*/0.077* + ∞ 0.0523* 67.9

γ kN/m3 Truncated
normal

11.0 17.7/17.7 25.0 1.119 6.32

Cαε % Triangle 0.00 1.30/1.71 3.82 0.793 46.4

GW m Triangle 0.50 1.00/1.17 2.00 0.312 26.7

H m Triangle 3.50 4.50/4.50 5.50 0.408 9.07

γ fill kN/m3 Normal −∞ 20.0/20.0 + ∞ 1.000 1.00

†OCR = overconsolidation ratio; Cc = compression index; Cs = swelling index; γ = unit weight
of soil;Cαε = coefficient of secondary compression;GW = depth of groundwater level;H = height
of the embankment; γ fill = unit weight of fill material (crushed rock)
*Arithmetic statistic
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Fig. 3 Mode values of effective stresses (left) and the prior residual settlement (right)

The residual settlement was calculated for a typical soil profile in Kujala area: a
15 m deep clay-silt basin. The OCR in dry crust is usually 5–7 times greater than
in deeper soil layers [14], and this was taken into account by applying a decreasing
preconsolidation pressure with α′

p = 200 kN/m2 at the ground surface and minimum
around depth of 4 m. The maximum value of α′

p was chosen to be in the same scale
as the value determined from two good/fair quality oedometer tests (at 5 m and 10m)
performed in the preliminary ground investigation program. The mode values of α′

p,
effective in-situ stress, and embankment load are presented in Fig. 3 (left).

The negative correlation between unit weight and compression indexes was taken
into account by means of a copula function. The initial void ratio of soil was calcu-
lated using the compression index, based on a regression analysis performed for the
Baltic Ice Lake sediment data analyzed by Löfman and Korkiala-Tanttu [13]. The
compressibility of the dry crust was calculated by assuming that the modulus is 50
times the preconsolidation pressure (an empirical relation used in Swedish practice,
e.g., [17]).

Figure 3 (right) presents the histogram of residual settlement in millimeters. It
was assumed that this residual settlement accumulating during road service time of
50 years is a sum of 20% of the primary consolidation settlement and 50% of the
estimated creep. In other words, it is assumed that 80% of primary consolidation
occurs already during the construction/preloading stage. Regarding the creep, only
50% of the estimated creep settlement is included in the residual settlement for two
reasons: Firstly, the prior distribution used for coefficient of creep includedmany soft
clays and organic clays which are more prone to creep than silty clays (dominant in
Kujala area) which are characterized by lower Cc and lower water content [17, 18].
Secondly, the applied surcharge preloading decreases the creep effects (e.g., [18]).
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Figure 3 shows that the probability of settlements smaller than 300 mm is Pg = 0.67.
However, due to the limitations for differential settlements, a 300mm limit cannot be
applied to the whole area. Hence, it is assumed, that on average the prior probability
of acceptable settlements is only Pg = 0.25 (which corresponds to a probability of
residual settlements being less than ≈180 mm).

5.2 Probability of Favorable Subsoil Given the Observations

Since the prior probability of favorable subsoil conditions is only Pg = 0.25, one
could consider the feasibility of acquiring more information about the actual subsoil
conditions via monitoring of test embankments. In general, the additional cost of
acquiring more information (e.g., via observational method) may be justified if it
eliminates a considerable part of the uncertainty [11].

The reliability of field observations of a test embankment depends on their quality
and the measurement period. On the other hand, the time required for a reliable total
settlement prediction depends on consolidation properties of the compressing subsoil
(drainage paths and permeability). Länsivaara [19] observed (based on 11 clayey soil
sites in Finland) that measurement period of one year usually leads to a very reliable
settlement prediction, whilst six months periods led to a ‘quite good’ prediction at
many sites. If one applies the verbal descriptions of uncertainty collected by Baecher
and Christian [12], ‘quite likely’ and ‘very likely, very probably’ correspond to
probabilities P = 0.80 and P = 0.90, respectively.

In Kujala test embankments, the time reserved for settlement observations prior
design update was 6 months; however, the observations were continued during
construction also, in total over 16 months. In addition, the rate of consolidation
(rate of excess pore pressure dissipation) was observed via piezometers. Combined
with the settlement monitoring, the observations provide a rather reliable result.
Hence, one can estimate that the probability of reliable settlement prediction (given
the monitoring measurements) is at least 0.80 and up to 0.90.

The prior probability of favorable subsoil conditions (P(G) = Pg), given the
monitoring observations that also indicate favorable subsoil conditions (A), can be
updated with Bayes’ theorem. The updated, posterior probability is defined with

P(G|A) = P(G) ∗ P(A|G)

P(G) ∗ P(A|G) + P
(
G

) ∗ P
(
A|G) (4)

The definitions of these probabilities are given in Table 2. Scenario 1 represents
an optimistic estimate of the reliability of monitoring-based settlement prediction,
whereas Scenario 2 assumes that the probability of inaccurate or false interpretation
is greater. For example, the primary consolidation might continue longer than what
the measurements indicate, or, the creep might be more significant than what initially
estimated.
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Table 2 Likelihoods used to update the probability of favorable subsoil conditions

Outcome of
monitoring
observations

G: Actual subsoil conditions:
favorable (prior = Pg = 0.25)

G: Actual subsoil conditions:
unfavorable (prior = 1 − Pg = 0.75)

Scenario 1 Scenario 2 Scenario 1 Scenario 2

A: Observations
indicate favorable
subsoil

P1(A |G)

= 0.90
P2(A |G)

= 0.80
P1

(
A| G)

= 0.30
P2

(
A| G)

= 0.50

Ā: Observations
indicate
unfavorable subsoil

P1
(
A|G)

=0.10
P2

(
A|G)

=0.20
P1

(
A|G)

=0.70
P2

(
A|G)

=0.50

As there are two test embankments with somewhat different subsoil profiles, one
can update the prior probability two times (two sets of independent measurement
data). In the second update, the prior probability P(G) = Pg in Eq. 4 is replaced
by previously updated posterior probability P(G | A). After the second update, the
posterior probability of favorable subsoil (given monitoring results that indicate
favorable conditions) is thus 0.75 in Scenario 1 and 0.46 in Scenario 2.

A similar updating process could also be performed to the case of monitoring
results indicating unfavorable subsoil conditions (measured settlements are large, and
excess pore pressure dissipated slowly). This outcomewould decrease the probability
of favorable subsoil conditions even more (Pg < 0.25). Hence, one can assume that
if the monitoring indicates excessive settlements, the optimal decision by default is
to keep the piles.

5.3 Optimal Design According to the Decision Tree Analysis

The final decision treewith the expected relativemonetary costs is presented in Fig. 4.
For all the alternative designs, the assumed repair costs (Crepair) were two times the
construction cost of the fully optimized design (minimize the piles). The assumed
cost of test embankments was 0.25 Me; in Kujala Interchange, the actual cost of the
test embankments was in the scale 0.20–0.25 Me. The lowest expected relative cost
(corresponding to the optimal design alternative) is marked with bold font.

If no test embankments are built, the optimal decision is to keep the piles (if
the probability of favorable subsoil conditions is only Pg = 0.25). On the other
hand, if the prior probability of favorable subsoil condition is updated using the
monitoring, the expected cost of minimizing piles is only E(aminimize piles | A) = 2.5–
5.1 Me (lower than expected cost of keeping the piles, 6.4 Me). The lower expected
cost corresponds to the highest assumed reliability of monitoring-based settlement
prediction (Scenario 1, Table 2).

However, one potential outcome is that the monitoring results will indicate unfa-
vorable subsoil conditions, which would lead to selecting ‘keep piles’ and thus losing
the investments put into observational methods. The expected relative cost of test
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Fig. 4 Decision tree for applying the observational method with expected relative costs

embankments and OM, E(test), can be calculated by considering the most optimal
alternatives in both monitoring outcomes with [11]:

E(test) = PA ∗ E
(
aminimize piles

) + PA ∗ E
(
akeep piles

)
(5)

where PĀ is the probability of monitoring results indicating unfavorable subsoil
conditions given the prior probability of Pg = 0.25 (PĀ = 0.55 and PĀ = 0.43
in Scenarios 1 and 2, respectively), and PA is the probability of monitoring indi-
cating favorable subsoil conditions (PA = 0.45 and PA = 0.58 in Scenarios 1 and 2).
It was assumed that the probability of observations indicating unfavorable subsoil
equals the complement of ‘favorable’ observations (Table 2). It should be noted that
because the prior probability of favorable subsoil conditions is only 0.25, larger ‘false
positive’ probability is actually beneficial from the perspective of ground-supported
embankments.

Expected cost of constructing test embankments and applying observational
method E(test) is thus 4.6 Me and 5.7 Me for Scenario 1 and Scenario 2, respec-
tively. This expected relative cost is less than the optimal decision in the alternative
of no test embankments (keep piles, 6.2 Me). Thus, the decision to construct the test
embankments is supported by the decision tree analysis.
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6 Discussion

Figure 4 shows that the probability of excessive settlements for the ‘minimize piles’
design with observational method is quite large (P = 0.25 − 0.54). Hence, it should
be noted that the optimal decision might be the conservative design instead, if the
decision maker preferred risk minimization decision criteria instead of maximum
expectedmonetary gain. All in all, the ‘gray area’ inwhichminimizing piles becomes
more optimal than the conservative design (keeping the piles) is the most challenging
from the perspective of decision making. In this gray area, including other conse-
quences besides the construction and repair work costs would support the robust-
ness of decision optimizing. For instance, environmental impact such as greenhouse
gas emissions should be included in the consequences also. In Kujala Interchange,
the minimization of reinforced concrete piled slab foundations lowered the esti-
mated carbon dioxide equivalent (CO2eq) by approximately 7000–14,000 tonnes.
This minimization of piles caused an increase in the amount of lightweight fills, but
the equivalent CO2eq increase for the fill material used (recycled foamed glass) is
only approximately 500 tonnes. Hence, it is clear that the overall climate change
impact was reduced via the foundation method optimization.

7 Conclusions

This paper demonstrated how a decision tree analysis can be used to study the feasi-
bility of applying the observational method in the foundation type optimization. In
Kujala Interchange, the decision to construct the test embankments was supported by
the decision tree analysis, even though the estimated prior probability of favorable
subsoil conditions was only Pg = 0.25. However, the most optimal decision can be
quite sensitive to the assumed consequences of the unsatisfactory performance of the
foundation.

By using real cost savings acquired in the Kujala Interchange case study, it
was shown how the observational method can be employed to reduce the expected
costs and environmental impact of foundation design. In particular, the observa-
tional method can be very effective in projects which are characterized by significant
uncertainty in subsoil conditions.
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Design and Performance of Low
Capacity Roads on Peat Foundation Soils
in Ireland

Ciaran Reilly and Fintan Buggy

Abstract Peat soils exhibit very high organic and moisture contents with corre-
sponding very high compressibility and creep characteristics and very low strength.
These poor engineering properties make peat soils particularly unsuitable as a foun-
dationmaterial for road pavementswith attendant high risks of instability during both
initial construction and in service with unpredictable and often excessive long-term
deformations. Almost 20% of Ireland is peatland and roads have been historically
constructed directly on peat, albeit with mixed results and often high, long-term
maintenance costs. Ground improvement by means of excavation and replacement
of peat is frequently adopted and more recently piled embankments are increasingly
used in areas of deep peat deposits in Ireland for major roads. However, these miti-
gation measures can have high construction costs and attendant risks as well as large
resultant waste volumes and environmental sustainability impacts. The paper briefly
reviews the historical approaches to road construction in peat soils both in Ireland and
internationally. Analytical methods to assess flexible pavement foundation stability
and deformation under static embankment and dynamic traffic loading are reviewed.
A number of case histories of low capacity (less than 2000 AADT) road foundation
design and performance on Irish peat soils are described. The benefits of surcharge
upon the creep performance of peats are discussed and back calculated, and field
performance data from one site is presented. Some conclusions are drawn as to the
potential for increased application of geosynthetic base reinforcement and ground
improvement approaches in peat soils which are less commonly adopted at present
in Ireland.
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1 Introduction

Excavation and replacement of peat deposits are the standard earthworks construction
technique applied to shallow peat and organic soils onmajor roads projects in Ireland.
This improvement technique is generally robust in terms of long term performance
of the road foundations and reasonably economic for modest depths of soft ground,
provided that sources of imported replacement fill and areas for deposition of waste
peat materials are close to or contiguous with the area of soft ground. Costs, environ-
mental impacts and risks associated with the technique increase as the volume and
depth of peat increases (especially above 4 m) and as import fill sources and disposal
sites extend further away from the project. The large resultant waste and import
volumes have significant environmental sustainability impacts. More recently, piled
embankments are increasingly used in areas of deep peat deposits in Ireland formajor
roads. However, this mitigation measure can have high-construction costs and atten-
dant construction safety risks due to operating heavy piling plant and construction
traffic on temporary work platforms.

Osorio et al. [1] provide a useful overview of the historical development and
current performance of rampart roads in Ireland’s peatlands discussing several road
improvement methods to sustain increased traffic volumes and improve perfor-
mance including temporary surcharge to induce pre-consolidation, vertical drains,
lightweight fills and geosynthetic reinforcement within pavement overlays.

The application of surcharge to improve the strength, compressibility and long-
term creep characteristics of peat soils is well-documented for both Irish conditions
as well as in many other countries where such soils are prevalent (i.e., Canada, USA,
Scandinavia, UK, Japan). Hanrahan [2] reports its use in Ireland as early as 1951
and it was extensively applied to the R401 between Edenderry and Rathangan in
County Offaly over peat with 7.6 m mean depth in the mid 1950s. Other more recent
applications in Ireland include the N6 Athlone Bypass constructed using surcharge
over peat layers up to 2 m thick and sections of the Galway Outer Ring Road.

Internationally, Munro [3] reports several case histories of the application of
surcharge in Scotland, Finland and Norway, mostly to low volume roads, but
including a national trunk road in Scotland. Carlsten [4] cites two case histories
of major roads in Sweden being constructed directly over peat 2–3 m and 4–6 m
thick, respectively, using surcharge preloading. In Hokkaido, Japan, Hayashi and
Nishimoto [5] describe its application to an expressway underlain by 5 m thickness
of peat and organic clay.

Pre-consolidation of peat by artificial means can be achieved in many ways as
follows:

1. If the peat surface is sufficiently excavated before construction of a new road or
during the reconstruction of an existing road, and then its new vertical stress is
now lower than it was prior to excavation and the soil is slightly over consoli-
dated. Examples of this approach for new construction are rare in Ireland, but at
least one railway betweenAthenry and Tuam inCountyGalwaywas historically
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constructed by this method in the 1860s. The technique was recommended for
existing bog roads by Hanrahan [6];

2. If an existing road embankment’s fill materials are replaced by light weight
fill, then a pre-consolidation effect also results which also provides long-term
maintenance benefits for the reconstructed road pavement [1, 7, 8];

3. If the road embankment is temporarily over loaded by a surcharge fill during
construction and the temporary fill is maintained at its full height relative to
the final road pavement level and for long enough to permit full consolida-
tion drainage to occur. Normally, this takes place within 2 months as reported
by O’Loughlin [9], but the duration varies with degree of over consolida-
tion or surcharge height desired plus peat thickness, permeability and drainage
boundary conditions;

4. If a vacuum pressure is artificially applied to the surface of the peat, this has the
same effect as applying a vertical load due to dead weight of surcharge fill. This
technique is experimental at present, but has been the subject of a research trial
by the NRA and Trinity College Dublin and is reported by Osorio et al. [10].

In Sweden a rule of thumb is to provide at least 25% overstress to the embankment
by temporary surcharge (ignoring the effect of buoyancy as fill becomes submerged
belowawater table). Studies byYuandFrizzi [11] inFlorida suggest that anoverstress
of at least 50% may be required to produce the most efficient reduction in long term
creep.

Difficulties can be experienced when trying to construct embankment and tempo-
rary surcharge fills directly above very soft peat soils due to risks of slope instability
or local bearing capacity failure of construction plant. Tomitigate for this risk the use
of geosynthetic reinforcement is common. Typically, a non-woven geotextile sepa-
rator and a geogrid are placed on the peat surface before any fill is placed or plant
operates on it. The separator geotextile prevents the peat pumping or migrating into
the fill reducing its strength, while preventing the fill being “lost” into the soft peat.
The geogrid acts to laterally confine and reinforce the fill layer, preventing overall
or localized failure and reducing deformation. It is usual to place the geosynthetics
directly on the peat surface to take benefit from the reinforcing effect of any vegeta-
tion growing on the peat and the additional strength offered by any hardened “crust”
which may be present.

Such geosynthetic applicationsmay be designed using proprietarymethods devel-
oped by manufacturers or using methods available in the literature, such as the
Giroud-Han method [12, 13]. The majority of these methods take account of the
confinement and lateral restraint offered to the imported granular fill by the geosyn-
thetics, as illustrated in Fig. 1, rather than the “tensioned membrane” effect, as defor-
mations required to mobilize the “tensioned membrane” effect are larger than those
typically tolerated for roadways.

Geosynthetics can also improve the local or differential settlement performance
of pavements on a peat foundation when incorporated into the pavement founda-
tion (typically at the interface between capping and sub base) or in the pavement
structural layers. Davitt [14] cites this latter technique as useful in extending the life
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Fig. 1 Interlocking of granular fill particles with geogrid ribs

of overlays on surface dressed macadam bog roads in Ireland and the technique is
further reviewed by Keller [15]. Design methods for geosynthetics in these situations
have been developed, for example those proposed by Korulla et al. [16], however
examples of their application to roads on peat in Ireland are not known to the authors.

2 Summary of Case Histories

Three case histories are discussed in this paper, ranging from the review of a historic
failure to a modern-day application of geosynthetics to construct economical tempo-
rary roads over drained peat. The locations of the case histories presented, along
with the location of the vacuum consolidation trial discussed in Sect. 1, are shown
in Fig. 2.

2.1 Cush Road (L1001), Edenderry, County Offaly
to Rathangan, County Kildare

Hanrahan [2, 6–8] reports on novel works carried out to stabilize a section of the
Cush Road (L1001) in County Offaly which had deformed to the point of failure at
three locations after resurfacing works carried out between August 1953 and March
1954. The project offered a unique opportunity to document the behavior of the road
over peat bog over the following 26 years.

The original road was an unpaved gravel road constructed over an average peat
depth of 7.6m. The roadwas surfaced with tarmacadam in 1936 and, due to increases
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Fig. 2 Locations of case history sites

in traffic loads, began to disintegrate such that significant repairs were required in
1952. At this time, the average thickness of road construction was 300 mm. Works
proposed included:

1. Widening the road from 4.3 to 6.4 m by placing strips of gravel 450-mm thick
either side of the existing road construction,

2. Scarify the existing road surface, and
3. Strengthen the road by adding an extra 450 mm of gravel over the full width.

It was thought that the additional settlement generated by an additional surcharge
of 450 mm of gravel would be within tolerable limits and could be dealt with by local
regrading, with the modest additional surcharge fill load leading to consolidation and
hence strengthening of the underlying peat.

Works were completed by March 1954. It was quickly apparent that exces-
sive depths of gravel were added to the road in several places, leading to serious
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Fig. 3 Bales of dried peat used to rebuilt road (Hanrahan, 1964)

adverse effects including settlement, heave and lateral spread. Over three sections
with lengths of 60, 55 and 45 m, regrading was insufficient to prevent excessive
deformation, and therefore, Hanrahan designed a scheme whereby benefit was taken
of preconsolidation effects to reduce the stress on the peat subgrade. This involved
removing part of the additional gravel fill and replacing it with light-weight bales
of compressed horticultural peat. The compressed peat was then resurfaced with
450 mm of gravel. An example of the placement of these compressed peat bales is
shown in Fig. 3.

Remedial measures were completed in November 1954 and the opportunity arose
to monitor the road levels. The results of monitoring over the initial 8 years are
presented in [7] and reproduced in Fig. 4 where the road levels in 1962 can be
compared to an original road level as constructed in 1954. At this time, the road
surface over the peat bales was observed to be in good condition and in better condi-
tion than elsewhere. Ten trial pits were excavated at this time to determine the make-
up of the road and to investigate the condition of the peat bales. It was found that
the baled peat had increased in moisture content from 37.5% as it left the factory to
473% after being submerged for 8 years. The bulk density of the peat bales increased
from 1.7 to 7.5 kN/m3 during the intervening 8 years. Typical values for natural peat
moisture content of 1150% and undrained strength from field vane shear testing of
6 kN/m2 were reported. A further set of road levels was taken in March 1980 and
settlement against log time is plotted in Fig. 5, where the end of original construction
in circa March 1954 = 100 days; observed settlements in July 1962 = 3500 days;
and observed settlements in March 1980 = 9500 days. The proportion of overstress
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Fig. 4 Road levels and locations of peat bales and trial pits, July 1962 [7]

achieved by the replacement of gravel using lightweight baled peat (i.e., the reduc-
tion in vertical effective stress from its prior maximum value to its post-construction
long-term value) varied from 65 to 200%. The long-term creep rates Ca e, defined as
strain per log cycle of time, were back calculated using the recorded settlement and
peat thickness given in the reference publications plus time from the period 1954 to
1980 (26 years) shown in Fig. 5 as follows:

1. Locations 7, 8 and 10 outside of baled peat lightweight fill replacement Ca e =
0.025–0.06; and

2. Locations 2, 3, 5 and 6 improved by baled peat lightweight fill replacementC′
a e

= 0.006–0.017.

Taking an average back calculated field value for normally consolidated, unim-
proved peat of Ca e = 0.042 suggests that back calculated creep improvement ratios
(C′

a e/Ca e) for surcharged peat varied from 0.4 to 0.14 and reduced with increasing
proportion of overstress as reported by Yu and Frizzi [11]. However, the creep
improvement ratios for peat are notably much higher than those reported by Ladd
[17] for soft mineral soils.



760 C. Reilly and F. Buggy

Fig. 5 Observed settlements (Locations 1, 2, 3, 5 and 6 at peat bales), March 1980 [8]

2.2 N56 Cloghbolie to Boyoughter, County Donegal

The N56 Cloghbolie to Boyoughter Road involved improvements to 3.5 km of a
lightly trafficked (approximately 2000 vehicles/dayAADT), 7mpavedwidth, Type 3
National Secondary Route in County Donegal, in north-west Ireland. Approximately
1.2 km lengthwas located in a deep bog areawhere the new alignmentwas around 3m
below the existing road levels. The route was investigated by a range of intrusive and
geophysical methods including trial pits, dynamic probing with window sampling,
boreholes, 2D resistivity profiling andgroundpenetrating radar. The peat depth varied
considerably from 1 m to in excess of 5 m and a typical interpreted section is shown
in Fig. 6. Natural moisture contents generally ranged from 300 to 1200% with a
mean of 865%, while organic contents varied from 22 to 80% (mean = 51%) and
bulk density of 11.8 kN/m3. Peat was typically underlain by sands and weathered
granite bedrock which acted as a basal drainage boundary. A mean field undrained
shear strength of approximately 15 kN/m2 is estimated from correlation to moisture
content [18].

A temporary road diversion was constructed in summer 2012 on a floating 2.5 m
wide cycleway using a shuttle service with traffic light control during the excavation
of the existing road and its peat foundation and subsequent reconstruction. A typical
cross section of the floating cycleway construction is shown in Fig. 7 and consisted
of a geotextile separator placed directly on the vegetated peat surface; Tensar TX160
triaxial geogrid; 400-mm thickness of crushed stone capping; 100 mm of Cl. 804
subbase; and 40 mm of Cl 912 asphalt concrete surface course. Figures 8 and 9 show
the cycleway during construction, and Fig. 10 shows the cycleway during temporary
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Fig. 6 N56 typical interpreted geologic section from geophysics surveys

Fig. 7 N56 floating cycleway typical section

service as a diversionary route. The temporary floating road performed well under
traffic over a 10 weeks period without evidence of any distress or rutting.

2.3 Temporary Access Road at Retail Development, Birr,
County Offaly

As part of the upgrade of a retail site (a Lidl supermarket) in Birr, County Offaly,
temporary access was required over peat soil for construction plant including tipper
trucks, excavators and a piling rig. The road was constructed alongside an existing
retail building, which was supported on driven precast concrete piles. A view of the
road under construction is shown in Fig. 11.
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Fig. 8 N56 floating cycleway during construction

Two phases of ground investigation were carried out at the site, involving cable
percussive boreholes, dynamic probing and trial pits. The first phase of investigation,
carried out in 2001 and using the “heavy” dynamic probe apparatus (utilizing a 50 kg
weight dropped through 500 mm), showed that the probe fell under its own weight to
a depth of between 4.9 and 7.6 m below ground level along the line of the proposed
road, meeting dense granular deposits (likely of fluvioglacial origin) at depths of
between 7.2 and 7.8 m below ground level. Natural moisture content of the peat at
the site ranged from 285 to 684% with a mean of 500%. This is lower than typical
for natural Irish peat and is likely due to local drainage of the peat layer due to other
infrastructure works in the vicinity.

Further trial pits and field vane testing carried out between 2016 and 2018 found
peat to a depth of 1.0 m to greater than 2.7 m below ground level, overlying soft gray
alluvial silts and clay. The peat was described as “dark brown plastic pseudo-fibrous
peat with heavily decayed branches and plant material”.

Undrained shear strengths measured at a depth of 1.0 m below ground level in
the peat ranged from 35 to 50 kPa, while undrained shear strengths measured in the
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Fig. 9 N56 floating cycleway during construction

Fig. 10 N56 floating cycleway during use as a temporary diversion route

underlying soft alluvial clay and silt ranged from 12 to 14 kPa. No natural moisture
content measurements were made of the peat underlying the proposed road in 2016
or 2018, however by reference to the correlations presented by Carlsten [18], it is
expected that the natural moisture content remained at approximately 500%. Ground
water was encountered at typically 1.5 m below ground level.

The road required was 4 m wide and approximately 65 m long. The access road
was designed using the Giroud-Han method to support an axle load of 80 kN with
5000 axle loadings over the construction period. A rut depth of 50mmwas selected as
tolerable. The road was constructed in summer 2018 and removed once construction
was complete. The road consisted of a geotextile separator placed directly on the
vegetated peat surface; Thrace TG4040S biaxial geogrid; and 450 mm of crushed
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Fig. 11 Temporary access road at retail development site, Birr, County Offaly

stone capping. The access road performed very well over the construction period of
approximately 8 weeks, with rutting less than 40 mm observed in service.

3 Conclusions

The construction of roads over deep peat deposits remains challenging and comes
with relatively high levels of risk. The three case histories presented show a range
of measures taken to deal with the challenges of constructing roads across peat in
Ireland. The use of lightweight fill (bales of compressed horticultural peat) has been
found to be an effective improvement technique to control creep settlements and was
demonstrated over a long time frame of 26 years. Currently, temporary fill surcharge
and geosynthetics are most commonly deployed to control the overall stability, long-
term settlements and local deformations of the road surface. A number of other
techniques are reviewed, however for reasons of practicality, familiarity, economy
and risk minimization, these are the techniques most often adopted for construction
of roads over peat in Ireland.
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A Long-Term Record of Water Content
and Pore Water Pressure in a Vegetated
Clay Highway Cut Slope

J. A. Smethurst, A. Sellaiya, A. P. Blake, and W. Powrie

Abstract Themajor highway network in theUKwas developed from the 1960s, and
the earthworks are generally well engineered. However, as many of the earthworks
get older, slope failures are becoming more common, with some posing a threat to
the safety of transport operations. Field measurements of soil water content and pore
water pressure changes within the surface zone of a highway cut slope in London
Clay at Newbury, Berkshire, UK, have been carried out continuously since 2003.
This paper describes and gives examples of the long-term field measurements from
the site at Newbury and details a number of significant findings from the observations
from the site. The paper explains how these have been used to calibrate appropriate
models of seasonal cycles of pore water pressure and slope deterioration.

Keywords Slope stability · Pore water pressure · Vegetation

1 Introduction

Transport infrastructure is often significantly affected by slope failures. Failures in
embankments have the potential to undermine roads and railways, while slips in
cuttings may cause material to obstruct transport routes, posing risks to drivers and
possible derailment of trains.
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Much of the rail network in the UK was constructed over 150 years ago, and
the earth structures were not built to modern standards. As these structures age,
failures have become more common and can pose a threat to the safety of transport
operations. Deep-seated failures have been reported in the clay slopes of both railway
and highway cuttings and embankments [1, 2]. In the wet winters of 2012/13 and
2013/14 in the UK, around 250 failures occurred in railway earthworks, causing
six train derailments [3]. A significant number of more recent highway earthworks
built using modern construction techniques also have shown signs of less severe,
shallower failures [4].

Climate conditions directly influence the behaviour and failure of slopes. In
temperate European climates, the season of peak water demand by vegetation
(summer) is out of phasewith the season of greatest rainfall (winter) causing seasonal
fluctuations in soil water content and pore water pressures within earthworks [5].
Rapid infiltration of rainfall into clay slopes during wet winters leads to high pore
water pressures and is generally the cause of slope failures [1]. Pore water suctions
generated by vegetation will have a beneficial effect on slope stability only if they
are carried through into winter and early spring. In the UK, the pore water suctions
generated by light shrub and/or grass cover are rarely sustained through the winter
period, although larger vegetation cover can maintain suctions beneficial to stability
[6–8].

When stiff overconsolidated clays such as the London Clay are sheared, they will
initially reach a peak strength; with further shear deformation, this drops towards a
lower residual strength. This strain-softening leaves slopes vulnerable to progressive
failure, with a shear band steadily developing from the toe of the slope where the soil
initially reaches the post–peak strength. There is clear evidence from both centrifuge
model tests and numerical analyses of clay slopes that cyclic stresses representative
of those induced by seasonal climate and vegetation can cause strain-softening to
occur [9–12]. Over a period of several tens of years, these cycles of pore pressure
and effective stress can result in progressive failure.

Knowledge of the effects of climate and vegetation on pore water pressures is
important for the validation of numerical models of slope stability that attempt to
consider the complex interactions between climate, vegetation and the ground. Such
models are essential if the cyclic changes in effective stress that leads potentially to
progressive failure, and the influence of climate change on long-term slope stability
is to be understood [7].

This paper describes the results of a field study carried out to quantify the hydro-
logical environment and pore water pressures in a cut slope in London Clay. Data
were collected over 17 complete winter/summer cycles, including two wet winters
(2002/03 and 2013/14) and some exceptionally dry summers (2003, 2018, 2019).
This has enabled a thorough understanding of the physical behaviours that occur in
response to seasonal variations in weather and lead to a range of observed soil water
contents and pore water pressures/suctions, in a clay slope that is representative of
significant lengths of the UK highway network. The paper also describes how the
field observations have been used to calibrate numericalmodels of slope deterioration
and failure.
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2 Newbury Monitoring Site

The field study was carried out on a London Clay cutting slope on the A34 Newbury
bypass in southern England (Fig. 1). The slope is east facing, 8 m high and 28 m long
(Fig. 2), andwas constructed in 1997. The LondonClay at the site is about 20m thick,
highly weathered to a depth of about 2.5 m below original ground level and underlain
by Lambeth Group deposits and the Upper Chalk. After the cutting was excavated,
up to about 0.4 m of topsoil was placed over the cut London Clay surface to facilitate
the vegetation growth on the slope. A gravel fin drain approximately 600 mm deep,
4 m from the toe of the slope, was installed to drain the road sub-base. The fin drain
connects at intervals into a sealed carrier drain that outfalls to the south of the cutting
and to which the road gullies are also connected. A cross section through the slope
is shown in Fig. 3.

The current groundwater regime in the slope is effectively hydrostatic below the
groundwater level. This indicates that within the near-surface zone being monitored,
any negative excess pore pressures induced by unloading as a result of excavating
the cutting have substantially dissipated.

When the instrumented slope was established in 2002, the vegetation cover was
grass and herbs with some small (less than 1 m high) trees and shrubs. The grass
was periodically mowed to aid establishment of the planted trees and shrubs. This
ceased in late 2002, after which the trees and shrubs in the instrumented section were
maintained to a height of less than 1.5 m by heavy pruning. After the first 6 years of
monitoring, the vegetation was allowed to grow larger, and the slope now has a thick
vegetation cover of shrubs and trees up to 4–5 m in height.
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Fig. 1 Newbury site location (redrawn from Ref. [7])
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Fig. 2 Instrumented site at Newbury, looking upslope from close to the toe of the cutting. Picture
was taken in April 2015. The slope is now more heavily vegetated than shown here
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Table 1 Permeability, unit weight and plasticity index of grey and weathered London Clay at the
Newbury site

Property Grey London Clay Weathered London Clay

Range Average Range Average

Saturated
permeability, from
double ring and
Guelph permeameter
tests: m/s

1.0 × 10–11 to 7.3 ×
10–6

1.1 × 10–6 – –

Saturated
permeability, from
borehole bail out
tests: m/s

2.3 × 10–9 to 4.4 ×
10–9

3.7 × 10–9 3.6 × 10–8 to 5.0 ×
10–8

4.3 × 10–8

Dry unit weight, γ d:
kN/m3

13.2–15.2 14.6 13.2–16.2 16.0

Plasticity index, ID:
%

32.5–36.4 34.8 31.7 31.7

The London Clay at the site is predominantly a stiff grey clay but contains several
bands of silty clay up to 50 mm thick and bands of large clay stones. The weathered
London Clay close to the top of the cutting is spatially very variable, changing from
a stiff orange-brown clay to a clayey silt over small distances and depths, similar to
the description given by Perry et al. [13]. The permeability, unit weight and plasticity
index of the London Clay at the site are summarised in Table 1. The dry unit weight
was measured from undisturbed block samples obtained from 0.5 m depth for both
the weathered and unweathered clays.

The permeability of the clay was measured in the laboratory in a triaxial apparatus
using small specimens trimmed from samples collected using 50 mm diameter thin-
walled sample tubes. Bulk permeability was measured in the field using borehole
bailout tests at 2–3 m below ground level, the double ring infiltrometer and Guelph
permeameter close to the surface. The field measurements of permeability followed
the ASTM standard [14]; more details of the measurements at the site are given in
Refs. [15] and [16]. The variation of permeability with depth is several orders of
magnitude, with values of between 7 × 10–6 and 1 × 10–10 m/s close to the ground
surface (in the top 0.6 m of the soil profile) and an average value of 4 × 10–9 m/s
from the borehole bail out tests. The generally larger and much greater variation in
measured permeability close to the slope surface is caused by summer desiccation
cracking, and greater soil structure given by roots, animals and decayed organic
matter.
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3 Instrumentation

The site was extensively instrumented to monitor the soil water content, pore water
pressure, soil temperature, the free water surface, rainfall, runoff and climatic data
required to estimate evapotranspiration.

Arrays of time domain reflectrometry (TDR) probes for measuring soil water
content, flushable vibrating wire piezometers, water-filled tensiometers and equiten-
siometers were installed in four groups spaced 6 m apart down the slope (Fig. 3).
The instrumentation included a range of devices (such as Delta-T TDR ThetaProbes
for measuring water content) that are more commonly used in agricultural and crop
studies formeasurements in the plant rooting zone. Therewas also a desire tomeasure
soil water content due to the difficulties in measuring the large pore water suctions
that can develop in clay soils subjected to direct drying by vegetation [5]. The study
at Newbury was one of the first geotechnical studies to employ some of these types
of instrumentation.

The sensors were installed at depths between 0.3 and 3.5 m, at intervals of 0.3 or
0.5 m. Smethurst et al. [5, 7] provide more detail on the sensor types and the depths
at which each type was installed. A climate station was placed on the slope to record
air temperature, humidity, wind speed and solar radiation. These parameters were
used to estimate potential evapotranspiration using the Penman–Monteith method
[17].

Surface runoff together with interflow (i.e. flow of water through the topsoil) was
measured using an interceptor drain cut across the face of the slope. The interceptor
drain was 6 m long and 35 cm deep, dug through the topsoil into the top of the
undisturbed London Clay. A slotted drainpipe with gravel packing channelled water
into a tipping bucket flowgauge is capable ofmeasuring up to 15 l/min. The runoff and
interflowweremeasured to enable the full water balance (rainfall, evapotranspiration,
soil water storage and runoff) to be understood.

All of the above sensors were connected to a Campbell Scientific data logger with
a GSMmodem connection, powered by a 12 V car battery recharged by a 10W solar
panel. The data were logged at 10 min intervals and recorded as hourly averages,
commencing in late 2002.

Aluminium access tubes for a neutron probe were installed to enable point
measurements of water content adjacent to the logger sensors. In 2016, in place
inclinometers were also installed to measure seasonal lateral movements within the
slope.

4 Monitoring Results

The Newbury site has been monitored over a period of 17 years, starting in late 2002
and continuing to present. The long-term annual rainfall at Newbury is 875 mm,
with slightly wetter months in autumn and early winter (having a typical monthly
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average of 95 mm) and drier months in late spring and summer (with typical monthly
averages of 60 mm). Figures 4, 5 and 6 give some examples of the data recorded over
the full duration of monitoring: Fig. 4 shows the rainfall, and Figs. 5 and 6 show the
soil water content and measured pore water pressures for the instrument group A at
the top of the slope. A clear seasonal pattern can be seen in the data, with substantial
drying occurring at shallow depths caused by plant evapotranspiration exceeding
rainfall in the summer months and rewetting of the soil again in late autumn and
winter when evapotranspiration reduces (Fig. 5). The depth of drying is dictated by
the typical maximumplant root depth of about 0.8 to 1.0m. There are some summers,
such as 2007 and 2008, that were very wet, during which the reduction in soil water
content was only small.

Figure 6 shows that the same seasonality is apparent in pore water pressures.
Pore pressures return to fairly high values in many winters, giving a distribution
that is close to hydrostatic from about 0.5 m below ground surface level. The plot
also shows a gentle but steady reduction in average pore water pressure over the
monitoring period. This is caused by the change in vegetation cover as the slope has
gone from being mainly grass covered to now being covered with a dense growth of
shrubs and small trees. The immature trees can root to slightly greater depths and are
likely to transpire more water, and this appears to have caused a small and gradual
reduction in the pore water pressures in the slope, most notable by slightly lower
values in winter.

Smethurst et al. [7] consider the first 6 years (2003–2008) of water content and
pore water pressure observations in detail and in the context of a longer 40-year

Fig. 4 Monthly rainfall totals measured at Newbury site for period 2003–2019
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rainfall dataset. The paper considers data from a wider range of the instrumentation
than shown here, to make a series of observations, as follows:

• The grass and small shrub cover on the slope are capable of rooting to about 0.8 m
in the clay, and the major summer soil drying occurs over this depth. Large pore
water suctions (>200 kPa) are generated in the root zone, but modest suctions also
extend deeper, up to about 3.5 m depth in a drier summer. Most winters see close
to hydrostatic conditions, particularly in the lower part of the slope.

• The seasonal behaviour seen is closely linked to the observed climate. The actual
evapotranspiration (determined from a simple water balance model) remains very
similar from year-to-year, but rainfall varies considerably. If the summer (June to
August) rainfall exceeds 250 mm, very little soil drying occurs. A water balance
model can be used very effectively to link observed weather, water content and
suctions in the rooting zone.

• The permeability of the near-surface rooting zone is large during the summer
due to desiccation cracking, as evidenced by the occurrence of very little runoff
during high-intensity rainfall events and the rapid rewetting of the soil profile in
late autumn and early winter. However, the clay does swell in autumn and winter,
closing cracks and reducing the near-surface permeability [15].

• Pore water pressure/suction observations coupled with a 40-year rainfall dataset
make it possible to characterise approximate return periods for pore water
pressures/suctions associated particularly with extremely dry and wet events.

5 Use of Monitoring Results to Validate Numerical Models

TheNewburymonitoring dataset has been used by four different studies, both to vali-
date partly saturated finite element/difference models investigating soil hydraulic
processes and parameter selection (Heppell et al. [18] and Karim et al. [19]) and
validate partly saturated coupled mechanical models that are able to simulate cyclic
strain-softening driven progressive failure in slopes (Rouainia et al. [11] and Postill
et al. [12]). All of the models are driven by climate (daily rainfall and evapotran-
spiration) applied to the upper slope surface boundary, which drives annual cyclic
changes in water content and pore water pressure/suction in the model. All four
studies have modelled the Newbury slope, using the field observations to help to
calibrate the vegetation evapotranspiration, saturated/unsaturated permeability and
water retention relationships required to correctly replicate the measured changes
in soil water content and pore water pressure. Some of these relationships can be
uncertain; c.f. the wide range of measured saturated permeabilities given in Table 1.
The most recent study (Postill et al. [12]) has used the full 17 years of monitoring
data presented in this paper to validate simulation results, showing that the model is
able to replicate the field measured behaviour, particularly of soil water content and
pore water pressure, to both short and prolonged wet and dry periods. The models
able to replicate strain-softening and progressive failure show that after many applied
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cycles of seasonal pore water pressure, the slope suffers ultimate shallow failure, due
to progressive loss of strength [11, 12].

The Newbury dataset is currently being used as part of a UK project called
ACHILLES (www.achilles-grant.org.uk), which is carrying out field monitoring,
laboratory experiments and numerical modelling to understand deterioration and
failure processes in clay earthworks under the influence of weather and a changing
climate. The ACHILLES project is led by the University of Newcastle and includes
a number of other UK universities and institutions, including the University of
Southampton. Field monitoring data are being used both to develop conceptual
models and to validate numerical models that seek to understand weather-driven
deterioration and ultimate failure in clay slopes; an initial output from this work is
the simulation of the Newbury site presented by Postill et al. [12]. The climate-driven
models being developed are essential to understand the effects that climate change
will have on the rate of deterioration of the slopes (this is demonstrated by Rouainia
et al. [11]). The models will also be used to look at potential mitigation and remedi-
ation strategies. A planned output of the project will be a set of deterioration curves,
showing how the factor of safety of an earthwork against ultimate failure declines
with time; an example of such a set of deterioration curves is given by Glendinning
et al. [20].

As part of the ACHILLES project, it is planned to make the full 17-year record of
processed Newbury site monitoring data, of which sections are shown in this paper,
publicly available for others to use in validation of similar models.

6 Conclusions

The long-termmonitoring of the Newbury highway slope has allowed several impor-
tant observations of the effect of weather and vegetation on the soil water content
and pore water pressures/suctions in a cutting typical of those in overconsolidated
clays in the midlands and south of England. The site is unusual in having a long
and near-continuous record of observations now spanning 17 years duration. Long-
duration observations of this type are likely to be essential in understanding how
weather, vegetation and climate (including climate change) influence the long-term
deterioration on performance of clay earthwork assets. The well-cited dataset has
already provided a means to validate important models that are able to replicate the
effect of weather and vegetation on certain modes of cyclic deterioration and failure
in infrastructure earthworks, and this work is continuing via the ACHILLES project.

The site will continue to be monitored for the foreseeable future. Whist initially
maintained, the vegetation at the site is now being allowed to develop into a dense
thicket of large shrubs and immature trees, so that the effect of the changingvegetation
on pore water pressures/suctions can be observed.
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High-Speed Railway
Vibrations—An Approach to Tackle
Dynamic Instability

Saeed Hosseinzadeh, Peter Schouten, and Gerhard Schulz

Abstract The experiencewith the first generation of high-speed railway lines (HSR)
has shown that the cyclic-dynamic impact should be considered in order to limit
maintenance efforts, disturbance of operations and increase passenger comfort. Due
to the country-specific conditions, different methodologies and requirements are
applied by different railway authorities. Serviceability and stability requirements
need to include the cyclic-dynamic impact. If the operational train speed exceeds
the surface Rayleigh wave velocity in soil, deformations will be amplified, which
may cause damages to railway tracks or set a demand for extensive maintenance
influencing operation of a line. Therefore, it should be ensured that embankment and
subsoil conditions meet the required capacity; and that maximum operation speed
could be achieved without damages or limitations. It is commonly accepted that the
Rayleigh wave velocity associated with generated vibration is identified as being the
criterion to be achieved to mitigate the risk of amplifications of ground movements
and deterioration of the track system. This is currently considered the state-of-the-art
approach by most railway authorities. However, from existing projects in different
countries, it seems that the ultimate criterion is dynamic displacements which should
be considered alongwithRayleighwave velocity in order to limitmaintenance efforts
and to increase passenger comfort. This paper aims to discuss the criteria required
for a proper design of HSR including a methodology, with showcasing examples of
projects both in Germany and the Netherlands.
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1 Introduction

Understanding of railway-induced vibration phenomenon has been of interest to
geotechnical and railway engineering practitioners since 1970s [1]. Predicting
railway-induced ground-borne vibrations is an inherently complex task involving
numerous uncertainties, especially when performing such analysis over kilome-
tres of railway track. Ground-borne vibrations are generated primarily due to the
rail–wheel interaction which may also result in ground-borne noise in the build-
ings located in close proximity to the railway tracks [2] (theoretical background of
ground-borne vibration and noise is provided in [3]). In general, one can distinguish
two different categories related to vibrations generated by passing trains: firstly, the
effect of vibration on the surrounding environment in which both the source of vibra-
tion and receiver (e.g., a building) are considered in the study (e.g., [4]), and secondly,
the impact of train-induced vibrations on the track itself (theoretical background is
contained in [5–8]). The latter is the focus of this paper.

Cyclic-dynamic impact is nowadays considered a priority when designing a
new high-speed rail (HSR) or dealing with an increase in train speed or train
frequency/track capacity, especially with tracks on earth structures. Railway traffic,
especially a HSR, consists of cyclic-dynamic loads, which are transferred from
the superstructure to the substructure and the underground. Cyclic-dynamic impact
through every load cycle brings about both elastic and plastic deformations [9]. These
deformations should meet the requirements regarding serviceability and stability. If
the operational train speed exceeds the surface Rayleigh wave velocity in soil, crit-
ical train speed phenomenon would occur. This will amplify the deformations and
cause damage to railway tracks, set a demand for additional maintenance influencing
operation or even lead to the need to reduce the operation speed.

The governing factors for vibration response can be distinguished in two separate
categories. These comprise first quasi-static excitation or moving load (e.g., axle
load) by which the vibration response close to the track is governed, and second,
dynamic excitation by which the vibration response at further distances is governed.
An example of the latter is rail unevenness [10].

Dynamic stability of a railway line due to railway-induced vibrations is dependent
upon several factors. These include, but are not limited to, ground conditions and soil
parameters as studied, for instance, in [11–13], types, configuration and properties
of the trains (although, less influential compared to soil parameters as, for instance,
indicated in [14, 15]), speed of the trains, weight of trains (i.e., axle loads, e.g., [16]),
type and number of the tracks (e.g., ballasted or ballast-less tracks), condition of
the tracks (e.g., railway roughness) as, for instance, studied in [17], condition of the
wheels or wheel singularities, e.g., out-of-roundness (e.g., [18]), presence of any
structures in the vicinity of the track, for example, railway level crossing, turnout,
etc., as well as their local defects (e.g., [19]).

Many studies including field tests (e.g., [9]), measurements under operation (e.g.,
[20, 21]), theoretical analyses (e.g., [22, 23]) as well as numerical modelling (e.g.,
FEM [24], BEM [25] and a combination of FEM–BEM [26]) have been conducted by
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researchers in the past few decades for better understanding of the railway-induced
vibrations. In [27], detailed and simplified ways of assessing railway critical speed
are provided. At the beginning of the studies in the 1990s and early 2000s, field
tests were developed [20]. Due to the availability of higher capacity computers and
software development, numerical modelling has becomemore common since the last
10 years. The computer models are calibrated by the field tests and measurements
during operation.

This paper aims to discuss the criteria required for a proper design of a HSR
including a methodology, with showcasing examples of international projects.

2 Cyclic-Dynamic Impact Assessment

In each project, the cyclic-dynamic impact assessment is evaluated, where one should
first process the data for existing situation with respect to track configuration, ground
conditions as well as available measurement data. In parallel, the types of trains,
train configurations as well as number of trains for future situations (compared to
those of existing situation/in case of speed and/or capacity increase of a track) are
important and should also be collected. Afterwards, analytical/theoretical models
and/or numerical models are employed in order to determine Rayleigh wave velocity
as well as dynamic displacements along the project location. It is notable, however,
that the first and foremost way of acquiring an insight into surface wave velocity
is direct measurement, even though, it is not always possible in projects to do so,
especially in the case of new lines. As such, the indirect approaches are applied
through the use of theoretical and numerical models so as to determine Rayleigh
wave velocity and dynamic displacements.

2.1 Track Configuration

Before commencing the cyclic-dynamic impact assessment, one should compile the
relevant datawith respect to both train configurations aswell as superstructure layout.
This implies that the type of embankment (e.g., ballasted track or slab track or
concrete slab beneath ballast bed), sleeper and rail, train axle loads and speed and
geometry, etc., should be clearly identified.

2.2 Soil Parameters

The relevant soil conditions and parameters including dynamic soil properties need
to be known. For this purpose, archival research is carried out in the first place. For
instance, in the Netherlands, the national database DINOloket [28] can be used to
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retrieve site investigation data conducted in the project area. Additional CPTs/SPTs
and boreholes along and within the location of a track are to be carried out to acquire
an insight into the soil conditions and damping characteristics of the ground. In
parallel, geohydrological characteristics including monitoring of groundwater table
should also be collected.

The field and laboratory tests conducted for the project location need to consider
the low strain levels with respect to the dynamic shear parameters depending on the
respective stress level. For this purpose, soil-dynamic laboratory tests like resonant
column tests are suitable. In the field, down-hole tests in boreholes, Seismic Cone
Penetration Tests (S-CPTs) in combination with geophysical surface methods (e.g.,
seismic refraction tomography) are applied.

2.3 Measurements

The in situ vibration measurements are to be performed along the alignment of the
railway track both in the case of an existing line that is upgraded for higher speeds
and a new railway line. This helps practitioners determine the ground-borne vibration
levels as well as damping characteristics of the underground along railway track. For
this purpose, a number of measurements along the railway track are carried out.
The number of profiles to be taken depends mainly on the variation in geotechnical
conditions, but may also be affected by the vertical alignment of the track. After
having collected all the measurement data, a filtering process is performed in which
the types of trains are determined in order to provide the input data for a vibration
prediction model. The model is used for predicting maximum vibration speed and
dynamic displacements by railway traffic.

2.4 Data Analysis and Compilation

The above-mentioned compiled data should be analysed and used as an input for the
model for assessing railway-induced vibration aspects. Once the initial processing
is complete, the model will be built up for predicting vibration at different time and
locations. In some projects, numerical modelling is used in the first place to predict
vibration levels; whereas, it can also be used as a verification tool for the results of
analytical models. Measurements are also used to validate the results of numerical
modelling.
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2.5 Design Procedure

It is commonly accepted that the Rayleigh wave velocity associated with generated
vibration is identified as being the criterion to be achieved to mitigate the risk of
amplifications of groundmovements and deterioration of the track system. As shown
in Fig. 1, large dynamic amplification in the response of a railway track occurs if the
resonance conditions of the system are reached. Resonance appears when the train
speed is equal to the phase velocity of the excited waves. From field measurements
in the Netherlands, Sweden and the UK (Fig. 1), it can be seen that the closer the
train speed is to the Rayleigh wave velocity, the higher the amplification will be.
Therefore, the train speed should be limited to around 0.6–0.7 times the Rayleigh
wave velocity, which corresponds to a safety factor of around 1.7–1.4. This is called
“critical train speed”.

Due to different country-specific approaches and conditions, the Railway Author-
ities in different countries apply different methodologies. For instance, the German
Railways require the evidence of dynamic stability for projects where slab (non-
ballasted) track is applied and for projects with ballasted track and a design speed
over 200 km/h. The evidence of dynamic stability includes not only the safety margin
from the resonance case but also the limitation of dynamic displacements (Fig. 3).
The design procedure recommended by German guidelines [30] is shown in Fig. 2.

As shown in Fig. 2, dynamic soil parameters are determined through site investi-
gation on the project site. Determination of train types also includes the configuration
of the trains as well as their speeds. In principal, the superstructure, substructure and
subsoil can be completelymodelled through3Danalyses.However, suchmodelling is
very time consuming, and hence, to simplify the calculations, two different models
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Fig. 1 Normalized train speed versus amplification of displacements (extract and adapted from
[29]). Normalized speed is defined as the ratio of train velocity to Rayleigh wave velocity
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are recommended. First, track dynamic calculations related to the assumed stiff-
ness of the superstructure including rail and sleeper. Second, numerical calculations
related to soil dynamics are carried out with the aid of numerical modelling (e.g.,
FEM). In case the resulting deformations from calculations related to track dynamics
at the bottom of sleepers correspond to those of soil dynamics (iterative process),
the generated shear strains will be compared with the allowable shear strain values
shown in Fig. 3. The allowable shear strains are below the threshold values displayed
on the left-hand side areas separated by a red-dashed line in Fig. 3. In case the calcu-
lated shear strains are below the threshold values, dynamic stability is achieved. In
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the case of excessing the allowable values, progressive plastic deformations would
occur where abatement measures will be required.

In the Netherlands, a similar approach is applied in which dynamic displacements
are assessed through a more detailed analysis in case the train speed exceeds the
critical train speed. The following are the key points of design procedure in Dutch
practice according to OVS [31]:

• Defining shear wave velocity/Rayleigh wave velocity. In the Netherlands, direct
measurements are firstly recommendedwhere the surfacewave velocity is directly
determined. Since this is not always a feasible option, different methods are used
to determine the shear wave velocity from seismic CPTs as follows:

– Method A: considering the lowest shear wave velocity of the soil profile (up to
10 m depth, although, soft layers with low shear wave velocity mostly appear
in top soil layers).

– Method B: calculation of the shear wave velocity at the surface based on soil
profile and soil characteristics.

– Method C: considering the average shear wave velocity of the top 5–10 m of
the soil profile. This method is not included in the standard but is applied as a
modification of Method A.

• Performing seismic CPTs and determining dynamic shear modulus from which
shear wave velocity profile could be created when a direct measurement is not
possible. The experience has proven that these seismic CPTs should be performed
at the track location, as conditions next to the track may be different.

• Comparison between the desired operational train speed and critical train speed.
• Defining dynamic stiffness of all layers and perform numerical analysis so as

to give an insight into dynamic displacements (in case the critical train speed is
exceeded).

• Numerical calculations and defining the dynamic displacements generated
through a vertical profile of the ground. In the case of exceeding 2.5 mm of
dynamic displacements according to OVS [31], an abatement measure should be
considered.

3 Case Studies

In this section, some of the projects in which Arcadis has been involved are presented
and discussed. Although the names of the projects are not mentioned in view of
confidentiality, nevertheless, the project descriptions including ground conditions
are provided. The examples selected are from The Netherlands and Germany.

In the Netherlands, the underground conditions are mainly sand layers with
different compactness and soft (organic) clay and peat layers. The groundwater table
is mainly high (close to the surface). The area is mostly flat, and therefore, railway
tracks are at grade or on low embankments. The railway network is very dense, and
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the train intensity is high. Also because of frequent stops, the passenger trains run
with less than 140 km/h to maximum 200 km/h; whereas, in Germany, the topog-
raphy and geology are variable. The alignment of high-speed railway tracks requires
a frequent transition from tunnels to viaducts to earth structures. The railway tracks
are located at grade on earth structures, on embankments (up to 10–20 m high) and
in cuts. The operation speed of the high-speed trains is 250–300 km/h. Most of the
high-speed lines are also used by freight trains.

3.1 Case Study 1 in the Netherlands

In this project, the superstructure of an existing track had to be renovated without
substantial earthwork, such that the railway track system could accommodate an
increase in the operational train speed from 90 up to 130 km/h (36.1 m/s).

The ground condition at the location of project consists mostly of sandy layers
ranging from loosely packed to medium and more densely packed sands. At some
locations of the project, a very thin layer of loam to silty sandy clay is locally
encountered. The depth profile identified by a seismic CPT is shown in Table 1. In
this project, Method A was applied to derive the shear wave velocity.

This indicates that the first 1.0 m below the ground surface does not fully
(but almost) meet the requirement concerning the design train speed of 130 km/h
(36.1 m/s). However, it is plausible that the ground conditions meet the requirement
with respect to the critical train speed as the seismic CPT was carried out in the
vicinity of the track location and not in the track. Due to train passages, the upper
metre of the sand layer beneath the existing railway track has been compacted. Based
on other CPTs performed on the embankment, the fulfilment of the criteria could be
proven.

Table 1 Depth profile used in assessing case study 1

Depth below
ground
surface (m)

Shear wave
velocity
(m/s)

Dynamic
shear
modulus
(MPa)

Rayleigh
wave
velocity
(m/s)

Critical
train speed
(m/s)

Desired
operational
train speed
(m/s)

Critical train
speed versus
operational
speed (–)

1.0 66 7.9 59.4 35.6 36.1 Not OK

2.0 108 20.1 97.2 58.3 36.1 OK

3.0 148 41.6 133.2 79.9 36.1 OK

4.0 145 39.2 130.5 78.3 36.1 OK

5.0 164 51.4 147.6 88.6 36.1 OK

6.0 165 49.7 146.7 88.0 36.1 OK

6.5 215 84.4 193.5 116.1 36.1 OK
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3.2 Case Study 2 in the Netherlands

In this project, cyclic-dynamic impact along with stability of an existing line was to
be checked for an envisaged increase of train speeds and in the case of not meeting
requirements set by standards, abatement measures were to be proposed. The two
most critical sections along the railway track of this project are shown below (Table
2). In this section, Method C was applied to derive the characteristic shear wave
velocity.

Ground conditions at these locations include mostly loose to medium sand layers
with an intermediate peat layer. At these locations, the required operational speed
is 140 km/h (equivalent to 38.9 m/s). Therewith this is higher than the critical train
speed. Different abatement measures were suggested to be applied in order to fulfil
the requirements of dynamic stability. One of them was ground improvement of the

Table 2 Two most critical sections used in assessing case study 2

Section Shear wave
velocity
(m/s) of the
top 5 m of
ground
stratum

Rayleigh
wave
velocity
(m/s)

Critical train
speed (m/s)

Required
operational
speed
(km/h)

Required
operational
speed (m/s)

Design speed
versus
operational
speed (–)

1 72 64.8 38.9 140 38.9 Not OK

2 61 54.9 32.9 140 38.9 Not OK

Fig. 4 Ground improvement as an abatement measure
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surface track (subgrade) and possibly the underground (Fig. 4). This includes nearly
4 m of ground improvement over a length of approximately 1.5 km.

Further measurements will be applied in this case in order to optimize the abate-
ment measures. More applicable abatement measures to fulfil the requirements of
cyclic-dynamic stability are provided in [32] and also mentioned in other case study.

3.3 Case Study 3 in Germany

In Germany, intensive studies about cyclic-dynamic impact of railways began in the
1990s, which were also triggered by the decision of Deutsche Bahn to apply slab
(non-ballasted) track for the new HSR. The focus of Deutsche Bahn has been to
reduce maintenance efforts. Due to the limited knowledge and experience in the
1990s about the cyclic-dynamic impact of railways, Arcadis developed an in situ
testing device [9, 20] (see Fig. 5) This testing device can simulate the cyclic-dynamic
impact of railways realistically in 1:1 scale in situ, as the comparison of test results
and measurements under operation in Fig. 5 shows.

Based on these researches and studies, a methodology has been developed (see
above) and published in [30]. This approach is basically a combination of dynamic
calculation of the superstructure and numerical soil-dynamic calculation. Dynamic
stability is achieved, when the calculated shear strains are below the threshold value
(Fig. 3). Figure 6 shows an example related to the results of numerical analysis based
on the methodology described in [30]. The method has been validated based on long-
termmeasurements (10 years) along tracks [21]. For cases where shear strain criteria
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are met, there is a limitedmaintenance. This method allows for an economical design
with reducedmaintenance by considering train-track-ground conditions realistically.

In case the requirements are notmet, one can think of different solutions including,
but not limited to, abatement measures at the location of vibration source (e.g.,
the use of slab track instead of conventional ballasted track in order to reduce the
cyclic-dynamic impact) and the use of stone columns or dynamic compaction.

4 Final Remarks

The following flowchart (see Fig. 7) is a methodology which can be adopted for
international projects. In fact, for commencing with a dynamic stability project, one
should study three aspects first: These include track configuration, site investigations
and measurements. Regardless of the geographical locations and national directives,
one can consider two requirements simultaneously (i.e., dynamic displacements as
well as Rayleigh wave velocity).

In the Netherlands, first Rayleigh wave velocity is assessed with the use of in situ
testing (either through direct measurements of the waves or performing seismic
CPTs) in order to determine the shear wave velocity. Afterwards, the critical railway
velocity is assumed as 90% of the shear wave velocity (i.e., Rayleigh wave velocity)
and a factor of safety for stability of the railway track is applied which is 1.67 (critical
railway velocity divided by 0.6).

In this paper, the methodologies used in both the Netherlands and Germany were
discussed. For instance, in the Netherlands the number of railway lines with design
speeds higher than 200 km/h is limited compared to those in Germany. This explains
the more detailed regulations and demands for analysis in Germany when designing
a high-speed line with speed higher than 200 km/h. Moreover, different case studies
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Fig. 7 Methodology applied for assessment of cyclic-dynamic impact

with respect to the cyclic-dynamic assessment were shown and two different criteria,
namely Rayleigh wave velocity and dynamic displacements were considered. It
is commonly accepted that the Rayleigh wave velocity associated with generated
vibrations is identified as being the criterion to be achieved to mitigate the risk of
amplifications of ground movements and deterioration of the track system. This
is currently considered the state-of-the-art approach by most railway authorities.
However, in order to further increase safety and passenger comfort and reduce main-
tenance efforts, dynamic displacements should also be used as the second criterion
so as to assess cyclic-dynamic impact.
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Field Behavior of GRS Bridge Approach
Under Large Subsoil Settlement: A Case
Study

Chunhai Wang and Huabei Liu

Abstract Geosynthetic reinforced soil (GRS) structures with excellent engineering
performance are extensively utilized throughout the world in embankment engi-
neering. GRS structures are commonly not utilized for applications where large
settlements are anticipated. In this study, a GRS bridge approach reinforced with
uniaxial geogrid and backfilled with graded crushed stones was instrumented during
and post-construction for almost one year. Owing to the high construction height and
the compressibility of the foundation soil, the GRS bridge approach has settled more
than 0.3 m and continues to settle. That unexpected settlement induced a series of
complicated response mechanisms related to the behavior of the reinforcement and
vertical earth pressure at the base of the wall. Overall, even for such large settlements,
the GRS bridge approach still performed adequately.

Keywords GRS bridge approach · Field instrumentation · Settlement · Working
behavior

1 Introduction

For remediating the differential settlement between bridge and embankment, the
GRS structure is extensively employed as the transitional structure [1–5], with the
advantages of low engineering cost, easy implementation, fast construction, and
environment-friendliness. To better understand the engineering behavior of the tran-
sitional structure, full-scale tests with field instrumentation and numerical analyses
were conducted [6–11].

In this study, an 8 m high GRS bridge approach had a settlement that exceeded
0.3 m during and post-construction. It was instrumented for measuring settlement,
reinforcement strain, vertical earth pressure, and monitored for almost one year. The
objective is to reveal themechanisms that took place during the deformation behavior
of that transitional structure.
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2 Field Overview

The GRS bridge approach was a part of one urban expressway embankment, which
was constructed beside the Yangtze River in one city in the center of China. For the
purpose of adapting non-uniform settlement and also saving engineering cost, the
GRS wall structure with vertical facing was designed to some embankment sections.
Between the bridge and embankment, the GRS bridge approach was designed with a
quite height of 8 m. Figure 1 shows the overview of the GRS bridge approach during
the service period.

The GRS wall consisted of cement-soil mixing pile, base cushion reinforced with
triaxial geogrid, strip foundation, pre-casted concrete block facing, uniaxial geogrid,
drainage layer, backfill soil, and then pavement structure. Before the construction of
the GRS wall, the ground was reinforced by cement-soil bidirectional deep mixing
pile to satisfy different sections with different strength standards. A 0.5 m thick-
ness lime-treated soil reinforced with triaxial polypropylene geogrid was assigned
under the strip foundation. The foundation adopted a C25 strip concrete foundation.
The concrete block facing with the dimensions of 400 mm × 305 mm × 150 mm
(length × width × height) connected to adjacent layers blocks and uniaxial geogrid
by two nylon anchor rods. The mechanical properties of uniaxial geogrid made
of high-density polyethylene (HDPE), provided by the manufacturer according to

Fig. 1 Overview of the GRS bridge approach during the service period
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Table 1 Properties of
uniaxial geogrid provided by
the manufacturer

Parameters Value

Ultimate tensile strength (kN/m) 70.0

Tensile strength at 5% strain (kN/m) 31.0

Maximum allowable strength after 120 years (kN/m) 25.6

Fig. 2 Size distribution of
the backfill graded crushed
stones
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ASTM standards, are shown in Table 1. Behind the block facing, a 0.3 m thick-
ness crushed stones were set for drainage and filtration. Considering the drainage
and safety requirement, graded crushed stones were used as backfill soil within the
bridge approach range. Figure 2 shows a representative size distribution of the backfill
graded crushed stones.

The backfill soil of the GRS bridge approach is graded crushed stones with
weight of 17.35 kN/m3. By simple shear test, the friction angle is ϕ = 41◦,
and the cohesion is c = 31 kPa. And the reference stiffness modulus at 50%
strength is E ref

50 = 9847.9 kPa with the corresponding reference confining pressure
pref = 100 kPa.

The GRS bridge approach is a complex GRS structure as shown in Fig. 3, in
which the GRS wall was combined with the bridge pier. The reinforcements came
from both parallel and perpendicular to the road direction as shown in Figs. 3 and 4.
The corner adjacent reinforcement layers were separated by backfill graded crushed
stones for avoiding reinforcement overlap during construction. The bridge approach
reinforced zone filled with graded crushed stones is 8 m in the height, 8 m in the
width, and approximately 34 m in the length.

According to the engineering geologic investigation report, the base condition is
quite complex as shown in Fig. 3 and Table 2. The cement-soil bidirectional deep
mixing pile was implemented to improve the strength of the weak subsoil layers to
not lower than 200 kPa. The base condition as shown in Fig. 3 was complex even
after the ground treatment the weak substratum layer still existed.
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Fig. 3 Illustration of cross-section parallel to the road direction of the GRS bridge approach

3 Instrumentation

The instrumented cross-sections were both sides of the GRS bridge approach as
shown in Fig. 4. For the convenience of description, the left side of the GRS bridge
approach from the embankment to bridge direction was arranged as the Section-A
(Fig. 4a). And the other sidewas arranged as the Section-B (Fig. 4b). The upper tiered
wall of Section-A and Section-B was symmetrical, filled with graded crushed stones,
combinedwith pavement structure to 8mhigh, and reinforcedwith the reinforcement
length of 8 m, the vertical spacing of 0.45 m.

The monitoring of both sections included vertical earth pressure at the base of
the wall, reinforcement strains for three layers by flexible displacement sensor, and
settlement along the reinforced zone from the base of the wall by inclinometer tube
(Fig. 4). The vibrating-wire earth pressure cell with capacity of 300 kPa and accuracy
of 1 kPawas adopted; the flexible displacement sensor based on inductance frequency
modulation design has the capacity of 20mmand the accuracy of 0.01mm; settlement
measurement consists of two parts, one from relative settlement of inclinometer tube



Field Behavior of GRS Bridge Approach Under Large Subsoil … 799

Fig. 4 Illustration of
instrumented cross-sections:
a Section-A and b Section-B
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Table 2 Properties of base by engineering geologic investigation report

Soil
layer
no

Soil Physical properties Mechanical properties

Moisture
content

Dry
density

Soil
particles

Coeff. of
permeability

Modulus of
compressibility

Consolidated
undrained direct
shear tests

ω ρd Gs K Es,1−2 c φ

% t/m3 – m/d MPa kPa °

2C clay 35.03 1.42 2.73 0.00432 4.43 28.31 15.10

2CM silty
clay

32.91 1.41 2.71 0.00147 4.55 27.11 16.53

3S silty
fine
sand

19.90 1.58 2.68 0.86400 13.7 15.00 27.50

3CM silty
clay

33.03 1.41 2.71 0.00432 3.86 21.35 16.74

5CM silty
clay

34.92 1.37 2.70 0.00432 3.44 20.70 17.00

and another from absolute settlement of inclinometer tube porthole compared with
reference point by total station. The accuracy is 0.01 mm for the inclinometer and 2
+ 2 ppm for the total station.

The construction progress was very fast, the main portion finished by almost two
months as shown in Fig. 5. The settlement of both sections during construction was
unexpectedly large, which increased a few layers of the block facing compared with
the original design, two for Section-A and one for Section-B.

Single drum vibratory roller was used for central backfill compaction, which
implemented a static linear load for 51.6 kN/m and centrifugal force for 374/290 kN
(high/low amplitude). Within 1 m range from the facing, the backfill was compacted

Fig. 5 Illustration of
construction progress

0 50 100 150 200 250 300 350
0

2

4

6

8
 section-A
 section-B

H
ei

gh
t o

f t
he

 w
al

l (
m

)

time (day)



Field Behavior of GRS Bridge Approach Under Large Subsoil … 801

by operated plate compactor with centrifugal force 15 kN. Each 0.45 m layer was
divided into two layers for compaction while construction.

4 Analysis of Test Results

Different sensors with different installation positions would have dispersive records.
For the convenience of explanation, unified recording time was adopted from the
beginning of construction.

4.1 Settlement

In this study, the settlements almost stabilized after 320 days as shown in Fig. 6.
With that large settlement appearance, the contractor decided to grout the gap below
the approach slab from road surface approximately in day 180.
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Fig. 6 Settlements of both sections: a, b for Section-A and c, d for Section-B
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The settlement of inclinometer tube porthole was approximate −196/−151 mm
(Section-A/Section-B) during themain portion of thewall complete in day 60.Mean-
while, the differential settlement appeared between the facing and inside of the wall.
Contributed by the strip foundation, the settlement gradually increased with the
distance from the wall facing. Affected by the lack of lime-treated cushion and the
compressibility of the lower-tiered wall, the settlement of inclinometer tube porthole
for Section-A was −81 mm larger than Section-B in day 320.

That large settlement came from three parts. The first one was the complex base
situation with high compressibility. According to the engineering geologic investi-
gation report, only silty fine sand layer 3S had a relatively high stiffness. Ground
treatment only improved the strength but not enough for stiffness compared with
the thickness of weak substratum layers. There was a possibility that the base of
embankment could beYangtze River downstream alluvial soil due to the river change
in hundreds of years. The second one was the fast construction speed with a high
overlay load. The GRS bridge approach was particularly high with 8 m and upload in
a short period of 60 days. The third one was the unreasonable construction process.
The construction of the GRS bridge approach began in the late stages of the whole
embankment engineering. Because of the mistake of construction arrangement, the
ballast preloading technique was adapted for the whole road except for the GRS
bridge approach reinforced range. There was no effective measure to reduce the
post-settlement for such a sensitive structure.

4.2 Reinforcement Deformation

The instrumented reinforcement layers and corresponding height were layer-4, layer-
9, layer-14 and 1.65 m, 3.90 m, 6.15 m, respectively. The reinforcement deforma-
tions were measured by the inductive flexible displacement sensor, which satisfied
deformation compatibility with the average tensile deformation between adjacent
transverse ribs [12–14].

Figure 7 shows the reinforcement strains during and post-construction. The rein-
forcement strains were relatively stable after construction completion. The strains of
the reinforcement were mainly induced by both construction and settlement. The
construction induced reinforcement strains came from both above stone gravity
loading and compaction. That compaction induced strains reduced gradually after
engineering complete until the contractor grouted from the road surface in day 180.
After that, the strains got a little bigger, especially for the higher layer-14.

With the increase of the construction height, the non-uniform settlement between
facing and inside of the wall magnified the reinforcement strains close to the wall
facing as shown in Fig. 7a. By the result in certain backfill-arching, the distribution
of stain along the reinforcement was not uniform.
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Fig. 7 Reinforcement strains of both sections: a strains distribution during construction b strains
during and post-construction
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Fig. 7 (continued)

4.3 Vertical Earth Pressure at the Base

Unfortunately, four vertical earth pressure sensors of Section-A at the base lost their
function, which decreased immediately to almost zero after the compaction of the
upper layer probably due to machine damage.

Although the reinforcement could assist the vertical earth pressure evenly
distributed, the large settlement caused some unusual mechanics response as shown
in Fig. 8. The large settlement, increasing gradually with the distance from the wall
facing, inducing the reinforcement zone of the wall deflected backward. However,
the vertical earth pressure was not increased with the distance as expected, probably
due to the softness of the subsoil. The vertical earth pressure close to the facing
was larger than inside one from Section-B. The non-uniform settlement might lead
slightly unload at the base rear of the reinforcement zone.Andcertain backfill-arching
improved the pressure in 6 m.

Figure 8b, d shows the vertical earth pressure evolvement with days. The
expressway started service on day 277, and the traffic load was assumed with 10 kPa.
The vertical earth pressure at the base of the wall gradually raised with construction
progress, after that was a decline with the compaction effect disappear and a little
improvement after the road started service. Compared with the estimated load, the
measured results showed good consistency.
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Fig. 8 Vertical earth pressure of both sections: a, b for Section-A and c, d for Section-B

5 Conclusion

A GRS bridge approach backfill with graded crushed stones and reinforced with
uniaxial geogridwas instrumented andmonitored for almost oneyear. The settlement,
reinforcement strains, and vertical earth pressure were measured during and post-
construction. The measured responses were analyzed, and the behavior mechanism
related to each aspect was discussed. From this case study, the following conclusions
were obtained:

1. The high compressibility of the subsoil and unreasonable construction process
led to the large settlement of the GRS bridge approach.

2. Reinforcement strain was generated mainly by gravity loading and compaction,
after that the strain remains relatively stable. Moreover, the increased strain of
reinforcement by large settlements was only close to the wall facing range in
this study.

3. The large settlement decreased the vertical earth pressure at the base beneath
the wall.
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4. Under a large settlement of over 0.3 m, the GRS bridge approach still performed
satisfactorily.
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Abstract Effective assessment of bearing capacity of the existing pavement struc-
ture as well as proper characterization of materials used in the construction of pave-
ment layers provides critical inputs for rehabilitation design of urban roads. This
study presents the findings from a comprehensive pavement geotechnical investiga-
tion that was performed on approximately 2300 ft of composite pavement (AC on top
of PCC) located on Curtis road in Savoy, Illinois. Non-destructive testing program
included falling weight deflectometer (FWD) as well as ground penetrating radar
(GPR) at both center and transverse joint locations. Additionally, destructive testing
program including pavement borings, pavement coring at crack locations, deep and
shallow soil borings, dynamic cone penetration (DCP) testing on aggregate base,
and subgrade as well as soil sampling and laboratory testing was performed. GPR
scans obtained at three different antenna’s frequencies including 2 GHz, 900 MHz,
and 400MHz were analyzed and calibrated by pavement cores to generate pavement
layer thickness profiles. Statistical analysis methods were used to identify trends
and develop correlations between the laboratory and field test results. This includes
finding linkage between the pavement thicknesses obtained through coring and what
was estimated usingGPR. The findings from this study showed that strength, bonding
status, and thickness variability of pavement layers as well as groundwater table
and in-situ moisture condition of the subgrade soil significantly affect the surface
pavement deflections.
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1 Introduction

A comprehensive geotechnical investigation is an initial and mandatory stage that
needs to be performed as part of road widening and highway pavement rehabilitation
projects. Although original design documents and as-built construction recordsmight
be available for the existing pavement structure, the material properties used for the
initial design might not remain the same over service life of the project. This can be
due to contamination from subgrade soils fines, freezing and thawing cycles aswell as
degradation of geo-materials caused by repeated traffic loading and environmental
conditions. According to the reference manual 05-037 [1] published by National
Highway Institute (NHI) related to geotechnical aspects of pavements, an idealized
subsurface exploration program for a highway project should include remote sensing
to survey the area, geophysical testing, resistivity study, penetrometer testing as well
as soil borings, sampling and laboratory testing. This idealized program provides
a clear understanding of the existing condition of the road structure. Nevertheless,
the cost associated with such a detailed testing program needs to be justified and
modified depending on the size of the project and available resources. Figure 1 shows
a comparison between different subsurface exploration techniques considering the
cost and reliability of each method.

Fig. 1 Different subsurface exploration alternatives with associated cost and reliability levels [2].
DCP—Dynamic cone penetration, SPT—standard penetration test, CPT—cone penetration test,
DMT—flat dilatometer test, VST—vane shear test
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The adverse impact of geotechnical problems can increase the construction costs,
delay the project schedules, and finally reduce the service life of the pavement. These
issues have been very well documented in the literature. Neupane [3] conducted a
survey with participation of 53 engineers from state Department of Transportations
(DOTs) and 43 engineers from design consultant firms in order to investigate the
geotechnical related issues on pavement projects’ performance. He found that lack
of properly identifying boring locations as well as misclassifying subgrade soils
was two major factors with negative impacts on cost and schedule of the highway
rehabilitation projects. Chapter 4 of the geotechnical manual published by Illinois
Department of Transportation [4] outlines the subsurface explorations and field-
testing procedures for highway construction projects. The manual emphasizes that
insufficient, poorly planned, and/or poorly executed subsurface explorations could
result in unanticipated discovery of weak, wet, or frost susceptible soils; or erroneous
predictions of soil behavior during construction that may lead to expensive delays
and redesigns.

This paper provides the findings from geotechnical investigations performed on
the existing pavement and within the right of way of the proposed lane widenings
for the Curtis road project from Prospect Avenue to Route 45 in Savoy, Illinois. The
project section was approximately 2300 ft long. The project included lane widening
and resurfacing of the existing pavement. This study also provides the recommen-
dations related to strength variability of existing pavement structure including the
quality of load transfer efficiency of existing Portland cement concrete (PCC) joints.
Moreover, the pavement rehabilitation as well as soil improvement alternatives is
discussed in this paper.

2 Project Development and Background Data Collection

A review of the available information for the project started inMarch 2019. Based on
the proposed drawings provided, the portion of Curtis road included in this project
was marked from Sta. 138 + 46.91 (Centerline of Prospect Avenue) to Sta. 161 +
26.11 (Centerline of Route 45). The elevation and alignment data for the existing
pavement and the proposed pavement widening locations were also provided. United
States Department of Agriculture (USDA) Soil Survey of Champaign County as well
as Geographic Information System (GIS) data obtained from the Champaign County
GIS Consortium was reviewed. The soil survey data was overlaid with the existing
road at the project location. According to Fig. 2, the proposed alignment of Curtis
road traverses mostly Drummer silty clay (152A) with Flanagan silt loam (154A).
The soils on the project are common for major land resource area (MLRA) 108
(Illinois and Iowa Deep Loess and Drift) with the poorly drained Drummer series in
the flat (0–2% slope) bottom areas and somewhat poorly drained Flanagan series on
the flanks of sloping areas (0–2% slope) at the top of slopes. The soils have formed
in loess and till deposits of theWisconsin Glaciations, specifically in the Champaign
Moraine.
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Fig. 2 Curtis road project boundaries and governing soil types based on USDAChampaign County
soil survey report

2.1 Existing and Proposed Typical Pavement Cross Sections

The existing pavement on Curtis road between Prospect Avenue and Route 45 is
asphalt concrete (AC) over PCC except a few locations. The pavement coring showed
that existing pavement at sections with AC over PCC had an average AC thickness
of 5 in. over an average PCC thickness of 7.8 in. The existing pavement at the few
locations with only AC had an average AC thickness of 10.1 in. A layer of crushed
stone aggregate and sand was found under the pavement at several locations.

The proposed pavement on Curtis road from the intersection of Wesley Avenue
to the intersection of Route 45 was still at the design stage during this study. Never-
theless, for the purpose of this study, it was assumed that the proposed pavement
on Curtis road will be 8 in. of PCC over 4 in. of aggregate base course material.
It was also assumed that the elevation of the proposed lane widening on Curtis
road between Wesley Avenue and Route 45 will match the elevation of the existing
pavement surface.
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3 Field and Laboratory Testing Programs

3.1 Non-destructive Deflection Testing (NDT)

The objective of an NDT program is to measure the pavement’s structural response
to heavy dynamic loads, similar in magnitude and duration to those produced by
moving truck wheel loads. The collected deflection data may be used to determine
the pavement layer material properties and foundation support and to group or divide
a pavement into uniform sections that exhibit similar responses under a given load.
This can aid the designer, so that significantly different pavement sections are not
overlooked with random coring. The equipment used for the deflection testing in this
study was a trailer mounted KUAB falling weight deflectometer (FWD). The FWD
exerts an impulse loading force to the pavement and measures the resulting surface
deflections. Nine deflection transducers were used with one transducer placed at the
center of the loading plate and the others spaced radially at spacings of −12, 0, 12,
18, 24, 36, 48, 60, and 72 in. from the center of the load plate along a straight line.
The resultant set of readings form the deflection basin. The negative 12 in. transducer
was used for PCC joint load transfer analysis. The existing pavement was five lanes
from Prospect Avenue to Wesley Avenue and three lanes from Wesley Avenue to
Route 45. Note that lane numbers were assigned in increasing order from south to
north. The FWD testingwas conducted at loading levels ranging from 6000 to 12,000
lbs. and at two locations in each lane: (1) at center of lane to represent the slab center
locations and (2) in right wheel path at transverse crack locations to represent the
transverse joint location in the underneath PCC pavement. The air temperature and
surface temperature of the AC layer were also recorded using air transducer and
infrared temperature sensor of the FWD, respectively.

3.2 Ground Penetrating Radar (GPR) Testing

Ground penetrating radar (GPR) hasmany uses including determination of pavement
layer thicknesses, base and subbase evaluations, geological investigations, bridge
deck inspections, and geo-textile performance testing. The GPR equipment used for
this study was GSSI’s RoadScan™ system with the SIR-30 data acquisition system,
a 2.0 GHz air-coupled antenna, 900 and 400 MHz ground-coupled antennas. A GPS
unit was used to obtain the spatial coordinates of the points along the pavement
section being tested. This system provides an effective tool for quickly collecting
the pavement surface thickness data while traveling at posted speed limits. The
GPR system can collect data at intervals as small as 1 inch. Therefore, continuous
pavement surface thickness profiles can be developed without causing any damage
to the pavement structure, which would not be possible with conventional pavement
coring. The GPR testing was also performed at two locations including center of
the lane and right wheel path. Note that the GPR and FWD testing were performed
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simultaneously by integrating the distance measuring instrument (DMI) of the FWD
trailer with the GPR data acquisition system. This arrangement will allow real-
time analysis of the pavement layer thicknesses in conjunction with the maximum
deflection data collected at deflection transducer located at the center of the load
plate.

3.3 Soil and Pavement Borings, Sampling, and Testing

Soil investigation is necessary to determine the suitability of in-place soils as
embankment and pavement subgrade. Soil properties determined from laboratory
testing provide important inputs for the pavement design. Depths of existing AC
and/or PCC pavement layers, depth of soil layers, in-place moisture contents,
organic contents, Atterberg limits, particle size distributions, soil classifications, and
subgrade supporting rating following Illinois DOT subgrade stability procedure [5]
were among the items that were investigated in this project. A total of 19 pavement
boreholes were drilled with a 6 inch diameter core rig, and 14 soil borings were
augured at various locations from Prospect Avenue to Route 45 to get the represen-
tative soil samples from each lane in both east bound (EB) and west bound (WB)
directions. An additional ten pavement cores were drilled at the crack locations to
determine the condition of the existing structural layers of AC and PCC to examine
the crack patterns and the depths of crack propagation with respect to top and bottom
surfaces within each layer. Both pavement borehole and core stations/lane number as
well as pavement materials and associated thickness for each layer are summarized
in Fig. 3. No soil samples were collected at the ten core hole locations. Dynamic
cone penetrometer (DCP) testing was also performed at the top of the aggregate
and/or soil layer (after removing the pavement core when applicable). The borings
were then further advanced manually through the soil layers to a minimum depth of
72 in. whenever possible. Soil samples and pavement core were collected at each
borehole location and transported to the laboratory for further analysis. Water table
measurements were taken at 5 min and 24 hrs after completion of the sampling at all
borehole locations.

4 Results and Discussions

The maximum deflection (D0) obtained from NDT is a good indicator of the overall
roadway condition. D0 is a function of foundation support, upper pavement layer
thicknesses, strength, and applied loads. In general, for any given thickness, higher
D0 values indicate a weaker pavement, and variability of the pavement structure can
be observed by viewing the longitudinal profile of the maximum deflections along
the length of a roadway. The D0 data measured at a target load of 9000 lbs. were
normalized to a standard load of 9000 lbs. considering the pavement temperature
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following Asphalt Institute (MS-17) correction procedure [6]. Both the approach and
leave slab deflections could be recorded as part of FWD testing. Thus, percentage of
load transfer efficiency of PCC joints as the ratio of approach to leave slab defection
multiplied by 100 [7] was computed. Figure 4 summarizes deflection testing results.
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Table 1 Uniform section numbers and corresponding stations

Station Uniform section number

1 2 3 4 5

Start station 138 + 46 139 + 81 146 + 47 151 + 00 158 + 22

End station 139 + 81 146 + 47 151 + 00 158 + 22 161 + 26

Considering normalized D0 defection at 9000 lbs. at center and right wheel path
transverse joint locations for different lanes, the project length was divided into five
uniform pavement sections.

The start and end station numbers for each uniform pavement section is included
in Table 1. These boundaries were later used to provide different rehabilitation alter-
natives for each section. The normalized D0 profile and pavement layer thicknesses
obtained from coring (see Fig. 3), showed that from Wesley Avenue to Route 45,
pavement structure along lane 4 has relatively lower strength variability as compared
to center turning lane (lane 3) and lane 2. Additionally, the deflection values as well
as their variabilities recorded for pavement structure of all 5 lanes from Prospect
Avenue to Wesley Avenue were found to be lower than the deflection values and
variabilities associated with lanes 2, 3, and 4 from Wesley Avenue to Route 45.

GPR data obtained from three different antennas were processed using RADAN®

GSSI’s software to determine the existing pavement layer thickness. A two-layer
analysis approach was used to estimate the depth to the bottom of PCC layer. The
estimated thickness of PCC layer obtained from GPR analysis and measured from
pavement coring/boring is presented in Fig. 5. This figure shows that a good corre-
lation exists between these two methods for measuring the PCC thickness. Note that
low level of accuracy in estimating the PCC layer thickness by GPR was observed
for core C10 located in Section 5. After inspecting the surface of the pavement,
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a considerable amount of structural distresses was found in Section 5. Pavement
surface distress allows greater amount of moisture penetration into the pavement
which could interfere with GPR signal.

Immediate bearing values (IBV) [5] were obtained by performing DCP tests on
the aggregate base and subgrade soil at the location of 19 pavement borings. Illinois
DOT has adopted the term IBV in lieu of the California bearing ratio (CBR), to
differentiate it from the soaked CBR used for pavement design. The average IBV
results up to the depth of 72 in. are presented in Fig. 6. In general, DCP testing results
indicate that the soils provide a relatively low bearing value.

Soil samples collected from 19 pavement borings as well as well as fourteen soil
borings were visually classified. In total, six main soil groups and three organic
soil groups were identified. A representative soil samples from each group was
selected, and several laboratory tests were performed. According to Table 2, most
of the soils were classified as silty clay with A-6 and A-7-6 AASHTO designation
which confirms the poor bearing capacity of the soil. Organic content test was also
performed on the three organic soil groups.

The results presented in Table 3 indicate 4.3–7.3% of organic content was found
in the soil samples. The subgrade support ratings (SSR) [5] of five soil samples tested
in the laboratory varied from poor to granular. It was recommended that a “Poor”
SSR be used for this project. The compressive strength test was also performed on
the concrete samples cored from the pavement at P3, P4, P6, P8, and P9 locations.

The results showed compressive strength of the PCC ranging from 7150 to 9300
psi with mostly shear failure. These were acceptable values since the typical PCC
28-days compressive strength is around 5000 psi. Note that it was not possible to
perform compressive strength on all the cored samples due to broken cores and/or
rebar in the cores.
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Table 2 Laboratory soil test results on six main soil groups

Soil group no. 2B 4 7 8 9 10

Section no. 5 3 4 4 3 5

Sample depth
(in.)

7–19 36–44 38–50 28–40 21.5–33.5 30–42

AASHTO
classification
(group index)

A-1-a (0) A-7-6 (0) A-6 (0) A-6 (1) A-6 (5) A-2-4 (0)

ASTM
classification

SM CH CL CL CL SC

IDOT
classification

Sand Silty clay Silty clay loam Loam Loam Sandy loam

IDOT
subgrade
support rating

Granular Fair Poor Poor Poor Granular/poor

% Sand 84.9 16.2 10.1 39.6 46.4 70.0

% Silt 11.0 50.7 65.0 42.7 37.1 14.2

% Clay 4.1 33.1 24.9 17.7 16.5 15.8

Liquid limit NPa 50 38 26 39 NP

Plastic limit NP 21 22 15 20 NP

plasticity
index

NP 29 16 11 19 NP

aNP—Non-plastic

Table 3 Organic content test
results for organic soil groups
(AASHTO T267)

Soil group no. 3 5 6

Section no. 2 4 4

Depth (in.) 17–32 24–36 12–24

Organic content (%) 7.3 4.3 6.6

5 Conclusions and Recommendations

A combination of different destructive and non-destructive tests was performed on
approximately 2300 ft of composite pavement located inCurtis road inSavoy, Illinois.
Based on the findings from this study, milling and overlay with localized patching
and joint repairs was recommended for existing pavement in lanes 1 through 5 at
Sections 1, 2, and 3. Additionally, full pavement reconstruction was suggested for
lane 2 and lane 3 in Section 4 as well as lanes 2 through 4 at Section 5. High deflection
values in these lanes and sections were used as the main criteria to identify the proper
rehabilitation alternatives. Note that onlymilling and overlay with localized patching
and joint repairs was recommended for lane 4 in Section 4. DCP field testing at
boring locations as well as laboratory tests performed on soil samples indicated that
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subgrade bearing capacity is at poor condition.Where lanewidening or full pavement
reconstruction is required, it was decided that subgrade improvement should be
performed. This could be achieved by treating top 12 in. of subgrade with lime after
removing and replacing organic soil layers in Sections 2 and 4 with suitable material
within the top 24 in. of subgrade. Based on IDOT recommendations, 4 in. of aggregate
base material should also be placed under 8 in. of PCC pavement. The findings from
this study showed that the combination of destructive and non-destructive testing can
be effectively used to characterize the composite pavement structure. This includes
the successful performance of GPR in estimating the thickness of PCC pavement.
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Challenges in Developing Sustainable
Infrastructure Case History: Boubyan
Clay

Waleed Abdullah, Fahad AlOqaili, Ananth Ramasamy, Srour AlOtaibi,
and Shaikha AlTheyab

Abstract Boubyan Island, which is the largest island within the geographic bound-
aries of the State of Kuwait, is characterized with its challenging ground conditions.
Results of the extensive geotechnical investigation program indicated that the soil
profile in the island is comprised of thick, soft, silty clay layer, with thickness ranging
between 19 and 26 m, underlain by a dense to very dense fine sand layer. The silty
clay layer is characterized as very soft to soft, calcareous, low to intermediate plastic,
light brown to brown claywith cone resistance value less than 1MPa, which is locally
referred as “Boubyan Clay.” Due to the existence of the thick, soft Boubyan Clay
deposits in the island, ground improvement works in the form of surcharging with
prefabricated vertical drains was adopted for limiting settlement of the road embank-
ments after formation and for enhancing stability of the embankments. This paper
describes in detail the challenges that Boubyan Clay imposes in developing sustain-
able infrastructures and in particular the analysis of the embankment slope stability
under temporary and permanent load conditions usingMorgenstern and Pricemethod
of slices by adapting the numerical modeling program of SLOPE/W. Analysis indi-
cated that embankments were stable under temporary as well as permanent loading
conditions. Results also proved that margin of safety in the drained long-term loading
condition is much larger than those under the undrained loading conditions.
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1 Introduction

The State of Kuwait lies on the northeastern part of the Arabian Peninsula. It has a
surface area of about 17,818 km2 and is bounded on the north andwest by Iraq, on the
west and south by Saudi Arabia, and on the east by the Arabian Gulf (Persian Gulf).
Halwagy and Halwagy [5] the State of Kuwait includes ten offshore unpopulated
islands: Failaka, Boubyan,Warba,Mischan, UmAl-Nemmel, Auhha, Kubbar, Qaruh
and UmAl-Maradim. Figure 1 shows the map of the State of Kuwait and the islands.

Fig. 1 State of Kuwait map
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Boubyan Island is the largest island within the geographic boundaries of Kuwait
that is located in the northwestern corner of the Arabian Gulf with an area of about
863 km2. It is about 40 km long with a width that varies between 25 and 35 km. The
soil profile in Boubyan Island is different than soil across the State of Kuwait as it is
mainly soft, thick clay, locally known as Boubyan Clay, as opposed to the calcareous
silty, sand that covers the rest of the country. The development of the infrastructure
of the island is linked to constructing a new container seaport terminal that lies on
the eastern shore of the island. Figure 2 shows the master plan of Boubyan Island and
the location of the seaport on the eastern shore. The port requires major development
around the island as it requires the construction of a dual 3-lane carriageway highway
and a parallel twin line railway. The lengths of the highway and the railway are
approximately 35 km linking the seaport from the eastern shore of the island to
Kuwait from thewest through a bridge.Due to the existence of the thick, softBoubyan
Clay deposits in the island, ground improvement works in the form of surcharging
with prefabricated vertical drains were adopted. Prefabricated vertical drains were
used to limit settlement of the road embankments after formation and for enhancing
stability of the embankments’ slope during the different stages of construction.

The first part of the paper discusses the geotechnical characteristics of Boubyan
Clay and challenges it imposes in developing sustainable infrastructures, while the
second part presents the analysis of the embankment slope stability under temporary
and permanent load conditions using Morgenstern and Price method of slices by
adapting the numerical modeling program of SLOPE/W.

2 Challenges Imposed by Boubyan Clay in Development
of Sustainable Infrastructures

El-Nahas et al. [3] reported that the clay deposits in Boubyan Island consist of struc-
tured marine clay that forms part of the Euphrates Delta Formation. Abdullah et al.
[1] reported that the island is located where the Euphrates/Tigris River systems enter
the Arabian Gulf, and that the large river systems act as both erosive and deposi-
tional environments depending on historical climatic and sea-level changes. Rapid
climatic changes following the end of the last ice age (approximately 10,000 years
ago) resulted in the production of considerable sediment that has been deposited at
the mouth of these river systems, forming a large delta, part of which is nowBoubyan
Island [1].

Search for the literature on the engineeringproperties ofBoubyanClaywas limited
to include only Bao et al. [2], El-Nahas et al. [3] and Abdullah et al. [1]. With no
prior local experience and data on Boubyan Clay deposits, investigation programs
which included mostly field tests and correlation with limited laboratory tests were
carried out for the specific purpose of development of the infrastructure projects in
the island.
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Fig. 2 Master plan of Boubyan Island
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The Geotechnical Assessment Report [8] presented results of the extensive
geotechnical investigation program that was carried out along the proposed highway
and railway sections. The Geotechnical Assessment Report indicated that the soil
profile within Boubyan Island can be characterized with two main layers as follows:
The upper major deposit of the island (M1) which is a thick layer of very soft to soft
silty clay extending down to depths between 19 and 26 m with an average thick of
about 20 m and is characterized as very soft to soft, calcareous, low to intermediate
plastic, light brown to brown clay with cone resistance value less than 1 MPa. This
silty clay layer is locally referred to as “Boubyan Clay.” Underlying this layer exists
a dense to very dense fine sand layer (A3). The land surface of Boubyan Island is
generally flat with ground surface varying from+2.1 to 3.4 m KLD.Water table was
found around 0.5 m depth from ground surface. Table 1 lists a summary of engi-
neering properties of both M1 and A3 layers. Figure 3 shows the geological profile
along east–west highway/railway section of the island.

In Table 1,w is the meanmoisture content,Gs is the mean specific gravity, γ is the
mean bulk unit weight,Ca is the mean calcium content,Cu is the undrained cohesion,
C′ is the drained cohesion, φ′ is the drained friction angle, Cc is the compression
index, Cr is the swelling index, Cα is the secondary coefficient of consolidation, e0
is the initial void ratio, Cv is the vertical coefficient of consolidation, and Ch is the
horizontal coefficient of consolidation, which was taken as 1.5 times Cv.

The existence of thick, highly compressible soft Boubyan Clay layer, unit M1,
and due to its low undrained shear strength created challenges for the construction of
the infrastructures included in the master plan, and therefore, ground improvement
works were necessary for creating sustainable development in the island with the
objectives to minimize the post-construction primary and secondary consolidation
settlement to meet the specified design requirements.

Preloading with vertical drains, vacuum dewatering, stone columns and in situ
deep mixing are commonly performed in cohesive soils [6]. Therefore, surcharge
with prefabricated vertical drain (PVD) was chosen as the ideal ground improvement
method for the Boubyan Clay soil along both the 35 km highway and railway and
part of the port area to accelerate the consolidation of the soft clay soil by allowing
water to dissipate radically to the nearest PVD as well as vertically to the sand filter
layer.

Abdullah et al. [1] described the challenges faced in the design, and execution of
the preloading/PVD ground improvement project applied to the thick Boubyan Clay
was the variations in the horizontal and vertical coefficients of consolidation (Ch and
Cv, respectively) that were measured in the laboratory, and therefore, preliminary
analysis predicted that the time to reach 90% consolidation may vary from three
months to one year causing a construction problem. To validate these predictions
and given the lack of prior local experience in soft clay in general and scarcity of
data on Boubyan Clay deposits in specific, a full-scale pilot project that included an
instrumented section under a surcharge load with PVDs was carried out.

Figure 4 shows detailed section of preloading profile with PVD adopted for the
road/rail embankment.
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Fig. 3 Geological profile along east–west axis of the island [8]

Fig. 4 Elevation cross section of the loading profile
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Table 2 Model geometries
used in the stability analysis

Model Soft clay
thickness (m)

Embankment
height (m)

Surcharge height
(m)

A 26 4.8 3

B 24 4.8 3

C 21 4.8 3

D 19 4.8 3

3 Embankment Slope Stability

Road embankments in Boubyan Island are to be constructed over deposits of very
soft to soft clay and silt. Preliminary assessment of the stability analysis indicated
that a 4.8 m high embankment with side slope of 1V:6H with a maximum of 3 m
high of surcharge preloading should be stable with factor of safety greater than the
required value of 1.2 for temporary condition and 1.5 for permanent condition by
stage construction. Under temporary conditions, a construction traffic loading of
10 kPa has been assumed during construction stage. For the permanent condition,
traffic load of 20 kPa has been assumed over the traffic lanes.

Depending on the depth of the soft sediment, four models were created for slope
stability analysis, namely A, B, C and D. The four models were proposed to cover
all ranges of depth of the clay layer which is between 19 and 26 m. Details of the
model geometries are listed in Table 2.

4 Method of Analysis

The Morgenstern and Price method of slices was used for embankment overall
stability analysiswith the aid of the numerical programofSLOPE/W,which considers
both force and moment equilibrium for the individual slices.

Slope/W software has many inputs that facilitate the management of data,
including forces details on each slide, list of variables amongst other aspects that
ensure the correct determination of the stability of the slope [4]. As such, slope
stability problems are normally approached with respect to soil strength, geometry,
loading imposed, pore water pressure, as well as soil structure interaction [4].

In this project, the analysis involved the use ofMorgenstern andPrice limit equilib-
rium technique to determine the minimum/critical factor of safety of slopes provided
which had two or more layers. The properties that were important for the analysis
included slip surfaces in the slope as well as the Piezometric line. The Piezometric
line defines the pore water pressure throughout the domain. The soil above the slip
surface in this case was divided into 20 slices for all the stages.

The following stages of construction were proposed and analyzed as follows:

• Stage 1: Construction of embankment height with temporary load
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Involved the construction of 4.8 m of embankment with additional 10 kPa for
temporary traffic load. The initial normally consolidated undrained shear strength
envelope of the soft clay was applicable.

• Stage 2: Construction of surcharge with temporary load
The soft clay is then subjected to consolidation during post-Stage 1 for a period
to 90% primary consolidation. Additional 20 kPa for permanent traffic load was
applied on the overconsolidated soft clay. The overconsolidated undrained shear
strength was applicable.

• Stage 3: Construction of surcharge with temporary load
After the soft clay has gone through consolidation during Stage 2 for a period to
90% primary consolidation, further loading of 3 m of surcharge with additional
10 kPa for temporary traffic load was applied on the overconsolidated soft clay.
The overconsolidated undrained shear strength was applicable.

• Stage 4: Post-construction of surcharge with permanent load
After the soft clay has gone through consolidation during post-Stage 3 for a
period to 90% primary consolidation, the surcharge load was removed to original
embankment level, and permanent load of 20 kPawas applied. The permanent load
was applied slowly indicating that the overconsolidated drained shear strengthwas
applicable.
The selected design parameters for the soft sediment and the fill materials are
given as shown in Table 3. Due to lack of previous data on the undrained shear
strength of the Boubyan Clay and difficulties in obtaining undisturbed samples,
normally consolidated and overconsolidate undrained cohesions listed in Table 3
were correlated from cone penetration tests, whichwere done before the surcharge
loading, as shown in Eq. 1 [7]

Cu = 0.22 σ ′
o (1)

where Cu is undrained shear strength, and σ o
′ is effective overburden pressure.

Table 3 Design parameters

Soil
layer

Classification Bulk
unit
weight
kN/m3

N/C
undrained
cohesion
Cu
kN/m2

N/C
drained
cohesion

N/C
drained
friction
�′
degree

O/C
undrained
cohesion
Cu
kN/m2

O/C
drained
cohesion

O/C
drained
friction
�′
degree

Fill SW 18 – 0 32 – 0 32

Soft
clay

CL 18.1 15:0–10 m
20:10–15 m
27:15–20 m
36:20–26 m

0 30 20.3:0–5 m
26.8:5–10 m
36:10–15 m
40.5:15–20 m
48.3:20–26 m

0 30

Sand SM 20.3 – 0 36 – 0 36
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5 Results and Discussion

The summary of the slope stability analysis from Slope W is listed in Table 4 with
comparison of design minimum requirement.

Stage 1 Involved the construction of 4.8 m of embankment with additional 10 kPa
for temporary traffic load. The minimum factor of safety obtained from
the analysis was 1.215 for all models, which showed that the slope had
just about the exact level of factor of safety required (1.2).

Stage 2 With a permanent traffic load of 20 kPa that was applied on the 4.78 m
high embankment soil where the underlying soft clay has been overcon-
solidated during post-Stage 1. The minimum factor of safety calculated
ranged between 1.538 and 1.575. Theminimum slope stability for this case
was expected not to fall below 1.5. As such, the calculations indicated that
the slope was safe.

Stage 3 Included the additional loading of 3m of surcharge with 10 kPa for tempo-
rary traffic load, the minimum factor of safety calculated between 1.204
and 1.206. This soil layer was expected to have a minimum not below 1.2.
The additional temporal load from traffic could be supported without any
risks at the factor of safety.

Stage 4 For the long-term drained slope analysis of the embankment and 20 kPa
traffic loading, the critical factor of safety calculate was 3.136 for all the
models. Design requirement of minimum factor of safety was 1.5. In this
case, the stability of the underlying soil layers was satisfied.

Figures 5, 6, 7 and 8 show the failure surface and minimum factor of safety
calculated for Model A for the four stages.

Analysis of the factor of safeties measured for the four stages indicates that the
margin of safety in the drained Stage 4, which is under drained loading, is much
larger than those in the first three stages (1,2,3), which are under the undrained
loading conditions. Therefore, long-term stability of the embankment is satisfied.

Table 4 Factors of safety calculated by Slope/W

Model Stage 1 Stage 2 Stage 3 Stage 4

A 1.215/1.2 1.564/1.5 1.204/1.2 3.136/1.5

B 1.215/1.2 1.564/1.5 1.204/1.2 3.316/1.5

C 1.215/1.2 1.538/1.5 1.206/1.2 3.316/1.5

D 1.215/1.2 1.575/1.5 1.206/1.2 3.136/1.5
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Fig. 5 Failure surface and minimum factor of safety calculated for Stage 1 of Model A

Fig. 6 Failure surface and minimum factor of safety calculated for Stage 2 for Model A

Fig. 7 Failure surface and minimum factor of safety calculated for Stage 3 for Model A
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Fig. 8 Failure surface and minimum factor of safety calculated for Stage 4 for Model A

6 Conclusions

This paper presented a background on the Boubyan Clay deposit that cover the whole
surface area, approximately 863 km2, of Boubyan Island and to depths between 19
and 26 m. The existence of this soft clay presented challenges that faced the devel-
opment of the mega infrastructures works included in the master plan for Boubyan
Island. Challenges included high consolidation settlements and low bearing capacity
of the Boubyan Clay that required ground improvement works. Surcharge with
prefabricated vertical drain (PVD) was chosen as the ground improvement method
for the Boubyan Clay soil along both the 35 km highway and railway and part of the
port area.

Further challenges were presented due the lack of available data on the Boubyan
Clay and lack of prior local experience to predict the long-term consolidation settle-
ments associated with these mega projects; therefore, to validate these predictions, a
full-scale pilot project that included an instrumented section under a surcharge load
with PVDs was carried out.

Slope stability analysis of a 4.8 m high embankment with side slope of 1V:6H
with a maximum of 3 m high of surcharge under temporary and permanent load
conditions was performed usingMorgenstern and Price method of slices by adapting
the numericalmodeling programof SLOPE/W.Analysis indicated that embankments
were stable under temporary as well permanent loading conditions. However, margin
of safety in the drained long-term loading condition is much larger than those under
the undrained loading conditions.

Acknowledgements The work presented in this paper would not have been possible without the
cooperation and support of the Mega Projects Sector (MPS), Ministry of Public Works (MPW),
Kuwait. The authors appreciate the assistance of the MPS Directors and Engineers.
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Initiation of 2014 Oso Landslide Using
3D Slope Stability Analyses: Effect
of Infiltration

Pourya Kargar and Abdolreza Osouli

Abstract March 2014 Oso landslide, which demolished Steelhead Haven Commu-
nity near Oso, Washington, is the deadliest in US history. Several factors have been
suggested for the initiation of this landslide by various researchers including, the
heavy rainfall before the landslide, timber harvesting on the upper plateau, river
erosion at the slope toe, groundwater rise due to rainfall infiltration, and irregular 3D
topographyof the slope.This studyutilizes 3D limit equilibriumand3Dfinite element
seepage analyses to investigate the effect of rainfall infiltration in the 7.5 acres timber
harvest area at the top of the slope as well as potential changes of groundwater
elevation on the initiation of 2014 Oso landslide. To achieve these objectives, the
infiltration rate was varied in the harvested area to investigate its effect on the first
phase initiation. Also, two potential groundwater levels were examined to assess the
sensitivity of the first phase slide mass to changes in groundwater conditions. The
3D factor of safety for the critical slip surfaces was obtained for the two groundwater
levels using two conventional limit equilibrium methods. The safety factor for the
critical slip surface is slightly different for the first and second groundwater levels.
The difference is such small that it can be concluded that a reasonable rise in ground-
water level would not have been the triggering factor for the 2014 Oso landslide. The
impacts of other potential factors such as shear strength reductions of upper layers
due to the rainfall infiltration, timber harvesting, and/or 3D slope geometry effects
appear to have been more influential in the initiation of the landslide.
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1 Introduction

After the occurrence of devastating Oso 2014 landslide with numerous casualties,
several researchers contemplated on the cause. Failure mechanism and the initiation
of the landslide are two of the main aspects that were analyzed by various studies.
The complex topography of the slope and sequence of progressive failures resulted
in different interpretations. Keaton et al. [1] using the data collected by a team recon-
naissance in the landslide area present some suggestions for the landslide failure and
initiation mechanisms. They introduced the Oso 2014 landslide as a two-phase land-
slide with a deep-seated failure surface which was initiated due to the remobilization
of the previous landslides’ debris on the slope. However, remobilization of a large
volume of ground layers as suggested by them does not follow the observations of
other studies, e.g., Stark et al. [2], who also suggests the upper part of the slope as
the initiation zone of the landslide. Iverson et al. [3] using their numerical modeling
software package (D-Claw) investigated the mobility of the 2014 Oso landslide.
They concluded that the disaster of Oso 2014 landslide was due to the high mobility
(speed and travel distance) of the landslide debris avalanche flow and ruled out the
relevancy of the size of the failure. They speculate that the landslide is triggered at
an elevation below the ancient landslide bench in the middle of the slope. However,
this speculation is not consistent with their proposed “high mobility of the landslide
debris avalanche flow” and other observed facts in the field. Tart [4] utilized the aerial
photos captured from the landslide area and presumed that the western part of the
ancient landslide bench had been the initiation zone of the landslide. The theory is in
contrast with the observations and findings by Stark et al. [2] which introduced the
eastern part of the ancient landslide bench as the initiation zone of the landslide. Stark
et al. [2], based on their findings from the field observations and 2D limit equilibrium
analyses, proposed a two-phase failure mechanism for the landslide. They identified
the eastern part of the ancient landslide bench, which had the smallest width, as the
initiation location of the landslide. Yerro et al. [5] performed an investigation on
the runout of the Oso 2014 landslide using the material point method (MPM). They
described this landslide by two primary stages and suggested that the initiation stage
had been the mobilization of the soil materials in the middle of the slope.

As can be inferred from above, despite some differences, the majority of the
previous studies on Oso 2014 landslide accept a two-phase mechanism for the failure
of the slope. However, there is no consensus on the initiation location of the landslide.
In addition, all the conducted studies have neglected the complex 3D topography of
the landslide area. The factor which seems to have played a significant role in the
initiation of the landslide, due to the presence of the ancient landslide bench.

This study aims at revealing the roles of the 3D effect and impact of the timber
harvested area at the north side of the bench in the initiation of Oso 2014 landslide.
For this purpose, the complex topography of the affected area was considered in a
3D setting. A combination of limit equilibrium (LE) and finite element (FE) methods
were utilized to assess the effect of excessive rainfall infiltration due to the elimination
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of vegetation on the stability of the landslide slope. Also, employing 3DLE analyses,
the role of groundwater table elevation in the landslide initiation was investigated.

2 Rainfall Infiltration—Effect of Harvested Area

According to Cao et al. [6] and Henn et al. [7], there has been an extremely wet
period of 403 mm rainfall in 21 days preceding the landslide event. They claim that
this rate of precipitation makes this period the wettest in the recorded history of
the region. Also, the aerial photos of the landslide region show the presence of a
timber harvested area (about 7.5 acres) on the eastern corner of the upper plateau
(see Fig. 1). The conducted procedure for evaluating the effect of the heavy rainfall
period in conjunction with the presence of the harvested area is delineated in the
following.

2.1 Infiltration Modeling

Tomodel the rainfall infiltration effect on the initiation of the landslide, RS3 software
package [8], provided by Rocscience, is deployed. RS3 is a 3D software package
able to perform deformation and stress analyses via FE numerical method. The
complex topography of the landslide slope and the neighboring area is incorporated
into the modeling using the data extracted from LiDAR photography of pre-landslide

Fig. 1 Timber harvested area on the eastern corner of the 2014 Oso landslide’s upper plateau
(Image by Gordon Farquharson, University of Washington)
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Fig. 2 2014 Oso landslide cross section and two potential groundwater levels by Stark et al. [2]
inferred from inverse stability analyses and field observations

conditions. Also, the geotechnical profile of the slope, including the thickness of
soil layers and the corresponding hydraulic parameters, is implemented using the
investigations performed by Stark et al. [2]. Figure 2 illustrates the geotechnical
profile of the landslide slope that is considered in the analyses. A horizontal layering
was assumed for the geotechnical profile of the area, as a result of the observations
made by Stark et al. [2] from the near-vertical landslide head scarp.

Due to the lack of groundwater monitoring prior to the landslide, two potential
groundwater levels are assumed by Stark et al. [2], shown by Fig. 2. The study of
rainfall infiltration should be addressed by performing transient seepage analysis
which requires specification of volumetric water content function for each of the
ground materials. This function can be either calculated using laboratory tests or
estimated by closed-form solutions and predictive methods. Herein, the volumetric
water content function of soil layers was estimated using the van Genuchten method
[9] as a closed-form solution. Van Genuchten model parameters were selected based
on the type of the materials according to the Vogel et al. [10] study. Table 1 summa-
rizes the hydromechanical parameters used in the present study for modeling the
rainfall infiltration including hydraulic saturated conductivity (K sat), coefficient of
volume compressibility (Mv), saturated water content (W sat), and residual water
content (W res).

Table 1 Materials’ hydraulic parameters for rainfall infiltration analysis

Material type K (m/day) Mv (1/kPa) ωsat ωres

Recessional outwash 7.200 0.0001 0.43 0.045

Glacial till 0.005 0.0010 0.38 0.070

Advanced outwash 3.500 0.0002 0.43 0.057

Advanced varved glaciolacustrine (low plasticity) 0.315 0.0002 0.39 0.100

Advanced glaciolacustrine (high plasticity) 0.005 0.0002 0.36 0.070

Sands and gravels 7.200 0.0001 0.43 0.045
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Regarding the vegetation type in the area along with the hydraulic conductivity
of the surficial ground layer, an average infiltration rate equal to 0.6 cm/day was
assumed based on the rate of precipitation within the 21 days prior to the landslide.
Also, to assess the impact of the timber harvested area, a variety of average infiltration
rates from 0.6 to 8 cm/day was allocated to the surface of the harvested area. For
modeling the steady-state condition prior to the heavy rainfall, the groundwater table
with the lower elevation, shown in Fig. 2, was introduced to the seepage analysis
model. The lower groundwater level was selected due to its greater compatibility
with the slope’s topography. Then, by running the analysis for 21 days, net pore
water pressure was calculated from the combination of the groundwater table and
extracted rainfall infiltration from the model. These net pore water pressures were
used to assess the effect of rainfall infiltration on the stability of the slope using 3D
LE slope stability analyses.

2.2 Slope Stability Analyses for Rainfall Infiltration

The effect of rainfall infiltration in conjunction with the presence of harvested area
on the stability of Oso landslide slope is captured through 3D LE slope stability
analyses. Slide3 software package [11] as a 3Dmodeling and analysis tool is utilized
for this purpose. Table 2 shows shear strength parameters and density of the soil
layers depicted in Fig. 2, reported by Stark et al. [2]. The net pore water pressure
grids, which are computed by RS3 seepage analyses for different infiltration rates,
are introduced to Slide3 slope stability models.

The 3D critical slip surfaces were determined by particle swarm optimization
(PSO) method [12] along with the observations of Stark et al. [2] from the landslide’s
site. Contrary to many other existing methods, the sliding direction is not pre-defined

Table 2 Material properties for the slope of 2014 Oso landslide [2]

Material type Unit weight (kN/m3) Peak friction angle (°) Range of friction
angle (°)a

Recessional outwash 20 28 –

Glacial till 20 35 –

Advanced outwash 19 30 –

Advanced varved
glaciolacustrine (low
plasticity)

20 – 25–34

Advanced
glaciolacustrine (high
plasticity)

20 – 21–35

Sands and gravels 19 35 –

aFor the fully softened stress-dependent envelope from torsional ring shear tests
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in Slide3, an advantage that eliminates potential bias around the critical slip surface
selection.

Spencer slope stability method was employed for safety factor calculations of the
slip surfaces affected by rainfall infiltration. This slope stability method satisfies all
the moment and force equilibrium equations and is recommended for non-circular
slip surfaces [13]. The “ellipsoidal” shape was assumed for the geometry of slip
surfaces with respect to the anisotropic nature of the soil layers observed in this
landslide.

2.3 Results of Rainfall Infiltration Effect Modeling

As a result of the 3D slope stability methodology described above, the critical slip
surfaces were obtained corresponding to each of the rainfall infiltration rates on the
harvested area. It was observed that increasing the rate of rainfall infiltration leads to a
decreasing trend for the safety factor of the critical slip surface located on the eastern
part of the ancient landslide bench. Figure 3 depicts the position of the computed slip
surfaces regarding the rate of infiltration. As can be seen, the shape of the critical
slip surface remains constant by increasing the amount of infiltration rate from 0.6
to 4 cm/day. However, increasing this rate from 4 to 8 cm/day slightly affects the
geometry of the critical slip surface. The main finding of this figure is the location of
the initial slide of the 2014 Oso landslide. In all of the cases, the eastern part of the
ancient landslide bench in which the width is the narrowest is the initiation zone of
the landslide. In fact, the variation of rainfall infiltration does not affect the initiation
location of the landslide. The computed safety factors for each of these scenarios are
reported in Table 3. It shows that the safety factor of the critical slip surface is not
considerably varying by increasing infiltration rate from 0.6 to 4 cm/day, but a drastic
reduction in safety factor from 1.08 to 1.00 can be expected when the infiltration rate
changes from 4 to 8 cm/day.

Fig. 3 Critical slip surface
position of 2014 Oso
landslide initial slide for
different rainfall infiltration
rates in the harvested area on
2013 LiDAR image of the
area
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Table 3 Computed safety
factor for different rainfall
infiltration rates in the
harvested area

Case number Infiltration rate
(cm/day)

Stability analysis
method

Safety
factor

1 0.6 Spencer 1.08

2 2.0 Spencer 1.07

3 4.0 Spencer 1.07

4 8.0 Spencer 1.00

3 Groundwater Level Effect

To examine the impact of groundwater level on the initiation phase of the 2014 Oso
landslide, two different levels for the existing groundwater were considered (see
Fig. 2). LE slope stability analyses were performed for each of these two ground-
water levels using the Slide3 software package. Accordingly, the PSO method was
utilized for searching the critical slip surfaces in 3D conditions. Safety factor of
critical slip surfaces was computed by Spencer and Morgenstern–Price methods. All
the assumptions for the groundwater level effect study regarding the pre-landslide
topography, stratigraphy, geotechnical properties, and slip surface shape followed
the assumptions in the analyses conducted for the rainfall infiltration investigation.
Figure 4 illustrates the plan view of the computed critical slip surfaces for ground-
water levels of (1) and (2) on the LiDAR image of the landslide area with respect to
the method of analysis.

This figure implies that the location of the initiation phase of the landslide does not
depend on the level of groundwater prior to the landslide. In fact, all the computed
critical slip surfaces using different slope stability analysis methods for the two
groundwater level cases are formed around the eastern portion of the ancient landslide
bench. Table 4 summarizes the safety factor calculated for each of the critical slip
surfaces according to the level of groundwater and the method of analysis.

According to the results, elevating the groundwater table from level (1) to level
(2), shown by Fig. 2, has led to a 2% decrease in the average safety factor of the

Fig. 4 Critical slip surface position of 2014Oso landslide initial slide for different analysis method:
a groundwater level (1), b groundwater level (2)
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Table 4 Computed safety factor for different groundwater levels and analysis methods

Case number Groundwater level Stability analysis method Safety factor

1 (1) Spencer 1.08

2 (1) Morgenstern–Price 1.10

3 (2) Spencer 1.07

4 (2) Morgenstern–Price 1.07

critical slip surfaces (i.e., from 1.09 to 1.07). Thus, given the assumed geotechnical
and topographical characteristics for the slope, groundwater elevation change has
had a minor impact on the stability of the landslide slope which implies that the
initiation of the 2014 Oso landslide cannot be directly originated from a rise in the
groundwater table.

4 Conclusion

In this study, the effects of water infiltration, due to a heavy rainfall period prior
to the landslide, complex 3D geometry, and change in groundwater level on the
initiation of Oso 2014 landslide, were investigated. In addition, the presence of a
timber harvested area on the upper plateau of the landslide slope was taken into
consideration. For these purposes, a combination of 3D FE seepage analyses and 3D
LE slope stability analyses were performed. It was shown that an average infiltration
rate of 8 cm/day in the harvested area could has adversely affected the stability of
the slope by decreasing its safety factor from about 1.08 to one. In addition, the
difference in calculated safety factors of critical slip surfaces for the two assumed
groundwater levels was very small. Therefore, it can be inferred that the initiation
of 2014 Oso landslide could not have been originated from such assumed change
in groundwater elevation. The impacts of other triggering factors such as rainfall
infiltration and the consequent shear strength loss of upper layers, timber harvesting,
and/or 3D slope geometry effects might have been more influential in the initiation
of the landslide.
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Evaluating the Performance Benefits
for Low-Volume Roadways Constructed
with Geosynthetic Wicking Fabrics:
A Case Study in Northern New England

Mohamed Elshaer and Christopher Decarlo

Abstract One of the most challenging issues transportation managers face is main-
taining the condition of low-volume roadways during and immediately following
wet weather events, such as heavy rainfall and the spring time thaw period. Specif-
ically, high moisture contents in the road base and subgrade weakens the overall
structure, causing excessive rutting and structural damage, leading to costly repairs,
load restrictions, and/or closures. The main objective of this study is to evaluate the
impact on structural performance of low-volume roadways constructed with geosyn-
thetic wicking fabrics, which are designed to act as both a drain to move water out of
the pavement structure as well as a moisture barrier to prevent a capillary rise in the
unbound layers of the roadway. A low-volume roadway in Northern New England
was constructed where a Mirafi® H2Ri wicking fabric was installed in the subgrade
layer of the pavement. The pavement section was instrumented with moisture and
temperature sensors at different depths to monitor the effect the fabric had on the
moisture content of the subgrade. The data, collected and monitored over a period
of one year, was then used to predict the stiffness of subgrade layer. The layered
elastic analysis was used to predict the rutting performance of the pavement section.
These performance predictions were then compared to the previously unmodified
section with no fabric installed. Ultimately, the results showed significant improve-
ments in the rutting resistance of the pavement structure with the fabric compared
to the unmodified section, particularly during the spring time thaw period due to
the improved drainage capability the fabric provides. The findings from this study
suggest that geosyntheticwicking fabrics offer significant advantageswhen installing
in roadways to prevent damage during the spring time thaw period in cold regions
and could be a useful tool for transportation managers with low-volume roadway
networks as well as adapted in pavement design practice.
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1 Introduction

A common challenging issue that transportation managers face in cold regions is
maintaining the condition of roadways during and immediately following the time
of extreme wet weather. For example, extreme changes in moisture content within a
pavement structure during the spring thaw period, elevated groundwater table levels,
or periods of heavy rainfall, can result in reduced structural performance of the
road [1, 2]. In extreme cases, these problems can require measures such as load
restrictions or even temporary road closure to be taken to prevent distress formation
and excessive damage to the pavement structure. Therefore, solutions are needed to
protect pavements experiencing frequent periods of high moisture levels and other
environmental issues.

Different approaches can be implemented tomaintain the roadway strength during
challenging environmental conditions (e.g., spring thaw period) such as (1) load
restrictions; (2) replace frost susceptible soils with unsusceptible soils; (3) place
a coarse-grained soil as a capillary barrier above the groundwater table; and (4)
provide new and innovative materials to protect the unbound layers from excessive
moisture content. Most of these methods are expensive and labor-intensive and have
not been able to consistently prevent spring load restriction or closure of the road
[3]. Consequently, many agencies and researchers started to investigate a different
type of material such as geotextile as an alternative solution to mitigate freeze–thaw
weakening and excess moisture issues.

One of these new, promisingmethods is constructing pavementswith geosynthetic
wicking fabrics. Wicking fabrics are geosynthetics with asymmetric properties. In
the longitudinal direction (parallel to the road), the fibers are closed. In the trans-
verse direction, however, the fibers are perforated and hollow to allow the capillary
movement of moisture through the fabric. When placed in a pavement structure, the
fabric acts in two main ways. First, it allows water migrating down from the surface
to drain away to the sides of the roadway where it will not affect the pavement
structure. Second, the fabric acts as a moisture barrier to water below, preventing
capillary rise from moving moisture from groundwater into the upper layers of the
pavements. Combining both of these effects prevent excess buildup of moisture in
the pavement, making the structure much more resilient during times of wet weather
and the spring thaw time through its improved drainage capacity. The use of wicking
fabrics in pavements has been demonstrated with success in a number of sites in the
USA.

Perhaps the most profound example of wicking fabric success is that reported
by Zhang and Presler [4] where wicking fabrics were installed to prevent frost
boils/soft spots in the Dalton highway Beaver Slides area in Alaska, just south
of the Arctic Circle. The issue with this road was the shallow groundwater flows
each spring downslope and into road embankment causing frost boils and conse-
quently road damage and accidents on the road. The performance of wicking fabric
was monitored under different climatic conditions such as rainfall events, freezing,
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and thawing processes. The first 2 years of monitoring indicated good overall perfor-
mance, and remarkable road surface differencewas observed between the test section
and sectionswith andwithoutwicking fabric. The authors reported thatH2Riwicking
fabric successfully eliminated frost heave and thawweakening in the first 3.5 ft below
the road surface and the soil never reached full saturation. Interestingly, soils below
the wicking fabric layer indicated high moisture content and frost heave movement
at times, but this had no effect on the performance of the road. The authors concluded
that H2Ri wicking fabric is an excellent material for transporting water from the road
structure and improving pavement performance.

In this study, an instrumented test section with a H2Ri wicking fabric was
constructed in Hartland, Vermont. The site chosen for the section, located at a dam
facility managed by the US Army Corps of Engineers, is a gravel surfaced low-
volume access road primarily used to transport vehicles and equipment down to the
dam facilities. The roadway is located in a shallow cut forming a small valley that the
road passes through. The general climate of the site is a typical New England wet-
freeze climate where below freezing temperatures are present from late November
through early April. The primary reason this site was chosen for the installation and
monitoring of the wicking fabric was due to the challenges with using this roadway
during the spring thaw period. Typically, the structural integrity of the road was
compromised to the point where a single vehicle pass would cause excessive rutting
on the surface of the roadway. Because of this, it was decided that this roadwaywould
serve as an ideal test section to investigate the effects of adding wicking fabric to the
subsurface layers of the pavement.

This paper presents a method to quantify the structural performance gained from
placing the wicking fabric on unsurfaced pavements. The resilient modulus of the
unsaturated soil layer was determined based on the measured moisture content. The
layered elastic approachwas used to predict the vertical compressive strains at the top
of subgrade layer and is translated to pavement damage using the transfer function
to evaluate the impact of wicking fabric application on the overall pavement perfor-
mance. A case study is presented to demonstrate the application of the method. The
proposed study will give an insight into the performance of unsurfaced low-volume
roads due to the wicking fabric application.

2 Methodology

2.1 Site Description

The construction of the test section was conducted in September of 2017. To start,
a total section length of 120 ft. was marked off for the fabric installation. Over the
length of this section, the existing roadway was excavated down to a depth of 1 ft.
The existing roadway was composed of a thin, 1 in. gravel layer above-compacted
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natural subgrade. During the excavation, both layers were kept separate and sampled
for further laboratory characterization as described in the following section.

After the excavation, the first array of four Campbell CS650moisture/temperature
sensors was installed in dug pits at a depth of 1.5 ft, slightly higher than the ground-
water table. Each sensor was placed approximately every 30 ft. throughout the test
section. Next, the wicking fabric was installed upon the excavated roadway.

One point worth noting is that in this study, the wicking fabric was not installed
in a conventional manner. The typical installation for the wicking fabrics is for the
fabrics to be rolled out parallel to the roadway, so that the moisture-wicking direction
is transverse to the travel direction. The intention of this is to drain excess moisture
into drainage ditches along the road. Construction of the test section in this manner
was not feasible as the existing roadway did not have adequate drainage structures
as it was constructed in a narrow cut. To address this, the fabrics were installed in a
manner that wicks moisture parallel to the roadway surface by cutting the fabrics into
12 ft. long sheets and rotating them 90° upon installation. These fabrics sections were
then installed in layers (similar to how shingles are installed) to continuously wick
the moisture down the roadway, taking advantage of the natural slope the roadway
is built upon. Upon reaching the end of the test section, adequate drainage structures
were available as the narrow cuts end here. At this point, the fabric was installed in
a conventional manner so move excess moisture to the sides of the roadway into the
existing drains. This modified installation and conventional installation can be seen
in Fig. 1.

Upon finishing the fabric installation, a 6 in. layer of subgrade was placed back
onto the roadway surface and compacted to previous density levels. The second array
of Campbell CS650 moisture/temperature sensors were installed in this prepared
surface. Lastly, the final 6 in. of subgrade and 1 in. gravel layer was placed back onto
the roadway surface and compacted to finish the test section.

Fig. 1 Conventional wicking fabric installation (a), compared to installation used in this study (b)
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2.2 Material Characterization

Particle size analysis and Atterberg limits tests were conducted on the subgrade soil
samples collected from the field during the construction. Figure 2 shows the particle
size distribution curve of the presented soil. Based on these results, the soil was
classified as a A–1–b according to AASHTO classification system. In addition, a
Proctor test was conducted to determine the optimum moisture content (Wopt) and
maximum dry density of the soil. Also, the in-situ density of soil was determined
by the drive-cylinder method. Table 1 shows the physical properties of the presented
subgrade soil.

The soil–water characteristic curve (SWCC) proposed by [5] available in the
enhanced integrated climate model (EICM) was used to predict the degree of satu-
ration from soil suction. SWCC is essential to determine the potential benefits of the
wicking fabric [5]. For effective drainage of the wicking fabric, the suction in the
fabric has to be greater than the suction in the soil. Connor et al. (2016) found that if
the suction of the soil exceeds 200 kPa, the air can enter and block the microchannels
in the wicking fabric, causing the wicking fabric to stop working as a drainage mate-
rial for soils under unsaturated conditions [6]. Thus, SWCC curve was generated
to determine the effectiveness of wicking fabric in draining the water. The matric
suction is zero for saturated soils, while a hydrostatic capillary suctionwas calculated
based on the depth to the water table approach [7]. Figure 3 exhibits the predicted
SWCC for the presented soil layer plotted as the relationship between the degree of
saturation (Sr) and matric suction (ua-uw) using the Fredlund and Xing and Perera’s
correlation models. As can be seen in the figure, the air entry value for this soil is
0.70 kPa. That means the soil displays unsaturated conditions rather than full satu-
ration condition if the matric suction is beyond 0.70 kPa. As expected, the degree of

Fig. 2 Particle size distribution curve of the site soil
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Fig. 3 Predicted SWCC for the presented soil

saturation decreases as the matric suction increases. Based on Conner et al. findings,
the wicking fabric has no issue of draining the water for the presented soil.

To determine the structural performance of the roadway constructed with wicking
fabric, the resilient modulus of subgrade soil at different moisture conditions must be
determined. A forensic investigation was conducted to measure the in-situ resilient
modulus of the unsurfaced pavement layers. The dynamic cone penetrometer (DCP)
test was conducted in the field on the gravel and soil layers to provide a measure of
in–situ resistance to penetration. The in-situ resilientmodulus of pavement layerswas
indirectly calculated based on the DCP measurements as presented in Eq. 1. Then,
this calculated resilient modulus was adjusted at different degrees of saturation using
the Witczak model in EICM [7] as presented in Eq. 2 given the optimum moisture
content and the corresponding degree of saturation.

Mr opt = 2555

[
292

DCP1.12

]0.64

(1)

log
Mr

Mr opt
= a + b − a

1 + exp
[
ln−b

a + km
(
S − Sopt

)] (2)

whereMropt the resilient modulus at a reference condition (psi), DCP is in mm/blow
Mr /Mropt is the resilient modulus ratio; Mr the resilient modulus at any degree of
saturation; a the minimum of logMr /Mropt; b the maximum of logMr /Mropt; km the
regression parameter; and S − Sopt the variation in degree of saturation expressed
in decimals. Using the available data from the literature and assuming a maximum
modulus ratio of 2.5 for fine-grainedmaterials and 2 for coarse-grainedmaterials, the
values of a, b, and km for coarse-grained are −0.3123, 0.3, and 6.8157, respectively
[7].
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2.3 Linear Elastic Analysis Method

Layer elastic analysis using KENLAYER software was performed using the adjusted
resilient modulus from the measured moisture content over time to calculate the
vertical stress and strain on the subgrade layer. Layer elastic analysis was performed
for two scenarios (i.e., before and after installing H2Ri wicking fabric) to determine
the impact of wicking fabric on the pavement response. The difference between
the two scenarios is treating the subgrade layer in terms of the depth and moisture
conditions as shown in Fig. 4. For instance, the road was modeled before the wicking
fabric installation as one fully saturated gravel layer and one fully saturated subgrade
layer on top of the bedrock layer. This was done because prior to the installation,
the roadway section was inundated; fully saturated (water observed on top of the
surface) from the spring thaw until re-freeze in December.

On the other hand, after wicking fabric placement, the subgrade layer was divided
into two sublayers from the top of the subgrade to the bedrock based on the TDR
location depths (i.e., TDRs fell in the middle of sublayers) as separation by wicking
fabric layer [8]. As mentioned, two TDR sensors were installed at each station of
the road at depths 6 and 18 in. Thus, two sublayers (12 in. each) were modeled
in the layer elastic analysis using the computed resilient modulus from Eq. 3. The
resilient modulus of the surface gravel layer was indirectly calculated from the DCP
measurements (DPI of 6 mm/blow) as shown in Fig. 4. In this study, the resilient
modulus of the fully saturated materials was not measured before wicking fabric
placement due to the fact that the site was inundated. Thus, the resilient modulus
at full saturation conditions (before wicking fabric placement) were considered to
be half the optimum moisture content value according to MEPDG [9]. The depth to
the bedrock was shallow (measured to be 25 in. from the surface) and the modulus
assumed to be 250,000 psi based on the Cornell typical values.

To investigate the effects on structural performance, two-vehicle loads were
chosen. First, a standard 18 kip highway axle load was chosen as an extreme case
with high loads and tire pressures, while a more representative load for unsurfaced

Fig. 4 Pavement cross section a before wicking fabric, b after wicking fabric
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roadways was represented by the heavy expanded mobility tactical truck (HEMTT)
which has lower loads and tire pressures. Specifically, a tire load of 9000 lb (40 kN)
and 120 psi (0.827 MPa) tire pressure were used for standard highway axle, while
a load of 7760 lb (35 kN) and 55 psi (0.379 MPa) were used for HEMTT. Trucks
were modeled in the KENLAYER software, and the maximum vertical strains on
the subgrade surface under each loading were used for rutting analysis. The vertical
strains were used to calculate the number of equivalent single axle loads (ESAL) to
rutting failure using this transfer function [10]:

∈z= 0.0058 × N−0.171 (3)

where: ∈z = vertical compressive strain over subgrade;N = number of standard axle
load repartitions leasing to failure (ESAL).

3 Results and Discussions

3.1 Analysis of Measured Temperature and Moisture Content
Data

Figure 5a, b shows the measured moisture content and temperature above and below
the fabric over the course of a year for the two stations in the test section, one being

Fig. 5 Monitored temperature and degree of saturation at the a middle station b last station
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in the middle and one at the end of the section. The reason these two locations are
shown is that the middle point is representative of the majority of the fabric section,
whereas the last point is different due to the unconventional construction as described
previously.

Looking at the temperature readings for both locations, it is apparent that the
temperature of the soil beneath the fabric did not freeze during the course of the year,
which is surprising considering typical frost depths for this area are far deeper than
1.5 ft. where the sensors were installed. A likely explanation for this observation is
that the roadwas not subject towinter plowing, and roadswith snow cover (serving as
an insulating layer) do not undergo significant freezing. This applies to any condition;
a late snowfall year or a minimal snow depth. Another explanation could be because
of the high groundwater table, which was found to be about 1.75 ft. from the surface
during construction, and the natural slope of the roadway preventing the water from
freezing.

Looking at the moisture readings in the middle of the section, Fig. 5a. shows that
the wicking fabric reduced the degree of saturation of the soil down to 72% above
the fabric and 90% below the fabric during the summer months compared to the
100% saturation of the unmodified roadway. In addition, it can be seen during the
spring thaw period that the fabric rapidly drained moisture from the top soil layers
where the degree of saturation was lowered by 25% in about one week, whereas
minimal reduction in saturationwas seen in the bottom layer, likely due to the elevated
groundwater table. These results suggest that the wicking fabric is draining water
from both above and below the fabric throughout the year, where the effect above
the fabric is more pronounced.

On the other hand, Fig. 5b. shows different trends with regards to the moisture
levels at the point at the end of the section. It should be noted that this point is located
both at bottom of the slope the roadway is on and where the last fabric (which all
of the other fabrics were draining toward) as placed. In this case, the fabric reduced
the saturation levels above the fabric to 86% during the spring and 68% during the
summer. Similar to the previous point, there was a sharp decline in the saturation of
about 20% during the spring thaw period due to the effects of the fabric. Interestingly,
there was no observed effect on the soil beneath the fabric. In this case, it appears
that the fabric is only working to drain water from the soil above, perhaps because
the fabric is being “overloaded” with water at the bottom of the slope, preventing it
from having its intended effect.

Considering the results presented at these two points, it is apparent that the fabric
had a significant impact on reducing the moisture content in the soil layers above
it, where reductions in saturation were as high as 32% (i.e., the subgrade saturation
reached to the optimum moisture content level). On the other hand, both points
showed differing results for the soil beneath the fabric where the middle point (which
was representative for the majority of the section) reduced the saturation while the
point at the bottom of the section saw no change. As mentioned, this is potentially
due to the continuous drainage of the moisture to this location in addition to the high
groundwater table, thus overloading the fabrics drainage capacity at this location
(i.e., the end of the test section).
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Fig. 6 Resilient modulus of two subgrade sublayers for the last station of the road

3.2 Resilient Modulus Prediction

The comparison between the resilient modulus at fully saturated condition (bottom
layer) and different unsaturated moisture conditions (top layer) for the last station
(i.e., drainage station) on the road over a year is shown in Fig. 6. As can be seen
in the figure, there is a 25–45% increase in the subgrade resilient modulus due to
a reduction in the moisture content on the upper subgrade layer. This indicates that
fabric indirectly improved the stiffness of the subgrade layer.

3.3 Pavement Rutting Analysis

Table 2 shows the rutting life predictions of two different vehicle loads (standard
18 kip highway axle and HEMTT) for both the unmodified roadway and the fabric-
enhanced roadway at various times of the year, which represent a variety of moisture
states in the subgrade. For the purposes of this paper, the rutting performance is
quantified in ESALs required for failure. Looking at the results, it can be seen that
the presence of the fabric has a significant positive effect on rutting life where a 66.50
times increase of the ESAL for single axle single tire and 79.24 times increase for
HEMTT truck type are observed during the summer. The improvement in perfor-
mance during the other two seasons ranges from 52.50 to 69.51 times depending on
the timeframe and load level. The results of the unmodified section agree with the

Table 2 Number of ESALs leading to rutting failure under different truck types

18 Kip highway-ESAL to failure HEMTT-ESAL to failure

Unmodified Wicking
fabric

Times
increase

Unmodified Wicking
fabric

Times
increase

Spring 2 105 52.50 263 17,323 65.87

Summer 2 133 66.50 263 20,840 79.24

Fall 2 113 56.50 263 18,280 69.51
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site observations before wicking fabric placement where a single vehicle pass would
cause excessive rutting on the surface of the roadway. The findings show that the
standard single axle single tire is the critical truck type for rutting performance in the
unsurfaced pavement structure under saturated conditions. The results indicate that
the wicking fabric significantly improved the rutting performance of this unsurfaced
roadway regardless of the load type.

It is worth noting that this analysis was conducted in a worst-case scenario where
theunmodified roadwaywas fully saturated.Asmentionedpreviously, this is basedon
observations frombefore the fabricwas installed.Note that the estimatedESALs after
wicking fabric installation were based on the MNDOT empirical transfer function,
which could be different in reality. Thus, field validation of the estimated ESALs is
still needed to better quantify the rutting life expectancy.

4 Summary and Conclusions

Unsurfaced pavements are vulnerable to moisture damage due to the large fluctua-
tions of the moisture content in the subgrade soil which can negatively impact the
performance of pavements by influencing the stiffness of the subgrade layer.Wicking
fabric application is one of the new innovativemethods used to reduce themoisture in
the subgrade soil. A method to investigate the impact of wicking fabric on the rutting
performance of the road was described in this paper and was demonstrated using
a case study in Hartland, Vermont. The monitored moisture contents were used to
predict the unsaturated resilient modulus of the subgrade over a year. Matric suction
of the soil was predicted from the hydrostatic pressure distribution to evaluate the
capability of the wicking fiber to drain the water. The layered elastic approach was
conducted using the resilient modulus of the subgrade to determine the impact on the
pavement performance after the fabric was installed. The results indicated that the
wicking fabric had successfully eliminated the excessive moisture on the site. The
conclusions that can be drawn based on the observations from the case study are as
follows:

(1) The monitoring data showed that the moisture contents of the subgrade layer
were decreasing after the fabric was installed and did not exceed the full satu-
ration condition for the layer below the fabric at all the road stations except
the last station. In addition, a significant reduction in the saturation of the
layer above the fabric was observed (i.e., the subgrade saturation reached the
optimum moisture content level and up to 10% above the optimum moisture
content). This indicates that the wicking fabric had a greater permeability and
succeeded to eliminate the negative impact of the thaw weakening issue on the
pavements.

(2) A significant increase in the stiffness of the subgrade was encountered after
the fabric was installed (25–45% increase in the subgrade resilient modulus)
due to the reduction in the moisture contents.
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(3) A significant increase in the number of load repetitions to rutting failures was
observed regardless of the truck type after the fabric was installed.

The use of this study will give an insight into the performance of low-volume
pavements after the wicking fabric is installed and can be adapted to reduce the load
restriction on the road during spring thaw time or wet areas. Future work will inves-
tigate the long-term performance of the wicking fabric and its impact on pavement
performance.
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Assessing the Risk of Critical Velocity
Effects at Railway Sites Using Site
Investigation and Advanced Laboratory
Testing
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Abstract As train speeds increase on existing rail networks, and new high-speed
routes are constructed, the likelihood of a line experiencing the large track displace-
ments commonly termed critical velocity effects increases. The phenomenon occurs
as the train speed approaches the speed of surface (Rayleigh) waves in the underlying
ground. At a certain proportion of this speed the track deflections begin to increase
above those for static loading, slowly at first and then more rapidly, reaching a
maximum at a “critical” velocity. Larger trackbed deflections may cause increased
rates of track deterioration, maintenance needs and in the worst cases risks to safety.
Therefore, it is important to be able to predict which sites are susceptible to critical
velocity effects and to determine threshold speeds below which they are not influ-
ential. Where these thresholds are exceeded mitigation measures can be considered.
Reliable prediction of critical velocity effects using numerical modelling and other
analytical tools require selection of a representative ground model and parameters.
This paper describes a programme of site measurements, sampling and advanced
laboratory testing to create a ground model for a site on the UK railway network
known to experience critical velocity effects.
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1 Introduction

In many countries, there is pressure to increase train speeds on existing rail networks,
as well as for higher speed new routes. As train speeds are increased, tracks that
have previously performed acceptably may start to deteriorate and in extreme cases
experience large movements during the passage of an individual train, as a result of
what are commonly termed critical velocity effects. The phenomenon occurs when
the train speed approaches the speed of surface (Rayleigh) waves in the underlying
ground—defining the critical velocity of a site. These effects are also of potential
concern for new high-speed lines where straighter routes may cross areas of soft
ground, which have traditionally been avoided owing to their inherently low wave
speeds. It is important to be able to predict where critical velocity effects may occur,
and where necessary take steps to mitigate them. For economic reasons, it is equally
important to avoid such mitigation where it is not necessary.

Critical velocity effects have been observed in many countries. The most well-
documented and highly cited occurrence is that at Ledsgård in Sweden, where soft
organic clays caused the onset of critical velocity effects at approximately 150 km/h.
Track displacements of up to 15mmwere recorded at a train speed of 200 km/h [1]. A
strong trend is found across multiple sites when track displacements are normalised
relative to low speed (quasi-static) values, and train speeds relative to the estimated
site critical velocity (Fig. 1). For reasons of safety and the avoidance of excessive
maintenance, it is often recommended that line speeds be limited to a factor of the
site critical velocity (XVC). Values of 0.6–0.7 are commonly suggested, as this is the
normalised speed at which displacement magnitudes begin to significantly increase
[2–4].

There is still some uncertainty over the suitable value of XVC. Some locations
run well at higher factors; for example, in Ireland, trains run satisfactorily at critical
velocity factors XVC greater than 0.7 [5]. Whilst the appropriate value for XVC may
be debated, and factors such as the absolute magnitude of displacements must also
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be considered, estimation of the actual critical velocity at a site is important. For
example, for XVC = 0.6, under- or over-estimating the critical velocity by 15%
would result in a range of speed limits equivalent to applying XVC = 0.5 or 0.7. This
paper summarises, with reference to a case study, a process to produce a ground
model from which the critical velocity may be estimated. There are very few other
published case study sites available which offer ground properties andmeasurements
of critical velocity effects in action.

1.1 Causes and Modelling of Critical Velocity Effects

The shear wave velocity of a soil, being related to the Rayleigh wave velocity, is
a useful indicator of the likelihood of critical velocity effects. Softer, less dense
ground is most likely to be susceptible both because displacements per unit load are
greater and the Rayleigh wave speed (and hence the train critical velocity) is lower.
Models of railway vibration are often based on the assumption that the ground can
be modelled as a layered-elastic half space, with each soil layer behaving in a linear
elastic isotropic manner. However, beyond a threshold strain, the shear modulus of
a soil degrades with increasing strain, resulting in non-linearity. Damping is also
non-linear once the linear strain threshold has been exceeded.

Strains during train passage at Ledsgårdwere high enough to take the soils beyond
any limit of linearity. Maximum cyclic strains at the site were reported as 1% in
the embankment and 0.8% in the underlying natural organic clay. The secant shear
modulus reduced to 10–50% of the small strain value, whilst the damping ratio
increased by 20–100% [1]. Inclusion of these degraded state parameters in an analyt-
ical model has a significant impact on the calculated ground displacements and crit-
ical velocity at a site, and a model based on non-degraded parameters underestimates
track displacements, e.g. [1, 6–8].

Critical velocity effects have been analysed using models of varying degrees of
complexity, ranging from linear-elastic 2D, e.g. [9], through 2.5D and 3D equivalent-
linear models, e.g. [6, 10], to 3D models with a fully non-linear soil response, e.g.
[7, 8]. Whether the aim is to more effectively identify potential problem areas or to
produce a full non-linear displacement response estimate, results are only as accurate
as the ground model adopted. Soil layering, density, shear modulus and variation in
damping with strain are essential for an effective model. Critical velocity effects are
most likely on soft soils, for which there is a relative paucity of published shear
modulus degradation data.

2 Assessing Ground Quality

Typically, the ground up to a depth of 15–20 m below track level may be excited
by train passage. However, owing to the elliptical nature of the ground movement
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associated with Rayleigh waves and the attenuation of energy in the upper ground
layers, the overall critical velocity is influenced more by the layers of ground closest
to the track than those at the full depth of excitation. The stiffness properties of the
track itself also play a part.

Ground wave speeds can be directly measured by in-situ and laboratory testing,
and inferred via empirical and other correlations with related parameters. The
Rayleigh wave speed in a soil is usually approximately 90–95% of the shear wave
speed [11]. In-situ testing techniques include MASW (Multi-channel Analysis of
Surface Waves), SCPT (Seismic Cone Penetration Test) and other seismic-impulse
based techniques. Laboratory techniques include resonant column (RC), bender
element (BE) and triaxial tests, all of which require undisturbed samples to be
retrieved from the site of interest. Other key modelling parameters such as ground
layering, densities and damping can be obtained through a combination of in-situ
and laboratory methods.

Laboratory testing is necessary to measure the non-linear relationship between
shear wave speed/damping and strain. The degradation of the shear modulus with
strain can be measured in triaxial and resonant column tests. Only the resonant
column apparatus is able to measure also the strain dependency of soil damping.

The resonant column apparatus has a torsional drivehead to which a cylindrical
sample is attached. The base of the sample is fixed. The drivehead is rotated clockwise
and anticlockwise through small angles at a range of frequencies, with the response
of an accelerometer on the drivehead monitored. The frequency at which the greatest
response is measured is the resonant frequency of the specimen. From this, the shear
wave speed can be calculated. Damping ismeasured bymonitoring the accelerometer
after the sample has been excited at its resonant frequency and then cut off to vibrate
freely. Bender elements are very small piezo-electric transducers, which operate as
a pair at either end of a sample. A voltage is applied to one end to excite a wave
and the arrival time at the other end is recorded, from which the shear wave speed is
calculated (Fig. 2).

3 Case Study Site

3.1 Background

Following an increase in line speed from 160 to 200 km/h, a site on the UK classic
networkwas found to experience large track displacements along a run of sleepers. To
quantify the increased track deflection, site measurements of sleeper velocity during
train passage were carried out using geophones. Geophone data from a sequence of
sleepers showed that the track was deflecting in excess of 6 mm (Fig. 3). This is large
compared with the typically <2 mm movement on well performing routes. It may
result in increased rates of track deterioration, which local track maintenance records
confirm. Historical geotechnical investigations showed the site to be underlain by a
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Fig. 2 RC example sample, and RC equipment before pressure cell put in position

Fig. 3 Typical geophone trace showing track displacement and geophone fitted on sleeper. Note
that the ‘zero’ point for the geophone does not represent the ‘zero’ point for the track [12]

layer of soft organic material, sitting over layers of stiffer sands and gravel. The soft
layer varies between 2 and 4 m in thickness and is present along a 50 m length of
track. The site sits within a slight basin and cutting, with several streams and brooks
in the area. These factors explain why the site has a high water table.

3.2 In-Situ Ground Investigation

During a night-time possession of the line, a tracked windowless sampling rig was
used to drill two boreholes directly through the centre line of the track. The bores
were positioned within sleeper bays at chainages targeting the maximum thickness
of the soft layer shown on the historical geotechnical investigation (GHS1), and
slightly beyond the previously indicated extent (GHS2). Each bore penetrated 6 m
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Fig. 4 Typical organic silt samples

below sleeper level (bSL), with samples below the trial pit retained inside the casings
in 1 m lengths and the bores logged at 1 m intervals. Super heavy dynamic probes
(SHDPs) were carried out at both locations from the base of the bore to 10 m bSL.

Sample tubes were transported to the laboratory for full logging and index testing.
15 whole samples suitable for advanced laboratory testing, of at least 150 mm in
length, were successfully retrieved from the bores. Of key interest in the results
is a layer of soft to very soft organic silt, which extends beneath the ballast to
approximately 3–4m bSL. Soils of this nature tend to have a low shear wave velocity.
Examples of the silt materials are shown in Fig. 4. The two bores are summarised in
Fig. 5. The ballast layer is thicker than typical (up to 0.9 m)—a possible indication
of increased ballast maintenance activity at the site. Below the soft silt are layers
of clay, sand and gravel, which are unlikely to be the cause of the critical velocity
effects.

Index Testing
Figure 6 shows the variation in density with depth, based on 50 mm dia. density ring
tests completed in the laboratory. There is some variation in density between the two
boreholes, with GHS1 consistently denser. Determination of density from density
rings is subject to some error in very variable soils such as these. Nonetheless, a large
variation with depth was found. The densities in GHS2 were especially low, with
values generally between 1100 and 1400 kgm−3 for the first 3.5 m below ground
level. A typical clay soil might be expected to have a density of approximately 2000
kgm−3, almost twice the lowest value measured in GHS2. Low density soils tend to
have low stiffness, hence likely to be the cause of critical velocity problems at the
site.

The variation in moisture content with depth is also shown in Fig. 6. As with
density, a significant difference is apparent between the boreholes. The denser GHS1
has generally far lower moisture contents than GHS2, and the values are also more
consistent. Greater variability is found for GHS2, with unusually high moisture
content being an indicator of the organic material in the soil.

Other index testing was also completed on selected samples. Atterberg tests
showed the organic sandy silts to be non-plastic, whilst the firm sandy clay has
low plasticity. Ignition tests were carried out on 8 organic silt samples to measure
total and volatile solids, resulting in 6 high-organic and 2 medium-organic ratings.
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Fig. 5 Borehole summary with selected sample locations

Super Heavy Dynamic Probe (SHDP) Results
The SHDP results gave good indications of layer density boundaries, which corre-
late well to borehole results. Consistent with the density evaluation for the top
6 m of ground in the borehole logs (Fig. 6a), the SHDP results indicate that the
ground below this depth is stiffer at borehole GHS1. The average blowcount was
approximately 60% greater for GHS1 at depths >7.5 m bSL than for GHS2. At the
maximum penetration depth of 10 m bSL the two SHDP blowcounts show a degree
of convergence.

Derivation of further parameters from the SHDP relies on converting the blow-
counts to SPT equivalents and applying empirical correlations. Common correlations
for relative density for non-cohesive materials were applied [13, 14] as the ground is
believed to consist of sands and gravels. GHS1 equates to medium-dense and dense
material, whilst GHS2 is loose to 7 m bSL, underlain by medium-dense material.
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Fig. 6 Density and moisture content variation with depth, both site bores

4 Laboratory Testing

4.1 Resonant Column and Bender Elements

Test Procedure
A standard resonant column apparatus was adapted following the improvement
methods of [15] and [16], (Fig. 2). The end caps were modified to contain vertical
bender elements, which provide fast, non-destructive direct measurements of shear
and compressional wave speeds at very small strains. As the soft soils tested were
likely to have resonant frequencies below those typicallymeasured in theRC, calibra-
tion focused on the low stiffness/frequency range using brass, nylon and aluminium
calibration bars.

Four site samples were selected to represent the most geotechnically interesting
materials, and carefully trimmed from the sampling diameter of 100 mm down to
the resonant column specimen size of 70 mm. The material type and location of each
sample are shown in Fig. 5. Several testing pressures were calculated for each, based
on the depth of sample retrieval, the range of likely water tables and possible future
surcharges. The test process for each samplewas as follows: (1) saturation; (2) consol-
idation to the lowest test pressure; (3) bender element measurements; (4) resonant
frequency measurements at increasing strains, ensuring strains remained recover-
able; (5) repeat bender element and very small strain resonant columnmeasurements
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to ensure no permanent deformation occurred; (6) steps 2–6 repeated for remaining
test pressures.

Results: Shear Modulus and Shear Wave Speed
Non-destructive torsional tests were successfully completed on the four soft organic
silt samples, at a range of test pressures and strains. The very soft samples neces-
sitated repositioning of the resonant column drivehead during testing due to the
large amount of consolidation. Bender element measurements were also success-
fully taken. The resonant column measured shear moduli, normalised by the small
strain shear modulus GO, show varying rates of degradation with strain (Fig. 7). The
stiffest sample (GH1O- clay) shows greater rates of degradation, and at lower strains
than the silt samples. For example, averaged across the testing pressures, at distor-
tional strain levels of 0.01% the shear moduli of the samples showed reductions to
GH2K—98%, GH2C—93%, GH1D—87%, GH1O—77%.

Very low shearmoduli (and therefore shear wavespeeds) weremeasured for all the
organic silt samples, with GO >10 MPa for most pressures (Fig. 8). The silt samples
also showed a very low rate of strength gain with pressure increase in comparison
with the clay. The low rate of increase in modulus with pressure of the soft organic
silt samples means that soils normally considered to be at a sufficient depth to have
a reasonable shear modulus may have a very low value. Threshold strain limits,
where the shear modulus begins to degrade, vary by sample and by pressure, but are
higher for the organic silts than the clay, consistent with the impact of organic content
reported by [17]. Excellent agreement was also found between bender element and
resonant column measurements of shear modulus / shear wave speed (Fig. 8). The
softest samples have shear wave speeds as low as 70 m/s (250 km/h). In comparison,
modern high-speed railways are often designed for 400 km/h running. Poisson’s ratio
was derived from the bender element compressional and shear wave measurements.

Fig. 7 Normalised resonant column shear modulus degradation with strain for all samples
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Fig. 8 Small strain shear modulus variation with pressure, resonant column and bender element

Results: Damping
The increase in damping ratiowith strainwas alsomeasured for all samples.Damping
is higher for the clay and sandy silt samples than for the soft/very soft organic silts.
No significant variation in damping with the applied test pressures was found. The
measured values sit within expected ranges for typical clay and organic soil types.
A typical result is presented in Fig. 9 for GH2C, a very soft high-organic silt.

Fig. 9 Example damping variation with strain in resonant column tests: sample GH2K
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Table 1 Site ground model: small strain parameters

Material Thickness
(m)

Bulk
density
(kgm−3)

Shear
modulus
GO (MPa)

Shear wave
speed Vs
(ms−1)

Small strain
damping
ratio (%)

Poisson’s
ratio

BALLAST
type

0.7 1600 57 189 2.0 0.3

Very soft to
soft highly
organic SILT

2.5 1200 6.8 75 2.1 0.482

Firm sandy
silty CLAY

0.7 2100 20 97 3.7 0.497

Clayey
SAND and
GRAVEL

To depth 2000 52 161 3.0 0.45

5 Integration of Laboratory and In-Situ Parameters

To build a ground model, it is necessary to consider data obtained from all sources.
The first restriction is that most models include only horizontal layering. For this
reason, an average thickness for the important soft silt layer must be selected, which
is believed to be a basin of varying thickness with a maximum of 4 m. A value
of 2.5 m was chosen, with the thickness and material type of the layers above and
below the silt selected from a combination of the historical site boreholes, the new site
boreholes and the SHDP. The site is believed to be saturated below the ballast. The
final ground model and small strain parameters are presented in Table 1. Accurate
modelling will require degraded values of soil parameters to be considered.

Properties were assigned to each material based on laboratory tests on relevant
samples. Results for laboratory tests were also compared with other published results
for similar soil types where possible, to give added confidence. Typical published
values were selected for materials where no laboratory testing took place.

6 Conclusion and Recommendations

An extensive site investigation was carried out, including the drilling of new bore-
holes and the completion of dynamic probe tests. After full index testing of 20 m of
borehole samples, a large data set of soil stratigraphy, density and other general index
measurements has been produced. Testing of samples in advanced laboratory equip-
ment has been completed, providing data for stiffness and damping variation with
strain from the resonant column, with confirmatory shear modulus testing completed
with bender elements. The highly organic silt is a material for which little data are
published, and so provide a useful dataset for future work. In combination with
pre-existing seismic measurements and track displacement measurements, this data
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provides all the information required for the use of this site as a new critical velocity
case study [18].

Recommendations for assessing ground models for critical velocity sites are as
follows:

• In-situ seismic testing is less useful on sites where the underlying ground layers
are uneven and the position of the railway is such that suitable test locations
are unavailable or inaccessible. Sole reliance on such tests is not recommended,
as soils at soft sites may have unusually low densities which are unlikely to be
assumed in the seismic dispersion curve analysis.

• Super heavy dynamic probe test data are useful in building an expanded picture
of the site stratigraphy rather than relying on boreholes alone, at lower expense
and with reduced invasiveness.

• The addition of bender elements to a resonant column test is a very effec-
tive method for providing confirmatory measurement of shear wave speed/shear
modulus for minimal additional cost and time.

• The resonant column is the only method capable of providing both shear modulus
and damping degradation measurements relatively quickly and easily—both key
modelling parameters.

• If it is thought that a site may suffer critical velocity effects and advanced labora-
tory testing is not possible, it is essential to carefully consider the ground material
before selecting typical shear moduli and strain degradation/damping variation
rates. Organic content and/or the presence of soft materials such as silts will
greatly affect the selected values.
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Design and Construction of a Very High
Embankment Using Geosynthetic
Reinforcement
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Abstract Kannur International Airport Ltd. (KIAL) is a new Greenfield airport
project with airside development on an undulating terrain with an average height of
90m abovemean sea level (MSL) and amaximum height of 142m. To accommodate
the desired Runway length and runway end safety area (RESA) at both the ends along
the proposed alignment, it resulted in 45.5 million cubic meters in cutting and filling.
The insufficient availability of land for the construction of free slope embankment at
RESA 07 end resulted in the design and construction of reinforced soil slope (RSS)
system with a maximum slope of 65°. An embankment fill of average 70 m height
with steep slopes located in high rainfall area is a unique feature of this project. Thefill
was reinforced with high-strength uniaxial geogrids laid perpendicular to the slope.
Weld mesh wrapped with coir mat acted as facia units to protect it against surface
failure. Considering high rainfall received on this table top airport site, extensive
drainage system was designed for the high embankment fill. Gabion wall up to 9 m
height were also designed and constructed along the boundary to accommodate the
toe of the RSS fill beside the jeepable track at the base level. The design of RSS fill
was done using ReSSA software and verified in PLAXIS 2Dmodeling. The site won
excavated laterite soil was used as the fill material for the construction. Extensive
field and laboratory tests were conducted during the construction of RSS system for
quality assurance.
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RESA
Extent of Reinforced Soil 
Slope System

Fig. 1 Layout model of KIAL with RSS marking

1 Introduction

The Kannur International Airport is a new greenfield airport, recently constructed
and commissioned in Kerala, a south-western coastal state of India. The airport has
been developed with a single Runway of length 3050 m and a parallel taxiway to
aerodrome reference code 4E specifications [1]. The general surface profile in the
project area is undulating with an average height of 90m aboveMSL and amaximum
height of 142 m. Being a table top aerodrome, the runway was provided with the
overturn of 60 m and runway end safety area of 240 m on either ends which resulted
in a total strip development of 3650 m. Only 3000 m approximately of land along the
runway length was at a general elevation of the development platform of 100 m [2].
The rest, toward the runway ends, was at a general elevation of 20–60m. This resulted
inmassive earth fill, stability of whichwas to be ensured. This was further aggravated
by the non-feasibility of land acquisition at RESA 07 side to provide a stable earth
fill slope (1 V:2H), which therefore became a necessity to provide earth retention
system. Various retention schemes and combinations were explored to accommodate
such a high embankment with the available land premises. All the proposed schemes
were rigorously evaluated against the stability criteria and feasibility of construction.
This paper represents a case study detailing the design and construction of a very
high embankment using geosynthetics for the provision of runway length and RESA
area as shown in Figs. 1 and 2. The aerial view of RSS system during construction
is shown in Fig. 3.

2 Earth Retention Systems

The major earth retention schemes proposed include: Reinforced cement concrete
(RCC) walls, Gabion wall and geogrid reinforced soil systems. In RCC walls and
GabionWalls, a multi-tier approach was evaluated which each tier height worked out
to be 10m.However, the very heavy structural design andmaterial requirements ruled



Design and Construction of a Very High Embankment Using … 873

AOP
Road

RESA

Fig. 2. 3D model view of RSS system

Fig. 3 Aerial view of construction site

out this option as RCCwall and the gabionwall schemewas ruled out due to failure in
global stability analysis even though the individual tier stabilitywas satisfied. Finally,
the option of employing a geogrid reinforced soil slope system was considered [3].
Various combinations of RSS system were designed and evaluated which includes:
Designing the entire system as a single slope, encroachment of airport operational
perimeter (AOP) road within the system resulting in the discontinuity of the single
slope thereby designing the system with a combination of slopes checking against
its stability.

3 Geotechnical Investigation

3.1 General

Kannur is characterized with diversified surface terrain and distinctive geomorphic
processes. Laterite soil pre-dominates the district of Kannur covering around 62.7%
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Table 1 Foundation parameters

Description Units Top layer-soil Middle
layer-weathered rock

Bottom layer-hard
rock

Bulk unit weight kN/m3 18 25 25

Cohesion kPa 15 200 800

Angle of internal
friction

Degrees 30 35 35

of the total area [4]. The lateritic soil has excellent strength properties in dry condi-
tions, while the same soil exhibits very low strengths during the wet conditions. All
laboratory strength tests are performed in wet condition after a minimum soaking
period of 6 h in order to simulate the worst possible conditions duringmonsoon rains.

3.2 Foundation Strata

Engineering properties of the foundation strata were studied by conducting geotech-
nical investigation at 12 locations in the RSS system area. Boreholes of 150-mm
diameter were drilled using hydraulic rotary rig. Standard penetration test (SPT) was
conducted in the boreholes at regular intervals of 1.5 m or every change of strata and
disturbed and undisturbed sampleswere collected at various depths for further testing
in laboratory. Borehole termination was mainly governed by the presence of hard
rock. Boring up to a depth of 5 m was continued in the hard rock strata to confirm its
occurrence. Rock core samples were subjected to unconfined compressive strength
(UCS) test. Triaxial consolidated undrained test was performed on undisturbed soil
samples to determine the shear strength parameters. Ground water level (GWL) in
each borehole was determined after 24 h of completion of boring.

Based on laboratory test results, three different foundation strata were observed
below the proposed embankment fill as mentioned in Table 1. Rocky strata was met
at an average depth of 15 m from ground level. RocLab software [5] output for rock
mass strength based on generalized Hoek Brown failure criteria was used for the
determination of ‘c’ and ‘phi’ property of rock [6]. The water table depth was met
10m below ground level. As the water table level can go high during monsoon, water
table at 2 m depth below toe of RSS system was considered for the slope stability
analysis.

3.3 Reinforced Soil and Backfill Soil

The engineering properties of the reinforced fill play a key role in the design of RSS
system. Based on the design, about 1.2 million cubic meter of reinforced fill was
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Table 2 Design properties of
fill soil

Description Units Reinforced soil Backfill soil

Bulk unit weight,
γ

kN/m3 18 19

Cohesion, C kPa 10 15

Angle of internal
friction, �

Degrees 30 25

essential.As the project location is situated on anundulating terrain, like embankment
fill, huge amount of cutting works were also involved in the construction. So, the
idea was to borrow the fill material from the cut locations based on its suitability.
Laboratory tests including grain size analysis, Atterberg limit, MDD and direct shear
test was conducted on soil samples from cut location and design parameters for
reinforced and back fill soil were finalized as shown in Table 2.

4 Design of RSS System

The design of an economic and stable reinforced soil slope system for such a height
with curves and bends along with the accommodation of gradually climbing up AOP
road at mid height and perimeter Jeep track at the base level was challenging to
the designers. To address these challenges a total number of 10 cross sections with
varying slope geometry were selected to be designed. Project timeline of 32 months
with 8 months of monsoon included demanded for a design to make the construction
feasible in 24 months. This was achieved bymaintaining the vertical geogrid spacing
at 800 mm.

4.1 Geogrid Reinforcement

The RSS system was designed for a life of 25 years as per the airport capacity
enhancement plan. For this huge fill with the geogrid vertical spacing of 800 mm,
use of high-strength uniaxial geogrid became mandatory. Therefore, high-tenacity
polyester yarn tendons encased in a polyethylene sheath coated geogrid with ultimate
tensile strength of 1200 kN/m was selected as the primary reinforcement (Fig. 4).
Geogrids with ultimate tensile strength down to 50 kN/m were also incorporated
in the design where suitable so as to economize the design. The long-term design
strength of the geogrids was derived considering reduction factors for creep of 1.39,
installation damage factor varying between 1.02 and 1.1 based on individual geogrid
strength grade, durability factor of 1.12, and an additional ramification factor of 1.1.
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Fig. 4 Primary Reinforcement

)c()b()a(

Fig. 5 Facia system: a coir mat wrapped weld mesh; b elevation view of facia system; c Vetiver
grass growth

4.2 Facia System

65° angled ‘L’ shaped welded mesh units (8-mm diameter and mesh size-150 mm ×
150 mm) were used to maintain slope angle varying from 33° to 65°. Welded mesh
unit was wrapped with coir mat to facilitate the growth of vegetation. Vetiver grass
was planted throughout the system (Fig. 5). The horizontal and inclined faces of
the welded mesh unit were braced by 8-mm diameter hooked steel bars to maintain
the geometrical shape and stability of the face during the compaction of the soil.
For slope angle steeper than 45°, primary reinforcement at that level was wrapped
around the weld mesh units to act as the facing system along with the placement of
coir mat. While for slope’s gentler than 45°, secondary reinforcement (1 m width)
in the form of biaxial geogrid of 20 kN/m tensile capacity was installed between the
primary geogrid layers. For slopes gentler than 33°, coir mat was laid on the surface
and vegetation growth was facilitated.

4.3 Surface and Subsurface Drainage System

The airport project is located in a heavy rainfall area with annual rainfall of 3300mm.
It becomes mandatory to design and provide a detailed surface and subsurface
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drainage system to prevent any infiltration of water in to the RSS system. There-
fore, drainage in the form of berm drains and chute drains was provided to clear
of the surface running water from the RSS system and subsurface drainage system
provided on top and back of the RSS system to arrest the infiltrated water from
reaching reinforced fill.

At the rear end of the reinforced fill, chimney drain in the form of 600-mm thick
aggregate media sandwiched between non-woven geotextile layers were adopted to
prevent the infiltration of water from backfill to the reinforced fill. Aggregates of size
between 13.2 and 40 mm were used. An aggregate mount and HDPE pipe network
were provided at the bottom of the chimney drain to collect seepagewater and carry it
outside theRSSfill. The pipe network consisted of geotextilewrapped 315-mmdiam-
eter half perforated HDPE longitudinal pipe and 160-mm diameter non-perforated
HDPE transverse pipes. At the bottom level of chimney drain, longitudinal pipe run
along the perimeter to collect the percolated water through the geotextile wrapped
perforations. Transverse pipes were connected at right angles to the longitudinal pipe
to drain out the collected water out of the system. Both longitudinal and transverse
pipes were installed with adequate gradients to enable the free flow of water that is
being collected. Since the reinforced fill coverage area of top tier and bottom tier was
diverse, two independent chimney drain systems were provided for both the sections.

Although the top surface of the RESA is sloped as per the specified gradients,
considering the high rainfall intensity at the project site, a subsurface drainage system
was designed for the complete extent of reinforced soil zone. The arrangement
consists of 200 mm thick aggregate layer sandwiched between geotextile layers
laid down with a gradient of −1% longitudinally towards the rear end and −2%
transversely from center line of RESA. The system is underlined by an impermeable
1-mm thick geomembrane sheet.

5 Design Methodology

TheRSSsystemwasdesigned as perFHWA-NHI-10-025guidelines [7]. The analysis
and design were carried out using ReSSA software and was verified in Plaxis-2D
finite element analysis program (Figs. 6 and 7). The seismic analysis was carried out
using the pseudo-static approach with improved seismic coefficient and importance
factor.Minimum factor of safety for slope stability analysis at the end of construction
was considered as 1.3 for static condition and greater than 1.0 for seismic condition.
The summary of the design sections is given in Table 3.

ReSSA software is based on the limit equilibrium method. The slope stability
analysis was performed for circular slip surface by Bishop’s method and for direct
sliding along geogrid reinforcement layers by Spencer’s method. Rotational and
transitional stability analysiswere performed and least factor of safetywere obtained.
The global minimum was obtained by performing the analysis with different bounds
for the entry and exit points of the slip circles.
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Fig. 6 ReSSA software model

Fig. 7 Plaxis software model

Finite element analysis program was carried out under plain strain model using
Plaxis-2D AE Version (Plaxis 2013). Mohr–Coulomb model has been considered
for soil with 15 node element and linear elastic model have been considered for both
soft as well as hard rock strata. Geogrid is defined as an elasto-plastic material. The
foundation soil strata layers are modeled and assigned as initial phase. After that
the reinforced soil system is slowly built up in number of phases as per the height
of the structure. A live load of 24 kPa was considered over the airport operational
road at finished level of RESA and on airport operational perimeter Road for 7-m
width and air plane loading of 267 kPa was considered for a width of 3.54 m acting at
44.77 m from the edge of embankment. The project falls under Zone III as per Indian
Standard Code IS: 1893 [8]. The actual seismic factors as per IIT Kanpur—GSDMA
[9] are considered for design which is enhanced beyond IS: 1893. A horizontal
seismic coefficient of 0.096 was considered for seismic case. The vertical seismic
acceleration coefficient is taken as 0 as most of the damage occurs due to horizontal
acceleration.

When the geometry model was complete, the finite element mesh was generated.
PLAXIS 2D allows for a fully automatic mesh generation procedure, in which the
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geometry is divided into element of the basic element type and compatible struc-
tural element, if applicable. The generation process is based on a robust trigulation
principle that searches for optimized triangle. In addition to, the mesh generation
itself a transformation of input data (properties, boundary condition, material sets,
etc.) from the geometry model (point, line and clusters) to the finite element mesh
(element, nodes and stress points) is made.

The finite element analysis was carried out to calculate the stress and deformations
starting from initial phase up to the last layer of soil. In the initial phase, in situ soil
is in K0 condition. After completion of deformation analysis in each phase, C—
Phi reduction analysis is carried out to check the stability of the RSS structure in
the safety analysis phases. The seismic analysis carried out using the pseudo-static
approach.

The contribution of Gabion wall constructed to accommodate Jeep track was not
considered in the design since the wall was non-uniform and discontinuous. Where
the slope angle is more than 45°, wrap around facia was considered in the design
analysis. Maximum length of 82 mwas designed at critical section at AOP road level
which acted as basal reinforcement for top 30 m high-steep reinforced slope. The
factor of safety values obtained at all sections are found to be adequate (FS ≥ 1.3 for
static case and FS ≥ 1 for seismic case).

6 Construction Methodology

6.1 Ground Preparation

Initially, full formation width at ground level plus additional extra width as required
was cleared, excavated and leveled to the designed foundation level. The existing
ground (sloped) surface was excavated to the extent required to accommodate the
primary reinforcement. The soil from all areas of cutting was stripped to a suitable
depth not less than 150mm to ensure removal ofmajority of rootmatter. This stripped
of material (vegetative soil) was then stored as stockpiles for later use in facia where
vegetation is recommended as part of slope erosion protection. Whenever the fill is
to be deposited against the face of natural slope or sloping earthworks face, such
faces were benched before placing the subsequent fill to ensure adequate bond with
the fresh embankment to be added.

The leveled surfacewas scarified,mixedwithwater and then compacted by rolling
so as to achieve a minimum dry density of 98% MDD for a thickness of 150 mm.
If the founding stratum was observed with loose pockets, it was then removed and
replacedwith suitable backfill material in layers not greater than 200mm in thickness
and compacted to minimum 98% MDD.
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6.2 Gabion Construction

Toe gabion wall was constructed with a batter of 6° to the vertical by slanting the
foundation level consequently. Gabions were delivered in bundles with the tie wire.
Each gabion panelswere straightened on a leveled ground to form a rectangular shape
gabion box with the help of wooden mallet and batter/flank. All the gabions placed
were connected to each other by lacing. MS pipe/frame formworks were provided at
the gabion facia to keep bulges within the specified tolerances, while filling.

Filling was done manually to minimize voids to achieve maximum density as
shown in Fig. 8. Stones used for gabion filling were placed in lifts of 300 mm. Stones
with flat face were placed at the exposed faces to enhance the appearance and reduce
the risk of construction induced damage (Fig. 9). Small-sized stones were provided
only at the center of box. Internal cross-ties were provided using lacing wire after
every 300 mm of fill connecting the front and back faces. The diaphragm position
and overall dimensions of the gabion were checked constantly during the process.
Gabion in the upper layer was connected to the top of lower layer along the front
and back edges of contact using the same lacing connection. Back face of the gabion

Fig. 8 Gabion filling

Fig. 9 Elevation view of
gabion wall
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was wrapped with a non-woven geotextile extending 250 mm into the backfill at top
and bottom in the form of C-shape wrapping. This prevents backfill being washed
into stone voids in the event of rainfall and to drain-off excess water from backfill.

6.3 Reinforced Fill and Backfill Construction

Once foundation bed is prepared, weld mesh units were placed in position at slope
face and fixed to ground using 8 mm U-pin. It was then wrapped with coir mat,
extending 300 mm in to the backfill at bottom and top which is laid over-hung at the
face. Diagonal hook bars were fixed to each unit. On reaching next level of mesh
unit, the overhung portion of coir mat is wrapped around and fixed using U-pins/
wooden pegs.

The reinforced fill and backfill soil were spread in layers by mechanical means,
finished by a motor grader and compacted using 10 T vibratory roller (Fig. 10).
The reinforced soil was carefully placed and compacted in area behind the slope
face extending up to the end of design reinforcement length. It was compacted in
layers of 200 and 300 mm combinations, while backfill soil was compacted in layers
of 300 mm thickness. Each layer of reinforced soil fill was compacted to 98% of
MDD and backfill soil to 95% of MDD. The compaction was done with the help of
self-propelled single drum vibratory roller of 10 ton capacity.

(a) (b) 

(c) (d) 

Fig. 10 Construction activities: a dumping; b dozing; c grading; d compaction
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(a) (b) 

Fig. 11 Geogrid activities: a Unrolling of geogrid; b stretching and fixing of geogrid

On attaining geogrid level, layout of geogrids was marked on the prepared bed
using total station and required grade of geogrid rolls were laid flat by unrolling and
placed in continuous longitudinal strips from slope face (Fig. 11). It was then cut
from the roll, tightened manually and pinned using 8 mm U-pin at regular interval
of 2 m into the soil to ensure no slackness or undulation. Installation of geogrid was
followed by placement of vegetative soil of 300 mm width at the slope face except
for the gabion facia location. Vegetative layer was compacted using plate compactor
of 1 ton capacity. After every 0.8 m construction height, weld mesh units were placed
and the construction activity repeats. Regions were slope angle is steeper than 45°
to horizontal, primary geogrid were wrapped around weld mesh units. Wraparound
length acts as a secondary reinforcement.After leaving sufficient length forwrapping,
remaining installation of geogrid and related works are same as explained earlier.

The curvilinear alignment of the RSS system created non-uniform convex and
concave faces for different tiers. Convex face creates gap between the adjacent rein-
forced zone. Therefore, additional geogrids of samegrade to the adjacent sectionwere
used to cover the gaps as shown in Fig. 12. The geogrids were laid with a vertical

(a) (b)

Fig. 12 Geogrid arrangement at: a convex face; b concave face
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(a) (b)

Fig. 13 Aerial view of chimney drain alignment in 5th tier

stagger of 200 mm so as to avoid physical contact between geogrids provided at
sections adjoining the concave faces.

6.4 Chimney Drain

At rear end of the structural fill, a filter bay or chimney drain of 600 mm width is
provided. The filter bay was filled simultaneously as the structural fill was placed
and compacted layer by layer. At the interface of soil and filter media, non-woven
geotextile was installed as a continuous roll extending upward along the fill height.
Adjacent rolls were stitched together at an overlap of 100 mm. Chimney drain was
constructed along the cut portion of the natural slope as it formed the rear end of
reinforced fill up to third tier and thereafter, it rested on the side slope of backfill.
The aerial view of chimney drain alignment in 5th tier is shown in Fig. 13.

315-mm diameter half perforated HDPE pipes were installed at the bottom of
chimney drain with perforations facing upward. The perforated pipe was wrapped
with geotextile throughout its length with an overlap of 50 mm stitched manually.
The pipe was laid with a slope of 2–3% across the system for easy flow of water.
Transverse HDPE pipes of specified diameters were connected to the perforated pipe
using T-joints by welding. Transverse pipes were laid perpendicular to the chimney
drain with a slope of −2% toward facia. The ends of longitudinal pipe were closed
using end caps.

6.5 Subsurface Drainage System

A systematic approach was followed in the construction of subsurface drainage
system at the top. Initially, an impermeable geomembrane sheet was laid horizontally
at the bottom most level of the subsurface drainage system as shown in Fig. 14a. The
adjacent geomembrane sheets were joined by hot wedge welding with an overlap of
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(a) (b) 

Fig. 14 Subsurface drainage system

100 mm. The sheet was laid from the facia edge to the chimney drain end protecting
the complete extend of reinforced zone. A similar arrangement was also provided
below AOP road platform.

As drainage layer was designedwith 1% longitudinal and 2% transverse slope, the
bed was also prepared with same gradient. Rigorous level checking was done at close
intervals tomaintain the slope,with trenchesmade along the transverse direction from
the centerline and also at the edges. Bed preparation was followed by the installation
of bottomgeotextile sheet, filtermedia and top geotextile sheet forming 200mm thick
filter media (Fig. 14b). Later, geotextile wrapped half perforated 315-mm diameter
HDPEpipeswere installed in trenches running along the edges of subsurface drainage
system with perforations facing upward to collect water.

6.6 Quality Assurance and Quality Control

QA and QC performed during construction mainly applies to onsite field testing
and associated laboratory tests. For reinforced fill, the maximum size of soil particle
permitted was 100 mm and for backfill 2/3rd of compacted bed thickness. Each layer
of reinforced fill was compacted to 98% MDD. The compaction was done with the
help of 6–8 passes of self-propelled single drum vibratory roller of 10 ton capacity.
While compaction within 1 m from the slope face was carried out using vibratory
plate compactor having 1 ton capacity. Compacted density of the bed was checked
using nuclear density gage testingmachine. Subsequent layers were placed only after
the bed has been tested and checked. If the moisture content of dumped soil is in
excess of OMC, it is spread and left exposed to atmosphere to dry out, while if it is
found to be deficient, then soil spread on ground is moisturized by sprinkling water.

All types of geosynthetics are supplied with test certificates indicating its proper-
ties. Geogridswere always examined for any kind of physical damage during installa-
tion and if found, it goes to scrap. Geogrids were laid straight and tight, perpendicular
to the slope face. The alignment of geogrids was marked using total station, which in
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(a) (b) 

Fig. 15 RSS system: a Elevation view; b top view

turn checks the geometry of the system. No equipment’s or machinery was allowed
to pass directly on the geogrids.

Geomembrane sheets were joined by hot wedge welding. Peel test and shear test
were carried out to ensure the quality of weld. Minimum value of 350 N/25 mm
shear strength and 263 N/25 mm peel strength were obtained and marked satisfied.
Also, ‘break in the sheet not in the weld’ was observed during the test. Air Pressure
test was conducted to ensure quality of joint against leakage. The results indicated
no drop in pressure more than 4 psi for 2 min and dropped immediately when the
end away from pressure gage was opened, thus satisfying the requirement. The aerial
view of RSS system after completion is shown in Fig. 15.

7 Conclusion

Design and construction of 70-m high reinforced soil slope system with very high-
steep slopes alongwith curves andbends in a high rainfall area atKannur International
Airport was challenging for the contractor, Larsen & Toubro Ltd. Following are the
conclusions made:

• Themain choice of reinforced soil slope system over the traditionalmass retaining
structures is found in the flexibility, environmental friendliness and cost effective-
ness of the RSS system. Furthermore, it was found faster in terms of construction
schedule compared to the traditional methods.

• Choice of weldedmesh facia system for slope protectionwas found to be adequate
because of its handling and fabrication easiness at site. However, it is suggested
to use this system for the entire reinforced slope region for a faster rate of
construction.

• The robustness of the design and construction was proven when the system was
exposed to extreme rainfall in two consecutive years. This was engineered in an
innovative way fulfilling the requirements of stability and economy.
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Repeated Load Saturated Soil Behavior
Linked to Two Derailment Case Studies

Theodore Sussmann

Abstract According to Hay (Railroad engineering, Wiley, New York, 1982), the
support of railway track is a critical requirement to achieve the potential of railway
track to serve as one of the most cost-effective types of infrastructure in terms of
long-termmaintenance cost. Uniform resilient support provided to the track structure
(rails and ties) is needed to maintain stresses in the track structure that result from the
applied train loading within an acceptable range. Excessive track deflection due to
poor track support contributes excessive stress to track components. The shallower
the support deterioration, the more severe the effect on the track structure and the
deeper the support deterioration the more difficult it can be to locate and repair.
Saturated-undrained soil conditions would not be expected to compromise track
support in railway track built using commonly specifiedmaterials. However, changes
in track drainage patterns and contamination of open-graded aggregate ballast has
been known to result in roadbed saturation and associated softening that is listed
in the FRA Railway Accident/Incident Reporting System as derailment cause code
T001 Roadbed Settled/Soft. The technical cause of deterioration is often a moisture
content increase associated reduction in strength. Repeated load behavior of saturated
undrained soils is known to cause specific types of problematic failures that might be
mitigated with operational limitations or maintenance. The potential for saturated-
undrained repeated load soil failure modes in track can only be assessed if situations
susceptible to these conditions can be identified. In this paper, the classic conditions
related to these soil failures are discussed as a basis for review of two case studies
illustrating the field conditions associated with two distinct failure scenarios.
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1 Introduction

Emerging railway operational scenarios aim to increase the cost-effectiveness of
railway transport. Schedule reliability is a central requirement of any robust opera-
tional scenario aimed to improve cost-effectiveness [1]. Reliable rail track infrastruc-
ture is a critical element of track safety and schedule reliability. The goal of the track
design, inspection, and maintenance process is to ensure safety and develop mainte-
nance plans that address safety concerns and ensure track reliability. Each decision
made during each of phase of the life of track contributes to the reliability of the
infrastructure. During track design, the trade-offs between a more robust design and
initial cost are quantified and evaluated [2, 3]. Once constructed, the inspection phase
is intended to identify safety defects and locations of early rail support failure for
correction. As the condition of the track degrades over time, maintenance changes
from an abnormal operation to correct a construction error or location that varied
from design parameters early in the track life to a routine occurrence as the track
deteriorates under traffic, time, and environmental conditions. At this latter stage in
the track life, maintenance and inspection efforts target safety risks that sometimes
include potential track support failure risks. Efforts to identify the root cause of track
deterioration are continually pursued [4] by the industry in an effort to ensure that
any repairs improve track structure performance in order to minimize future main-
tenance outages and limit the risks associated with track degradation. This paper
will focus on saturated and undrained soil response under repeated load to identify
field conditions potentially susceptible to these types of behavior. The nature of the
failure and rate of deterioration is discussed to help link field conditions to the known
failure conditions. Two derailments will be considered and linked to these specific
track support related geotechnical conditions.

2 Railroad Case Studies

When assessing the potential influence of railway track substructure to develop satu-
rated and undrained conditions that could affect roadbed stability, it is important
to consider the depth of the layer and local drainage conditions. The risk posed
by deeper layers susceptible to poor performance when saturated and undrained
can often be minimized with good drainage. However, internal track drainage can
become blocked as the ballast gradation becomes more fouled later in the ballast
life. Under these conditions, the subballast and even the ballast layer itself might be
subject to instability. When assessing the potential for saturated ballast instability it
is important to consider:

1. the level of ballast disturbing maintenance or amount of traffic that has passed
the site to assess whether the ballast is loose or dense,

2. ballast gradation and degree of ballast fouling,
3. the availability of water in the amounts needed to result in saturation, and
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4. the likelihood of saturated and undrained conditions to exist.

Because the industry does an excellent job in identifying problem areas and diag-
nosing these problems for repair, relatively few examples exist that approach the
conditions thatwouldmeet the requirements of saturated and undrained failure condi-
tions. One failure attributed to saturated and undrained conditions occurred under
test in Pueblo, CO [5] where a thick 15 in. (0.38 m) subballast layer was installed that
was well-graded with a high percentage of fine sand size particles and smaller that
blocked drainage. The track was subject to excessively heavy rains under traffic and
the track settled and deformed excessively. Lacking other explanations, this case is
perhaps the first observation of a saturated undrained failure condition in track. Two
possible revenue service cases have been identified that appear to exhibit the distinct
field conditions conducive to saturated undrained failure. These two cases will be
discussed in appropriate detail to link the possible field conditions to the mechanics
of saturated and undrained failure under repeated loading.

2.1 Cox Landing, West Virginia, 1998

A 1998 derailment in West Virginia was investigated by the National Transportation
Safety Board that determined that “the probable cause of this derailment was an
unstable roadbed that resulted from inadequate or ineffective measures…to perma-
nently correct known drainage problems in the area” [6]. The site was a hillside
adjacent to the Ohio River as shown in Fig. 1.

TheNTSB report provides a somewhatmore detailed discussion of the importance
of drainage:

Althoughdifferent types of roadbed soilwill react differently to an excessive amount ofwater,
complete water saturation will generally destabilize a roadbed. To avoid such saturation, the
track system, including ballast and subballast, must be able to guide both rain and drainage
water away from the track structure. The track ballast allows water to drain through it, while
the subballast should be impermeable, guiding water away from the subgrade… [6].

Fig. 1 Derailment site schematic in West Virginia [7]
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While some might debate the claimed role of the subballast, the importance of
drainage to the track structure is clearly stated and not debatable.

In this derailment, a very high level of maintenance was required tomaintain track
geometry within FRA track safety limits. A significant amount of track surfacing and
alignment maintenance occurred including about twice-monthly repairs during the
fall before the derailment [6]. This trend appeared to reestablish itself in the spring
although at perhaps a less frequent interval. The track inspector is quoted as stating
“the track just goes down” [6], which is interpreted to mean that once surfaced the
track could not support the load from passing traffic without track geometry surface
degradation indicating significant settlement in the area.

Meteorological reports [6] indicate a noteworthy amount of precipitation. The
area had received 6.89 in. (0.175 m) of rain during June, which on average receives
3.51 in. (0.089 m) during the month of June. Even more important is the noted fact
that a significant portion, 4.77 in. (0.121 m), of this rainfall occurred in the 11 days
preceding the derailment. This fact seems to indicate that a very wet period with no
significant dry periods preceded the derailment.

Drainage of the track in the area of the derailment was poor as noted by a local
resident quoted in the NTSB report [6] as stating that the drainage ditch between the
state highway and the track held standing water “all the time”. The derailment site
is on a slope with the Ohio River at the bottom, some residences between the river
and the tracks, and a state highway adjacent to and slightly above the tracks (Fig. 1).
At the time of the derailment, no cross drains or other outlet for precipitation and
runoff from the adjacent land and highway existed [6].

Analysis of the conditions at the site at the time of the derailment identified the
major safety issue as “inadequate roadbed drainage and resulting roadbed instability”
[6]. This conclusion combined with the track inspectors statements that highlight
track settlement concerns clearly indicate the type of instability observed at the site
aligns well with the expectations from the types of failures that can occur in saturated
and undrained soils. However, a review will be conducted of the evidence that exists
to help characterize the required four conditions necessary for saturated, undrained
conditions of (1) ballast physical state (dense or loose), (2) gradation or ballast
fouling, (3) source of water adequate to cause saturation, and (4) field conditions
that approach undrained.

The repeated maintenance of track geometry occurred quite often at this site.
Track surfacing for profile and alignment loosens the ballast, which takes significant
energy to compact. Under optimum conditions, traffic might re-compact the ballast
in a few days to a couple weeks depending on traffic density. However, the track
inspector’s statement about the instability of track profile is a clue that compaction
was not optimum, and the ballast was quite possibly in a loose state for extended
periods.

The drainage conditions appear a bit more obvious since the heavy rain concen-
trated just prior to the derailment coupled with inadequate drainage highlighted by
standingwater both point to saturation of the roadbed.While poor drainagemight not
always indicate undrained conditions, it appears that the standing water and reduced
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hydraulic conductivity of the ballast due to fouling indicate conditions approaching
undrained.

Under the conditions of loose saturated ballast under repeated load in a saturated
and undrained condition, the ballast could have been subject to liquefaction, which
is a failure mode of loose, saturated, and undrained soils that will be discussed in the
next section on track mechanics. The track inspector’s comment about track settle-
ment perhaps indicates some ballast re-compaction under load following mainte-
nance, which would fit with the expectations for loose soils that tend to compact
and densify under load. However, the difficulty in compacting fouled, saturated
ballast likely indicates that at some point, the tendency toward volume reduction
under repeated loading will be offset by the energy required to compact the ballast
and void ratio/density will not change appreciably. At that point, continued loading
could increase the pore water pressure resulting in the potential for liquefaction. The
increase in pore water pressure would also reduce the resistance of the roadbed to
applied static loads due to the reduction in the effective stress, which would further
exacerbate the ballast deformation.

In this derailment, it appears that a case could be made that the mechanics of
the roadbed instability might be attributed to loose, saturated, and undrained fouled
ballast.Under these conditions, the ballastmight not easily re-compact. The increased
pore water pressure that might have developed under train loadingwould be expected
to act as a pressure between particles that will have a tendency to push the particles
apart and reduce contact stress between particles. The effect of this behavior is that
this pressure reduces interparticle friction, which can destabilize the structure of the
roadbed.

2.2 Bronx, New York 2013

A July 18, 2013 derailment in the Bronx, New York was investigated by the National
Transportation Safety Board [8] which determined “that the probable cause of the
accident was excessive track gage due to a combination of fouled ballast, deteriorated
concrete ties, and profile deviations resulting from…” deferred maintenance. The
derailment site is directly adjacent to a tributary to the Hudson River (Fig. 2). The
right-of-way in this area consists of two tracks along the river. The land adjacent to
the tracks includes a football field and baseball diamond in a low-lying area roughly
one to two feet higher in elevation than the tracks. To each side of the sports fields
are slopes up to residential areas.

The location is a typical drainage problem area with a significant runoff from the
higher, developed residential areas to the low-lying ballfields. Groundwater from the
ballfields appears very likely to flow to the river under the tracks. With the tracks
roughly 0.3–0.6 m (1–2 ft) above high water level, depending on tides, and between
5 and 7 m (15 and 20 ft) away from the water’s edge, roadbed drainage is critical.
Clean ballast is necessary in track sections in this close proximity to water sources to
promote water flow through the ballast and away from the track structure. The NTSB
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Fig. 2 Track conditions at the point of derailment [8]

report [8] notes that track conditions included fouled ballast and signs of pumping,
abrasion of the tie bottom due to track movement under load, and track structure
deterioration including rail seat abrasion (between the tie and rail) and signs of rail
fastening deterioration including insulators out of position. These conditions point
to an advanced stage of track deterioration since rail seat and tie bottom abrasion
take time and traffic to develop.

The NTSB accident investigation [8] does not mention the presence or effect
of moisture making this not seem like a case of saturated, undrained soil failure.
However, a review of local news sources shows the early summer of 2013 to be
a particularly significant time for precipitation including extreme flooding of the
Mohawk River (largest Hudson River tributary) in June 2013 (Fig. 3). Significant
precipitation events just preceding the derailment include:

1. During the 2 months between May 8 and July 8, 2013, New York City received
19.55 in. of rain, which is double the average [9]

2. 6.44 in. of rain on June 7–8, 2013 in NewYork City [7]. The rain event occurred
over 33 sustained hours and was the second biggest June rainstorm in NewYork
City history [9]

3. June 13 flash flooding in Schoharie County NewYork, just south of theMohawk
River [10]

4. June 28 flooding in Herkimer and Montgomery counties in New York, along
the Mohawk River in western New York State [10].

These rainfall events prompted New York Attorney General Eric Schneiderman
to have a report published titled “Current and Future Trends in Extreme Rainfall
Across New York State” [7]. This report highlights a series of significant rainfall
events that affected New York State with the photo of the Mohawk Valley flooding
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Fig. 3 Mohawk River valley flooding [7]

in 2013 on the cover (Fig. 3). The flow of these floodwaters from the Mohawk River
to the Hudson River and south toward the derailment zone would occur over a period
of time that includes the timeline for the derailment.

The impact of these precipitation events on the level of theHudsonRiver is obvious
in the variations of river level data from the United States Geological Survey (USGS)
gaging station at Piermont, NY (15 km (10 mi) north of the derailment toward the
Mohawk River) from June 1 to July 18, 2013 (Fig. 4) [11]. The red line in the figure
is termed the Mean Higher High Water level, which is “determined by averaging
the highest of the 2 high tides that occur each day over a 19-year tidal” period
[11]. Review of the data clearly indicates that this 19 year high water level was
exceeded routinely for more than a month prior to the derailment including the day
just preceding the derailment. These observations were corroborated with a review
of Google Earth satellite imagery for the derailment site, where the increase in river
level was confirmed. Google Earth imagery for the site shows the water encroaching
from a distance of 10 m (32 ft) from the tracks and about 0.6 m (2 ft) below track
elevation in 2010 to within 5 m (15 ft) of the tracks and about 0.3 m (1 ft) below
track elevation in May 2013.

Based on this analysis, the likelihood is high that water was present in the track
structure in sufficient quantity to establish saturation. This could occur without
surface indications other than the mud pumping locations noted in [8] that were
noted to be fouled with:

1. intrusion of soil [8],
2. deteriorated concrete noted by the gray color of the foulingmaterial in the photos

[8], and
3. the near universal presence of ballast breakdown particles in fouled ballast.
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Fig. 4 Hudson River level at Piermont, NY [11]

Under these conditions, it is clear that ballast drainage could have been impeded
and the conditions may have been sufficient for undrained behavior.

In this derailment, it appears that a reasonable case could be made that the
mechanics of the roadbed instability might be attributed to dense, saturated, and
undrained fouled ballast. Ballast is assumed dense at the onset of the failure due to
high-traffic volume and stable track geometry that did not require ballast loosening
track surfacing maintenance noted in the review of records in the NTSB report [8].
This may indicate that the deformation was rapid meaning that the ballast deformed
under relatively few wheel loadings and a short time period, which would fit with the
conditions for a saturated and undrained failure from an initially dense condition. Of
course, once deformation occurs, the ballast would exist in a looser state from that
point forward.

Under the expected initially dense conditions, the ballast would be dilative
meaning that the particles are densely packed and unable to pass or override each
other under train loading. Due to the high stresses from train loading and the interfer-
ence from adjacent particles, it is possible that this could result in particle breakage
and an associated reduction in volume. The volume reduction would lead to a pore
water pressure increase and associated reduction in minor principal effective stress.
If this were the conditions in track, then the type of saturated and undrained failure
would be termed cyclic mobility.

Under the cyclic mobility failure scenario, the increased pore water pressure acts
as a destabilizing pressure between particles that will have a tendency to separate
particles. In the dense ballast packing, the high-interparticle forces might not be
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reduced adequately to allow particle movement. In this case, the pore water pressure
could be relieved at the track surface and manifested as mud boils or mud-pumping
and spraying, which appears to be evident from photos of the site [8]. As this failure
progresses, the volume reduction and increased pore water pressure will both act
to reduce the confinement of the ballast until the particles rearrange to a looser
density/higher void ratio leading to increased plastic deformation, settlement, and
ultimately track geometry deviations and dynamic loading.

3 Relating Track Mechanics to Field Conditions

In this section, the mechanics of railway track behavior focusing on substructure
considerations are discussed. The discussion is focused on describing each consider-
ation to the extent necessary to make the connections to the field conditions related to
each derailment, which will be described in a subsequent section. These descriptions
are basic introductions and references are included for the reader interested in a more
complete and definitive description.

3.1 Stress State Considerations

The stress state of the soil under load is critical to the understanding of the
failure mechanisms. In this paper, saturated undrained repeated load soil behavior is
discussed as it relates to two case studies. In repeated load soil behavior of saturated
undrained samples, shear stress reversal is of particular concern since it is one of the
conditions necessary for rapid increase in pore water pressure noted in lab testing
[2, 3, 12]. Figure 5 highlights the differences between cyclic and permanent strain
whereby increasing permanent strain or pore pressure is the most significant failure
mechanism under repeated load. In samples subject to shear stress reversal the cyclic
permanent strain can dominate the behavior at or near failure as shown in Fig. 6.

Fig. 5 Cyclic and
permanent strain under
repeat load triaxial testing
[12]
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Fig. 6 Deformation and pore water pressure trends associated with samples tested with andwithout
shear stress reversal [12]

In Fig. 6, sample ‘b’ is similar to the trend presented in Fig. 5, because it was not
subject to shear stress reversal. Sample ‘a’ in Fig. 6 is a sample subject to shear stress
reversal that undergoes excessive strain during individual load cycles. The increase
in cyclic strain is associated with an increase in pore water pressure [12].

Mohr’s Circle is one of the fundamental analytical tools for understanding issues
related to state of stress. In addition to concerns related to exceedance of strength
limits, the state of stress is important for highlighting problematic conditions such as
the potential for development of shear stress reversal. Figure 7a presents the typical
Mohr’s Circle for K0 less than 1. In this case, the unloaded case considering the static
self-weight of the track is represented by circle 1 and the stress state with the applied
wheel load in addition to the track self-weight is represented by circle 2 (Fig. 7). The
change from 1 to 2, does not involve shear stress reversal as the shear stress remains
positive along the path noted 1–2 in the figure.

In granular, uniformcoarse-graded aggregate ballast used to support track, highK0

conditions develop under repeated loading [3] from passing wheels applying incre-
mental stress pulses that often compact and interlock particles. Figure 7b presents
the state of stress associated with a K0 condition greater than 1 with the vertical stress
less than the horizontal stress in circle 1. From this condition, the applied wheel load
is added resulting in circle 2. Under this condition, the added incremental stress due
to the wheel load is relatively large and exceeds the deviatoric stress. The minor prin-
ciple stress is the vertical stress which receives the predominant dynamic loading,
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Fig. 7 Mohr circles for
repeated loading

while themajor principle stress (horizontal) remains approximately constant creating
circle 2 (Fig. 7b). Under these conditions, the shear stress will change from negative
to positive along the noted path.

The dashed circle in Fig. 7a shows the state of stress that could develop with a
sufficiently large deviator stress to apply a horizontal stress exceeding the vertical
stress, possibly induced by large lateral loads induced by passing traffic. In this case,
shear stress reversal could also occur.

It is important to understand both the incremental and static loading when
analyzing the stress state since the static stresses might exceed the applied train
loading depending on the depth of the point in the track being analyzed.

3.2 Physical State Considerations

The physical state of geomaterials describes the density andmoisture content, among
other characteristics-like plasticity. Sincemost trackmaterials above the subgrade are
non-plastic, the physical state parameters discussed in this paper will relate mainly to
density as described by the unit weight or void ratio and moisture content. The state
diagram describes conditions of saturated, undrained, dynamic soil failure linked to
the physical state of the material as measured by either density or void ratio. A dense
material (low void ratio and high density) can be expected to behave and fail in a
different manner from a loose material (high void ratio or low density) and these
differences are described by different regions in the state diagram in Fig. 8 [13].

Figure 8 presents a classic state diagram depicting the steady state line that sepa-
rates the dense material to the bottom left and the loose materials to the upper right.
Materials starting in either region (loose or dense) may change state under loading
whereby loose materials will compact under load and dense materials may loosen
(dilate). The void ratio and minor principal stress would be expected to shift under



900 T. Sussmann

Fig. 8 Classic state diagram [13]

load with a tendency for changes toward the steady state line. However, soils do not
tend to readily cross the steady state line and rather often tend to progress toward
and along the steady state line under further loading [3].

3.3 Stress Strain Response

The stress–strain behavior of soil depends heavily upon the state of stress and physical
state of the soil. Figure 9 depicts the stress–strain response under monotonic loading
to failure. In Fig. 9a, the deviatoric stress increases more rapidly in dense materials
resulting in a higher Young’sModulus than soil in an initially loose state. In addition,
the peak in the deviatoric stress–strain curve for dense soil is a characteristic shared
with the lateral resistance of well-compacted (consolidated) track. It is noted that
when a soil is tested starting either initially loose or dense, the deviatoric stress at
large axial strain approaches a common value in both cases.

In Fig. 5b, the volumetric strain for initially loose soil reduces nearly exponen-
tially with strain. For initially dense soils, some initial reduction in volumetric strain
may occur as particles rearrange, but this particle rearrangement ultimately results
in a positive volumetric strain (volume increase). This is termed dilation and is char-
acterized by particle-to-particle interference as load is applied whereby the initial
dense packing of particles must loosen to allow particles to move past one another. If
the particles cannot pass to accommodate the required strain to support the applied
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Fig. 9 Typical stress–strain
response of soil after [14]

a. Deviatoric Stress

b. Volumetric Strain

c. Void Ratio

load at this density, then particle breakage is likely to occur. The increase in volume
for dense soil and reduction in volume for loose soil is the mechanism by which the
phenomena in Fig. 5c develops whereby the initial loose or dense void ratio changes
during testing approaching a common void ratio at large axial strain.

4 Linking Mechanisms to Failures

The repeated load behavior of soil can be somewhat different from the behavior
described for a single quasi-static load applied to failure shown (Fig. 9). The rela-
tively common failure mode of earthquake-induced liquefaction occurs in loose sand
subjected to earthquake shaking or vibration and other types of dynamic loading,
which generates increased pore pressure, resulting in reduced effective confining
pressure and ultimately flow along the steady state line (Fig. 8). Although some
cases of loose sand might be found in transportation structures such as pavement or
track, the occurrence can be limited with good construction practices. Maintenance
prior to the Cox Landing,WV site would have loosened the ballast and created condi-
tions susceptible to this type of failure. While, Cox Landing was associated with a
deeper seated instability, the presence of poor drainage and possibility for high-pore
water pressure to develop under traffic is likely to have contributed to the failure in
one of three ways:
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1. aggravating existing conditions at the site by contributing additional water under
pressure to the deeper failure,

2. resulted in poor load distribution once an upper layer liquefied that accelerated
the failure by concentrating additional load deeper in the track structure, and/or

3. destabilization of the roadbed that triggered the derailment.

Under repeated load, soil samples regardless of initial density have a tendency to
reduce in volume during testing. As each load pulse is applied, a small amount of
rearrangement or breakage occurs that contributes to the volume reduction, although
dense soils have less tendency for volume reduction.

Failure modes that may occur in dense soils are below and to the left of the
steady state line in Fig. 8 and are described as failure under monotonic loading and
cyclic mobility in the figure. Monotonic loading refers to quasi-static load increase
that will cause an increase in the minor principle stress of a dense, dilative soil
resulting in negative pore water pressure development and a net increase in effective
minor principal stress. On the other hand, cyclic mobility refers to the reduction
in confining stress under repeated load as previously discussed. The tendency for
volume reduction under repeated loadingwould result in positive pore water pressure
that could reduce the effective minor principal stress.

Railway ballast is placed in track loose and then compacted under traffic or under
a dynamic track stabilizer. When clean and well-drained, the ballast can compact
without the complications offered by the state diagram. In these cases, the clean
ballast will densify under traffic. However, the addition of fouling material and
moisture will influence the behavior and compaction of ballast.

When ballast deteriorates under traffic, the ballast is expected to be dense, as it
has compacted under traffic. When saturated, this tendency toward volume reduction
and compaction can be impacted. Traffic loading is quite rapid with repeated load
applications in the tens of Hz and associated significant vibrations up to 50 Hz or
more. Compounding the problem, railway track has a relatively long drainage path.
The shortest drainage path length would be the outer track where water would need
to drain the track width plus the shoulder, which is about 2.4–3 m (8–10 ft). Center
tracks can be double this drainage length or more. Resistance to flow or ponding
at various points have been noted by many authors [2, 3] indicating that saturated
conditions likely exist in ballasted railway track, at least temporarily [3]. Under
these conditions, wet fouled ballast subject to loading from passing traffic would
most likely be subject to the path represented by cyclic mobility (Fig. 8) as the
tendency for volume reduction due to ballast breakage at high-interparticle contact
stress leads to increased pore water pressure and decreased minor effective principal
stress. This appears to have been possible during the derailment in The Bronx where
dense compact and fouled ballast combined with significant rainfall and a location
adjacent to water and in the path of a significant drainage feature of the nearby
area. High-pore water pressure in the ballast appears to be evident as spraying and
pumping conditions were noted in the accident investigation [8].

Track maintenance to address track geometry irregularities results in an increase
in void ratio (decrease in density). This loosening of ballast usually results in the
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ballast being subject to traffic at a reduced speed to reestablish ballast compaction
and lateral track resistance to avoid track buckling risks associated with continuous
welded rail (CWR) [15]. As the traffic compacts the loose ballast, the void ratio will
decrease and pore water pressure could increase if the ballast is saturated. In this
case, ballast that might start at point C would move down and to the left toward
the steady state line. However, until the ballast is drained or dried, reestablishing
ballast compaction to a dense position below the steady state line is problematic,
as the saturated ballast will tend to spread or otherwise deform and move along the
steady state line. Another option would be for the ballast to densify (decrease void
ratio) under constant confining stress resulting in amovement vertically downward in
Fig. 4. Under these conditions, the ballast may compact and increase density (reduce
void ratio), but the ballast will not tend to cross the steady state line and instead
will propagate either to the right (increase confining stress) or the left (decrease in
confining stress). Either process is problematic since the loose ballast could reason-
ably be expected to deform and not provide a solid foundation for track until drained
or dried.

5 Summary

The ballast is a critical element in the structure of the track providing the support
to the tie needed for track to achieve the stability required to ensure safety at a
reliability level that supports the cost-effectiveness of the industry. Ballast fouling
is a result of deterioration under traffic and external contamination that can change
the well-drained, uniformly graded ballast aggregate to a saturated layer of well-
graded aggregate subject to excessive deformation. The mechanisms by which this
deformation accumulates have been the subject of speculation and often attributed
to moisture related strength reduction.

In this paper, two case studies of derailments were presented where conditions
approaching the saturated undrained conditions necessary for rapid deterioration of
soil under repeated load may have been present. These cases were presented for two
reasons: First to promote more advanced discussion and recognition of the complex
failure modes that can exist in track and second to identify conditions that might
be avoided through targeted risk reduction. For instance, one potential improvement
could be ensuring maintenance of fouled ballast occurs during dry periods when
possible and recognizing the potential limitations of surfacing and re-compacting
wet fouled ballast when maintenance is required in wet periods. Another possible
outcome could be that train operations are limited in particularly wet, saturated, or
near flood stage conditions. Limiting operations to empty trains or slowing operations
appropriately are both possibilities. However, significant data are required to help
inform analyses that could support or refute these possibilities since pore water
pressure in track has not been measured on any routine basis previously.

Ongoing research by the Federal Railroad Administration is pursuing develop-
ment of wireless technology to support the basic measurement of pore water pressure
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in track.Additionalwork is planned todemonstrate links between saturatedundrained
soil behavior and track performance. In the future, lab testing is planned to provide
measurements that support improved understanding of the particular conditions of
track and ballast failure with the goal of highlighting specific risks and mitigation
measures. This effort is geared toward ensuring that ballasted railroad track continues
to fulfill its historic role as a highly safe and cost-effective form of infrastructure.
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Study on Pile-Soil Interaction
Mechanism and Failure Modes of CFG
Rigid Pile Composite Foundation
in the Fluid-Plastic Soft Soil
of High-Speed Railway

Tai-Feng Li, Jian-Ping Yao, Zhi-Bo Cheng, Qian-Li Zhang, Yin Gao,
Jin-Fei Chai, Jing-Yu Liu, and Xin-Gang Zhang

Abstract In order to solve existing engineering problems, such as variable and
dynamic slope stability issues of railway embankments, limited soil bearing capacity,
and post-construction settlement of foundations in fluid-plastic soft soil, etc., the
Cement-Fly Ash-Gravel (CFG) rigid pile composite foundation has been used as
the main foundation design method. However, due to the lower shear strength and
the thixotropy of fluid-plastic soft soil, and the lack of research on pile-soil inter-
action mechanisms especially for the pile-soil modulus ratio, these will influence
the effectiveness of CFG rigid pile foundation design. Therefore, it is crucial and
essential to study the anti-shear contribution and the failure mode of CFG rigid piles
in the foundation treatment of fluid-plastic soft soil. This paper starts with the finite
element analysis of the structural mechanism of single rigid piles in the fluid-plastic
soft soil under different working conditions. The results show that the stiffness of the
pile body itself, the pile-soil modulus ratio, the shear strength of soil, and the angle
between pile and the sliding arc tangent of soil are the main influencing factors of
the apparent shear strength (defined as the maximum anti-shear force the pile can
provide). Furthermore, with an increase of the angle between the pile and the shear
plane, the failure modes of piles will gradually transition from the tensile bending
failure to compression bending failure. When the pile-soil modulus ratio is greater
than 4000:2, the CFG pile and other rigid piles are not suitable for fluid-plastic soft
soil foundation. Considering both safety and economy factors, drainage consolida-
tion treatment should be used to improve the shear strength of fluid-plastic soft soil
foundation, then follow with the CFG rigid pile composite foundation treatment.
Based on research achievements and some investigations from new-built railway
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construction projects, these combined treatment methods can significantly improve
the effectiveness of foundation treatment and increase the slope stability of railway
embankments.

Keywords High-speed railway · Slope stability · Foundation treatment ·
Fluid-plastic soft soil · Pile-soil interaction · Pile-soil modulus ratio · Apparent
shear strength

1 Background

For the high-speed railway foundation treatment in the fluid-plastic soft soil region
of China, rigid piles such as Cement-Fly Ash-Gravel (CFG) piles, pipe piles, and
reinforced concrete pouring piles are widely to be used to solve the problem of insuf-
ficient foundation bearing capacity [1, 2] and post-construction settlement. However,
in the actual engineering project, there are still a series of engineering problems such
as failure of foundation treatment, overall slippage of the subgrade during filling
process, and instability and sinking of the railway subgrade in the short term after
railway operating [3]. This ismainly due to the lack of understanding of the extremely
low shear strength and high thixotropic engineering properties of the fluid-plastic soft
soil, and the unclear understanding of the interaction mechanism between pile and
soil with large differences in pile-soil modulus [4]. Also, the research on the shear
contribution and failure mode of CFG piles in the fluid-plastic soft soil founda-
tion is not deep enough. The traditional limit equilibrium method is still used in
the embankment stability analysis, which overestimates the stability of the embank-
ment [5]. This can cause the improper selection of foundation treatment methods in
practical engineering.

In order to solve the engineering problems in the treatment of fluid-plastic soft soil
foundation, this paper uses a finite element analysis method to numerically analyze
the working mechanism of single pile in different conditions in fluid-plastic soft
soil. The main research of this paper will focus on the different pile-soil modulus
ratios, the different angles between piles and sliding arc tangent, the shear behavior
of piles under different shear strength of soil, the failure mode, and the interaction
mechanism between piles and soils. The shear contribution of single pile has been
defined as the apparent shear strength in this paper. Furthermore, this paper will also
explore the relationship between the apparent shear strength and the pile stiffness,
the difference of pile-soil modulus, the shear strength of soil, to analysis and find out
the possible failure mode of the pile.
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2 Using FEA Model to Simulate Direct Shear Test

This section will use FEA model to simulate the direct shear test of soil. The main
soil sample parameters are shown in Table 1.

In order to calculate the interaction between fluid-plastic soft soil and CFG pile,
four types of soil samples were selected in this paper. The first three soil samples
(A–C) are typical fluid-plastic soft soil, the parameters are obtained from the in-door
tests. The fourth soil sample (D) has been set as an ideal clay, with improved cohesion
force and the internal friction angles, compared with the former soil samples. The
difference between the clay and the fluid-plastic soft soil in the interaction between
pile and soil will be further discussed in this paper, and the soil sample B has been
set as the original sample for the comparison analysis.

2.1 Calculation Parameters of Direct Shear Test

Table 2 shows the calculation parameters required for the numerical simulation of the
direct shear test, aswell as the theoretical values of the shear strength, shear force, and
the applied force of the shear soil. It is generally believed that the maximum shear
force that a shearing soil can provide should theoretically be equal to the applied
force it receives.

For the known soil strength parameters and vertical stress, the shear strength of
the soil in the failure state can be obtained by Coulomb’s law. Since the shear force
is equal to the applied force, after considering the corresponding area, the average
applied force of the soil on the acting surface can be obtained.

Table 1 Parameter of four soil samples in the simulated direct shear test

Soil type Elastic modulus
(MPa)

Cohesion (kPa) Internal friction
angle (°)

Pile-soil modulus
ratio

A 8.4 9.4 5.9 4000:2

B 4.0 5.0 5.0 4000:1

C 12.0 14.6 11.2 4000:3

D 20.0 25.0 10.0 4000:5

Table 2 Parameter of soil sample B in the simulated direct shear test

Vertical
stress (kPa)

Cohesion
(kPa)

Internal
friction
angle (°)

Pile-soil
modulus
ratio

Shear force
(N)

Shear
strength
(MPa)

Applied force
(Mpa)

100 5.0 5.0 4000:1 52.51 0.014 0.085

200 5.0 5.0 4000:1 85.92 0.023 0.139

300 5.0 5.0 4000:1 119.34 0.031 0.193
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2.2 Calculation Method of the Direct Shear Test

The main purpose of this direct shear test simulation calculation is to verify whether
the shear strength inside the soil is equal to the external applied force received by
the known soil parameters (Mohr–Coulomb model).

In order to get the soil shear stress results, a cubic shear soil sample has been
optimized from the original cylinder sample in this FEA model. The soil size was
adjusted with the consideration of the true direct shear test model. The direct shear
model is mainly composed of four parts: upper shear box, lower shear box, upper
shear box cover, and shear soil.

The length, width, and height of the both upper and lower shear box are 84 × 84
× 20 mm, respectively. In order to minimized the influence to the calculation results,
the shear box was set as a rigid body. The dimension of the shear soil is 61.8× 61.8
× 20 mm, which can be embedded into the middle grooves of the shear boxes.

A uniform vertical stress of 100–300 kPa is applied to the upper surface of the soil,
and the shear displacement is set to 7 mm to ensure that the soil reaches complete
shear failure and shear. The shear time duration is set as 420 s, the shear displacement
per minute is 1 mm. The theoretical shear strength of the soil under different vertical
pressures can be obtained from the relationship between the known shear strength
and the vertical pressure.

2.3 Calculation Results of the Direct Shear Test

The maximum shear displacement has been set as 7 mm in the FEA model, in order
tomake all soil samples close to or achieve complete shear failure. In the actual direct
shear test, it is generally considered that the shear displacement of the soil (non-fluid
plastic soft soil) reaches 4–5 mm, and the soil can be considered to have complete
shear failure.

This paper will mainly focus on the studies of pile-soil interaction between fluid-
plastic soft soil and CFG pile. Therefore, when the vertical stress is small, the soil
cannot completely reach the shear failure, as in Case 1 in Table 3 (vertical stress
100 kPa). When the vertical stress is large enough, both Case 2 and Case 3 achieve

Table 3 Comparison of both numerical and theoretical solution of direct shear simulation

Vertical
stress
(kPa)

Theoretical
shear force
(N)

Theoretical
shear
strength
(MPa)

Applied
stress
(MPa)

Modified
shear
strength
(MPa)

Modified
applied
stress
(MPa)

Modified
shear
force (N)

Modified
applied
force (N)

100 52.51 0.014 0.085 0.015 0.089 58.180 55.288

200 85.92 0.023 0.139 0.023 0.141 87.058 86.906

300 119.34 0.031 0.193 0.031 0.192 118.528 118.523
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Fig. 1 The deformation form of shear box and soil after shearing

full shear failure, which is also consistent with the classical Coulomb’s law for the
shear strength expression of cohesive soil.

However, this equation does not fully consider the case of soil plastic strain.
Therefore, it is necessary to correct the simulated shear strength and the simulated
applied force stress from the FEA model. After considering a series of factors such
as shear time and reverse friction, the modified results are basically consistent with
the theoretical results (Table 3), which also proves the accuracy and reliability of
FEA model.

Figure 1 shows the deformation shape of the shear box and the sheared soil after
shearing. The shear box has been set horizontally, with the applied load vertically.
The visual direction of Fig. 1 has been modified to showmore detail in a single view.

It can be seen that the FEA model is very similar to the actual direct shear test,
and the shear strength of the soil is mainly distributed on the shear plane, which can
prove the reliability and accuracy of FEA model.

3 Study on Mechanism of Pile-Soil Interaction
in Fluid-Plastic Soft Soil Composite Foundation

3.1 Numerical Calculation of Interaction Between Single
Pile and Soil

This sectionwill consider the interaction of single pile and soil, which totally includes
52 working conditions, in order to find the pile-soil interaction (four soil types) under
different pile body and the sliding arc tangent angle.
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Different from the direct shear test, this section will consider the pile-soil inter-
action between the fluid-plastic soft soil and the CFG pile, so a cylindrical CFG pile
model will be inserted into the original shear soil in the FEA model [6].

The diameter of the pile model is 3 mm, with the length as 20 mm, which can
be inserted vertically at the middle of the shear soil. The included angles were set
between−30° and+30°. Four different pile-soil modulus ratios are set from 4000:1
to 4000:5 (shown in Table 4).

3.1.1 Calculation Parameters of Pile-Soil Interaction

In order to specifically explain the interaction between single pile and soil, this section
will take the working condition 2A as an example to explain the calculation process
and calculation results of the single pile-soil interaction. The strength parameters of
each soil sample are shown in Table 5:

3.1.2 Definition of the ‘Apparent Shear Strength’

From the macroscopic analysis, the stress of soil and pile is considered separately.
The resistance provided by pile can be thought as the anti-sliding force provided by
the foundation minus the resistance provided by soil. This resistance provided by
pile is defined as apparent shear strength. Therefore, the apparent shear strength of
the pile in the simulated shear test is numerically equal to the difference between the
applied force and the shear force of the soil around the pile.

There is a direct relationship between the apparent shear strength and the pile stiff-
ness, the difference of pile-soil modulus, the shear strength of soil and the included
angle between the pile and the sliding arc tangent.

3.1.3 Calculation Results of Pile-Soil Interaction.

It can be seen from Table 6 that the simulation results are highly consistent with
the actual situation. The shear strength of soil mass is all 0.02 MPa, so it can be
calculated that the shear force provided by soil mass in the shear plane is 75.23 N.

Since the CFG pile has a higher ‘shear strength’ than the original soil mass, the
applied force stress is slightly improved from the original 0.12–0.13 Mpa, and the
total applied force of the soil is 81.96 N. After considering the horizontal cross-
sectional area of the pile (7.07 mm2) the apparent shear strength of the pile can be
calculated as 0.95 Mpa.
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Table 5 Calculation parameters of pile-soil interaction

Working
condition
(No.)

Pile-soil
modulus
ratio

Elastic
modulus
(MPa)

C (kPa) � (°) Shear force
(N)

Shear
strength
(MPa)

Applied
stress
(MPa)

2A 4000:2 8.4 9.4 5.9 75.37 0.020 0.122

3B 4000:1 4.0 5.0 5.0 52.51 0.014 0.085

4C 4000:3 12.0 14.6 11.2 131.38 0.034 0.213

5D 4000:5 20.0 25.0 10.0 162.82 0.430 0.263

Table 6 Calculation results of apparent shear strength under working condition 2A

Results Shear strength
(Mpa)

Applied stress
(Mpa)

Shear force
(N)

Applied force
(N)

Apparent shear
strength (Mpa)

Simulation 0.02 0.13 75.23 81.96 0.95

Realistic 0.02 0.12 — — —

3.2 Working Mechanism of Single Pile Under Different
Pile-Soil Modulus

The difference of pile-soil modulus has a great influence on the shearing effect of
pile in soil. The working mechanism of pile body under different pile-soil modulus
ratio will be analyzed in this section. The main soil parameters are shown in Table 5.

3.2.1 Failure Modes of Piles Under Different Pile-Soil Modulus

It can be seen from Table 7 that with the decrease of the pile-soil modulus ratio, the
failure modes of the pile are as follows: the bending failure, the bending failure with
tensile-bending failure, and the tensile-bending failure.

This is because as the strength of the soil increases, the apparent shear strength
of the pile increases, and it can bear a larger applied force, which is completely
consistent with the theory of pile-soil interaction.

3.2.2 Apparent Shear Strength of Piles Under Different Pile-Soil
Modulus

It can be seen from Table 8 and Fig. 2, as the strength of the soil increases in
sequence, the apparent shear strength of the pile increases nonlinearly. When the
pile-soil modulus is relatively large, the external applied force cannot be transmitted
to the pile body completely effectively. Therefore, the apparent shear strength that
the pile can provide is limited, such as the working condition 3B in the Table 8, the
apparent shear strength of the pile is only 0.667 MPa.
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Table 7 Failure modes of piles under different pile-soil modulus

Pile-soil modulus
ratio

Working condition Failure mode Vertical stress of pile body

4000:1 3B Bending failure

4000:2 2A Bending failure to
tensile-bending
failure

4000:3 4C Tensile-bending
failure

4000:5 5D Tensile-bending
failure

Table 8 ‘Apparent shear strength’ of pile body

Pile-Soil
modulus
ratio

Working
condition

Shear
strength
(MPa)

Applied
stress
(MPa)

Shear force
(N)

Applied
force (N)

Apparent
shear
strength
(MPa)

4000:1 3B 0.014 0.09 52.41 57.13 0.67

4000:2 2A 0.020 0.13 75.23 81.96 0.95

4000:3 4C 0.034 0.23 131.14 142.08 1.55

4000:5 5D 0.043 0.29 162.52 176.79 2.02

In order to improve the stability of the foundation, it is necessary to treat the
fluid-plastic soft soil to increase its strength [7], so as to more effectively conduct
the external applied force to the CFG pile, hence, the pile can contribute a higher
apparent shear strength.
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Fig. 2 Relationship curve
between apparent shear
strength and pile-soil
modulus ratio
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3.3 Working Mechanism of Single Pile Under Different
Included Angle Between Pile and Sliding Arc Tangent

In this section, the working mechanism of the single pile is analyzed when the pile
and the sliding arc tangent are at different included angles.

Different included angles reflect the different location of pile body under the
subgrade. As the included angle between the pile body and the shear plane increases,
the failure mode of the pile body gradually changes from the tensile-bending failure,
the bending failure to the compressive-bending failure, and the compression failure.

Soil sample A was selected as the soil sample for calculation. The soil strength
parameters remained unchanged and only the included angle between the pile and
the shear plane was changed from −30° to +30°. Every 5° change is one level, for
a total of 13 working conditions.

3.3.1 Failure Mode of Pile Under Different Included Angle Between
Pile and Sliding Arc Tangent

Table 9 shows the different failure modes of the piles under different included
angle between the pile body and the shear plane. It can be seen from the Table
9, with the included angle increases gradually, the failure modes of the piles have
undergone tensile-bending failure, bending failure, and compressive-bending failure
respectively.

When the included angle between the pile and shear plane is negative, itmeans that
the pile has axial tension, and the failure mode is tensile failure). Working condition
2A shows the failure mode of the pile when the included angle is zero. There is no
obvious axial tension and compression inside the pile, and the failure mode of the
pile is only general bending failure. When the included angle between the pile and
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Table 9 Failure modes of piles under different included angle of pile and sliding arc tangent

Included angle (°) Working condition Failure mode Vertical stress of pile body

−30 50A Tensile-bending failure

−5 30A Tensile-bending failure

0 2A Bending failure

+5 6A Compressive-bending
failure

+30 26A Compressive-bending
failure

shear plane is positive, it indicates that the pile has axial pressure, and the failure
mode is bending failure.

3.3.2 ‘Apparent Shear Strength’ of Pile Under Different Included
Angle

Figure 3 shows the relationship between the apparent shear strength of the pile and the
angle of the sliding arc tangent. When the pile body is close to vertical (zero included
angle), its apparent shear strength reaches the maximum. When the pile body incli-
nation is positive or negative, the apparent shear strength will decrease correspond-
ingly, and the positive and negative inclination angles are basically symmetrically
distributed. When the pile is at the same absolute inclination, the tensile failure can
provide more apparent shear strength than the compression failure [8].
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Fig. 3 Relationship between
‘apparent shear strength’ of
pile and included angle
between pile and sliding arc
tangent
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Table 10 Extended parameter of soil sample B in FEA model

Soil type Elastic modulus Cohesion Internal friction angle Pile-soil modulus ratio

MPa kPa °

B-1 4 5 5 4000:1

B-2 8 10 5 4000:2

B-3 12 15 5 4000:3

B-4 16 20 5 4000:4

B-5 20 25 5 4000:5

3.4 Interaction Mechanism Between Pile and Soil Under
Different Soil Strength

In order to further study the influence of soil strength on pile-soil interaction, this
section makes some corresponding adjustments to the original soil sample B.

Table 10 shows the type of soil sample used in the FEAmodel. The elasticmodulus
E and the cohesion force of the soil sample B2–B5 are 2–5 times higher than the
original soil sampleB1, respectively, the internal friction angleϕ remains unchanged.

3.4.1 Failure Modes of Piles Under Different Soil Strength

Table 11 shows the failure mode of the pile under different soil strengths. With the
increased of soil strength, the failure mode of the pile gradually transitions from
bending failure to tensile-bending failure, the increase amplitude is not too obvious.
It can be seen from Fig. 4 that as the strength of the soil increases, the apparent shear
strength of the pile increases substantially linearly.
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Table 11 Failure modes of piles under different soil strength

Pile-soil modulus ratio Soil type Failure mode Vertical stress of pile body

4000:1 B-1 Bending failure

4000:2 B-2 Bending failure

4000:3 B-3 Bending failure

4000:4 B-4 Bending failure to
tensile-bending failure

4000:5 B-5 Tensile-bending failure

Fig. 4 Relationship between
soil strength and ‘apparent
shear strength’
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3.4.2 Adaptability of Piles Under Different Soil Strength

As the strength of the soil increases, the apparent shear strength of the pile is signif-
icantly improved. It should be specially noticed that there is a nonlinear relationship
between the increase of the apparent shear strength and the increase of the soil
strength. When the elastic modulus of the soil is increased from 4 to 8 Mpa, the
cohesion force is increased from 5 to 10 kPa, and the apparent shear strength of the
pile is increased by nearly 40%, which is the maximum efficiency.

In the follow-up situation, although the apparent shear strength of the pile has
also been improved to a certain extent. However, in an actual engineering project, it
is necessary to adopt a stronger ground treatment method, which is less economical.

Therefore, it can be considered thatwhen the pile-soilmodulus ratio is greater than
4000:2, the fluid-plastic soft soil foundation is not suitable for rigid pile treatment
such as CFG [9]. When the pile-soil modulus ratio is equal to 4000:2, it is the best
interaction between pile and soil. At this time, the most effective apparent shear
strength can be provided at the most economical cost.

When the soil strength is too low, and the pile-soil modulus is relatively large,
the CFG pile cannot provide sufficient apparent shear strength, which will seriously
affect the stability of the foundation. Therefore, the reinforcement of the pile-side
soil is particularly important.

However, considering the factors of optimal economy and maximum efficiency,
the reinforcement of the pile-side soil is not as large as possible. When the pile-soil
modulus ratio is less than 4000:2, the foundation treatment has limited increase in
the apparent shear strength of the pile, the construction cost is uneconomical, which
is not recommended.

4 Conclusion

In this paper, the FEA model is used to numerically analyze the mechanism of a
single pile under different working conditions in the fluid-plastic soft soil. The shear
behavior, failure mode, and interaction mechanism of piles and soils under different
conditions of pile-soil modulus ratio, pile and sliding arc tangent included angle, and
shear strength of soil is studied.

1. This paper puts forward the concept of apparent shear strength of piles. The
use of apparent shear strength in the calculation of subgrade stability can more
accurately reflect the shearing effect of piles in the foundation. The traditional
method of stability checking, simply using the shear strength of the pile will
overestimate the stability of the subgrade.

2. The theoretical value of the apparent shear strength of the pile under different
working conditions of pile-soil modulus ratios and included angles of the pile
and shear plane is calculated in this paper, which provides a theoretical basis
for the calculation of fluid-plastic soft soil subgrade stability. As the pile-soil



Study on Pile-Soil Interaction Mechanism and Failure Modes … 921

modulus ratio decrease, with the strength of the soil increases, the failure modes
of the piles are gradually transformed from the bending failure to the tensile-
bending failure. This is due to the increase of the apparent shear strength
followed with the increase of the soil strength.

3. The angle between the pile and the tangent of the shear plane reflects the
position characteristics of different piles under the subgrade. As the included
angle increases gradually, the failure mode of the pile gradually changes from
the tensile-bending failure and the bending failure to the compressive-bending
failure and compression failure.

4. With the increase of soil strength, the failure mode of the pile gradually changes
from bending failure to tensile-bending failure, but the increase amplitude is
not too obvious. When the pile-soil modulus ratio is greater than 4000:2, the
fluid-plastic soft soil foundation is not suitable for rigid pile treatment.
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Joint Surface Based on DCT Algorithm
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Abstract Research on the mesoscopic geometrical characteristics of joint surfaces
has been a topic of considerable interest. Based on discrete cosine transform theory,
this paper presents a novel morphology characterization and reconstruction method
to quantitatively analyze the 3D geometrical characteristics of rock joints. The joint
surfaces are segmented and transformed into standard grid data sets, which are
termed, the discrete time-domain signals. Based on discrete cosine transform algo-
rithm, it is possible to convert discrete time-domain signals into a discrete spectrum.
Then, the normalized amplitudes of the spectrumare defined as descriptors,which are
found to be applicable to characterize and reconstruct the joint surface. Further, the
proposed method is used to analyze 205 measured 3D joint samples, and is validated
by comparing the surface of the real rock joint with that of reconstructed surface. The
research provides an insight into the rapid random reconstruction of joint surfaces,
which is beneficial for field identification of discontinuities and providing virtual test
samples for numerical modeling.
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1 Introduction

Morphological characteristics are important in the study of shear strength of rock
joint surfaces. Scholars have carried out series of research studies using shear testing
as the basic criterion.Barton et al. [1, 2], based on the back-calculation results ofmany
shear tests used to extract the profiles of joint surfaces proposed the classic Barton-
Bandis failure criterion for rock mass and its embedded joint roughness coefficient,
JRC. Later, Tse and Cruden [3], Yu and Vayssade et al. [4, 5] proposed statistical
indices to estimate the JRC value: the root mean square (Z2) and structure function
(SF).

In recent years, numerical simulation has become an effective means to study the
shear characteristics of rock joint surfaces. With the development of 3D scanning
and printing technology, it is possible to obtain high-precision 3D models of joint
surfaces, which brings a wealth of samples for numerical simulations [6] and indoor
shear test [7–10]. There are also some studies on the quantitative reconstruction of
joint surfaces. Besides 3D scanning, scholars reconstruct the virtual joint surfaces
based on specific parameters and study their influence on shear performance of rock
mass. In this respect, models are mainly reconstructed based on the dentate line
stretching method [11] and the random number generation method [12]. However,
the reconstructed joint surfaces are quite different from the 3D scanning results. Zhao
et al. [13] carried out the related research based on discrete Fourier morphological
analysis method and achieved good results, but limited to 2D joint profiles. The study
of 3D joint surface reconstruction methods requires new theories.

This paper proposes a novel method for spectral analysis and reconstruction of
joint surfaces. First, the joint surfaces in the field are collected using photogrammetry
technology. The standard data sets of joint surfaces and the corresponding database
are obtained. Then, samples are decomposed into spectrums using discrete cosine
transform (DCT) algorithm and the distribution characteristics of each component
are statistically analyzed. The fitting model for the spectrum is proposed and the
undetermined coefficients are solved based on the database. Finally, based on piece-
wise spectral control, a novel method for joint surface reconstruction is proposed
using the inverse discrete cosine transform (IDCT) algorithm.

2 Photogrammetry-Based Acquisition and Pre-processing
of 3D Joint Surface

The acquisition of the joint surface can be done using a camera and a calibration board
(Fig. 1a). In practice, the calibration board is placed on the joint surface to calibrate
camera parameters and also to create a local Cartesian coordinate system. Then, the
camera is moved according to the array scanning frame (Fig. 1b) to ensure the degree
of overlap (greater than 60%, see Fig. 1c) in adjacent images [14, 15], and the image
sequence is collected directly opposite the joint surface. Then, the image sequence
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Fig. 1 Array scanning frame for rock joint

Fig. 2 Workflow of point cloud pre-processing

solving work is completed on the computer to obtain the sparse point cloud. After
that, the dense point cloud can be reconstructed.Using the aforementioned procedure,
the image resolution becomes 0.05 mm and accuracy also become at least 0.1 mm
[16], whichmakes it suitable for the acquisition of rock joint. Further, the dense point
cloud is segmented to form a segmentation point cloud with a projection size of 100
× 100 mm and a number of point clouds of 200,000–300,000. After removing the
noise [17], the point cloud can be resampled into a standard raster dataset by the
nearest-neighbor interpolation [10], with a sampling interval of 0.5 mm (Fig. 2). A
total of 205 samples obtained, were mainly medium weathered limestone.

3 Spectral Analysis and Reconstruction Method of Rock
Joint Surface Based on DCT Theory

3.1 Rock Joint Spectral Analysis and Reconstruction Method

The rock joint surface collected in the field is resampled according to the standard
rastermodel in Sect. 2, then, the time domain signal [z] forDCT transformation can be
obtained. In the application of DCT [18–20], the joint surface sample is decomposed
into N × N cosine surface waves distributed from low frequency to high frequency,
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and each surface wave is consistent with the size of the joint surface. The spectrum
[D] is formed by extracting the amplitude of each cosine surface wave and arranging
them in a matrix form (Eqs. (1)–(5)).

z0 = 1

N 2

N−1∑

x=0

N−1∑

y=0

z[x, y] (1)

D[0, 0] = 1

N 2

N−1∑

x=0

N−1∑

y=0

z[x, y]/z0 = 1 (2)

D[0, v] = 2

N 2

N−1∑

x=0

N−1∑

y=0

z[x, y] cos (2y + 1)vπ

2N
/z0; (v = 1, 2, · · · , N − 1) (3)

D[u, 0] = 2

N 2

N−1∑

x=0

N−1∑

y=0

z[x, y] cos (2x + 1)uπ

2N
/z0; (u = 1, 2, · · · , N − 1) (4)

D[u, v] = 4

N 2

N−1∑

x=0

N−1∑

y=0

z[x, y] cos (2x + 1)uπ

2N
cos

(2y + 1)vπ

2N
/z0;

(v = 1, 2, · · · , N − 1; u = 1, 2, · · · , N − 1)

(5)

where z[x, y] is the time domain signal and D[u, v] is the frequency domain signal
(the time domain signal has the same size as the frequency domain signal); N is the
signal length in each dimension, which means that the signal must be a square matrix
containing a total of N × N discrete points; z0 is the mean value of [z]; x = 1, 2, …,
N − 1 and y = 1, 2, …, N − 1.

In the application of the IDCT, the new signal [Z] superimposes N × N cosine
surfacewaves on the originalmean surface z= z0, which also forms the reconstructed
rock joint surface Eq. (6). The value of the element in the spectrum matrix [D]
multiplied by z0 corresponds to the amplitude of the cosine surface wave at the
same location. Based on a real case of the joint surface spectrum decomposition, the
corresponding schematic diagram of Eq. (6) is shown in Fig. 3a.

Z [x, y] = z0 + z0{
N−1∑

v=1

D[0, v] cos (2y + 1)vπ

2N
+

N−1∑

u=1

D[u, 0] cos (2x + 1)uπ

2N

+
N−1∑

u=1

N−1∑

v=1

D[u, v] cos (2x + 1)uπ

2N
cos

(2y + 1)vπ

2N
]}

(6)

It can be clearly seen from Fig. 3b, that, the amplitude elements on the main
diagonal of the spectrum matrix [D] shows an exponential change [20, 21], although
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Fig. 3 Schematic diagram of discrete cosine transform

the local values fluctuate. The pattern of variation is more pronounced after removing
the negative sign (Eqs. (7) and (8)):

D′[u, v] = |D[u, v]|;ϕ′[u, v] = D[u, v]/|D[u, v]|;
(v = 1, 2, · · · , N − 1; u = 1, 2, · · · , N − 1)

(7)

D[u, v] = D′[u, v] · ϕ′[u, v]; (v = 1, 2, · · · , N − 1; u = 1, 2, · · · , N − 1) (8)

where [D′] is a positive matrix named “the modified spectrum” and [ϕ′] is named
“the symbol matrix” consisting entirely of −1 and 1. Compared to the matrix [D′],
the symbol matrix [ϕ′] exhibits randomness (Fig. 3c).

The different z0 values will affect the level of the matrix [D], in fact, the
morphology of the joint surface has no relationship with the mean value of [z] (z0).
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Therefore, to facilitate the calculation and ensure the uniformity of the spectrum
during the analysis for different joint surfaces, defining z0 = 1. Then, z0 = D [0, 0]
= 1. Equation (6) is transformed into Eq. (9).

Z [x, y] = 1 +
N−1∑

v=1

D[0, v] cos (2y + 1)vπ

2N
+

N−1∑

u=1

D[u, 0] cos (2x + 1)uπ

2N

+
N−1∑

u=1

N−1∑

v=1

D[u, v] cos (2x + 1)uπ

2N
cos

(2y + 1)vπ

2N
]

(9)

3.2 Empirical Formula for Spectral Reconstruction

The rock joint spectral analysismethodwas applied to the databaseswith 205 samples
being analyzed. It can be observed that the spectral peaks of all samples are in the
low-frequency region (the upper left corner of the spectrum matrix), and its value
varies greatly. Therefore, the range of the z-axis coordinate values were calculated
to measure the degree of undulation of each joint surface. Then, a scatter plot was
generated with the ranges for all samples on the x-axis and the spectral peaks on
the y-axis, and the trend line was fitted. It can be seen from Fig. 4a that the range
varies linearly with the spectral peak. The goodness of fit R2 is 0.725, which is highly
correlated.

A box plot of D′ [0, 1] and D′ [1, 0] in all sample spectrums (Fig. 4b) is then
evaluated, confirming that the values of the two elements aremuch smaller than those
of other low-frequency regions. In fact, the cosine surface waves in this frequency
band are only half a cycle length, showing the tilt of the joint surface. The tilt has
little relationship with the degree of undulation of the joint surface, so in the analysis
process, D′ [0, 1] and D′ [1, 0] can be regarded as 0.

Fig. 4 Rock joint spectrum statistics: a the relationship between the range of the z-axis coordinate
values and the spectral peak. b Box plots of D′ [0, 1] and D′ [1, 0]
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Further, the mean values of all sample spectrums were calculated and presented in
scatter form inFig. 5a, b. It can be seen that after filtering out the local random features
of the single sample spectrum, the spectrum shows a more pronounced exponential
change. And it can be seen that the values of each row in the spectrum orthogonal
to the main diagonal are substantially equal and can be regarded as the same level.
Based on this, the fittingmodel for the discrete cosine transform spectrum is proposed
(Eq. 10) with reference to the fitting empirical formula for the discrete Fourier trans-
form spectrum in Mollon [21] and Zhao [20]. The model assumes that elements at
the same level in the spectrum have equal values, and define the descriptors D0, D1,
D2, D3, …, D8, …, DN−1 (Fig. 5c), arranged from the top left to the bottom right
of the spectrum. In the lower right corner of the spectrum matrix, the values are
insignificant to affect the morphology of the joint surface and can be ignored in the
fitting model.

⎧
⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎩

n = v + u; (v = 0,1, 2, · · · , N − 1; u = 0,1, 2, · · · , N − 1)
D0 = 1
D1 = 0
Dn = 2α·log2( n

3 )+log2(D3); 3 < n < 8
Dn = 2β·log2( n

8 )+log2(D8); 8 < n < N − 1

(10)

where α, β are constant parameters and dimensionless coefficients of correction, with
α ∈ [−2, 0], and β ∈ [−2, 0].

Regard the mean values of the elements at the same level as the raw data for the
least squares fitting, forming the spectrum mean surface (the red part in Fig. 5a, b).
Then, apply the aforementioned fitting model to fit the spectrum mean surface (the
green part in Fig. 5a, b). After fitting, D2 = 1.2575, D3 = 0.7513, D8 = 0.1454,
α = −1.6524, β = −1.7578, goodness of fit NRMSE = 0.70383, indicating good
fitting effect. From the front view (Fig. 5a) and the side view (Fig. 5b), it can be seen
that the fitted surface and the mean surface almost coincide, which is consistent with

Fig. 5 Fitting of the spectral mean surfaces
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the distribution of discrete points in spectrum. For visual effects, only the upper left
corner of the spectrum is displayed.

4 Relationship Between Spectral Descriptors and Joint
Surface Undulation

To study further the influences of spectral descriptors on joint surface undulation, the
spectrum fitted in Sect. 3.2 is divided into three parts according to the segmentation
characteristics of the fitting function, and the contribution of each part is explored
separately (the fixed values D0 = 1, D1 = 0 are not discussed). The first part is D2;
the second part isD3,D4, …,D7, which is dominated byD3; the third part isD8,D9,
…,DN-1, which is dominated byD8. After that, the spectrum fitted in Sect. 3.2 (D2 =
1.2575,D3 = 0.7513,D8 = 0.1454, α = −1.6524, β = −1.7578) is disassembled into
the aforementioned three parts, and the corresponding joint surfaces are reconstructed
using the IDCT algorithm. The visualizations of the results correspond to Fig. 6a,
b, and c. Figure 6d is a model reconstructed with the three parts of the spectrum
superimposed.

It can be seen that the three parts of the spectrum control the undulation of the
joint surface independently, from three levels of macroscopic to mesoscopic. By
combining the three parts of the spectrum, a rock joint model that is practically close
to the practice can be reconstructed. In other words, applying the fitting model in
Sect. 3.2, the joint surface with specific undulation can be reconstructed by adjusting
the values of D2, D3 and D8 within a certain range. For visual effects, only the upper
left corner of the spectrum is displayed. The displayed grids on the joint surfaces are
also sparsely processed.

5 Discussion

The research is not deep enough and fails to validate the correlation between the
proposed method and the shear strength properties of rock. The roughness of rock
joint can only be qualitatively evaluated through visual undulation. More in-depth
study of a quantifiable parameter needs to be combined with a shear test.

Due to the limited length of this paper, the details of the methodology including
both software-hardware components of the image acquisition system are not
expanded, which will be further discussed in future works.

The color space of rocks is suitable for describing the weathering degree of joints.
Tools such as support vector machines and neural networks can be used to classify
rock types and weathering degrees by the feature parameters of color vectors and
texture. However, the effect of rock color and mineralogy on the performance of the
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Fig. 6 Illustrative joint surfaces generated using the proposed framework

proposed method is neglected in this paper, which will also be further discussed in
future works.

6 Conclusions

In this paper, a novel method for spectral analysis and rapid random reconstruction of
joint surfaces is proposed,which is beneficial for field identification of discontinuities
and providing virtual test samples for numerical modeling. By integrating DCT and
IDCT, sample is decomposed into spectrum [D]. Then, the new joint surface is recon-
structed using the modified spectrums. Through analysis, the following conclusion
can be drawn.
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(1) The spectrum of joint surface shows a pronounced exponential change, and
can be well characterized using an empirical model;

(2) The joint surface with specific undulation can be reconstructed by adjusting
the values of D2, D3 and D8 within a certain range.
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Numerical Study of the Long-Term
Settlement of Screw–Shaft Pile
Reinforced Subgrade Under Cyclic Train
Load

Fu- Hao Li , Xiao-Lei Zhang, and Shi-Jin Feng

Abstract High-speed railways (HSR) set strict limits on subgrade settlement. Exces-
sive settlement, especially the differential settlement at the transition part between
viaduct lines and embankment lines, could lead to discomfort onHSR trains and even
accidents like derailments. Thus, proper ground treatment measures are inevitably
needed. Screw-shaft pile reinforced subgrade was adopted in the transition section of
Yancheng–Nantong HSR. However, limited research has been done to investigate the
performance of screw-shaft pile reinforced subgrade. In this paper, numerical models
were established to analyze the performance, especially the long-term settlement, of
the reinforced subgrade. It was found that shaft-screw pile reinforced subgrade could
control the long-term settlement better than the traditional shaft pile subgrade. The
advantage becomes greater when the train speed increases. Moreover, the applica-
tion of shaft-screw pile reinforced subgrade could reduce the material usage by about
10%. Briefly, shaft-screw reinforced subgrade could satisfy the settlement control
requirements and achieve greater cost efficiency in sandy subgrades.

Keywords Shaft-screw pile · Reinforced subgrade · Long-term settlement ·
Dynamic train load

1 Introduction

The increasing operation speed of high-speed railway (HSR) passenger trains poses
greater challenges to the settlement control. Chinese authorities require that the post-
construction settlement should not exceed 15mm[1].However, the settlement caused
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by the train load could exceed the requirements in some cases [2]. Therefore, large-
scale ground treatment is always needed, and the cost-efficient ground treatment
method is of great importance.

The shaft-screw pile has been widely used as foundations of residential building
or wind turbines [3, 4]. It is believed that the shaft-screw pile could enhance the
bearing capacity and reduce the material usage at the same time. Sakr et al. [5]
proposed two models for analyzing the bearing capacity of a single shaft-screw pile.
Chen et al. [6] found that a single shaft-screw pile have 30% higher bearing capacity
than the shaft pile featuring the same pile diameter. Sakr, Guo, and Stephen et al.
studied the performance of single shaft-screw pile in soil sand, cohesive soil, and
glaciolacustrine clay, respectively [5, 7, 8].

Afore-mentioned researches reveal that the single shaft-screw pile has better
performance under static load than the traditional shaft pile. However, notmuchwork
have been done to determine the performance of shaft-screw subgrade under cyclic
train load. Shaft-screw pile reinforced subgrade is applied in Yancheng–Nantong
HSR for a balance between cost efficiency and settlement control performance. And
this paper aims to investigate the long-term settlement control performance of the
shaft-screw pile reinforced subgrade.

2 In-Situ Static Load Test and Geometry Simplification
for Shaft-Screw Pile

2.1 In-Situ Static Load Test

In-situ static load tests were conducted in three sites in Nantong, China, to verify
the construction process and evaluate the performance of the shaft-screw pile. The
load was applied to the pile at a relatively slow rate. The load for each stage read
as 0, 259, 388, 518, 648, 777, 907, 1036, 1166, 1296 kN. The load for each stage
in the unloading process read as 1296, 1036, 777, 518, 259, 0 kN. The steady-state
settlement of each stage was recorded and depicted in Fig. 1. In all three tests, the
settlement in the first loading process is significantly smaller than the later process.
Then, the settlement increased almost linearly with the load in Pile 1 and Pile 2.
However, the settlement increased dramatically in Pile 3 when the loadwas increased
from 388 to 648 kN. Ultimately, these three piles reached the maximum settlement
of 12.49 mm, 11.42 mm, and 11.82 mm, respectively. As for the unloading process,
three piles reached the maximum rebound of 2.62 mm, 2.45 mm, and 2.13 mm,
respectively. Other results of the in-situ static load test could be found in Table 1.
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(a) Pile 1                                                     (b) Pile 2

(c) Pile 3

Fig. 1 Load-settlement curves for single shaft-screw piles analyzed

Table 1 In-situ static load test for single piles

No. Strength
designation of
concrete

Spacing (m) Maximum
settlement (mm)

Maximum
rebound (mm)

Rebound rate (%)

1 C30 2.2 12.49 2.62 21.0

2 C30 2.2 11.42 2.45 21.4

3 C35 2.2 11.82 2.13 18.0

2.2 Geometry Simplification for Shaft-Screw Pile

The complexity of the screw-shaft pile geometry demands great computing resources
and time for numerical analysis, especially for the dynamic analysis. To keep the
balance between the accuracy and the efficiency of the computing, a 2D shaft-screw
pile numerical model was developed based on Plaxis 2D. The geometry parameters
were set according to cross section of the shaft-screw pile. All parameters related



938 F.-H. Li et al.

Fig. 2 Model validation

to the numerical model could be found in Sect. 3. The symmetry of the pile-ground
system was considered in the numerical model, and uniform load was applied on
the top of the pile. Then, the static load test was simulated by the 2D numerical
model to verify the validity of the simplification (see in Fig. 2). The settlement of
numerical model reached 11.09 mm, which showed great agreement with the in-situ
static load (12.49 mm for pile 1 and 11.46 mm for pile 2). The results showed in
Fig. 3 indicate that the 2D numerical model is appropriate for the settlement analysis
in the engineering practice.

3 Parameters for Numerical Models

Numerical models for both the shaft pile and shaft-screw pile reinforced subgrade
were developed based on the simplificationmethod proposed in Sect. 2. Some param-
eters involved and some illustration of the numerical models were included in this
section.

3.1 Shaft-Screw Pile Reinforced Subgrade

Two-dimensional numerical models were established for both shaft pile and shaft-
screw pile reinforced subgrades (see in Fig. 3) based on Plaxis 2D. Numerical
models concern a straight high-speed railway (HSR) of single line and ballast-less
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Fig. 3 Reinforced subgrade

CRTS II slab structure. The slab track is composed of rail (60 kg/m), rail-pad, track
slab, concrete asphalt (CA) mortar, and concrete base. The composite embankment
consists of surface subgrade, bottom subgrade, subgrade bed, and subgrade foun-
dation. Parameters of the slab track and the embankment are included in Table
2.

Table 2 Parameters of the slab track and the embankment

Components Depth (m) Density (kg/m3) Elastic modulus (MPa) Poisson’s ratio

Rail – 7800 2.10 × 105 0.30

Rail slab 0.20 2500 3.50 × 105 0.22

CA mortar 0.05 2000 1.00 × 105 0.30

Concrete base 0.3 2500 3.00 × 105 0.20

Embankment (surface
subgrade)

0.4 2300 200.0 0.25

Embankment (button
subgrade)

2.3 1950 150.0 0.35

Embankment (surface
bed)

2.0 2100 110.0 0.30
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The geometry of the shaft-screw pile was simplified according to the methods
in Sect. 2. Some parameters involved in the numerical model are depicted in Fig. 4
and Table 3. The strength grade of the cap and the pile body are C25 and C30,
respectively. The material properties for different kinds of concrete are specifically
defined in Chinese criterion (C25: ρ = 2.37 × 103 kg/m3, E = 2.5 × 107 MPa, υ =
0.27; C30: ρ = 2.39 × 103 kg/m3, E = 3.0 × 107 MPa, υ = 0.30).

The soil layer in the numerical model is set according to the site investigation
report (see in Table 4). The Mohr–Coulomb strength criteria were adopted in the
numerical analysis. As for the boundary, the absorbing boundary condition offered
in Plaxis 2D is applied. Horizontal displacement is constrained at all boundaries

Fig. 4 Geometry of
shaft-screw pile

Table 3 Geometry
parameters of the shaft-screw
pile

Item Value

Pile length (l) 10 m

Length of shaft part (lshaft) 5 m

Length of screw part (lscrew) 5 m

Pile diameter (D) 500 mm

Screw spacing (S) 350 mm

Width of screw (b) 50 mm

Thickness of screw bottom (d1) 100 mm

Thickness of screw (d2) 50 mm

Table 4 Soil distribution Silt Silt sand

Depth (h) (m) 0–2.8 2.8–21.0

Natural weight (γ ) (kN/m3) 18.740 18.740

Saturate weight (γ sat) (kN/m3) 20.600 20.600

Elastic module (E) (kN/m2) 7190 8500

Poisson’s ratio (υ) 0.30 0.30

Cohesion (c) (kN/m2) 26.8 6.1

Friction angle (ϕ) 12.4° 24.9°
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while vertical displacement is constrained at boundaries except the symmetry axial
of the model.

3.2 Train Load

Awidely used high-speed train, namely CRH3, which origins from ICE-3, is consid-
ered in this part. EachCRH3 train consists of fourmotor cars and four trailer cars. The
CRH3 train is supposed to operate at the speed of up to 350 km/h. The configuration
of the CRH3 train is depicted in Fig. 5 [9].

The train load is reduced to a point load applied on the track in numerical models.
The axle weight, the spacing of wheel axles, and the train speed, which are believed
to be themost important factors [10], are considered when determining the train load.
It is assumed that the normal force would sustain between the gap of the passage
of two adjacent wheel in a wheel pair [11]. The amplitude of the normal force is
calculated as:

F = W × g

n
= 4 × 104 × 9.81

8
= 49050N

where W represents the mass of the wagon and n represents the total number of
wheels in a wagon. The speed of the train is set as 300 km/h, and the normal force
variation of the whole train is shown in Fig. 6a. Then, the Fourier series function is

Fig. 5 Configuration of CRH3A train

(a) Normal force due to wagon wheels (b) Dynamic train load

Fig. 6 Train load simulation
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applied to smooth the load–time curve. The Fourier series function read as:

f (t) = a0 +
∞∑

n=1

[
an cos

(
2nπ t

T

)
+ bn sin

(
2nπ t

T

)]

The optimized dynamic train load is shown in Fig. 6b.

4 Long-Term Settlement Under Cyclic Train Load

The safety and comfort of high-speed railway set demanding requirements on
the settlement control. Monismith et al. [12] proposed an empirical method for
cumulative plastic deformation calculation:

εp = ANb

where εp represents the cumulative plastic strain andN represents the number of load
applications. The parameters A and b depend on the soil type, soil properties, and the
stress state. Further, Li and Selig [13] investigated the influential factors for A and
b. It is found that the parameter A depends on the soil type, the soil physical state
as well as the deviator stress, while the parameter b is independent on the physical
state and deviator stress. It is recommended that parameter A could be calculated as:

A = a
(
σd

/
σs

)m

where σ d and σ s read as dynamic deviator stress and static failure stress, respectively.
The parameter a and m could be determined by the material. Recommended values
for parameter a, b, and m are given in Table 5.

The dynamic train load is applied on themodel for once. The vertical displacement
of both shaft-screw pile and shaft pile reinforced subgrade during the first loading
process is depicted in Fig. 7. Generally, the deeper the observation point lies, the
smaller the displacement is generated, which could be due to the fact that deeper soil
would not be disturbed severely by the external train load. The residual settlement
of shaft-screw pile reinforced subgrade, mainly varying from 0.14 to 0.18 mm, is

Table 5 Recommended
values for a, b, and m

Soil type Parameter

a b m

CH (Clay with high plasticity) 1.2 0.18 2.4

CL (Clay with low plasticity) 1.1 0.16 2

MH (Elastic silt) 0.84 0.13 2

ML (Silt) 0.64 0.1 1.7
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(a) Shaft-screw pile reinforced subgrade       (b) Shaft pile reinforced subgrade

Fig. 7 Time histories of vertical displacement during the first load cycle

slightly smaller than that of the shaft pile reinforced subgrade, mainly varying from
0.16 to 0.21 mm.

Then, long-term settlement for both subgradeswas calculated based on themethod
proposed byLi andSelig [13]. The parameter a, b, andmwere set as 0.64, 0.1, and 1.7,
respectively. Fifty train passages are assumed per day, and the settlement after half
year to fifty years’ operation was calculated. The results are depicted in Fig. 8. The
settlement increases dramatically in the first five years and then develops relatively
slowly. Generally, the settlement of shaft-screw pile reinforced subgrade is smaller
than that of the shaft pile reinforced subgrade. In the case of 250 km/h, the long-term
settlement of shaft-screw pile reinforced subgrade (8.25 mm) is slightly smaller than
that in the shaft one (8.35mm).When the train operate at higher speed, the settlement
control effect of shaft-screw pile reinforced subgrade is far better than the shaft pile
reinforced subgrade. In the case of 300 km/h, the long-term settlement of shaft-screw
pile reinforced subgrade (6.67 mm) is about 20.2% smaller than that in the shaft one
(8.36 mm) and in the case of 350 km/h, the long-term settlement of shaft-screw pile
reinforced subgrade (8.31 mm) is about 33.4% smaller than that in the shaft one
(12.48 mm).

The results here show the superiority of shaft-screw reinforced subgrade’s capacity
of settlement control. The advantage even enlarges if the train operates at a higher
speed.

5 Conclusions

The settlement control performance of a new kind of subgrade, shaft-screw pile
reinforced subgrade, was investigated by numerical methods. The settlement control
performance of shaft-screw pile reinforced subgrade was compared with that of the
traditional shaft pile reinforced subgrade. It can be concluded that: (1) The dynamic
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(a) v=250 km/h                                            (b) v=300 km/h

(c) v=350 km/h

Fig. 8 Comparison of long-term settlement between shaft-screw pile and shaft pile reinforced
subgrade

responses of the soil decrease with the depth, and the response of shaft-screw rein-
forced subgrade is slightly weaker than that of the traditional shaft pile reinforced
subgrade. (2) The long-term settlement of the subgrade increases with the operation
time, and the shaft-screw pile reinforced subgrade shows better settlement control
capacity. (3) Generally, the long-term settlement of the subgrade increases with the
operation speed. The settlement control performance of shaft-screw pile reinforced
subgrade is far better than shaft pile reinforced subgrade at higher speed.

The shaft-screw reinforced subgrade has great capacity of settlement control.
Moreover, the application of the shaft-screw pile could save about 10% of material
usage.
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Influence of Pile Side Grouting
Reinforcement on the Compressive Load
Bearing Capacity of Existing Piles

Xinran Li, Quanmei Gong, Yao Shan, and Xiaofan Nie

Abstract With the rapid development of road network, it is inevitable that new
tunnels will be constructed under existing highway or railway bridges. Open exca-
vation method is a typical way for building a new tunnel under bridge, leading
to significant influences of the existing pile friction. Accounting for these issues,
pile side grouting reinforcement method has been widely employed to improve the
load bearing capacity of existing piles. However, the mechanism of this method is
still not clear. In this paper, the compressive load capacity of pile with side grouting
reinforcement is investigated. The research results reflect the effect and mechanism
of pile side reinforcement on the enhancement of pile friction. For the existing pile
in this paper, the reinforcement width has a reasonable range. The compressive load
bearing capacity of the pile cannot be improved indefinitely with the increasing
of the reinforcement width. Pile with a reinforcement width within 1000 mm shows
similar characteristics of enlarged diameter pile. Although ultimate compressive load
bearing capacity of these piles is greatly improved, they need a larger displacement to
exert load bearing capacity. Shear strength and friction characteristics of the contact
surface between the reinforced zone and the pile and supporting capacity of the soil
under reinforced zone are the keys to enhance the pile compressive load bearing
capacity.
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Keywords Existing pile · Pile side grouting reinforcement · Bearing capacity ·
Friction

1 Introduction

With the rapid development of road network, new planned tunnels or foundation pits
will be constructed beneath existing elevated highways. The stress release of soil
around piles decreases the normal stress of pile–soil interfaces during the foundation
pit construction, and the existing piles in the foundation pit will be exposed, leading
to serious friction loss of existing piles [1]. Especially for friction piles, the friction
loss reduces the compressive load bearing capacity of pile and seriously threatens
the safety of the foundation pit construction and the bridge.

The soil mechanics parameters have a great influence on the interaction of soil
and pile at the bottom of the foundation pit. The increase of the soil friction angle
and cohesion significantly improves the pile compressive load bearing capacity [2].
Studies have shown that the use of cement slurry for soil reinforcement can effectively
improve the mechanical properties of the soil. Relevant direct shear tests and drained
triaxial compression tests proved that the friction angle and cohesion of the reinforced
soil increase with the increase of cement content [3, 4].

In order to enhance the existing pile ultimate friction, the method of strengthening
the soil around pile with cement slurry is proposed. The research on pile side grouting
reinforcement mainly focuses on post-grouting which refers to grouting the pile
side through grouting pipes reserved on the steel cage after 7–10 days of bored
piles construction. The cement slurry fills the defects of the pile–soil interface and
penetrates into the soil under pressure. And the properties of pile–soil interface and
the mechanical properties of the soil around the pile can be changed, resulting in
improvement of the ultimate friction of pile [5, 6]. The significant effect of post-
grouting on the pile load bearing capacity is revealed by several studies with model
tests, field tests and numerical simulations [6–11]. Relevant codes also propose some
calculationmethods of ultimate compressive load bearing capacity of single pile after
post-grouting [12, 13].

Since the existing piles are not provided with reserved pipes, it is not possible to
adopt the method of post-grouting to improve the compressive load bearing capacity
of piles. Therefore, pile side grouting reinforcement of existing piles is often imple-
mented by sleeve valve grouting reinforcement, ordinary high-pressure jet grouting
reinforcement and metro jet system (MJS) method. The pile–reinforced zone inter-
face characteristics and the friction improvementmechanismmay be different among
these methods. Therefore, the research results and calculation methods of post-
grouting are not fully applicable, and more detailed researches on pile side grouting
reinforcement of existing piles are required.

Based on field test, finite element models are established to study the mecha-
nism of pile side grouting reinforcement on friction improvement and explore the
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effects of reinforcement width and interface characteristics of pile–reinforced zone
on compressive load bearing capacity of piles.

2 Field Test

As shown in Fig. 1, construction standard of the new tunnel is urban secondary
road, with a designed speed of 40 km/h, and it is planned to traverse under existing
elevated highway which is a 3-span simply supported hollow slab bridge with bored
pile foundation.

As shown in Fig. 2, the tunnel foundation pit is constructed by open excava-
tion method. The excavation depth is about 6.6–8.2 m, and the excavation width
is about 31.5 m. The foundation pit construction exposes part of existing bridge

Fig. 1 Cross section of new
tunnel under existing
elevated highway

Existing elevated highway

New planned tunnel

Existing elevated highway

Foundation pit

Existing piles
exposed section

Fig. 2 Existing elevated highway and tunnel foundation pit conditions
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Table 1 Typical types and properties of soil in the test site

Soil H/(m) ρ/(g/cm3) c/(kPa) ϕ/(°) E0/(MPa)

Fill 0–1.25 1.99 9 15 6

Medium coarse sand 1.25–5 2.00 3 32 23

Coarse sand 5–12 2.01 3 35 30

Gravelly sand 12–20 2.03 2 37 40

Note H—the depth of soil layer, ρ—density, c—cohesion, ϕ—friction angle and E0—deformation
modulus

piles. According to the code [13], calculation results indicate that the compressive
load bearing capacity of these existing friction piles after excavation cannot meet
the original design requirements, so it is necessary to take the measure of pile side
grouting reinforcement to improve the compressive load bearing capacity of these
piles.

2.1 Introduction of the Test Pile

In order to clarify the compressive load bearing capacity of existing friction pile with
pile side grouting reinforcement, theMJSmethod is used to strengthen the soil around
the test pile. The test pile’s diameter and length are 800 mm and 15 m, respectively.
Pile concrete strength grade is C30, and the longitudinal main reinforcement consists
of 12 � 20 mm HRB400 steel bars. The engineering geological condition of the test
site is shown in Table 1.

2.2 Pile Side Grouting Reinforcement with MJS Method

The MJS method belongs to special technics of high-pressure jet grouting. This
method can monitor earth pressure by adjusting slurry discharge in real time during
the grouting process and reduce the impact on environment. This method mixes the
slurry and the foundation soil into a cement paste structure, and reinforced zone can
wrap the existing pile tightly.

In this paper, the MJS method is used for pile side grouting reinforcement. As
shown in Fig. 3, the reinforced zone with a ring width of 2400 mm and a thickness of
3000 mm is all located in the coarse sand stratum. The grouting material is a mixture
ofwater and cement, inwhich thewater-to-cement ratio is 1.0, and the cement content
of the reinforced zone reaches 40%.
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0m

5m

10m

15m

20m

Fill

Medium Coarse Sand

Coarse Sand

Gravelly Sand

Pile

Reinforced Zone

Pile

Reinforced Zone

2400mm

Fig. 3 MJS machinery and scheme of pile side grouting reinforcement

2.3 Field Static Load Test

The static load test is carried out based on the code [12]. As shown in Fig. 4, the
loading system uses reaction force provided by jack to load and displacement sensor
is installed on the pile top. During test, the pile-head load and displacement are
measured and recorded by automatic collector. The test uses slow maintenance load
method and applies the load step by step until the maximum load. Due to test site
restrictions, the maximum load is 5000 kN. The pile-head load and displacement
curve and s-lgt curve are shown in Fig. 5.

As shown in Fig. 5, there is neither steep drop in the load–displacement curve nor
obvious downward bending in the s-lgt curve. It can be judged that the pile has not
reached the compressive load bearing limit value. In order to confirm the ultimate
compressive load bearing capacity of this pile, the hyperbolic model proposed by
Christon is used to predict it. The comparison between the prediction result and the
field test result is shown in Fig. 6. It can be seen that the front curve fits well and the
trend is consistent.

Fig. 4 Loading system
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Fig. 5 Results of field test
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Fig. 6 Comparison between the prediction results and the field test data

3 Finite Element Simulation

In order to carry out more detailed research on the compressive load bearing
capacity of existing piles after pile side grouting reinforcement, the three-dimensional
modeling calculation of the test process is carried out by the ABAQUS finite element
software, and the influencing factors of compressive load bearing capacity of piles
are analyzed and studied.
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3.1 Modeling

Since vertical load of pile is an axisymmetric problem, the 1/2 model can be used for
simulation and calculation. The size of pile and reinforced zone is the same as those
in the field test. As shown in Fig. 7, the length and diameter of the pile and the width
and thickness of the reinforced zone are 15 m, 800 mm, 2400 mm and 3000 mm,
respectively. The radius of the model is 25 times the diameter of pile, and the length
of the model is two times the length of pile.

The pile is defined as linear elastic material, the deformation modulus and
Poisson’s ratio of it are 30 GPa and 0.18, respectively. The soil around the pile
is defined as Mohr–Coulomb elastoplastic material. The existing engineering shows
that the compressive strength of reinforced zone by the MJS method can be up to
8–20 MPa in sand [14]. The reinforced zone is considered to be cement–soil with
a cement content of 40% in this paper. The relationship between the deformation
modulus and the unconfined compressive strength of cement–soil is presented in the
book [5]. In this paper, the Mohr–Coulomb elastoplastic model is used in the rein-
forced zone. According to reference [3, 15, 16], the parameters are shown in Table
2.

Fig. 7 Sketch of model

Table 2 Parameters for Mohr–Coulomb elastoplastic model of reinforced zone

Parameter E0/(GPa) μ c/(kPa) ϕ/(°)

Value 2 0.2 2500 50



954 X. Li et al.

Table 3 Parameters for contact surface in the finite element model

Contact
surface

Pile and fill Pile and
medium
coarse sand

Pile and
coarse sand

Pile and
gravelly
sand

Pile and
reinforced
zone

Reinforced
zone and
coarse sand

Friction
coefficient

0.2 0.6 0.65 0.7 1.2 0.62

Maximum
shear stress
(kPa)

30 70 80 120 450 80

3.2 Contact Surface Setting

Contact surfaces including the pile–soil contact surface, the reinforced zone–soil
contact surface and the pile–reinforced zone contact surface are all defined as hard
contact in normal direction and penalty stiffness model in tangential contact. Friction
coefficient of pile–soil contact surface can refer to the formula that μ = tanψ ,
where ψ is the interface friction angle. The interface friction angle can be taken
as (0.75–1.0)ϕ, where ϕ is the soil friction angle [18, 20]. The friction coefficient
between concrete pile and sand is 0.5–1.0 [19]. In the same soil layer, the friction
coefficient between cement reinforced zone and soil is slightly smaller than that
between concrete pile and soil [17]. The parameters of the model are listed in Table
3.

3.3 Static Load Test Simulation

Consider the weight of soil and structures and perform initial ground stress balance.
This paper uses displacement controlmethod to simulate static load test. The load and
corresponding displacement of pile head can be extracted after each step calculation
completed. The comparison between the finite element model calculation result and
the field test result is shown in Fig. 8.

It could be seen that the pile-head displacement of the finite element model is
larger than that measured in the field test, which is caused by two reasons. First,
penalty stiffness algorithm used for the tangential behavior of contact surface allows
for elastic slip deformation, which meant that relative slip deformation occurs when
the surfaces are bonded together. Second, the cement slurry amount of grouting
reinforcement in actual engineering might be increased to guarantee the grouting
reinforcement quality, and the slurry diffuses into the ground, resulting in the range of
reinforced zone is enlarged. From the overall trend, the model calculation result is in
good agreementwith the field test result, which proves the reliability and applicability
of the finite element model.
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Fig. 8 Comparison between the model calculation result and the field test result

4 Factors Influencing Compressive Load Bearing Capacity

4.1 Reinforcement Width

Models with different reinforcement widths (1400, 2400, 3400 mm, 4400 m,
5400 mm) are analyzed with depth and thickness of reinforced zone setting as 5 m
and 3 m, respectively. The calculation results are shown in Fig. 9a. The compressive
load bearing capacity of these reinforced piles is enhanced compared to the unrein-
forced pile. As the reinforcement width increases from 1400 to 5400 mm, the pile
ultimate load bearing capacity decreases. When the reinforcement width is above
4400 mm, the ultimate compressive load bearing capacity of the pile is only about
3800 kN, which is much smaller than that of the pile with a 1400 mm reinforcement
width. In order to confirm the optimal width range, models for pile with a rein-
forcement width within 1400 mm are calculated. The results are shown in Fig. 9b
and Table 4. Pile with a 600 mm reinforcement width has the maximum ultimate
compressive load bearing capacity of 6332 kN.
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(a) Reinforcement width:1400mm-5400mm  (b) Reinforcement width:400mm-1400mm 

Fig. 9 Comparison among piles with different reinforcement widths and unreinforced pile
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Table 4 Calculation results of piles with different reinforcement widths

Reinforcement width (mm) 400 600 800 1000 1200 1400

Ultimate compressive load bearing capacity (kN) 5703 6332 6230 6000 5820 4983

Pile-head displacement (mm) 14.2 14 10.5 8 7.6 6.4

As shown in Fig. 9, the pile-head load–displacement curves of the piles with a
reinforcement width within 1000 mm have different characteristics compared to the
others. These piles need to sacrifice greater displacement to exert bearing capacity,
and their curves show slow change characteristics before pile failure, which are
similar to expanded diameter pile. The ultimate compressive load bearing capacity
of the pile with a 600mm reinforcement width is larger than that of the 1000mmone;
however, the capacity of the latter can reach 6000 kN as the pile-head displacement
is 8 mm, while the former one only exerts 5200 kN under the same displacement.

In order to verify the similarity of load-bearing characteristics between the
enlarged diameter pile and the synergy of reinforced zone and the pile, new models
are established. The relative displacement and friction between the pile and the
reinforced zone are not allowed due to the removement of the pile–reinforced zone
contact surface in these newmodels. The calculation results are shown in Fig. 10. The
curves of the new models change slowly, and the load bearing capacity of these piles
develops with the increase of the variable section diameter, which reveals the char-
acteristics of enlarged diameter piles. Comparing the calculation results of enlarged
diameter piles and side-reinforced pile with the same size of variable section, it can
be seen that they have the same bearing performance process before failure. However,
the ultimate compressive load bearing capacity of the latter is smaller.

The distribution of the contact pressure on the reinforced zone (enlarged diam-
eter part) and underlying soil interface is shown in Fig. 11. The reinforced zone or
enlarged diameter part increases the pile–soil contact area, and the reaction force of
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Fig. 10 Comparison among reinforced piles and enlarged diameter piles
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Fig. 11 Contact pressure distribution between reinforced zone and underlying soil

its underlying soil is stimulatedwith the sinking of the reinforced zone during loading
process, assisting pile side friction to share the load transferred from the pile head.
After the friction reaches the limit value, the enlarged diameter part can continue to
bear larger load, while the contact force of reinforced zone of side-reinforced piles
reaches the limit value faster. The contact pressure between reinforced zone and its
underlying soil of the pile with a 600 mm (1000 mm) reinforcement width will stop
developing when pile-head displacement reaches 14 mm (8 mm), which is also the
moment of pile failure.

Analysis of the force state shows that the pile is easy to sink with the reduc-
tion of the reinforcement width. The assistance of the reinforced zone to pile stops
developing as the total friction between the pile and the reinforced zone is less than
the sum of the underlying soil supporting force and the friction between reinforced
zone and side soil. Simultaneously, the pile reaches its load bearing capacity limi-
tation. The maximum auxiliary capacity of the reinforced zone is limited by the
contact area between reinforced zone and its surrounding soil. Although the rein-
forced zone with a width less than 600 mm is easier to be pulled down by pile, fully
compressing its underlying soil and stimulating soil support force, which works like
an enlarged diameter part of the enlarged diameter pile, the pile load bearing capacity
improvement is relatively small.

Figure 12 shows the pile side friction before and after the pile reaching ultimate
compressive load bearing capacity. The friction of piles with different reinforce-
ment widths has similar development process. The friction of the unreinforced pile
section has reached ultimate value, and that of the reinforced pile section distributes
unevenly. There are more areas where the friction reaches 400 kPa in the pile–rein-
forced zone interface of the pile with a 600 mm reinforcement width. Figure 13
shows the development of the total force due to contact pressure between pile and
reinforced zone. The contact pressure of the pile with a 600 mm reinforcement width
is larger than that of the others, as well as the pile side friction and the ultimate
compressive load bearing capacity.

Due to the pile-head load, the pile displacement causes the soil and the reinforced
zone to sink. Friction develops at the interfaces, and the soil below the reinforced
zone is compressed to limit the displacement of the reinforced zone, resulting in the
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coordinated deformation of the entire pile–soil-reinforced zone system. The pile not
only gets extra support by the underlying soil through the reinforced zone, but also
be compressed by the deformed reinforced zone. Figure 14 shows the pressure on
the reinforced section of the pile with a 2400 mm reinforcement width. The pressure
on the upper part is smaller than that of the lower part before loading. The upper
part pressure has an additional growth during the loading process, promoting the
development of the friction. The piles with an appropriate reinforcement width can
stimulate the underlying soil to provide more adequate supporting capacity, which
is also beneficial to the development of the friction of the reinforced pile section.

In summary, the reinforced zone improvesmechanical properties of the soil around
pile and works as a pile enlarged diameter part during loading until pile failure,
especially with a small reinforcement width. The pile can get additional support by
the underlying soil through reinforced zone and be compressed by the deformation
reinforced zone to generate greater friction. In this paper, the pile with a 600 mm
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Fig. 14 Pressure on pile of reinforced section

reinforcement width has the maximum ultimate compressive load bearing capacity,
but the pile requires a larger displacement to exert its bearing capacity. In actual
engineering, the reinforcement width should be designed to meet the requirements
of structural deformation limitation and pile load bearing capacity enhancement at the
same time. In future research, bearing mechanism is expected to be further explored,
and the theoretical calculation method will be given to directly confirm the optimal
reinforced zone size.

4.2 Characteristics of the Pile–Reinforced Zone Interface

Friction coefficient and maximum shear stress of contact surfaces are key factors
affecting pile side friction. Figure 15a shows the result as the friction coefficient of
the reinforced zone and pile contact surface is set from 0.8 to 1.6. The compressive
load bearing capacity of the pile with a 2400 mm reinforcement width raises when
the friction coefficient increases. Figure 15b shows the result of the piles with the
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pile–reinforced zone interface maximum shear stress of 200 kPa and 450 kPa. The
ultimate compressive load bearing capacity of the pile decreases with the reduction
of the maximum shear stress.

Even if the contact pressure of the interfaces is still increasing, due to the inter-
face maximum shear stress, the friction stops developing as the shear stress (fric-
tion) reaches the maximum value. Figure 16a shows the pile side friction when the
pile reaches ultimate compressive load bearing capacity. The differences in ultimate
compressive load bearing capacity among piles are related to the friction of the
pile–reinforced zone interface. During loading process, the upper part of the pile
reinforced section first reaches the maximum shear stress. Figure 16b shows the
total force development due to the pile–reinforced zone interface contact pressure.
The force of the piles with the same reinforcement width is consistent; however, the
piles have different ultimate compressive load bearing capacity due to the different
maximum shear stress limitation.

In actual engineering, the interfaces characteristics are affected by the existing
pile itself and the quality of the grouting reinforcement, e.g., the roughness of the
pile body and the combination state of pile and reinforced zone. In order to increase
the interfaces friction coefficient and shear strength, in addition to ensuring the rein-
forced zone tightly integrated with pile, it is also possible to improve the mechanical
properties of reinforced zone, such as increasing cement content.

5 Conclusions

(1) The numerical model can be used to investigate the compressive load bearing
capacity of the existing pile with pile side grouting reinforcement, and the
calculation result is consistent with the field test data.

(2) Pile side grouting reinforcement can effectively improve the compressive load
bearing capacity of the existing pile through the increasing of the friction limit
value of the pile–reinforced zone interface. Reinforced zone not only improves
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mechanical properties of the soil around pile, but also causes the underlying
soil supporting and squeezes the pile after deformation.

(3) Reinforcement width affects pile load bearing process. Pile with a smaller
reinforcement width shows similar characteristic of the enlarged diameter pile.
In this paper, the 600 mm reinforcement width can maximize pile bearing
capacity, but pile requires a larger displacement to exert its bearing capacity.
In actual engineering, the reinforcement width should be designed to meet
the requirements of structural deformation limitation and pile bearing capacity
enhancement at the same time.

(4) The ultimate compressive load bearing capacity of the pile is enhancedwith the
increase of the interface friction coefficient and shear strength. When the MJS
method is used for pile side grouting reinforcement, the construction quality
should be strictly controlled to ensure the combination of the reinforced zone
and the pile. Increasing the cement content can improve the interface shear
strength, allowing the pile to exert greater friction.
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Influence of Metro Vehicle Operation
on Adjacent High-Speed Railway Bridge
Pier

Guohui Cheng, Yao Shan, and Xiangliang Zhou

Abstract The growing scale of the high-speed railway network and that of the
metro leads to an increasing number of intersections between these two traffic
modes. To ensure the structural safety during the construction process of metro
tunnels constructed beneath existing high-speed elevated lines, rows of isolation
piles between these two different kinds of traffic infrastructures have been widely
utilized.However, the vibration isolation effect of these piles during themetro vehicle
operation process is still not well studied. In this paper, a model that accounts for
the interaction between structures (i.e., high-speed bridge, isolation piles and metro
tunnels) and soil foundations is established by employing a three-dimensional finite
element method to investigate the vibration isolation effect of the isolation piles. The
influence of different design parameters of isolation piles on the vibration charac-
teristics of the complete system is investigated. Besides, this paper summarizes the
law of wave peaks formation in the vibration magnification area. The results show
that: (i) For surface, vibration isolation effect is influenced greatly by the spacing and
diameter of isolation piles. The vibration isolation effect of the isolation pile is weak-
ened considerably with increasing pile net spacing and is enhanced with increasing
pile diameter. (ii) For high-speed bridge pier top, geometric parameters of isolation
piles have little effect on the isolation efficiency. (iii) The increase of pile diameter
and spacing makes wave peaks appear easily in the vibration magnifications region.
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1 Introduction

The growing scale of the high-speed railway network and that of the metro network
leads to an increasing number of intersections between these two traffic modes.
In most of these intersection cases, new constructed metro tunnels beneath existing
high-speed railroads are dominant, which brings two issues that need to be taken seri-
ously. First of all, tunnel construction will cause deformation of high-speed railway
foundation and endanger traffic safety. Secondly, passenger comfort and structural
durability of high-speed railway may be affected by the subway vibration during the
operation period. In engineering practice, isolation piles between these two different
rail infrastructures have been widely utilized and played an important role in infras-
tructure deformation controlling in the construction process. As a result, the existing
design principle of isolation piles is based on the deformation prediction of infras-
tructures in constructions, no isolation measure for vibration during operation is
considered. Two questions present following this situation: (i) is it possible that
the isolation plies would also reduce the influence of metro vehicle operation on
adjacent high-speed railway bridge pier? If the answer is yes (ii) how to design the
isolation piles to ensure not only the deformation control effect on infrastructures in
the construction process, but also the vibration isolation effect between these two rail
traffic modes in operation process? To answer these questions, the influence of the
isolation piles on dynamic interactions between these two different infrastructures
and the environmental dynamic response in the operation stage should be studied.

Isolation piles are generally a row of solid cylindrical piles with the same pile
spacing, which is also called row piles. Row pile, trench, and continuous wall are
different forms of the vibration isolation barrier. In 1968, Woods [1] designed and
carried out a series of in situ experiments to study the effect of a trench on vibration
isolation. The amplitude attenuation coefficient was proposed as the evaluation index
of the isolation efficiency of the barrier.

ARC = Vertical amplitude behind the barrier/Vertical amplitude without barrier
(1)

Although the existence of a trench system can be an effective approach to reduce
vibrations, the application of trench was limited by its small depth [2]. Thus, Rechart
et al. [3] used low-cost row piles with great applicability as vibration isolation
barriers. The follow-up researchers analyzed the influence factors of vibration isola-
tion effect of row piles. The research methods mainly include two categories: (1)
analytical method based on wave function expansion method (WFEM), (2) numer-
ical method based on finite element method (FEM), and boundary element method
(BEM).

Pao et al. [4] elaborated on the analytical method by a single hole and carried
out a lot of numerical analysis that was the beginning of the analytic solution. On
this basis, Aviles and Sanchezsesma calculated the vibration isolation of the periodic
piles on the two-dimensional (2D) and three-dimensional (3D) level according to
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Graf’s additive theorem and wave theory [5, 6]. They considered pile spacing affect
the efficiency of vibration isolation. After that, scholars analyzed the influence of
different sections,materials, and arrangement of piles on the vibration isolation effect
[7–12]. Many achievements have been made in the analytical study of isolation pile
parameters. However, because of the complexity of wave scattering, the theoretical
methods simplified practical engineering. In order to solve the specific engineering
problems efficiently and accurately, numerical methods based on FEM and BEM
were found. Kattis et al.[13, 14], Kellezi [15], Tsai et al. [16], Xu [17], and Huang
et al. [2] analyzed the vibration isolation performance of isolated piles by FEM
and BEM method, and the influence of different materials, cross-section forms, and
arrangement of the isolated pile on vibration isolation efficiency is studied. For
complex engineering, some scholars used the 3D finite element to establish the
simulation model. Guo et al. [18] developed a 3D finite element model including
isolation piles, soil, and track structure. The vibration isolation efficiency of the
isolated pile under the train load is analyzed. InWang’s paper [19], ANSYS software
is used to simulate and analyze the periodic layered vibration isolation barrier. Wang
investigated the vibration response of the existing building behind the pile row.

In the development of the analytical method, researchers studied the influence of
incidentwaveform, soil parameters, and rowpile parameters on the vibration isolation
efficiency. The development and application of computer and finite element theory
promoted the progress of numerical solutions. Researchers have gradually improved
the boundary conditions in the calculation of specific projects, which makes the
calculation results more accurate. However, there are still some problems that have
not been considered at present: (i) The pile foundation of the bridge has sufficient
stiffness and stability.Whether the application of isolation piles can reduce the impact
of vibration sources on pile foundation? If so, whether the parameters of isolation
piles have the same impact on the effect of vibration isolation as summarized in
surface vibration isolation. (ii) What is the formation law of peak value in vibration
magnification area and whether it is related to the parameters of the isolation pile?

To answer the above questions, a 3D finite element model including subway
tunnels, isolation piles, and pile foundation of the high-speed railway bridge is built
in this paper. According to the research results of previous scholars, it can be found
that the significant factors affecting the isolation efficiency of single row isolation
piles are the net distance between piles and pile diameter, so they are the parameters
of isolation piles analyzed in this paper.

Firstly, the influence of isolation pile parameters on the surface isolation efficiency
is analyzed through a series of comparative tests. Then, the vibration data in the area
behind the isolation pile are extracted to study the relationship between the peak
value of the vibration magnification region and pile parameters. Finally, the dynamic
response results of the pier top are extracted to analyze vibration isolation efficiency
of isolation pile on pile foundation.
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Fig. 1 Cross-sectional sketch of crossing

2 Background

This paper relies on a project in south China, in which two metro tunnels pass under
high-speed railway bridge vertically. The cross-sectional and soil layers of the tunnel
are shown in Fig. 1. The buried depth of tunnels is 7.6 m, the outer diameter is 6.4 m,
and the inner diameter is 5.8 m. The minimum net distance between the tunnel and
the pile foundation is 15.5 m. Bored cast-in-place piles with a diameter of 0.8 m are
used for isolation piles on both sides of the tunnel, and the length is 37.8 m. The
minimum spacing between the isolation pile and the high-speed railway bridge pile
is 9.10 m.

This area is a piedmont alluvial plain landform. The strata exposed in the depth
of 60 m are mainly loess, silty clay, and gravel soil, with local sandy soil, and the
thickness of Quaternary overburden is more than 50 m. The tunnel is mainly located
in loess and silty clay.

3 Numerical Model

3.1 Model Introduction

Limited by the hardware computing capabilities, only a part of the project area can be
included in themodel. The size of themodel should ensure that the calculation results
have higher precision while maximizing the calculation efficiency. The calculation
results of Lv et al. [20] showed that when the length of the model in the horizontal
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Fig. 2 Finite element model

direction is greater than 8 times the diameter of the tunnel, the calculation results can
achieve higher precision. Lei [21] claimed that the range affected by subway vibration
was within 60 m from the subway line. To guarantee the calculation accuracy, the
length, the width, and the height of the model are chosen as 80 m, 53 m, and 50 m,
respectively (refer to Fig. 2).

In ABAQUS, elastic waves will be reflected when propagates to the boundary
of the model, which cause a great interference to the calculation of the dynamic
response, so that the calculation result cannot reflect the real situation. Therefore,
boundary conditions need to be specially treated to reduce or eliminate errors caused
by model boundaries. Artificial boundary conditions are used to absorption of elastic
waves, thereby simulating an infinite boundary. At present, viscoelastic boundary
and infinite element boundary are two widely used artificial boundary methods. The
model in this article sets the infinite element boundary.

Discretizing the model region into a finite number of meshes in the finite element
model causes a low-pass effect, i.e., waves above a certain frequency are truncated
in the model. The magnitude of this cutoff frequency depends on the size of the
mesh in the model and the minimum shear wavelength considered. In general, for
a finite element model using a lumped mass matrix, a higher calculation accuracy
can be obtained when the minimum shear wavelength is longer than 6–8 times the
unit lengths [22]. In this paper, under the premise of ensuring accuracy, the model
mesh is divided into 0.5–1 m hexahedral elements (finite elements: C3D8R, infinite
element: CIN3D8). The overall mesh of the model is shown in Fig. 2.
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3.2 Material Parameters and Load

In order to improve the calculation efficiency, this paper assumes that the soil is an
isotropic homogeneous medium, regardless of the soil microstructure and internal
pores, and ignores the initial stress of the soil. Besides, due to the small dynamic
strain caused by traffic load, the soil and structure are generally considered to be in the
stage of elastic deformation, and the materials in the model are all set to the linear
elastic constitutive. According to the on-site geological exploration data, material
properties are as follows (The order of soil is the same as Fig. 1) (Table 1).

This paper applies the Rayleigh damping theory to simulate material damping.
The theory assumes that the damping matrix of the element is a linear combination
of the mass matrix and the stiffness matrix:

[C] = α[M] + β[K ] (2)

α and β satisfy the following equation:

ξn = α

4π fn
+ βπ fn (3)

where ξn is the damping ratio at frequency fn. Themaximumandminimum frequency
this paper concern is 50 Hz and 5 Hz, respectively, at which ξn = 0.05. After
calculation, α = 2.856, β = 2.894 × 10−4.

Table 1 Material properties

Material name Natural density
(kg/m3)

Dynamic elastic
modulus (MPa)

Dynamic Poisson’s
ratio

Depth

Miscellaneous
soil-fill

1900 99 0.432 5.8

Loess 1910 172 0.421 4.2

Silty clay 1940 262 0.411 9.8

Silty clay 1920 606 0.42 3.8

Clay 1940 650 0.39 6.2

Silty clay 1940 1068 0.421 2.7

Gravel soil 2120 1768 0.409 6.3

Silty clay 1940 920 0.41 –

Caps 2500 40,000 0.2 –

High-speed bridge
pile

2500 40,000 0.2 –

Shield segment 2500 45,000 0.2 –

Track bed slab 2500 40,000 0.2 –

Isolation pile 2500 40,000 0.2 –
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Fig. 3 Fastener force

The subway load applied in this paper refers to the track fastener force used in
the Si’s model [23]. When the subway is running, the fastening force of a fastener
on the track is shown in Fig. 3. The phase difference is applied to adjacent fasteners
to simulate metro driving.

4 Data Analysis

The data of the measuring point (the black point in Fig. 2) is extracted to represent
bridge pier top, and the measuring region (the shadow area Fig. 2) represents the
surface near the cap. The x-direction is parallel to the direction of row piles, and the
y-direction is perpendicular to it.

For the high-speed bridge pier, the dynamic response evaluation indicator selected
is az: the maximum vertical acceleration of the pier top. For the surface near the cap,
the selection of dynamic response evaluation indicator a′(normalized acceleration
amplitude) refers to the amplitude attenuation rate proposed by Wood [1], and the
calculation is shown in Eq. 4.

a′ = amax

a0−max
(4)

where amax is themaximumvalue of the vertical acceleration at a point in the presence
of the piles;a0−max is themaximumvalue of the vertical acceleration at the same point
in the absence of the piles. The other parameters used in this paper are:

d: diameter of isolation pile;
l: piles spacing;
l∗: net spacing of piles (l∗ = l − d).
The geometrical parameters of piles considered in this work are the diameter

d and the net spacing l∗. It is noted that when one parameter is investigated, the
other parameters are kept constant. Ding et al. [10] found that: if the spacing of
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Table 2 Parameters of
isolation piles

Situation d(m) l(m) l∗(m)

Case 1 0.8 1.2 0.4

Case 2 0.8 1.6 0.8

Case 3 0.8 2.4 1.6

Case 4 0.8 3.2 2.4

Case 5 0.4 2.0 1.6

Case 6 0.6 2.2 1.6

Case 7 0.8 2.4 1.6

Case 8 1.0 2.6 1.6

isolation piles is not more than four times the diameter of piles, it could ensure
good screening effectiveness. Therefore, considering the construction situation, the
different situations are summarized in Table 2. Case 1–4 are used to analyze the
influence of net spacing on vibration isolation efficiency, Case 5–8 focus on the
diameter.

4.1 Vibration Response of Surface

Figure 4 displays the vibration of normalized acceleration amplitude of surface under
different net spacing and diameters. It shows that there are vibration magnifications
near the isolation pile, which is caused by the scattering of elastic waves between the
isolation piles. The wave trough behind the vibrationmagnification region represents
the optimal attenuation region. Figure 4a shows that with the increase of pile spacing,
the vibration attenuation decreases. As shown in Fig. 4b, the vibration isolation effect
of the isolation pile is enhanced with increasing pile diameter. These laws are in

Fig. 4 Normalized acceleration amplitude of surface. a d = 0.8 m; b l∗ = 1.6 m
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conformity with those of the existing theoretical solutions [6, 7, 10]. It is because
that when the spacing of piles is large or the diameter of piles is small, the barrier
behaves like a set of independent piles instead of a unit. Besides, according to Fig. 4a,
it can be found that the attenuation efficiencies of isolation piles are very close when
the pile spacing is 0.8 and 0.4 m, which means that keeping the pile spacing 0.8 m
is enough to achieve a high isolation effect.

Figures 5 and 6 are the overall vibration attenuation under different pile spacing
andpile diameter. Figure 5 shows thatwhen the net spacing of isolation piles increases
from 0.4 m to 2.4 m, more peaks appear in the vibration magnifications region and
show strong periodicity in the x-direction. That is because piles are separated so far
enough that they perform like a set of independent obstacles. Figure 6 shows that
there is a similar relationship between the wave crest and pile diameter in vibration
magnifications region, and the increase of pile diameter leads to the appearance of
peaks. This is because the increase of pile diameter increases the distance between
adjacent pile-free area, which reduces the interference of incident wave and peaks
appear.

Fig. 5 Three-dimension curved surface of normalized acceleration amplitude under different net
spacing. (d = 0.8 m). a Case 1; b Case 2; c Case 3; d Case 4
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Fig. 6 Three-dimension curved surface of normalized acceleration amplitude under different pile
diameters. (l∗ = 1.6 m). a Case 5; b Case 6; c Case 7; d Case 8

4.2 Vibration Response of Pier

The vibration acceleration data of the feature points mentioned above under different
spacing and diameter of piles are extracted; Fig. 7 is drawn according to themaximum
vertical acceleration in each case.

Figure 7 shows that the isolation pile can effectively reduce the vibration at the
top of the pier. Therefore, the utilization of isolation piles between subway and pile
foundation building can play a protective role for the latter.

Figure 7a shows that the vibration attenuation increases slightly with the increase
of the net distance between piles. Figure 7b shows that the diameter of the pile
has no obvious influence on the isolation effect of the isolation pile. Generally,
when isolation piles are used to protect the pile foundation buildings, the geometric
parameters have little effect on the isolation efficiency.
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Fig. 7 Vertical vibration amplitude of pier. a d = 0.8 m; b l∗ = 1.6 m

5 Conclusions and Future Work

Based on the results of the parametric studies of the passive vibration isolation
problem considered, which are depicted in Figs. 4, 5, 6, and 7, one can draw the
following conclusions:

1. Isolation plies provide vibration isolations between metro tunnels and high-
speed railway bridge in the operation stage.

2. For surface vibration, the vibration isolation effect of the isolation pile is weak-
ened considerably with increasing pile net spacing in the range of 0.4–2.4 m
and is enhanced with increasing pile diameter in the range of 0.4–1.0 m.

3. Different from the law of ground vibration isolation, for the vibration of the pier
top, geometric parameters have little effect on the isolation efficiency.

4. The increase of pile diameter and spacing makes periodic peaks appear easily
in the vibration magnifications region.

Our next step is to apply the high-speed rail load on the top of the pier and
study the influence of the isolation piles on dynamic interactions between metro and
high-speed rail.
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Application Research and Structural
Optimization of Vibration Isolation
of Row Piles in High-Speed Railway
Based on the Concept of Phononic
Crystal

Xiaobin Chen and Hao Tang

Abstract Phononic crystal is a new type of functional material, which can shield
elastic waves at different frequencies by properly setting the parameters and distribu-
tion of constituent material. Based on the phononic crystal theory, this paper uses the
finite element software COMSOLmulti-physics to calculate the band gap character-
istics of three-dimensional periodic row piles structure and discusses the influence
of soil density, elastic modulus, radius of row piles, configuration mode and section
shape. The results show that the radius of row piles and the elastic modulus of soil
are the main factors affecting the band gap; the appropriate section shape can be
selected according to the frequency range that one needs to shield and the amount
of material that is needed to use. Compared with the periodic pile barrier in a square
configuration, the pile in a triangle configuration can obtain a higher initial bound
frequency, terminal bound frequency and a bigger band gap width. The research
results are expected to provide some reference for the vibration isolation design of
high-speed railway.

Keywords High-speed railway vibration · Phononic crystal · Vibration isolation
performance · Numerical simulation · Band gap characteristics

1 Introduction

In recent years, with the development of high-speed railway construction and the
overall acceleration of existing railway, the impact of ground vibration caused by
high-speed train on the surrounding environment has become more and more promi-
nent. Train vibration will have a negative impact on nearby residents, surrounding
buildings and the production and use of precision instruments, so it is necessary
to study the vibration isolation measures. The high-speed railway is dominated by
low-frequency vibration [1]. Yin et al. [2] obtained the conclusion that the environ-
mental vibration frequency of the high-speed railway at 350 and 250 km/h is mainly
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Fig. 1 Vibration reduction diagram of row piles

about 40 and 25 Hz, respectively, through field test. In order to reduce the vibration
isolation, the most commonly used method is to set up a barrier on the propagation
path of wave. The row pile structure is one of the discontinuous barriers with good
effect [3], and its vibration reduction setting is shown in Fig. 1.

Richard et al. [4] first put forward the concept of using single row or multiple
rows of cylindrical holes as wave barrier. Aviles and Sanchez-Sesma [5, 6] analyzed
the scattering effect of row piles on shear horizontal waves and proposed that rigid
piles are more effective than flexible piles, and when the pile diameter and pile
length are greater than 1/4 and 1/2 of the wave length, they will achieve a certain
effect of vibration isolation. Gao et al. [7, 8] pointed out that the discontinuous
circular section wave barrier can reduce the ground vibration by 60–80%, which
proves the good engineering value of the discontinuous vibration isolation barrier.
At the same time, he used the elastic dynamic boundary integral equation to study
the vibration isolation effect of row piles in three-dimensional layered foundation.
The results show that the distribution of soft and hard soil in layered foundation
has an influence on the vibration isolation effect of row piles. Qiu [9] made a three-
dimensional analysis on the far-field passive vibration isolation of single-row piles
andmulti-rowpiles based on the integral equation ofRayleighwave scattering theory.
Li et al. [10] used Rayleigh wave scattering integral equation and found that the main
factor affecting the vibration isolation effect of multi-row piles is the number of pile
rows, while the influence of section size is relatively small. Wei et al. [11] studied the
vibration isolation effect of single-row piles in the railway environment vibration. He
established the train, earth and row piles coupling dynamic model by using ANSYS
and analyzed the influence of pile depth, pile diameter, section and material on the
vibration isolation effect.Meng et al. [12] usedCOMSOLPDEfinite elementmethod
to establish a two-dimensional periodic row pile structure and discussed the influence
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of relevant parameters on its band gap. Liu et al. [13] studied the vibration isolation
effect of vibration isolation well and concrete pile through model experiment, and
the results show that the vibration isolation effect of concrete pile is better than that
of vibration isolation well.

It has long been recognized that the vibration isolation effect of multi-row piles
is better than that of single-row piles; however, most of the previous studies on the
parameters of row piles are based on the field tests and numerical simulation, and
the overall periodicity formed by the regular configuration of row piles is rarely
concerned. Based on the band gap characteristics of the phononic crystal, this paper
uses the finite element software to establish the three-dimensional periodic structure
of row piles. According to the vibration frequency range of the high-speed railway,
the vibration isolation effect under different soil density, elastic modulus, row piles
radius, configuration mode and section shape is analyzed.

2 Calculation Theory of Band Gap Characteristics Based
on Finite Element Method

The theoretical study of periodic structure was first carried out in the field of solid-
state physics, and continuous achievements have been made. For example, it has
been found that elastic waves will transit selectively when propagating in periodic
crystals, which is related to the reflection, scattering and diffraction of waves. The
phenomenon of selective transmission of waves brings inspiration to the scholars
who study vibration isolation. In the study of phononic crystals, the finite element
method can be used to calculate the band gap characteristics [14]. When using the
finite element software to solve the wave equation, according to Bloch theorem,
typical cell can be extracted, as shown in Fig. 2. The cell satisfies the characteristic

Fig. 2 Typical cell and
periodic boundary conditions
of periodic row piles
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equation, and the boundary displacementmatrixU (r) satisfies the periodic condition:

(K − ω2M)U = 0 (1)

U (r + a) = eikaU (r) (2)

whereω is the angular frequency, K is the stiffness matrix, M is the mass matrix, a is
the global parameter lattice constant vector, k is the wave vector in the first Brillouin
region, r is the position vector, i = −1.

The displacement field u(r) satisfies the following relationship:

u(r) = ei(k·r)uk(r) (3)

where uk(r) is a periodic function with the same periodicity as the phononic crystal.
The first Brillouin zone and irreducible Brillouin zone are shown in Fig. 3. It

has been proved in solid physics that there will be no new eigenvalues and eigen
fields outside the first Brillouin zone. Therefore, when analyzing the propagation
characteristics of elasticwaves in periodic structures, the calculation canbe simplified
in the first Brillouin zone. Using the symmetry of the first Brillouin region, the
calculation can be further simplified in the irreducible Brillouin region, as shown
in the shadow part of the figure. Due to the extreme value of the eigen spectrum
can be got at the boundary of the irreducible Brillouin zone, in order to determine
the frequency range of band gap, we only need to calculate on the high symmetry
boundary (MG-GX-XM).

COMSOL multi-physics is a finite element analysis software with multi-physical
field coupling. Compared with other finite element software, its advantage is that it
can easily impose periodic boundary conditions. When COMSOL multi-physics is
used for the calculation, the band gap of the phononic crystal can be obtained only
by using the wave vector K scan the high symmetry boundary of the irreducible
Brillouin zone (IBZ) of the structure and solving formula (1) and formula (2) jointly.

Fig. 3 First Brillouin zone
and irreducible Brillouin
zone of periodic piles
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3 Method Verification

The specific process of calculating the energy band structure of phononic crystals by
using COMSOLmulti-physics in this paper is as follows: Select the solid mechanics
module and select the solution type as the characteristic frequency solution; establish
the geometric model of the phononic crystal cell; define the material attribute value
of the component; define the global parameter lattice constant a; add the Floquet
periodic boundary condition, and apply the free boundary at the upper and lower
boundaries of the model; last, input the coordinate value of MG-GX-XM, which
is the high symmetric boundary of irreducible Brillouin zone, in the parameterized
scanning solution setting.After scanning these boundaries for eigenvalues, the energy
band structure of the phononic crystal can be obtained by taking the reduced wave
vector k as the abscissa and the eigenvalue as the ordinate.

In order to verify the correctness of COMSOL multi-physics method for calcu-
lating the dispersion curve of periodic piles, this paper compares the calculation
results with those of Miniaci et al. [15]. The model in the literature is a cross-cavity
in the three-dimensional soil, and the calculation results are shown in Fig. 4. The
gray area in the figure is the band gap of the model. It can be seen from the figure that
the calculation results in this paper are very consistent with those in the literature,
which can verify that the calculation method in this paper is correct.

Fig. 4 Dispersion curves of cross-like cavity periodic structure
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4 Numerical Analysis and Calculation

The dynamic strain of foundation soil caused by railway load excitation is generally
less than 10–5, and the soil is completely in the elastic deformation stage. Therefore, in
this paper, it is assumed that the pile and soil are isotropic linear elastic materials, the
displacement and stress of pile–soil interface are continuous, and the pile of limited
length is periodically buried in the soil to form the periodic row piles. This setting
can take the influence of pile length into consideration, because the two-dimensional
model is equivalent to the infinite length of the pile [16], the three-dimensional model
is more suitable for the actual situation.

Material parameters are the main factors that affect the band gap characteristics
of periodic row piles [17]. The cell model is established with the soil as the matrix
and the pile as the scatterer, as shown in Fig. 5, and the material used for the pile is
steel. The material parameters are shown in Table 1. It mainly studies the influence
of soil density, elastic modulus, row piles radius, configuration mode and section
shape on the band gap. When one material parameter changes, it is assumed that
other parameters remain unchanged.

Fig. 5 Cell model in the finite element software

Table 1 Material properties Material Elastic modulus
(E/Mpa)

Poisson’s ratio
(υ)

Density
(ρ/kg/m3)

Soil 20 0.35 1800

Steel 207,000 0.3 7784
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5 Analyses of Influencing Factors of Band Gap of Periodic
Row Piles

5.1 Row Pile Radius

Periodic piles in a square configuration are shown in Fig. 6. The period constant a
= 2 m, and the pile length is 20 m. Figure 7 shows the band gap of periodic piles in
square configuration versus radius of piles. In the figure, the lower boundary of the
gray area represents the initial frequency of band gap (IFBG), the upper boundary
represents the terminal frequency of band gap (TFBG), the height of the gray area
represents the width of band gap (WBG), and the vibration frequency within the
band gap indicates that it cannot pass the row piles barrier. It can be seen from
the figure that with the increase of the pile radius, the TFBG and WBG increase

Fig. 6 Periodic piles in a
square configuration and IBZ

Fig. 7 Band gap of periodic piles in square configuration versus radius of piles
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Fig. 8 Band gap of periodic piles in square configuration versus soil density

correspondingly, and the IFBG decreases slightly when the radius is 0.65 m, which
shows a gradually increasing trend as a whole.

5.2 Soil Density and Elastic Modulus

Figures 8 and 9 show the variations of band gap of periodic piles in square config-
uration with soil density and elastic modulus, respectively. It can be seen that the
influence of soil density on the band gap is smaller than that of elastic modulus,
and with the increase of soil density, the IFBG and TFBG decrease correspondingly.
The WBG slightly increases when the soil density is 2000 kg/m3, while the overall
trend is gradually decreasing. It can be seen from Fig. 9 that with the increase of
the elastic modulus of soil, the IFBG and TFBG increase correspondingly, and the
WBG increases first and then decreases, with the maximum value when the soil
elastic modulus reaches 25 MPa.

5.3 Section Shapes of Piles

At present, the common section shapes of piles are round pile, square pile and hollow
pile. In order to study the influence of different section shapes on the band gap, their
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Fig. 9 Band gap of periodic piles in square configuration versus elastic modulus of soil

period constant is kept at 2 m. At this time, the radius of the circular pile and the side
length of the square pile increase with the increase of the filling rate. The outer radius
of the hollow pile is kept unchanged at 0.85 m, and the inner radius decreases with
the increase of the filling rate. It can be seen from Fig. 11 that when the filling rate is
low, the IFBG and TFBG of circular pile and square pile are low. As the filling rate
increases, their IFBG, TFBG and WBG increase, and the IFBG, TFBG and WBG
of square pile are larger than that of circular pile. When the filling rate is low, the
IFBG and TFBG of hollow pile are high. When the filling ratio changes from 0.28
to 0.50, the TFBG basically remains unchanged, while the IFBG gradually increases
and the corresponding WBG gradually increases. Therefore, the appropriate section
shapes can be selected according to the frequency range that we need to shield and
the amount of material that we need to use (Fig. 10).

Fig. 10 Periodic square
piles (a) and hollow piles
(b) in a square configuration
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Fig. 11 Band gap of periodic piles in square configuration versus filling ratio

5.4 Configuration of Piles

The periodic row piles in triangular configuration are also a common configuration
form in engineering, as shown in Fig. 12. Similarly, the period constant a= 2m.With
the increase of filling rate, their IFBG, TFBG and WBG increase. And the IFBG,
TFBG and WBG of periodic piles in triangular configuration are larger than those
in square configuration. Therefore, when it is necessary to isolate low-frequency
vibration, the pile in square configuration can be selected; when it is necessary to
isolate higher andwider frequency, the pile in triangular configuration can be selected
(Fig. 13).

Fig. 12 Periodic piles in a
triangular configuration and
IBZ
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Fig. 13 Band gap of periodic piles in square and triangular configuration versus inner radius of
piles

6 Conclusions

Based on the band gap characteristics of phononic crystals, the three-dimensional
periodic piles structure is established by using the finite element software COMSOL
multi-physics solidmechanicsmodule, and the band gap characteristics are analyzed.
According to the characteristics of high-speed railway vibration frequency, the
parameters of different soil density, elastic modulus, pile radius, configuration mode
and section shape are discussed.

It can be seen from the analysis results that the radius of row piles and the elastic
modulus of soil are the main factors affecting the band gap. With the increase of pile
radius, the IFBG,TFBGandWBG increase gradually as awhole.With the increase of
soil density, the IFBG, TFBG andWBG decrease gradually. With the increase of the
elastic modulus of soil, the IFBG and TFBG increase correspondingly, and theWBG
increases first and then decreases; when the filling rate is low, the IFBG and TFBG
of circular pile and square pile are low, while those of hollow pile are high. With
the increase of the filling rate, the WBG of circular pile, square pile and hollow pile
increases gradually. The appropriate section shape can be selected according to the
frequency range that needs to be shielded and the material consumption; compared
with the periodic piles in square configuration, the piles in triangular configuration
can obtain a higher IFBG, TFBG and a larger WBG.
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Attenuation Characteristics of Plane
Waves by Metabarriers with Negative
Parameters

Jiahua Zhou, Xingbo Pu, and Zhifei Shi

Abstract Metamaterials have come to the fore in the fields of electromagnetics and
acoustics due to their superior performance in targeted frequency ranges. However,
the related application such as in vibration mitigation in civil engineering is rare. In
this paper, the dispersion relation of a new kind of metabarriers is obtained according
to the theory of periodic structure in solid mechanics. The dispersion of the metabar-
riers is generated by local resonance. A simplified model is established to explain
the mechanism of bandgaps. The effective mass density, effective shear modulus and
effective bulk modulus of the metabarriers are calculated by finite element method.
It is found that the resonance of the oscillator produces a negative effective mass
density, which prevents the wave propagating in soil, thus creating bandgaps. At this
point, the effective shear modulus and effective bulk modulus of the metabarriers are
both positive. The findings of this paper are beneficial for the design of periodic pile
barriers to isolate elastic waves propagating in soil.

Keywords Metabarriers · Bandgap · Effective parameters · Vibration isolation

1 Introduction

Metamaterials are structures or materials made of artificial composites with special
properties that natural materials do not have [1]. Through designing the key size
of the material, the structure performs extraordinary physical properties. In other
words, through artificial design of materials, the obtained composite materials or
structures have macroscopic equivalent properties that are not available in nature,
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such as arbitrarymass densities and elastic parameters.Metamaterialswere originally
proposed in electromagnetism.After Smith [2] verifiedVeselago’s negative refraction
theory [3] through experiments, materials with abnormal electromagnetic properties
such as single negative refractive index materials, near-zero refractive index mate-
rials and metamagnetic materials were successively discovered and applied, all of
which belong to the category of metamaterials. According to the theory of negative
refraction, the metamaterial with small size can control the large wavelength [4–6].

The band gap of phononic crystal can be classified as Bragg scattering [7, 8] and
local resonance type [9, 10]. In 2000, Liu first proposed a phononic crystal with local
resonance type [9]. They arranged lead sphere coated with soft silicone rubber mate-
rial in a simple cubic structure made of epoxy matrix to form a three-dimensional,
three-component phononic crystal. Through theoretical and experimental studies, it
is found that the wavelength corresponding to the band gap of the phononic crystal
is larger than the lattice constant, which breaks through the limitation of Bragg scat-
tering mechanism. When the scattering body is not exactly periodic, the band gap
also exists in the composite structure. Subsequently, the negative parametric prop-
erties of phonon metamaterials and elastic metamaterials were obtained based on
different methods [11–19].

By adding multiple oscillators into a unit cell, Lai made it generate resonance
under monopolar, dipolar and quadrupolar [20]. Through effective medium theory,
band gap was generated because of the existence of negative parameters. Zhou
obtained effective parameters by applying local resonance average physical field to
the analytical model based onMie scattering solution [21]. Zhu obtained the effective
parameters of anisotropic metamaterial plate by numerical method, which provided
a newmethod for solving the effective parameters [22]. Xu proposed a revised equiv-
alent medium theory to solve the effective parameters of elastic metamaterials along
different wave vectors when the wavelength does not meet the condition by means
of numerical solution [23].

Piles arranged periodically in soil form periodic barriers, which is a periodic struc-
ture with obvious attenuation zone. Jia and Shi proposed the concept called “periodic
foundation” to seismic isolation and vibration attenuation in civil engineering [24].
Huang and Shi used the improved plane wave expansion method and finite element
method to study the in-plane and out-plane attenuation properties of periodic pile
barriers, including solid and hollow piles [25–27]. Meng and Shi studied the atten-
uation ability of periodic pile barriers in single-phase and saturated soil [28, 29].
It is found that in single-phase soil, the triangular arrangement of piles, soft soil
layer and small filling rate can obtain a wide attenuation range. In saturated soil, the
frequency of the first attenuation zonewill decrease with the increase of the curvature
coefficient of soil.

In this paper, the metabarriers formed by piles embedded periodically in soil are
studied. The band gaps of the metabarriers are obtained, and their mechanisms are
discussed based on local resonance-type unit cell. According to the revised effective
medium theory, the effective mass density, effective shear modulus and effective
bulk modulus of a unit cell are presented. Meanwhile, metabarriers provide a new
idea for the study of the periodic structure band gaps, bring great convenience for the
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engineering design of pile rows and provide a newmethod for the study of effectively
reducing the vibration caused by transportation.

2 Basic Theory and Model

Without considering damping, the governing equation of elastic waves propagating
in continuous and linear isotropic elastic media can be given as follows [30]:

∇ : (C(r) : ∇u(r)) = ρ(r)
∂2u

∂t2
(1)

in which ∇= ( ∂
∂x ,

∂
∂y ,

∂
∂z ) is differential operator, C(r) is the elastic tensor, ρ(r) is

the material density tensor, r = (x, y, z) is the position vector, u = (ux , uy, uz) is
the displacement vector, and t is time parameter. According to the Bloch theory [31],
the displacement field in the periodic structure can be expressed as follows:

u(r, t) = ukei(k·r−ωt) (2)

where k is wave vector, and ω is circular frequency. The function uk is a periodic
function with periodic constant R and can be expressed as follows:

uk(r) = uk(r + R) (3)

Substituting Eq. (2) into Eq. (3) results in

u(r + R, t) = eik·Ru(r, t) (4)

Equation (4) is the periodic boundary condition. Combining Eq. (4) with Eq. (1),
the characteristic equation about the wave vector k and frequency ω can be obtained
as follows:

(�(k) − ω2M) · U = 0 (5)

in which �(k) is the stiffness matrix and M is the matrix of the mass. Stiffness
matrix �(k) is a function of the wave vector k. By scanning the first irreducible
Brillouin zone of the unit cell, the corresponding frequency can be solved, and then
the dispersion relation of the structure can be obtained.

In this paper, the unit cell of metabarriers is shown in Fig. 1. The geometric
parameters are taken as a = 1 m, b = 0.8 m, r1 = 0.3 m, r2 = 0.2 m. The materials
from the inside to the outside are steel, rubber, concrete and soil, respectively. The
steel cylinder-coated rubber is a scatter of the unit cell. The material constants of the
unit cell are listed in Table 1 [32–34].
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Fig. 1 Bird view of the unit
cell

r1

r2

soil

concrete

rubber

steel

a

b

Table 1 Mass densities and elastic constants of the materials

Materials Mass density ρ
(
kg/m3

)
Young’s modulus E (Pa) Poisson’s ratio v

Soil 1800 2e7 0.35

Concrete 2300 25e9 0.2

Rubber 1300 1.175e5 0.47

Steel 7850 2e11 0.3

Referring to the study [35], the unit cell considered in the present paper is simpli-
fied as a spring oscillator model, in which the mass of the inner steel column can be
regarded as the oscillator, and the rubber coating can be regarded as the spring.

In this paper, a revised medium theory is used to study the dispersion characteris-
tics and vibration absorption mechanism of pile barriers in soil. The band gaps and
effective parameters (effective mass density, effective shear modulus and effective
bulk modulus) of the unit cell are obtained through the FEM software COMSOL
Multiphysics.

3 Results and Discussions

The band structure of the unit cell mentioned in Fig. 1 is shown in Fig. 2. There are
two band gaps, and the ranges of them are 10.7–13.7 Hz and 30.82–32 Hz. Figure 3
shows the vibration modes at the two band gaps edges. It can be seen from Fig. 3a
and b that the resonance modes corresponding to the lower boundary of the first band
gap are the translational vibration of the steel column. The rubber coating layer is
partly squeezed and partly stretched, while the matrix composed of concrete and soil
remains static. The resonance modes in Fig. 3c and d corresponding to the upper
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Fig. 2 Frequency response of unit cell

boundary are the movement of the matrix and the vibrator appositely, and the rubber
is compressed and stretched. Under these two resonance modes, the oscillators in the
adjacent unit cells vibrate in opposite phases, and the whole system is in dynamic
equilibrium. The modes of the upper and lower boundary of the second band gap
are that the rubber coating is stretched or compressed. These band gap resonance
patterns generate x- and y-force coupling with plane waves in the matrix, resulting
in band gaps generation. For the metabarrier as shown in Fig. 1, the frequencies
corresponding to the upper and lower boundary of the first gap can be estimated
according to the simplified spring mass model [36]:

fl = 1

2π

√
k

m1
(6)

fu = 1

2π

√
k(m1 + m2)

m1m2
(7)

in which f l is the frequency corresponding to the lower boundary, and f u is the
frequency corresponding to the upper boundary. The symbol k is the stiffness of the
spring-acting part in the rubber coating obtained by area integral. The symbols m1

andm2 are the masses of the core and the substrate corresponding to the spring mass
model, respectively. The predicted results by using Eqs. (6) and (7) are 10.61 Hz and
13.68 Hz, respectively, which are basically consistent with the results obtained by
FEM.
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Fig. 3 Vibration modes corresponding to the lower and upper boundaries: a, b for the first band
gap and c, d for the second band gap

According to the revised effective medium theory [23], the effective mass density,
effective shear modulus and effective bulk modulus of the unit cell are calculated and
listed in Fig. 4a, b and c, respectively. It is obvious that both the normalized effective
shear modulus μeff

/
μ and the effective bulk modulus κeff

/
κ of unit cell are positive

within 0–60 Hz. However, for the normalized effective mass density ρeff
/
ρ, it has

negative values in the range of 10.7–13.7 Hz and 30.84–31.96 Hz, which is almost
consistent with the range of the two band gaps in the dispersion relation. In addition,
ρeff

/
ρ increases rapidly at the beginning, and the oscillator jumps from positive to

negative as it approaches 10.7 Hz. From Fig. 5, it can be observed that when the
frequency is below 10.7 Hz (Fig. 5a, b), the oscillator moves in the same direction as
the matrix. When the frequency is over 10.7 Hz (Fig. 5c, d), the oscillator jumps and
starts to move in the opposite direction to the external matrix, generating negative
effective mass density. When the frequency is greater than 13.7 Hz (Fig. 5f), the
motion direction of the oscillator changes to be consistent with the direction of the
substrate, which is also consistent with the cause of the band gap in the dispersion
relation. The same phenomenon also appeared at 30.84 and 31.96 Hz (Fig. 5h, i)
as 10.7 Hz and 13.7 Hz, respectively, which will not be repeated. In Fig. 2a, the
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Fig. 4 Dynamic effective parameters of the metabarrier. a effective mass density, b effective bulk
modulus, c effective shear modulus

negative effective mass density can also be found between 55.82–55.96 Hz, which
is not discussed here because of its extremely narrow band gap.

Theoretically speaking, perfecting filtering properties exist in periodic metabar-
riers with infinite unit cell. In fact, the distribution of structures is finite in engineering
application. In order to validate the effectiveness ofmetabarriers for reducing ambient
vibration, the dynamic responses of a finite 2D metabarriers periodic system are
numerically simulated. The schematic diagram of the 2D system is shown in Fig. 6.
The geometrical parameters of the numerical model are as follows: a = 1 m, L1 =
2 m, L2 = 10 m, L3 = 3 m, L4 = 5 m, L = 20 m. A unit displacement is applied at the
left end of the model, a continuity period condition is applied to the upper and lower
boundaries, and the length of L4 at the right end of the model is set as the perfect
matching layer.

To evaluate the screening effect by metabarriers, the amplitude reduction ratio
labeled as AR is suggested [37, 38]. The frequency response function (FRF) is intro-
duced, FRF = 20 · log10

(
A/A0

)
, where A is the averaged displacement of reference

line 2, and A0 is the averaged displacement of reference line 1. Figure 6b shows the
frequency response of Fig. 6a, and the red line and blue line in Fig. 6b represent the
frequency response without and with metabarriers, respectively. It can be seen from
this figure that when there with metabarriers, the vibration attenuation is obtained in
the range of 10.7–13.7 Hz and 30.82–32 Hz (the gray part of the figure), while when
there without metabarriers, the vibration attenuation is not obtained. The attenuation
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(a) 9.5Hz (b) 10.68Hz (c)10.7Hz

(d) 11.5Hz (e) 13.7Hz (f) 17.4Hz

(g) 30.82Hz (h) 30.84Hz  (i) 31.96Hz

Fig. 5 Strain diagram corresponding to some different frequencies

zone of the metabarriers is in great agreement with the attenuation of the frequency
response curve, which further demonstrates the effectiveness of the metabarriers to
vibration attenuation.

4 Conclusions

In this paper, a new type of metabarriers is proposed for seismic isolation and vibra-
tion attenuation in civil engineering. The dispersion relation and modal analysis of
the metabarriers indicate that the local resonance of the oscillator causes the band
gaps in the range 10.7–13.7 Hz and the region 30.82–32 Hz. According to the revised
equivalent medium theory, three effective parameters are obtained. It is found that
both the effective shear modulus and the effective bulk modulus are positive in the
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L1 L2 L3 L4

a

L

Reference 
line 1

Reference 
line 2

(a) 2D model

(b) Frequency response

Fig. 6 Schematic diagram of vibration screening problem by periodic metabarriers

range of 0–60 Hz. However, the effective mass density is negative in the region 10.7–
13.7 Hz and 30.84–31.96 Hz, which is consistent with the band gaps in the dispersion
relation. The results also show that when the effective mass density is negative, the
oscillator and matrix move in opposite direction. Otherwise, they move in the same
direction. Single negative parameter can make the metabarrier with band gaps.
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Shearing Behaviour of Jointed Rocks
Under Monotonic and Cyclic Loading
with Varying Gouge Materials

Nirali B. Hasilkar, Lalit S. Thakur, and Nikunj Amin

Abstract Rock is not homogeneous and isotropic due to the presence of discon-
tinuities and weak planes within its body. This brings in terms of ‘rock material’
and ‘rock mass’ for practical applications. A rock mass is an assemblage of intact
rock pieces separated by discontinuities presented in different scales such as micro-
fractures, rock joints, stratification, faults. For design in civil and mining engineering
geo-structures, it is often necessary to investigate the behaviour and role of discon-
tinuities on rock mass performance. In many cases, failure is governed by the shear
behaviour of discontinuities in excavations. In this context, evaluation of the effects
of small repetitive earthquakes on the shear strength parameters of rock joints espe-
cially in tunnels and dam foundations is also important. The main scope of work
is to study and investigate shearing behaviour of jointed rocks infilled with gouge
materials under monotonic and cyclic loading vis-a-vis the theoretical background to
shearing behaviour under loading conditions to compare the shear strength values for
a variety of jointed rocks. In case of cyclic loading, under the initial loading cycles,
the rate of increase of displacement is slow corresponding to the rate of increase
of shear stress. In later load cycles, the rate of displacement is rapid with a corre-
sponding increase in shear stress until the peak shear stress value is reached. Under
cyclic loading condition, post peak behaviour sometimes exhibits a tendency to drop
suddenly and assumes a constant value called residual shear stress.
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1 Introduction

Designing a sound and flexible structure over a rock mass needs understanding the
failure mechanism and stress–strain behaviour of rocks along discontinuities with
their post failure domain. In last few decades, several researchers have evaluated the
stress deformational behaviour of rocks by carrying out in situ or laboratory tests. In
in situ test being costly, it is desirable that understanding of rock behaviour should
be developed to such an extent that the predictions can be based on few carefully
selected and less expensive tests in the laboratory.

1.1 Rock Material

For construction of slopes, foundations and shallow tunnels, it has been recog-
nized that discontinuities have a major influence on mechanical properties of a rock
mass. Calculations for engineering structures in or on a rock mass have to include
discontinuity properties, since each has its own variable properties.

For most of the rock engineering problems, engineering properties of a rock mass
depend far more on the system of geological separations within rock mass than on
the strength of the rock material itself. The strength of a rock mass is in fact its
residual strength which, together with its anisotropy, is governed by the interlocking
bonds of the unit ‘elements’ forming the rockmass. The deformability of a rockmass
and its anisotropy result predominantly from the displacements of the unit elements
composing the structure of the rock mass.

With reference to above summary, several theoretical andmodel studies have been
carried out by various researchers which have yielded interesting results. The results
of these studies permit one to conclude that the mechanical behaviour of the jointed
rock system is dependent on the factors like mechanical behaviour of the individual
elements constituting the system, sliding characteristics to joints, configuration of
the system and operating stress field.

2 Mechanical Behaviour

2.1 Mechanical Behaviour of Jointed Rock Under Different
Loading

For the field application of the results obtained in laboratory regarding mechanical
properties like ultimate strength, elastic limit, etc., of a rock material, it requires
an understanding of the effects of many different variables such as form, scale,
temperature, service conditions and method of loading. In most of the purposes, the
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method of loading is sufficient to distinguish the types of loading as static, cyclic
and dynamic.

2.2 Static or Monotonic Loading

Static or monotonic loading can be applied in two forms depending on the time
duration of loading.

2.2.1 Short-Term Monotonic Loading

The short-termmonotonic loading is similar to the quick test (referred to with respect
to triaxial test of soil). The application of load is very gradually increased either
in stress-controlled manner or strain-controlled manner until the structural failure
occurs or until the required amount of strain has been applied to the specimen. The
stress–strain curve obtained in then is used to determine elastic limit, yield point,
yield strength and ultimate strength. Direct or indirect methods can then be employed
to calculate the modulus of elasticity of the material from these parameters.

2.2.2 Long-Term Monotonic Loading

The long-termmonotonic loading is similar to the consolidated drainage test (referred
to in triaxial test) in terms of the rate of loading. The loading rate applied is at such
a slow rate that any strain generated, or stress generated due to the loading has time
enough to dissipate. This type of loading basically helps in the study of the creep
behaviour or flow characteristics of a material necessary for the determination of
permanent.

2.3 Cyclic Loading

Cyclic loading is necessarily the application of repeated positive and negative cycles
of load, i.e. compression and tension to cause fluctuating stresses, strains or stress
intensities to locations on structural components. The magnitude of these loads shall
be as small as 1% of predicted failure loads to as large as 20% of predicted failure
loads. The frequency of application of the load or the load cycle frequency is depen-
dent on the purpose of test, type of material and the magnitude of applied loads
which is of great considerations when studying fatigue behaviour of materials. Very
little attention has been paid to rock fatigue under cyclic or dynamic loads though
the phenomenon is of importance in bridge abutments, foundations, dam and road
pavements, open cut benches and rockdrilling the structures subjected to earthquakes.



1002 N. B. Hasilkar et al.

Fatigue characteristics are usually presented in the form of S. N. curves (stress
level versus the number of cycles required to bring about failure). In which, at
high maximum stresses, the number of cycles required to cause failure is small
and increases as the maximum stress is lowered. The maximum applied stress level,
at which the material can stand an infinite number of cycles, is called fatigue stress.

Tejas Belani (2006) has investigated on Shearing behaviour of jointed rocks using
direct shear box. The direct shear tests were conducted on three different types of
rocks i.e. limestone, sand stone and marble, having artificial joints prepared to fill the
cement- sand gouge within. These tests were conducted to study shearing behaviour
of jointed rocks under monotonic loading, effect of gouge to rock shear strength, and
influence of various roughness factors with varying asperity amplitudes in different
rock specimens.

2.4 Dynamic Loading

In the first case of loading, the stress effects concerned are virtually static; the inertia
forces are treated exactly as though they were ordinary static loads. In impact, the
stress conditions are complex and depend upon the properties of the material as well
as nature of blow.

It is important to distinguish between impact and very quick static loading. In
impact, the loaded member is usually required to absorb a definite amount of energy;
in static loading, the member is usually required to resist definite force. Impact
loading occurs when a rigid weight is dropped upon a beam during the period of
impact, and for some time afterwards, bothweight and beamare in a state of vibration,
and static equilibrium does not supervene until all the kinetic energy possessed by
the weight at the instant of impact has been absorbed by the beam and stored up as
strain energy or dissipated as heat.

3 Work Outline

The present study is envisaged to determine the shear strength of three types of rock
procured from Gujarat and Rajasthan, i.e. limestone (Rajula), sandstone (Bhuj) and
marble (Ambaji).

3.1 Scope of Work

• The study and investigation on shearing behaviour of cut rocks are filled with
gouge materials under monotonic and cyclic loading.

• Examination of shearing behaviour is under theoretical background.
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Table 1 Specific gravity Material Average value

Sand (300 µ passing) 2.56

Limestone 2.62

Sandstone 2.52

Marble 2.71

Table 2 Compressive
strength of rocks and gouge
material

Material Unconfined compressive strength (kg/cm2)

Limestone 21.90

Sandstone 41.80

Marble 744.86

Gouge material 264.82

• To compare the shear strength values for variety of jointed rocks.

3.2 Scheme of Investigation

Rocks: Three types of rocks are used: two belonging to the sedimentary rock group,
i.e. limestone and sandstone, and one belonging to the metamorphic rock group, i.e.,
marble.

Sand: Bahadarpur sand is used in preparing the gouge material for filling the rock
joints. The sand is sieved through 300 micron I.S. sieve before use.

Cement:AmbujaOrdinaryPortlandCement of 53Grade is used for preparingmortar.

Mortar (GougeMaterial): Mortar is prepared from cement–sand (1:2) havingwater
cement ratio 0.8. It is kept high because it is used as gouge material (grout) for filling
the rock joints.

Tables 1 and 2 present specific gravity and strength results, respectively.

4 Experimental Work

4.1 Sample Preparation

The three types of rocks, viz. limestone, sandstone and marble are procured from
different places. Limestone is brought from Rajula quarry, sandstone from Bhuj and
marble from Ambaji. The samples of 10.3 × 10.3 × 10.3 cm are prepared from
the chunks by cutting them with the help of large size cutting machine as shown in
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Fig. 1. The rock samples, thus, prepared are further sliced into two parts. The artificial
asperities with different amplitude of 5, 10 and 15mm are made in limestone, marble
and sandstone samples as shown in Figs. 2 and 3. These samples are then filled with
gouge material (cement–sand proportion 1:2) of 2 mm thickness. The samples, thus,
prepared are cured for not less than 28 days, and after curing the samples are kept in

Fig. 1 Intact marble specimen

Fig. 2 Cut marble specimen

Fig. 3 Wooden blocks for asperity in cut rock specimens
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Fig. 4 Photograph of direct
shear test machine

open air for one day. The samples were then loaded into the large box shear machine
as shown in Fig. 4, the gaps between the box and the sample being filled with plaster
of pairs.

Large direct shear apparatus was used in this study to determine shear strength of
rock samples. The apparatus is designed for a maximum normal load and shear load
of 150 kN for large shear box sizes of 15× 15× 15 cm and 10× 10 × 10 cm. This
instrument is having constant 72 different rates of strain.

4.2 Test Procedure

Sample is loaded in the test machine after it is cured for 28 days. It is carefully placed
in the shear box with centre of joint exactly aligned to the plane of shear coming
in centre of the two halves of the shear boxes. Normal load is applied by putting
required number of plates weighing 20 kg. Each test is carried out on three different
normal stresses, i.e., 4.5, 9.0 and 18.0 kg/cm2.

4.2.1 Monotonic Loading Tests

The test speed of 0.112 mm/min was chosen for this experimental study. The shear
load is gradually applied by switching on the forward key of the machine keeping
normal load constant. The shear load ismeasured through proving ring. Themeasure-
ments of shear displacements and normal displacements are taken with the help of
dial gauges having least count 0.001 mm. The shear load measurements are taken at
regular intervals. Readings are taken until the proving ring readings become nearly
constant. Generally, it is taken for almost 5 mm displacement.
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Table 3 Tests on intact rock specimens

Rock type Normal stress

4.5 kg/cm2 9.0 kg/cm2 18.0 kg/cm2

Sandstone 1 1 1

Marble 1 1 1

Limestone 1 1 1

Table 4 Distribution of testing samples of sandstone, marble and limestone for varying loading
and test conditions

Rock asperity
30 × h (mm)

Monotonic loading at normal stress
values (kg/cm2)

Cyclic loading at normal stress values
(kg/cm2)

4.5 9 18 4.5 9 18

5 3 3 3 3 3 3

10 3 3 3 3 3 3

4.2.2 Cyclic Loading Tests

Strain rate of 0.112 mm/min is being applied during cyclic loading tests. Keeping
normal load constant, the shear load is gradually applied by switching on the forward
key of the machine and measured as same in monotonic loading tests. The shear load
cycle is partitioned as 1/5 value of peak load obtained in monotonic loading tests, so
as to create five cycles of loading to reach the peak load. The test is being continued
until the proving ring readings become nearly constant.

4.3 Experimental Work

See Tables 3 and 4.

4.4 Analysis and Discussion

A comparative plot of shear stress versus normal stress for intact sandstone and
limestone is shown in Fig. 5, undermonotonic loading at shear rate= 0.112mm/Min.
Figure 6 shows a comparative graph of shear stress versus normal stress for jointed
sandstone, marble and limestone with rock asperity as 30× 5 mm. Figure 7 shows a
comparative graph of shear stress versus normal stress for jointed sandstone, marble
and limestone with rock asperity as 30 × 10 mm under monotonic loading.

The peak shear stress increaseswith an increase in normal stress.More plastic flow
occurs at lower shear rate than higher shear rate as horizontal shear displacement
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is more at peak shear stress in lower shear rate than higher shear rate. Figures 8,
9, 10, 11, 12 and 13 show comparative graphs of peak shear stress versus normal
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Fig. 8 Peak shear stress versus normal stress of jointed sandstone (30 × 5 mm) under monotonic
and cyclic loading
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Fig. 9 Peak shear stress versus normal stress of jointed sandstone (30× 10 mm) under monotonic
and cyclic loading
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and cyclic loading
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Fig. 11 Peak shear stress versus normal stress of jointed limestone (30× 10 mm) under monotonic
and cyclic loading

14.03

21.65
25.16

19.00
20.55

23.52

0

4

8

12

16

20

24

28

4.5 9 18

Pe
ak

 S
he

ar
 S

tr
es

s 
in

 
kg

/c
m

2

Monotonic
cyclic

Normal  Stress in kg/cm2

Fig. 12 Peak shear stress versus normal stress of jointed limestone (30× 5 mm) under monotonic
and cyclic loading

stress of jointed sandstone, marble and sandstone with different asperity ratio under
monotonic as well as cyclic loading.

It is observed that under the initial cycles of loading the rate of increase of displace-
ment is slow corresponding to the rate of increase of shear stress.While in subsequent
load cycles, the rate of displacement is rapid with a corresponding increase in shear
stress until the peak shear stress value is reached. Post peak behaviour sometimes
exhibits a tendency drop suddenly and assumes a constant value while it becomes
decreasing in some few cases. The phenomenon is due to stick and slip process
because of slip a drop is observed while graphs show a constant value because of
stick phenomenon.

Figures 14, 15, 16 and 17 show the comparisons of experimental and theoretical
shear stress of all three types of rocks tested under varying asperity amplitudes,
different shear rates and different type of loading. Theoretical shear stress for rock
specimens is calculated from Barton’s equation—5. The variation seems within the
range of 30–40%with a linear behaviour and is due to the cause that specimens tested
we encased in plaster of Paris medium which being soft at the time of testing reduce
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Fig. 13 Peak shear stress versus normal stress of jointed limestone (30× 10 mm) under monotonic
and cyclic loading
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Fig. 17 Experimental and theoretical shear stress of jointed limestone under cyclic loading

the residual strength and also taking a part of the normal stress. The variation may be
due to defect in joint thickness, accuracy of cutting the asperities and/or some other
manual or mechanical error during experimentation.

5 Conclusions

• The shear displacement increases gradually at initial but after the peak shear stress,
and the shear displacement increases at faster rate under monotonic loading.

• In case of cyclic loading, under the younger cycles of loading, the rate of increase
of displacement is slow corresponding to the rate of increase of shear stress. In
older cycles, the rate of displacement is rapid with a corresponding increase in
shear stress until the peak shear stress value is reached.

• Under cyclic loading condition, post peak behaviour sometimes exhibits a
tendency to drop suddenly and assumes a constant value called residual shear
stress.
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• Jointed marble specimens show the highest peak shear stress values among all
three types of rock for all types of asperities under monotonic loading. While
jointed sandstone shows higher peak shear stress value than jointed limestone for
30 × 5 mm asperity and for 30 × 10 mm, limestone and sandstone show nearly
same peak shear stress values.

• The jointed rock specimens of all asperities fail at lower shear stress under cyclic
loading than monotonic loading. It shows that under cyclic loading.
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Model Research on the Deformation
Behavior of Geogrid Supported
by Rigid-Flexible Piles Under Cyclic
Loading

Kaifu Liu, Yonghao Cai, Yi Hu, Dazhi Wu, and Zhenying Zhang

Abstract Geogrid has been widely used in composite foundations or embank-
ments supported by rigid or rigid-flexible piles in the past two decades. However,
the research on the deformation behavior of geogrid supported by rigid or rigid-
flexible piles under cyclic loading are very limited. Some model tests on the defor-
mation behavior of geogrid supported by rigid-flexible piles were designed and
completed under cyclic loading with changing the load amplitude, waveform, and
cyclic frequency. The geogrid strain at different locations in the different cyclic
process was analyzed based on the model test results. The test results showed that
the deformation behavior of geogrid varies with the location. The strain variation
trends of geogrid under cyclic loading are consistent with that of applied cyclic load
shapes/amplitude. When the waveform of cyclic load is changed singly, the strain
of the geogrid will change accordingly. The geogrid strain amplitude at the edge of
flexible pile under cyclic load frequency is the largest, and it is also most affected by
the cyclic load amplitude.

Keywords Model test · Geogrid · Strain · Rigid-flexible pile · Cyclic loading

1 Introduction

Soft soil is not suitable for the foundation of large-scale civil engineering structures
[1, 2] because of poor shear strength and high compressibility. The geogrid has the
characteristics of high strength, small deformation, and good durability. It has been
often used in the past two decades in a soft soil embankment with piles to form
a reinforced embankment supported by piles to solve the problem of low bearing
capacity, overall deformation, and uneven settlement of soft soil embankments [3].
In this composite foundation, piles are used as vertical reinforced material to reduce
settlement and improve bearing capacity of soft soil foundation, and geogrids are
used as horizontal reinforcement material to reduce differential settlement and lateral
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displacement of the soils [4].Many researchers analyzed themechanism and applica-
tion of geogrid in the pile-supported composite foundation with geogrid-reinforced
cushion. The finite element method was used to analyze the number of layers of
geogrids and the influence of the tensile strength of geogrids on settlement [5]. The
behavior of geotextile or geogrid in the pile-supported composite foundation with
geogrid-reinforced cushion was analyzed by using different numerical methods and
software, such as FLAC used by Han et al. [6], Plaxis used by Suleiman et al. [7], and
two-dimensional (2D) coupled mechanical and hydraulic numerical implementation
method used by Yapage et al. [8]. The effect of geogrid is also studied in the field
test by Zheng et al. [9]. Liu et al. [10] explored the deformation behavior of geogrid
supported by rigid-flexible piles under static load by the model test. These results
are useful for engineering projects.

Geocell could effectively decrease the lateral and axial deformations of the rein-
forced subballast under cyclic loading [11], and the effect of geogrid stiffness on the
reinforced railway under cyclic loading was discussed by using the software Plaxis
[12]. The cyclic loading responses of a strip footing supported by a geosynthetic
reinforced fill embankment was investigated by several model tests and simulated by
the software FLAC [13]. The deformation behavior of geogrid supported by different
piles under cyclic loading was studied by Hu [14]. However, the deformation of the
geogrid supported by rigid or flexible piles under cyclic loading was rarely studied
in the past.

The reinforced concrete piles, steel piles, and deep mixing piles had different
rigidity in the composite foundation, so the deformation behavior of the geogrid
supported by rigid-flexible piles was different from that supported only by single
piles. Considering the effect of pile rigidity and applied load type, some model
tests are designed to analyze the deformation behavior of the geogrid supported by
rigid-flexible piles under cyclic loading in the present study.

2 Materials and Model Tests

2.1 Materials

Soils. Soils used in the model tests are as follows: (1) Fine sand, which was used
to fill the cushion of composite foundation. (2) Silty clay, which was drying out to
facilitate preservations and formulated to the required soil moisture content used in
the model test. (3) Mucky clay (saturated), which was formulated to the required soil
moisture content of 38.52% (the moisture content of undisturbed soil) when used in
the model test (Table 1).

Model piles. Four PVC pipes with the length of 600 mm were used to simulate a
flexible pile, and a steel pipe with a length of 1000 mm was used to simulate a rigid
pile (prestressed concrete pipe pile in the engineering application), both of which
were 50 mm in diameter and 2 mm in wall thickness, and shown in Figs. 1 and 2.
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Table 1 Basic physical and mechanical property index of the soils

Soil Moisture content % Natural density
(g/cm3)

Friction angle (°) Cohesive strength
(kPa)

Fine sand 15.35 – 35.00 1.00

Silty clay 27.80 1.783 20.53 10.20

Mucky clay 38.52 1.573 15.00 10.00

50

25
0

Rigid plie with plie cap

250

Flexible plie

1

50

3

Straingages measuring point2

Fig. 1 Layout of strain gauges on the geogrid (Unit: mm)

(a) Vertical section view (b) Plan view

Fig. 2 Plan and section vertical view of the test apparatus (Unit: mm)
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One steel plate with the square side length of 100 mm and the thickness of 15 mm
was put on the steel pipe to simulate the pile cap in the engineering project.

Geogrid. The geogrid used in the model tests was produced by Tai’an Luther Engi-
neering Materials Co., Ltd. The type of this biaxial plastic grid was TGSG30-30.
The mesh size of the geogrid was 30 × 30 mm, the breaking tensile strength of the
geogrid was 30 kN/m, and the elongation at break of the geogrid was 3%.

Some strain gauges were glued on the geogrid to investigate the strain of the
geogrid, the location of strain gauges was shown in Fig. 1 (Only one half of the
flexible piles and geogrid was shown in Fig. 1).

2.2 Model Tests

Test apparatus. The model test was conducted in a test apparatus which was assem-
bled by steel plates with a thickness of 12 mm in three sides and glass plates with
a thickness of 15 mm in another side with dimensions of 1.5 m (length) × 0.91 m
(width) × 1.7 m (depth). A schematic diagram is shown in Fig. 2. Two rings of
channel steel were welded in the height of 0.6 m and 1.2 m to improve the stiffness
of steel plate. Place a loading plate at the center of the top surface of the experimental
subgrade. The loading actuator directly contacts the loading plate and applies a load.
The loading plate size is 800 mm (length) × 800 mm (width) × 10 mm (thickness).

Foundation of the model test. The soil layers are from the bottom to the top as
the following: (1) Fine sand with a thickness of 400 mm; (2) Silty clay with a
thickness of 200 mm (pile cap was in this layer and below the geogrid); (3) Geogrid
(the thickness of one geogrid layer cushion was 50 mm) and a mucky clay with a
thickness of 750mm; (4) Silty clay with a thickness of 250mm. The rigid pile was on
the intersection of diagonal lines of the square consisted of the line from the center
of four flexible piles.

Loading equipment and loading process. Themaximum load applied by the equip-
ment was 5 kN. A 20 mm thick square steel plate was used as the loading plate with
the side length of 800mmas shown in Fig. 2b. Cyclic loadwaveforms of sinusoid and
triangular cyclic load (As shown in Fig. 3) were applied in the loading process. Some
model tests on the deformation behavior of geogrid supported by rigid-flexible piles
were designed under cyclic loading with changing the load amplitude, load wave-
form, and cyclic load frequency. The loading scheme was given in Table 2. The
number of cyclic loading cycles was 100.
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Fig. 3 Cyclic load curves
with different waveform

(a) The sinusoid cyclic loading curve

(b) The triangle cyclic loading curve 
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Table 2 Loading equipment and loading process

Test number 1 2 3 4 5 6

Load Pmax/kN 4 4 4 3.5 5 4

P/kN 3 3 3 3 3 3

Pmin/kN 2 2 2 2.5 1 2

Load frequency/Hz 0.5 1 2 1 1 1

Number of load cycles 100 100 100 100 100 100

Load waveform sinusoid sinusoid sinusoid sinusoid sinusoid triangle

3 Results and Discussion

The geogrid strain changes continuously with the applied load under cyclic loading.
Considering that the curve is crowded if strain curves of all load cycles are in the
figures, it is impossible to see the strain change of the geogrid. Therefore, only the
geogrid strain curves with the number of load cycles from 55 to 65 are selected in
this paper.

3.1 Influence of Cyclic Load Amplitude on the Geogrid Strain

Figure 4 shows the geogrid strain-number of load cycles curves at different location
under different load amplitude with the cyclic load frequency of 1 Hz. It can be
seen from Fig. 4 that the strain value of the geogrid changes with the fluctuation of
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Fig. 4 Geogrid strain-number of load cycles curves at different location under different load
amplitude

applied load of cyclic loading. In other words, the strain variation law of geogrid
under cyclic load is consistent with that of applied cyclic load. The geogrid strain at
different locations was different under different load amplitude. The value of geogrid
strain increased with the increasing of cyclic load amplitude. As shown in Fig. 4c,
when the load amplitude was 2 kN, the geogrid strain at the location of point 2 which
was near the edge of flexible pile is much larger than those at the location of point 1
and point 3. The geogrid strain was affected by the cyclic load amplitude.

3.2 Influence of Cyclic Load Waveform on the Geogrid Strain

Figure 5 shows the geogrid strain-load cycle number curves of point 1 under different
load waveform with load frequency of 1 Hz and load amplitude of 1 kN. As shown
in Fig. 5, the geogrid strain varied with load waveform. The geogrid strain was
similar at different load waveform because there were only ten data points in each
load cycle. The geogrid strain changing law was similar to that of load waveform.
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Fig. 5 Geogrid
strain-number of load cycles
with different load waveform

 Sinusoidal load waveform
 Triangular load waveform

G
eo

gr
id

 st
ra

in
/μ
ε

Number of load cycles

In other words, the geogrid strain would change accordingly when the cyclic load
waveform was changed singly.

3.3 Influence of Cyclic Load Frequency on the Geogrid
Strain

Figure 6 shows geogrid strain-number of load cycles at different locations under
different load frequency with the loading amplitude of 1 kN. As shown in Fig. 6,
the geogrid strain varied with the geogrid location and cyclic load frequency. The
amplitude of geogrid strain variation at the location of point 1 was much smaller
than that at the location of point 3 under different load frequency. And the amplitude
of geogrid strain variation at the location of point 2 was much larger than that at the
location of point 3 under different load frequency. In other words, the geogrid strain
amplitude at the location near the edge of flexible pile under cyclic load frequency
was the largest and that at the location on the soil was the smallest. Those shows
the geogrid near the flexible plies should be carefully considered in the engineering
design.

4 Conclusions

In this research, we analyzed the deformation behavior of geogrid supported by
rigid-flexible piles in composite foundations under cyclic loading by model tests.
The deformation behavior of geogrid varied with the position of the geogrid. The
strain variation in the geogrid under cyclic load was consistent with that of applied
cyclic load characteristics. The geogrid strain would change accordingly when the
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Fig.6 Geogrid strain-number of load cycles at different locations under different load frequency

waveform of cyclic load was changed singly. The geogrid strain amplitude at the
edge of flexible pile under different cyclic load frequencies and load amplitudes was
the largest, and that on the soil was much smaller. In other words, a geogrid near the
flexible plies should be carefully considered in the engineering design.
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Resistance Characteristics of Piles Under
Distributed Lateral Loading
in the Perpendicular Pile Axis Direction

Atsushi Mohri, Kazuki Sakimoto, Takamune Yamaguchi, Yoshiaki Kikuchi,
Shohei Noda, Shinji Taenaka, Shunsuke Moriyasu, and Shin Oikawa

Abstract Coastal areas along the Pacific Ocean suffered extensive damage owing
to the 2011 tsunami due to the Tohoku earthquake. Hence, reinforcement methods
against tsunamis need to be developed for existing caisson type breakwaters. This
study proposes installing a row of piles behind the caisson using backfilling, with
rubble in the space between, as reinforcement against tsunamis. To determine the
cross-section and embedment length of the pile used in this structure, understanding
the load condition acting on the pile is necessary.Model experiments were conducted
based on bending moment distribution to estimate the external force acting as
distributed load on the pile’s offshore side. The subgrade reaction acting on the
pile from the onshore side was assumed by correcting the coefficient of the subgrade
reaction and its depth direction in theWinkler–Spring type subgrade reaction model.
There are insufficient points in the external force distribution estimated in thismethod
owing to insufficient evaluation of the subgrade reaction. The impact of the subgrade
reaction on a pile’s horizontal resistance characteristics depends on its deformation
mode. Hence, it is necessary to evaluate the subgrade reaction in the pile deformation
mode under distributed load along the perpendicular pile axis direction. This study
conducted loading experiments on the piles using different ground conditions and
loading methods to examine the difference in horizontal resistance of the piles. The
deformation mode of the piles was found to cause changes in the coefficient value
of the subgrade reaction and its changing behavior along the depth direction.

Keywords Breakwater · Reinforcement · Subgrade reaction
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1 Introduction

The2011 tsunami off the PacificCoast due to theTohoku earthquake caused extensive
damage to the coastal areas of the Pacific Ocean. Several breakwaters that were
structurally classified as gravity-type composite breakwaters were destroyed. The
main reasons for the gravity-type composite breakwaters to be damaged were the
presence of extensive horizontal forces caused by water-level differences between
the two sides of the caisson and erosion of the foundation at the rear side of the
caisson caused by an overflow of water transported by the tsunami [1]. Therefore,
tsunami resistant breakwaters are necessary to reduce the damage caused by large
tsunamis.

Moriyasu et al. [2, 3] proposed a method of reinforcing breakwaters by installing
steel pipe piles behind a breakwater and filling the space in between with aggregates,
as shown in Fig. 1. Passive resistance exerted by the ground can be used to support
the steel piles because the horizontal forces acting on the caisson can be effectively
transferred to the steel piles through the rubble that fills the space between the piles
and the caisson. The fundamental effectiveness of this method of reinforcement
was examined by performing static loading experiments [4, 5] and hydraulic flume
experiments [3].

For designing the piles used in this structure, it is important to set the cross-
section and embedment length of the steel pipe pile so that the generated stress level
of the piles generated by the tsunami force acting on the caisson does not exceed the
yield stress level. To determine the cross-section and embedment length of piles, it
is necessary to properly grasp the load conditions acting on the piles.

Here, the loads acting on the piles used in this structure are classified into three
types as shown in Fig. 2; (i) Earth pressure acting on the protruding part of the piles
from the filling with the displacement of the caisson, (ii) Earth pressure acting on
rooted part of the piles from the foundation ground due to the slope of the caisson,
(iii) Subgrade reaction acting on the piles from the onshore side.

Fig. 1 Schematic diagram
of a reinforced gravity type
breakwater [2]
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Fig. 2 Classification of
loads acting on piles

Loads (i) and (ii) are external forces acting on the piles as distributed loads. It is
important to understand the subgrade reaction that the piles receive from the onshore
side against these external forces to predict the maximum bending moment of the
pile and the depth of its occurrence.

This study conducted static model experiments to generalize the external force
distribution acting on the piles from the offshore side of this structure [6]. In the
experiment, the bending strain and bending moment distribution of the pile were
calculated. The deflection distribution was obtained by second-order integration of
bendingmoment distribution, and the load distribution acting on the pilewas obtained
by second-order difference of bending moment distribution. Here, the estimation of
the external force distribution was studied by subtracting the assumed subgrade reac-
tion distribution based on the deflection distribution from the load distribution. There
were some insufficient points regarding the external force distribution estimated in
this method. This is due to a problem in the assumption of subgrade reaction coef-
ficient along the depth direction, which was used to calculate the subgrade reaction
distribution.

The impact of the subgrade reaction on the horizontal resistance characteristics
of a pile depends on the deformation mode of the pile [7, 8]. In this study, horizontal
loading experiments were conducted using different ground conditions and loading
methods to examine the difference in the value of subgrade reaction coefficient and
its changing behavior along the depth direction.
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2 Model Loading Test of Reinforced Gravity Type
Breakwater

2.1 Experimental Outline

The experiment model was designed at a 1/60 scale. The schematic diagram of the
model setup is shown in Fig. 3. A steel sand box that was 1580 mm long, 800 mm
high, and 400 mm wide was used to prepare the model ground, as shown in Fig. 3.
Dry silica sand #5 (ρs = 2.647 g/cm3, D50 = 0.591 mm, emax = 1.072, and emin
= 0.689) was used to prepare the model ground. The model ground was prepared
using a relative density of 80% by the air pluviation method.

The 12 steel piles (800 mm long, 30 mmwide, 2.3 mm thick, and flexural rigidity,
EI= 6.24× 103 kNmm2) were set 50mm behind the caisson (380mm long, 300mm
high, 300 mm wide, γt = 22 kN/m3). The center to center distance of the piles was
33 mm, and embedment length was 463 mm. A backfill was maintained at a height
of 50 mm between the caisson and the steel piles (D50 ≈ 10 mm, Gs = 2.65, γd =
12.1 kN/m3).

A Teflon sheet was affixed to the loading surface of the caisson model to reduce
friction. At the bottom of the caisson, sandpaper #150 was attached. Friction was
reduced using a Teflon sheet and a membrane at the contact surface between the
ground and the sand box. In the loading experiment, a horizontal load assuming
a tsunami force was applied. The horizontal load was applied under displacement
control at a height of 150 mm, and the monotonous loading speed was 1 mm/min.

Horizontal displacement of the caisson was measured using LVDTs fixed at 4
points on the load surface and 3 points on the upper surface. 20 strain gauges were
attached on both sides along the depth direction of the central pile and a random pile
to measure the bending strains, as shown in Fig. 4.

Fig. 3 Schematic diagram
of the experimental model
set up
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Fig. 4 Schematic diagram
of the experimental model
set up (view from the rear
side of the caisson)

2.2 Experimental Results

Figure 5 shows the bending moment distribution and deflection distribution in the
central pile. The figure shows the results when the applied load on the caisson is 700
and 1000 N. In bending moment distribution, the maximum bending moment tends
to increase as the applied load on the caisson increases. However, the generation
depth lm, max does not change significantly. There is no significant change in the
first zero-point depth of the bending moment lm1, which is an important index for
determining the embedment length of the pile. Generally, piles receiving horizontal
force at the pile head experience an increase in the characteristics of lm, max and lm1

with increase in load level. In this experiment, the horizontal force acting on the piles
from the offshore side is considered a distributed load, which is different from the
general tendency.

Figure 6 shows the load distribution obtained by second-order differentiation of
bending moment distribution of the central pile. This load distribution is considered
to be the resultant force, which is classified into three categories, as shown in Fig. 2.
Therefore, the subgrade reaction model [9] of the PHRI method of type S model,
shown in Eq. (1), was applied to the subgrade reaction that was received from onshore
side owing to the displacement of the pile.

p = ksxy
0.5 (1)

In the PHRI method of type S model, the subgrade reaction coefficient is consid-
ered to be unique to the ground when a horizontal load acts on the pile head. There-
fore, a constant coefficient of subgrade reaction can be used without depending on
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(a) Bending moment distribution                  (b) Deflection distribution      

Fig. 5 Bending moment distribution and deflection distribution of the central pile

Fig. 6 Load distribution
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the flexural rigidity, EI, or displacement of the pile. This model is derived based on
the results of horizontal loading tests of piles under various conditions and represents
the behavior of the pile by assuming nonlinearity in the p–y relationship [10].

Generally, the behavior of the subgrade reaction of a pile under a horizontal load
depends on the deformation mode of the pile. To consider this phenomenon using
the Winkler–Spring type model, it is necessary to change the subgrade reaction
coefficient depending on the deformation mode of the pile. The depth distribution
of the subgrade reaction coefficient used in the PHRI method of type S model was
modified based on the results obtained from the horizontal loading test of the pile.
The subgrade reaction distribution was calculated using the deflection distribution
shown in Fig. 5b and the corrected coefficient of subgrade reaction.

By subtracting the obtained subgrade reaction distribution based on the assump-
tion from the load distribution, as shown in Fig. 6, the external force distribution
acting on the pile from the offshore side was estimated. Figure 7 shows the external
force distribution estimated in this experiment. This result shows that the estimated
external force acting on the backfill and the shallow section near the ground surface
increases as the applied load on the caisson increases. At a depth of approximately−
100 mm, the estimated external force tends to decrease as the applied load increases.
This can be attributed to the fact that the vertical stress acting on the ground surface
directly below the caisson decreased because of the increased frictional force acting
upward on the contact surface between the caisson and the backfill, which was owing

Fig. 7 Estimated external
force distribution
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to the increase in the applied load. However, there are some problems in the accuracy
of the estimated external force distribution because of discontinuous behavior in the
estimated external force distribution and the interval of negative values.

The fact that there are insufficient points in the estimated external force distri-
bution is assumed to be caused by a problem with the accuracy of the coefficient
distribution of the subgrade reaction that is used in the assumption of the subgrade
reaction distribution. As the behavior of the subgrade reaction varies depending on
the deformation mode of the pile, it is necessary to assume the coefficient distri-
bution of subgrade reaction corresponding to the deformation mode of the pile.
Therefore, loading experiments were conducted using different ground conditions
and pile loading conditions to examine the differences in coefficient distribution of
the subgrade reaction.

3 Horizontal Loading Test on Piles

3.1 Experimental Outline

In the horizontal loading test of piles, the steel sand box shown in Fig. 3 was used.
Figure 8 shows the experimental conditions. In Case 4, horizontal load is applied

at two depths (hereinafter referred to as the two-stage loading experiment). The two-
stage loading positionwas depth x= 0 and x=−100mmwith reference to the ground
surface on the rear side of the piles. Each horizontal load was applied simultaneously
to control the load. Except Case 1, the ground height difference between the front
and rear side was 200 or 225 mm. In this loading test, as the pile’s penetration length
with respect to the horizontal force is sufficient, the difference in the ground height
for each test case is considered to have no effect on the behavior of the pile.

The pile behavior was analyzed based on the bending strain obtained by the strain
gauges attached to both sides along the depth direction. As shown in Fig. 9, themodel

Fig. 8 Details of the experimental cases
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Fig. 9 Schematic diagram
of the pile condition

consisted of 50 and 30 mm wide steel plate piles (2.3 mm thick, E = 2.05 × 105

N/mm2). For Case 1 to Case 3, strain gauges were attached only to the central pile
(pile 5), as shown in Fig. 9. In Case 4, strain gauges were attached to pile 4 and pile
7 in addition to pile 5 to investigate the difference in behavior of each pile.

A horizontal load was applied under the load control. The blade shown in Fig. 10
is attached to the shaft of the Bero-fram cylinder. The blade is divided into three
parts at the contact point with the pile. LC1 and LC2 in the figure are load cells. LC1
measures the total load on the piles arranged in a row, and LC2 measures the load
acting on one central pile. Additionally, the horizontal displacement of the loading
point was measured by a displacement meter fixed to the steel sand box frame.

In this study, two types of sand were used. In Case 1 to Case 3, silica sand #5
(Gs = 2.647 g /cm3, emax = 1.072, emin = 0.689) was used at a relative density of
80%, and for Case 4, Tohoku silica sand #5 (Gs = 2.651, emax = 0.813, and emin

= 0.526) was used at a relative density of 90%. Silica sand #5 is the same material
used in the model loading experiment in Fig. 3. In Case 4, the weight equivalent to
the difference in ground height was applied to the ground surface on the front side
of the pile as lead pressure using lead shots.
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Fig. 10 Structure of loading
blade

3.2 Experimental Results of Horizontal Loading Test

Figure 11 shows the relationship between the horizontal load on the central pile and
displacement of the ground surface in Case 1 to Case 3. The horizontal load on the
central pile is directly measured by LC2, as shown in Fig. 10. From this result, it
can be observed that for different loading positions, the displacement of the ground
surface of the pile with the same horizontal load differs greatly. In this case, the
horizontal loading test was carried out in a single stage. The displacement of the pile

Fig. 11 Relationship
between horizontal loads on
central pile and displacement
of ground surface
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Fig. 12 Comparison of
bending moment distribution
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is considered to decrease with the same load as the position of the external force is
deeper in the ground.

Figure 12 shows the bending moment distribution of the central pile when the
horizontal load on the central pile measured by the load cell LC2 in Case 1 to Case
3 is 60 N.

From this result, it can be observed that the bending moment distribution varies
greatly and the deformation mode of the pile changes even if the loading position is
different under the same horizontal load.

The behavior of the pile was compared with the calculated results based on the
beam theory in elastic media, as shown in Eq. (2).

E I

B

d4y

dx4
+ p = 0 (2)

Here, the PHRI method of the type S model was used for modeling the subgrade
reaction.

Figure 13 shows the relationship between the displacement of the ground surface
and the pile head load of the central pile in Case 1. The figure also shows the relation-
ship obtained by assuming the subgrade reaction coefficient as a constant, regardless
of the displacement level, using a model of the PHRI method of the type S model.
From this result, it can be seen that the ks obtained from the relationship between
the pile head load and ground surface displacement is approximately 4200 kN/m3.5.
Figure 14 shows a comparison of the subgrade reaction distribution obtained by
second-order differentiation of bending moment distribution when the pile head load
is 32 N in Case 1 and the subgrade reaction distribution based on the PHRI method
of the type S model. In the ground reaction force distribution of the PHRI method of
type S model, ks = 4200 kN/m3.5 is applied along the depth direction. In the experi-
mental results, the maximum bending moment depth (lm, max) with 32 N action was
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Fig. 13 Relationship
between horizontal load on
central pile and displacement
of ground surface
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Fig. 14 Subgrade reaction
distribution in Case 1
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approximately −80 mm. From this result, it can be observed that in the section from
the ground surface to about lm, max, the subgrade reaction model of the PHRI method
can estimate the experimental result accurately, but there is a large divergence that is
deeper than lm, max. Additionally, based on the subgrade reaction distribution of the
experimental results, it can be seen that ks has a behavior that decreases when the
divergence is deeper than lm, max.
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The tendency of ks to change along the depth direction is considered to indicate
the behavior of the subgrade reaction affected by the deformation mode of the pile.
Therefore, the depth distribution of ks based on the experimental results of Case 1
to Case 3 was calculated and compared.

Figure 15 shows the depth distribution of ks based on the bending moment distri-
bution of the central pile in the experimental results for Case 1 to Case 3. Here, the
ks calculation accuracy is insufficient in the section deeper than the depth of the first
zero-point depth of the bending moment (lm1), and this section is shown as a dotted
line. From this result, it is clear that ks does not show a constant value along the
depth direction as assumed in the PHRI model. As seen in Fig. 14, for deformation
modes like Case 1, ks shows a constant value in the section from the ground surface
to lm, max, but changes in the section deeper than lm, max. In Case 1 and Case 2, the
change behavior of ks along the depth direction tends to be relatively similar. In Case
2, ks fluctuates in the interval shallower than lm, max, and the value is smaller than ks
in Case 1. This difference is due to the difference in ground height between the front
side and rear side of the piles in Case 2.

Case 2 andCase 3, which differ only in the loading position under the same ground
conditions, have different ks values in the shallow section, and Case 2 shows a value
about twice as large. The difference is much larger than the difference between Case
1 and Case 2. Additionally, the change behavior of ks along the depth direction is
more gradual than other cases.

Fig. 15 ks distribution in
Case 1–Case 3
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Thus, when the deformation mode of the piles is different, not only the ks value
in the shallow section of the ground is different, but also the ks value for depth
distribution is different.

Figures 5, 6, and 7 shows the estimation results of the pile behavior and external
force distribution acting from the offshore side in themodel experiment. As described
above, it is necessary to assume the subgrade reaction distribution while estimating
the external force distribution. At this time, horizontal loading tests of the piles were
conducted to obtain the coefficient distribution of subgrade reaction.

Figure 16 shows the depth distribution of y/y0 obtained by normalizing the deflec-
tion distribution of the central pile in each case with the ground surface displacement
y0. Here, as the load level and displacement level of the pile differ depending on
the experiment case, y/y0 divided by the ground surface displacement y0 is shown.
The horizontal load T on the central pile in each case is shown with a legend in
the figure. The figure also shows the result of normalizing the deflection distribution
(Fig. 5) with y0 when the applied load on the caisson is 1000 N. The pile deformation
mode and ks values obtained in the horizontal loading test of the piles under the pile
conditions shown in Fig. 4 were almost consistent with those of Case 1. It can be
seen that the deformation mode of the pile when the applied load on the caisson is
1000 N is close to Case 2 and is significantly different from Case 1 and Case 3.

From the above examination, it was found that when the loading position on the
pile is different, the deformation mode of the pile is also different, which affects
the coefficient value and its distribution. Hence, a two-stage loading experiment was
conducted as Case 4.

Fig. 16 Normalized
deflection distribution
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Fig. 17 Relationship
between the ground surface
displacement and horizontal
load of the central pile
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Figure 17 shows the relationship between the ground surface displacement of the
central pile and the horizontal load T of the upper and lower stages measured by LC2
in Case 4.

Figure 18 shows the relationship between the depth distribution of y/y0 shown in
Fig. 16 and the result obtained from the deflection distribution of the central pile in
Case 4. The upper and lower horizontal force T in Case 4 are shown together with the
legend in the figure. This result shows that the pile deformation mode in Case 4 is a

Fig. 18 Normalized
deflection distribution
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behavior between Case 2 and Case 1. Case 4 also differs from the deformation mode
when the applied load on the caisson is 1000 N. To match the pile deformation mode
in the model experiment, it is necessary to devise the upper and lower horizontal
load levels and loading positions. It is believed that more accurate external force
distribution can be estimated by obtaining ks and its depth distribution from the
result of the loading experiment conducted with such consideration. However, if the
ground and pile bending stiffness are different, the deformation mode of the pile
may be different. Hence, it is necessary to organize and generalize the coefficient
distribution of subgrade reaction in various deformation modes of piles for practical
application.

Figure 19 shows the depth distribution of ks obtained from the bending moment
distribution of the central pile in all cases. The horizontal axis in the figure uses
ks/ks0 normalized with ks0 as the average ks at the shallow depth in each case, and the
change in behavior along the depth direction is compared. In Case 4, the average ks
in the shallow section was ks = 3000 kN/m3.5. Therefore, the ks0 of Case 4 was set to
ks0 = 3000 kN/m3.5). The lm, max in Case 4 was approximately −200 mm. From the
results in Fig. 19, it can be observed that ks/ks0 shows a constant value in the section
from the ground surface to about lm, max. And the change in behavior in the section
deeper than lm, max is similar to the tendency of Case 1 and Case 2.

Fig. 19 Normalized depth
distribution of ks
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4 Conclusions

In the structure of a breakwater reinforced with steel pipe piles, it is important
to design the cross-section and embedment length of the pile. It is important to
understand the subgrade reaction that the piles receive from the onshore side against
these external forces to predict the maximum bending moment of the pile and the
depth of its occurrence. The piles used in this structure received distributed load along
the perpendicular pile axis direction from the offshore side. However, insufficient
knowledge has been obtained about pile resistance when it receives such a distributed
load. The change in reaction force behavior cannot be considered. Therefore, the
change in subgrade reaction due to the difference in deformation mode of the pile
cannot be considered. In this study, loading experiments were conducted on the piles
using different ground conditions and loading methods to examine the difference in
the horizontal resistance of the piles.

The displacement of the pile is considered to decrease with the same load as the
position of the external force moves deeper in the ground. The bending moment
distribution varies greatly and the deformation mode of the pile changes even when
the loading position is different under the same horizontal load.

The behavior of the pile from the experimental results was compared with the
calculated results based on the PHRI method of a type S model. In the PHRI method
of type S model, the subgrade reaction coefficient (ks) is considered to be unique to
the ground when the horizontal load acts on the pile head. However, it has been found
that owing to the influence of the pile deformation mode, it does not take a certain
value in the depth direction. Therefore, the depth distribution of ks was calculated
based on the bending moment distribution of the pile in the experimental results, and
the difference was observed when the loading method was different. As a result, it
was found that there was a difference in the value of ks when the loading position on
the pile was changed. There was a difference in the change behavior of ks along the
depth direction. These results were believed to be caused by different deformation
modes of the pile depending on the loading position on the pile.

When the subgrade reaction is expressed by the Winkler-Spring type PHRI
method, it is necessary to assume the value of the coefficient of subgrade reaction
and its depth distribution according to the deformation mode of the pile. In future, it
will be necessary to study for generalization.
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Dynamic Behaviors of Piled
Embankment Under High-Speed Train
Loads

Xiang Duan, Ying Wu, Xuecheng Bian, and Jianqun Jiang

Abstract Piled embankments over the soft soil can effectively reduce the post-
construction settlement by soil arch effects. To investigate the soil arch effect under
train moving loads, the authors established a full three-dimensional finite element
model including train set, track structure and piled embankment. Based on themodel,
dynamic stress under moving train loads is calculated and the influence of soil arch
effect is discussed. The numerical analysis reveals that: (1) soil arch effect leads to
the redistribution of dynamic stress in piled embankment; (2) geogrids contribute
to reducing the dynamic stress on the interpile soils; (3) track structures decide the
dynamic stress distribution in the superficial layer in piled embankment, while the
dynamic stress distribution at deep layer is mainly related to the pile foundation.

Keywords Piled embankment · Soil arch effect · Dynamic stress

1 Introduction

Piled embankments are widely adopted in China high-speed railway constructions
over soft soil areas [1]. Because of soil arch effect, piles instead of the soft subsoil
will bear extra traffic loads and consequently reduce the post-construction settlement
effectively. Researches and experiments till nowhave established several theories and
models of soil arches, and most of them are mainly concerned about the soil arches
under the static load [2–5]. However, with the increase of train speed, dynamic effect
tends to be more critical to the soil arches in piled embankment, which attracts
increasing attention to the studies on soil arch effect under dynamic loads [1, 6, 7].

In this paper, a full three-dimensional finite element model (FEM) of train, track
and piled embankment is developed to investigate the dynamic behaviors of piled
embankment under high speed train loads. Based on the simulation results, the effect
of train speed, track structures and the geogrid reinforced are discussed.
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2 Three-Dimensional FEMModel
of Train–Track–Embankment.

To simulate the dynamic behaviors of piled embankment under train loads, author has
established a three-dimensional FEM model using ABAQUS software. This model
consists of the train set, track structure, piled embankment and soft soil foundation.
Considering the symmetry of track structure along the train moving direction, a
half model is adopted so the calculation time can be greatly saved. Details and the
parameters of the ballastless track are shown in Fig. 1 and Table 1.

To consider the moving train loads, the train set model of 8 CRH3 vehicles (as
shown in Fig. 1b) is adopted in simulation and the Hertz contact theory is employed
to simulate the train–track interaction. For the signal vehicle, it is simplified as multi-
rigid body system with 10 degrees of freedom (only the movement at the vertical
direction is considered) consisting of vehicles, bogies, wheels and two groups of
spring-damping suspension system.

(a) 

(b)             (c) 

Fig. 1 Details of three-dimensional FEM model: a overall, b train set and c reinforced layer
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Table 1 Parameters of piled
embankment model

Material Modulus (MPa) Density
(kg/m3)

Poisson’s
ratio

Track slab 30,000 2700 0.2

CA mortar 315 1800 0.3

Concrete base 25,000 2700 0.2

Graded gravel 300 2000 0.35

Subgrade 200 1920 0.35

Pile cap 38,000 2500 0.2

Pile 30,000 2500 0.2

Subsoil 30 1900 0.3

Supporting
layer

20,000,000 1700 0.4

3 Dynamic Behavior of Piled Embankment

3.1 Dynamic Stress in Piled Embankment

Dynamic stress plays a critical role in accumulative settlement under train loads. Due
to soil arch effect, train loads are more likely to transfer to the piles instead of the
interpile subsoil and leads to the redistribution of dynamic stress in piled embank-
ment. Figure 2 shows the dynamic stress distribution under train loads. Different
from the general rule that the dynamic stress is more uniform as the depth increases,
the calculation results illustrate increasingly non-uniform distribution occurs at the
positions nearby the piles. It shows that with the position closer to the piles, the more
dynamic stress tends to transfer to the subsoil above the pile tops, which indicates
that the soil arch still works effectively under train loads.

Figure 3a and b illustrate the dynamic stress histories at depth of 1.5m (far enough
from the piles) and 3.2 m (interface of piles and embankment). At the depth of 1.5 m,
dynamic stress above the piles (the black line) and the interpile soils (the red line)
meets each other perfectly. However, at the depth of 3.2 m, dynamic stress above

Fig. 2 Dynamic stress distribution under train loads
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Fig. 3 Dynamic stress histories: a above the pile top and b above the interpile soil

the pile tops reaches to the peak value of 17.2 kPa while the dynamic stress above
the interpile soil fluctuates around 0 kPa. It reveals at the position far away from the
piles dynamic stress distributes uniformly, while at the position nearby the piles, soil
above the piles undertakes the most traffic loads due to soil arch effect.

3.2 The Effect of Soil Arches Under Moving Train Loads

To further investigate the redistribution due to the soil arch effect, a combinedBoussi-
nesq solution based on the train load transfer mechanism is proposed as the general
distribution in the natural embankment. In previous studies, the train load of one
axle is confirmed to be undertaken by 7 or 8 fasteners, while for the two axles in one
bogie the loads will be transferred to the neighboring 12 fasteners. Figure 4 shows
the load distribution of 12 fasteners under the load of one bogie. Here the black dash
lines are the load distribution for each axle, while the pink line refers the combined
distribution for thewhole bogie. By simplified the bogie load as uniformly distributed
stress on the embankment and combining all the bogies of a train set, the combined
Boussinesq solution is developed and compared with the calculation results.

Figure 5 illustrates the comparison of the combined Boussinesq solution and
the calculated dynamic stress distribution along depths at train speed of 50 m/s
(180 km/h) with and without geogrids respectively. In this figure, red lines and black
lines are represent of the dynamic stress distribution above the pile tops and interpile
soil, while the continuous lines and dash point lines are the dynamic stress in the rein-
forced and unreinforced cases. As a comparison, the Boussinesq solution proposed
above is also illustrated with the blue dash line representing the stress distribution
in natural embankment. Generally, it is indicated that distribution of dynamic soil
stress along soil depth clearly shows the soil arch effect. At the superficial layer of the
embankment, dynamic stress above the interpile soil (beneath the fastener) are 2 kPa
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Fig. 4 Simplification of bogie loads
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Fig. 5 Redistribution of dynamic stress along with depth

greater than the stress above the piles (beneath the track center). The stress decreases
with the depths, and the attenuation tendency meets the proposed Boussinesq solu-
tion well, especially the distribution above the interpile soil. However, at the position
nearby the pile tops, dynamic stress stars to deviate from the Boussinesq solution.
For the distribution above the piles, stress stars to grow increasingly from about 2 m
deep and reaches to themaximum stress of 16.8 kPa (18 kPawithout geogrid). For the
distribution above the interpile soil, stress keeps decreasing and becomes less than
the Boussinesq solution at the bottom of the embankment. It reveals that soil arch
effect significantly affects the dynamic stress distribution, especially at the positions
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near pile tops. The piles will undertake the most traffic loads transferring from the
interpile soil so that the subsoil settlement due to the traffic loads can be well limited.

Furthermore, geogrids also show the remarkable influence to the dynamic stress
distribution.With the usage of geogrid reinforcement, dynamic stress above the piles
is barely changed at the position above the geogrid and then slightly decreases from
17.9 to 16.8 kPa at the position beneath the geogrids. However, dynamic stress above
the interpiles is significantly strengthened and even exceeds the proposed Boussinesq
solutions at the position above the geogrids, while the stress rapidly decreases from
4 kPa to almost 0 kPa at the position beneath the geogrids. It reveals that the geogrids
lead to the dynamic stress further transferring and limit the settlement accumulation
under traffic loads.

3.3 Influence of Track Structure

The types of track structure, especially the ballasted and ballastless track, are also
the key factors for the dynamic behaviors and stress distribution of embankment. To
investigate the influenceof track structure, a correspondingmodelwith ballasted track
is also analyzed and its dynamic stress distribution is compared with the ballastless
track at 50 m/s as illustrated in Fig. 6. At the superficial layer of piled embankment,
dynamic stress under ballasted track is much greater than the stress under ballastless
track, but also attenuates more sharply along with the depth. It is mainly due to the
different characters of two track structures. However, at the position nearly the piles,
the dynamic stress under the ballasted and ballastless track tends to be similar both

Dynamic stress (kPa)

D
ep

th
 (m

) Ballast track:
 above pile top
 above interpile soil

Ballastless track:
 above pile top
 above interpile soil

geogrid

Fig. 6 Dynamic stress distribution under ballasted and ballastless track
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in shapes and amplitudes. Dynamic stress under the ballasted track is slightly greater
than the stress under the ballastless track mainly due to the dynamic amplification
factor is higher in ballasted track. It is indicated that at the position far away from
piles, the type of track structures is dominant in the dynamic stress distribution, while
at the position nearby the piles the dynamic stress distribution is mainly decided by
the pile foundation.

4 Conclusion

To investigate the dynamic behaviors of piled embankment under moving train loads,
a three-dimensional FEMmodel is established. The dynamic stress redistribution due
to the soil arch effect is then calculated and discussed. The research indicated that:

1. In piled embankment, soil arch effect will also lead to the redistribution of
dynamic stress, where the piles undertake extra dynamic load instead of the
interpile soils.

2. The Boussinesq solution can describe the soil stress distribution in embankment
well at superficial layer of embankment, but with the depth increase the distri-
bution significantly impacted by soil arches and deviates from the Boussinesq
solution.

3. The usage of geogrid will further strengthen the redistribution at the position
beneath the geogrids.

4. The dynamic stress distribution at the superficial layer of embankment is deter-
mined by the type of track structures, while the redistribution at the position
nearby the piles is mainly decided by the pile foundation.
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Settlement and Capacity of Piles Under
Large Number of Cyclic Loads

Renpeng Chen , Chunyin Peng , Jianfu Wang, and Hanlin Wang

Abstract This study reports a group of field tests on cyclically loaded piles installed
in soft clay in Huzhou, China. Two 29.5 m long pipe piles were instrumented
with transducers to measure the accumulated settlement at the pile-head, the pore
water pressure and total pressure at the pile-soil interface, and axial load at the pile
end, respectively. The major objective of the field testing is to gain a better under-
standing of the evolution of the pile-head settlement and the effective stress at the
pile-soil interface. The results of cyclic loading tests under different combinations
of static load and cyclic load are discussed with reference to changes in the pile
capacity, the permanent settlement, and the radial stresses. It is found that the perma-
nent settlement of piles can be characterized as quickly stabilized (QS), progressively
developing (PD), and dramatically failed (DF) patterns. Under low-level loading (QS
pattern), the pile-shaft earth pressure is nearly undisturbed, final gains in effective
stress are observed due to slight dissipation of pore pressure. For intermediate-level
loading (PD pattern), significant reductions in pore pressure, earth pressure, and
effective stress are observed after cyclic loading. Regarding high-level loading (DF
pattern), the quick accumulation of pore water pressure leads to a slight increase in
earth pressure, resulting in a continuous decrease in effective stress.
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1 Introduction

The accumulated settlement of piled-embankment in high-speed railways is required
to be rigorously controlled [1], especially in southeastern China where extensive soft
clays are often encountered. These piles undertake not only the self-weight of the
embankment but also the cyclic load induced by the moving trains. Considering the
unfavorable characteristics of soft clay such as high compressibility, low strength,
and low permeability, a better understanding of the cyclic behaviors of piles appears
important in the design of piled-embankment. The static and cyclic loading levels,
the number of cycles, and the soil characteristics affect the pile-head settlement
significantly [2].

Plenty of experiments have been performed to explore the cyclic behaviors of piles
under cyclic loading. Concerning sand, interesting results are reported by Poulos [2],
Al-Douri and Poulos [3], Gavin and O’Kelly [4], Jardine and Standing [5], Blanc
and Thorel [6], and Matos et al. [7]. In most of these studies, significant degradation
in the shaft capacity was observed when the piles were subjected to limited cycles
(hundreds or thousands of cycles) under large cyclic loads (the cyclic amplitude >
50% of the ultimate capacity). Concerning saturated clay, Poulos carried out model
tests in reconstituted saturated clay. He found that the significant reduction in shaft
friction leads to failure of the model pile (Diameter D = 20 mm). An analysis was
proposed to predict the ultimate capacity under cyclic loading [8, 9]. Huang and
Liu argue that the pile behavior remains elastic at very low cyclic loading levels,
higher cyclic load level leads to more severe degradation in the pile capacity [10].
Muhammed et al. conducted cyclic loading tests on the model pile (D = 36 mm)
in saturated clay, the pore water pressure is found to increase initially to its peak
then drops gradually with the number of cycles. The shaft friction degrades at the
beginning before increasing again until the end of cyclic loading [11, 12].

In general, existing studies mainly focused on model piles driven in sand under
short-term loading (for hundreds or thousands of cycles), simulating the effect of
waves orwinds onoffshore structures (the cyclic load amplitude>50%of the ultimate
capacity). However, the piled-embankment in the high-speed railways suffers long-
term cyclic loadings (more than 104 cycles) at small cyclic amplitudes (less than
20% of the ultimate capacity). To date, field study on cyclic behaviors of industrial
piles in soft clay to large number of cycles is scarcely reported.

This study reports a program of cyclic loadings on industrial piles installed in
soft clay. These piles were instrumented with pore pressure transducers (PPT), earth
pressure transducers (EPT), and axial load transducers (ALT). Three loading proce-
dures were performed on the pile in sequence: initial static loading (to obtain the
initial capacity), cyclic loadings (to characterize the cyclic behaviors), and final static
loading (to determine the changes in pile capacity after cyclic loadings). The soil
characteristics are identified before describing the pile-head settlement. Finally, the
changes in the pore pressure, the earth pressure, and the effective stress are analyzed.
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2 Experimental Setup

2.1 Field Profiles

The field testing site was a leveled ground along the Hushan Expressway in Huzhou,
China. Two prestressed concrete pipe piles (Pile A and Pile B) were installed to a
depth of 30 m, with a spacing of 13.2 m. Samples were collected from six drilling
boreholes (to a maximum depth of 62 m) to determine basic soil properties. Two
cone penetration tests (CPT1 and CPT2) and two vane shear tests (VST1 and VST2)
were conducted for site investigations (see soil profile in Fig. 1). The surface layer
(CL1, 0–5 m) is grayish-yellow clay of intermediate plasticity. The middle layer
(CL2, 5–30 m) is grey clay of high dry strength. The bottom layer (CL3, 30–35 m) is
taupe clay of low plasticity with occasional silt partings. Based on the classification
standards recommended by ASTM [13], these soils (0–35m) were identified as Lean
Clay (CL). Basic physical and mechanical parameters of each layer are illustrated in
Fig. 1. Intact samples from CL2 indicates a cohesion c′

cu of 6.5 kPa and an effective
friction angle ϕ′

cu of 25.5° in consolidated-undrained triaxial tests.
Two cone penetration tests (CPT) were conducted to a depth of 35 m. CPT1 was

carried out at a distance of about 35 m from Pile B while CPT2 was performed about
10 m from the same pile. The CPT results indicate a cone tip resistance qc of about
2 MPa and a sleeve friction fs of about 20 kPa. Two vane shear tests (VST1 and
VST2, with a spacing of 4 m) were conducted to determine the in-situ undrained
shear strength su . The ratio of the intact su to the effective overburden stress σ ′

v
appeared to stabilize with the depth, with ratios of 0.16 and 0.21 for VST1 and
VST2, respectively.

CL
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wL = 44.6%, wP = 21.7%, IP = 22.9
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Fig. 2 The instrumentation details of transducers at the pile-shaft and the pile-end

2.2 Testing Preparations

The closed-ended pile had a length of 29.5mwith an outer diameter of 400mm. Each
prestressed concrete pile was instrumented with an axial load transducer (ALT a) at
the pile-head to measure the applied load. Pore pressure transducers (PPT) and earth
pressure transducers (EPT) were mounted at the same depth (10 m) to obtain the
effective stress at the pile-soil interface. Another axial load transducer (ALT b) was
designed to measure the pile-tip load. The casing of ALT b is designed to preventing
smearing or inclusion of pore water or soil particles (see Fig. 2).

The testing system consisted of a reaction device, a loading device, and a
measuring device. The reaction device was made up of a main reaction beam (9000
× 400 × 700 mm) and four secondary reaction beams (supported by two concrete-
block cribbings and balanced by a stack of concrete blocks weighing about 1800 kN).
In the loading device, the hydraulic actuator (travel: 500 mm; capacity: 1000 kN)
was powered by a servo-controlled hydraulic pump. The measuring device included
laser displacement transducers (LDT, independent of the loading system), axial load
transducers (ALT a, ALT b), pore pressure transducers (PPT a, PPT b), and earth
pressure transducers (EPT a, EPT b). All transducers were connected to a dynamic
data-acquisition device reading at 100 Hz.

2.3 Testing Program

A series of static and cyclic loading tests were conducted on Pile A and Pile B.
Three testing procedures were performed on each pile in sequence: initial static
loading, cyclic loadings, and final static loading. In the initial static loading (SLA1,
SLB1), the undisturbed compressive capacity of the pile was obtained, following
the guidelines recommended by ASTM [14]. In the cyclic loadings, the sinusoidal
loading waveform was applied as:

P(t) = Ps + Pc
2

[1 + sin(ωt)] (1)



Settlement and Capacity of Piles Under Large Number … 1053

Table 1 Cyclic loading program of the field testing on Pile A and Pile B

Procedure Pile A Pile B

1 SLA1 SLB1

2 SLR CLR SLR CLR

0.01 0.17, 0.33, 0.44, 0.65 0.03 0.15, 0.29, 0.46, 0.57

0.17 0.16, 0.24, 0.33, 0.50 0.16 0.15, 0.24, 0.31, 0.48

0.33 0.08, 0.17, 0.25, 0.50 0.32 0.08, 0.16, 0.24, 0.32, 0.40, 0.48

0.50 0.08, 0.17, 0.24, 0.33 0.48 0.08, 0.16, 0.24, 0.33

0.64 0.08, 0.16

3 SLA2 SLB2

where P(t) was the applied sinusoidal load changing with time t; Ps was static
load; Pc was the peak to trough amplitude of cyclic load; ω was circular frequency.
Note that the duration and rest periods in a load cycle have rarely been investigated
[15]. Qiu reported that the duration of the rest period barely influence the permanent
deformation of the soil in highway pavements at low load frequency [16], Liu and
Xiao hold the same argument [17]. Therefore, a continuous sinusoidal wave without
intervals was applied in this study. The static load ratio (SLR = Ps/Pu, Pu is the ulti-
mate capacity) and the cyclic load ratio (CLR = Pc/Pu) were defined to evaluate the
loading characteristics. As indicated in Table 1, sixteen cyclic loading combinations
were performed on Pile A. The SLR was 0.01, 0.17, 0.33, and 0.50, respectively,
with CLR ranging from 0.08 to 0.67. Twenty similar cyclic loadings were conducted
on Pile B. Each cyclic combination was terminated either after a maximum number
of 50,000 cycles or reaching failure, with loading frequency ranging from 0.3 to
3 Hz depending on the loading system performance. Another static loading test was
conducted on the pile (SLA2, SLB2) after cyclic loadings.

3 Results and Discussions

3.1 Pile Compressive Capacity

The settlement required for failure is defined as 20 mm (about 5% d, d is the pile
diameter). The initial capacities of Pile A and Pile B are 490 kN and 510 kN, respec-
tively. These two piles were subjected to 16 and 20 different cyclic loadings (see
Table 1) before conducting final static loadings (SLA2, SLB2). The static compres-
sive capacities for Pile A and Pile B increase by 22% and 24%, respectively. Both
the shaft friction and the base resistance are improved.
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3.2 Pile Head Settlement

The permanent settlement of piles under long-term cyclic loadings can be character-
ized as three patterns: quickly stabilized (QS), progressively developing (PD), and
dramatically failed (DF). Note that the permanent settlement s is obtained as the
mean value of the peak sp and the trough st in a settlement waveform.

Figure 3a shows a typical curve of quickly stabilized (QS) settlement against
time. The pile-head settlement increased to 3 mm when the pile was loaded to 225
kN from 10 kN. The settlement remained horizontal or even reduced slightly during
the cyclic loading period.After the termination of cyclic loading (unloaded back to 10
kN), the pile-head settlement tended to rebound to the previous position. Figure 3b
illustrates three typical curves of normalized settlement s/d of quickly stabilized
(QS) pattern. In these three tests, the permanent settlement presented similar stable
trends. In terms of quickly stabilized (QS) pattern, only negligible settlements were
observed under cyclic loading over a very large number of cycles (s < 1%D in 5 ×
104 cycles). Summarizing the loading conditions of quickly stabilized (QS) pattern,
there exists a critical combination below which the pile-head settlement remains
nearly undisturbed: CLR ≤ 0.2 (0 < SLR ≤ 0.2) or 10SLR + 5CLR ≤ 6 (0.2 < SLR
≤ 0.6).

Figure 4a indicates the typical test result of progressively developing (PD) pattern.
An initial settlement of 3 mmwas caused when the pile was loaded to 250 kN. As the
cyclic loading (ranging from200 to 300kN)proceeded, the settlement kept increasing
with a final peak settlement of 5 mm. Nevertheless, no failure was observed until the
end of the cyclic loading. Figure 4b illustrates three normalized settlement curves
of progressively developing (PD) pattern. The permanent displacement accumulated
progressively with the number of cycles in the semi-log coordinates. This trend
continued developing without reaching failure till the end of cyclic loading (0.1%D
≤ s < 5%D in 5 × 104 cycles). Concerning progressively developing (PD) pattern,

Fig. 3 Typical QS pile-head settlement against: a time; b number of cycles
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Fig. 4 Typical PD pile-head settlement against: a time; b number of cycles

there is a upper limit under which the settlement keeps increasing without failing:
0.2 < CLR ≤ 0.5 (0 ≤ SLR ≤ 0.2) or 5SLR + 8CLR ≤ 5 (0.2 < SLR ≤ 1).

Figure 5a presents the typical displacement behavior of dramatically failed (DF)
pattern. Prior to cycling, a downward movement of 4 mm was induced when the
pile head was statically loaded to 350 kN. In the cyclic loading period (ranging from
200 to 500 kN), the pile-head settlement increased significantly with the number of
cycles. Cyclic failure was triggered after 5000 s (about 1300 cycles) with a settle-
ment of 23 mm. After a pause of 6 h, the pile was cyclically loaded again with the
same load combination, the settlement reached 34 mm after 3200 cycles. Figure 5b
shows typical normalized settlements of dramatically failed (DF) pattern. The pile-
head settlement developed dramatically with the number of cycles in the semi-log
coordinates, reaching failure at hundreds or thousands of cycles (s > 1%D in 104

cycles or s > 5%D in 5 × 104 cycles). Concerning dramatically failed (DF) pattern,
there is a lower limit above which the pile-head settlement accumulates significantly,

Fig. 5 Typical DF pile-head settlement against: a time; b number of cycles
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(a) changes in pore pressure (b) changes in earth pressure 

Fig. 6 The variations in pile-shaft pore water pressure and earth pressure

plunging failures are observed within limited loading cycles (generally thousands of
cycles): CLR > 0.5 (0≤ SLR≤ 0.2) or 5SLR+ 8CLR > 5 (0.2 < SLR≤ 1). Note that
the cyclic loading level (CLR) plays a dominant role in determining the settlement
patterns of piles under different cyclic loading conditions. In general, if the settle-
ment is required to be rigorously controlled, the total load applied at the pile-head is
suggested to be controlled as CLR < 0.2 or 10SLR + 5CLR ≤ 6. In order to prevent
significant settlement or plunging failure, the total load is suggested to be controlled
as 0.2 < CLR ≤ 0.5 or 5SLR + 8CLR ≤ 5.

3.3 Pile Shaft Stress

The pore pressure and earth pressure at the pile-soil interface during cyclic loadings
were obtained from transducers instrumented along the pile shaft (see Fig. 6). Under
low-level cyclic loading (quickly stabilized QS pattern), the pore pressure increases
slightly at early stages and then decreases gradually, indicating that the effects of
cyclic loading can be neglected. In terms of intermediate-level loading (progressively
developing PD pattern), the pore pressure increases significantly at early stages due
to partly blocked horizontal drainage channels caused by plastic cyclic shearing
on the pile-shaft clay. The pile-soil system is subsequently disturbed by long-term
cyclic loading, stronger dissipation through vertical drainage chennels results in
a significant reduction in pore pressure. For high-level loading (dramatically failed
DF pattern), the horizontal drainage channels are quickly blocked by severe shear
contraction, prompting a continuous increase in the pore pressure.

As indicated in Fig. 6b, the earth (total) pressure under low-level loading
(quickly stabilized QS pattern) is nearly undisturbed by cyclic loadings, since the
cyclic loading appears elastic (no significant accumulation of plastic deformation).
For intermediate-level loading (progressively developing PD pattern), the earth
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pressure increases slightly before reducing significantly below the initial value.
Regarding high-level loading (dramatically failed DF pattern), the earth pressure
keeps increasing due to the continuous accumulation of pore water pressure.

Figure 7a shows the variations of effective stresses under different cyclic loading.
The effective stress under low-level loading (quickly stabilized QS pattern) obtains
final gains after cyclic loading, indicating an enhancement in the pile-soil stiffness.
For intermediate-level loading (progressively developing PD pattern), the effective
stress decreases below the initial value despite some recovery occurs at the end of
the cyclic loading, suggesting degradation of the pile-soil stiffness. The pile shaft
effective stress decrease continuously under high-level loading (dramatically failed
DFpattern), the loss of effective stress keeps developingwith the number of cycles.As
the pore water pressure accumulates, the pile-shaft effective stress drops accordingly.

Figure 7b illustrates the changes in the base resistance of piles under different
cyclic loadings. For piles under low-level loading (quickly stabilized QS pattern),
the pile tip resistance tends to decrease with the number of cycles. As the effec-
tive stress obtains final gains at the end of cyclic loading (see Fig. 7a), the shaft
friction undertakes more axial load. Therefore, the base resistance decreases with
the number of cycles. Concerning intermediate-level loading (progressively devel-
oping PD pattern), the pile shaft friction reduces slightly due to the decrease in
effective stress. The base resistance increases as a result of axial load redistribu-
tion. For high-level loading (dramatically failed DF pattern), the pile-soil system is
severely damaged by cyclic shearing, the decrease in effective stress leads to degra-
dation in shaft friction. Therefore, the base resistance increases significantly due
to axial load redistribution. Piles under higher cyclic loads (CLRs) lead to more
obvious improvements in base resistance.

(a) changes in effective stress (b) changes in base resistance 

Fig. 7 Variations in effective stresses and base resistance
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4 Conclusions

This study investigates the long-term behaviors of piles under different combinations
of cyclic loading. The piles are instrumented with various transducers, allowing the
pile-head settlement, the pore water pressure and the earth pressure at the pile-soil
interface, and the pile-end axial load to be measured. Three loading procedures are
applied in sequence: initial static loading, cyclic loadings, and final static loading.
The variations of effective stress at the pile-soil interface and the base resistance are
analyzed.

The permanent settlement of piles under cyclic loading can be characterized as
three patterns: quickly stabilized (QS), progressively developing (PD), and dramati-
cally failed (DF). Under low-level loading (CLR ≤ 0.2 or 10SLR + 5CLR ≤ 6), the
permanent settlement is negligible, the effects of cyclic loading can be neglected.
Regarding intermediate-level loading (0.2 < CLR ≤ 0.5 or 5SLR + 8CLR ≤ 5),
the settlement keeps developing without reaching failure, higher cyclic load leads to
larger pile-head settlement. Concerning high-level loading (CLR > 0.5 or 5SLR +
8CLR > 5), the pile-head settlement develops dramatically, plunging failure occurs.

The stresses at the pile-soil interface present varied responses under different
loading conditions. For low-level loading, the earth pressure is nearly undisturbed,
the dissipation of pore pressure leads to final gains in effective stress. The base resis-
tance decreases due to enforcement in shaft friction. For intermediate-level loading,
the earth pressure and the pore pressure obtain initial growth before decreasing
at later stages of the cyclic loading. The pile-soil system is damaged gradually,
resulting in a progressive loss in effective stress. The shaft friction degrades with the
number of cycles, prompting an increase in the base resistance. In terms of high-level
loading, the pronounced damage in drainage channels leads to a quick accumulation
of the pore pressure, the decrease in the effective stress leads to a significant degra-
dation in the shaft friction, the base resistance increases with the number of cycles
as a result of axial load redistribution.
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