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Preface

Buildings optimally designed against seismic loads are regular, symmetrically
shaped structures. The design of such buildings is clearly described in student
textbooks and in the first pages of any civil engineering code. However, such
buildings are rarely met in reality for economical, functional and formal reasons.
In densely populated urban areas there is a need for developing any piece of land;
investors formulate various specific demands with respect to the shape of the
building and its functions; architects want their works to distinguish from other
buildings; and topographical and subsoil irregularities may require atypical design
solutions. As an effect, most of the building structures are irregular both in plan and
in elevation. Furthermore, ground rotations and wave passage effects also contribute
to irregularity issues in the seismic response of structures.

It is a specific feature of the seismic design of irregular structures that they are
always conservative with respect to regular structures. This means that the presence
of any type of irregularity generates additional seismic loads, internal forces and
strains compared to the regular structures. For these reasons, substantial engineering
efforts are devoted to solve irregularity issues at the stage of research and during the
design.

From 1996, every 3 years, a cycle of workshops devoted to study the seismic
response of irregular structures takes place under the auspices of Working Group
8 ‘Seismic Behaviour of Irregular and Complex Structures’ of the European Asso-
ciation of Earthquake Engineering. Starting from the 2011 Workshop, which took
place in Haifa, Israel, the proceedings are published as monographs in the Springer
Geotechnical, Geological and Earthquake Engineering series. This was volume
24 which appeared in 2013, after the Haifa Conference of September 20111 followed

1Lavan O., De Stefano M. (editors), Seismic Behaviour and Design of Irregular and Complex Civil
Structures, Springer, Geotechnical, Geological and Earthquake Engineering, Dordrecht, 2013
(http://www.springer.com/gp/book/9789400753761).
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by volume 40 which appeared in 2016, after the conference which took place in
October 2014 in Opole, Poland.2

This volume presents the third monograph devoted to the irregularity issues in
structural seismic response. It contains state-of-the-art papers presented during the
8th European Workshop on the Seismic Behaviour of Irregular and Complex
Structures which took place in Bucharest, Romania, on October 19–20, 2017.
Forty-five participants from 13 countries took part in this successful event.

The book contains 33 reviewed and edited chapters selected from the lectures
presented during the workshop. The chapters are grouped in three parts:

• Seismic Load, Ground Motion, Rocking Excitations
• Seismic Analysis and Design of Irregular Structures
• Seismic Control and Monitoring of Irregular Structures

Bucharest, Romania Dietlinde Köber
Florence, Italy Mario De Stefano
Opole, Poland Zbigniew Zembaty

2Zembaty Z., De Stefano M. (editors), Seismic Behaviour and Design of Irregular and Complex
Structures II, Springer, Geotechnical, Geological and Earthquake Engineering, Dordrecht, 2016
(https://www.springer.com/la/book/9783319142456).
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Part I
Seismic Load, Ground Motion, Rocking

Excitations



Chapter 1
Effect of Soil Compliance on Seismic
Response of Slender Towers Under Rocking
Excitations

P. Bonkowski, Z. Zembaty, and M. Y. Minch

Abstract Parametric analysis of the effect of soil compliance on the response of a
slender tower to combined horizontal and rotational (rocking) of induced ground
motion excitations is carried out. In contrast to earlier analyses which use theoretical
decomposition of seismic wave field to obtain rotations, this study is using 6 degree
of freedom ground motion records to carry on time history integration leading to
structural response accounting for “true” phase interactions between horizontal and
rocking excitations. The analysis leads to conclusion that the more flexible the
sub-soil the smaller the response, however this effect is better pronounced for
rotational than horizontal excitations. It was also demonstrated that regardless of
the soil compliance, rotational component can have either increasing or decreasing
influence on the structural internal forces. In the analysed cases of two sets of
excitations such different results were obtained. Clearly more credible rotational-
horizontal records of seismic strong ground motion are needed.

Keywords Rotational component · Time history analysis · Seismic analysis ·
Slender tower · Chimney

1.1 Introduction

Each point on the ground surface can be subjected not only to three, translational
components of seismic ground motion but also to three rotations about these axes
(Fig. 1.1). However due to lack of measuring techniques and appropriate seismo-
logical models these components were omitted or disregarded (see e.g. footnote of

P. Bonkowski (*) · Z. Zembaty
Faculty of Civil Engineering and Architecture, Opole University of Technology, Opole, Poland
e-mail: p.bonkowski@po.opole.pl; z.zembaty@po.opole.pl

M. Y. Minch
Faculty of Civil Engineering, Wrocław University of Science and Technology, Wrocław,
Poland
e-mail: m.minch@pwr.edu.pl
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Richter to his famous monograph (Richter 1958). There are however good reasons to
believe that the rotational components exist, particularly in close proximities from
the epicentres of earthquakes (Trifunac 1982; Zembaty 2009). Recently the geo-
physical community accepts the importance of rotational seismic ground motion
component and the measuring techniques matured enough and first 6 degree of
freedom (6-dof) seismic signals are acquired (e.g. (Takeo 1998; Zembaty et al.
2017)). Very recently the 6-dof seismic records from induced seismic ground
motions of Modified Mercalli Intensity (MMI) IV (Zembaty et al. 2017) were
applied to compute seismic response of a slender reinforced concrete chimney
(Bońkowski et al. 2018). A substantial contribution of rocking component in the
overall structural response was demonstrated. The numerical analysis was carried
out with the assumption that the slender structure was fixed in the sub-soil. In what
follows the numerical analysis of paper (Bońkowski et al. 2018) is extended for
compliant soils i.e. those with shear waves velocities from 150 to 800 m/s which
roughly corresponds with Eurocode 8 (EC-8) local soil conditions described as types
‘A’ to ‘D’. The analysed structure is an industrial chimney, 160 m high under seismic
horizontal and rocking (rotation about horizontal axis) excitations (Fig. 1.2). This
analysis complements earlier studies of rotational seismic effects on slender towers
where EC-8 seismic code was applied (Zembaty et al. 2016).

1.2 Ground Motion Input

This analysis utilizes ground motion records from monitoring of induced seismicity
acquired in the Upper Silesian Coal Basin (south of Poland). The strongest records
reached peak ground acceleration PGA ¼ 0.4–0.8 m/s2 and peak ground velocity
(PGV) of about 1–2 cm/s. The recorded quakes reached intensity of Modified
Mercalli IV. Detailed information about the monitoring program can be found in
the paper by Zembaty et al. (Zembaty et al. 2017).

The earlier analyses of the rotational effects on structures with their inputs taken
from analytical and numerical seismic wave decompositions (e.g. (Zembaty 2009;
Basu et al. 2013; Falamarz-Sheikhabadi and Ghafory-Ashtiany 2015) applied the

Fig. 1.1 Six components of earthquake ground motion on the ground surface

4 P. Bonkowski et al.



horizontal and rotational components as acting independently while in reality there
are good reasons to assume that they are strongly correlated. In particular such the
approach even disregards actual signs of the seismic records playing important role
in phase interaction of the response to rocking and horizontal excitations (see
e.g. Bońkowski et al. 2018). Thus, applying direct, seismic 6-dof records made it
possible to take into account proper phase interaction of these two components
which was not the case of publications (Zembaty 2009; Basu et al. 2013;
Falamarz-Sheikhabadi and Ghafory-Ashtiany 2015). This is important, as both
horizontal and rocking components can substantially magnify or reduce the total
seismic response of the slender tower.

1.3 Numerical Analyses

The horizontal and rocking seismic actions have been applied to the 160 m high
industrial, reinforced concrete chimney using SAP2000 software (Computers and
Structures, Inc 2017). The basic geometry of the structure is shown in Fig. 1.3. More
information about the structure can be found in the monograph (Ciesielski 1966) and

Fig. 1.2 Sketch showing
leaning of slender tower
under seismic excitations

1 Effect of Soil Compliance on Seismic Response of Slender Towers Under. . . 5



paper by Zembaty (Zembaty 1987). The chimney shaft has been modelled as a
cantilever beam divided into 17 finite elements. The structure is connected with the
base by a pin and rotational spring. Masonry lining and insulation have been
modelled as additional lumped masses concentrated in the finite element nodes.

To carry out the time history analyses of this paper, translational-rotational
records pairs have been chosen from the data set of 6-dof records (see Zembaty
et al. 2017), namely translation along North-South direction interacting with the
simultaneous rocking about East-West axis (R E-W)vs(T N-S) and translation along
East-West direction interacting with the rocking about North-South axis (R N-S)vs(T
E-W). These records were chosen from the event described in (Zembaty et al. 2017)
as IMI 20151212_043336.

To analyse the effect of a soil compliance a familiar eq. (1) was applied
(e.g. Castellani 1983) to calculate rotational spring stiffness. Assuming circular
footing resting on an elastic half-space:

Fig. 1.3 Sketch of the
analysed chimney

6 P. Bonkowski et al.



Kθ ¼ 8GR3

3 1� νð Þ ð1:1Þ

where R ¼ circular footing radius; v ¼ soil Poisson ratio; G ¼ Soil shear modulus
given by formula:

G ¼ ρv2s ð1:2Þ

in which ρ ¼ Soil unit mass; vs ¼ shear wave velocity of velocity of the top of the
30 m of ground profile. Shear wave velocity has been taken from table A.1 in
Eurocode 8 (CEN 2005). The circular footing radius equals to 12 m. Calculated
rotational spring stiffness and first three modal periods have been given in the
Table 1.1.

In Fig. 1.4 (a) and (c) bending moments are presented along the height of the
chimney for different soil compliance, in (b) and (d) respective rotational ground
motion contribution to the overall bending moment has been presented. The minus
sign in the contribution means that the rotational ground motion had positive
(reducing the total) effect on the internal forces.

It can be seen that rotational ground motion can have either positive or negative
effect on the internal forces in the structure depending on the applied direction. This
was also noticed for other ground motions not presented in this paper.

The total effect and contribution of the rotational ground motion takes maximum
for structure rigidly fixed in the base. When soil compliance increases (natural
periods also increase) seismic action effects from both – translational and rotational
ground motion decrease. For rotational seismic excitations the decrease is quicker, as
bigger is the contribution of higher natural frequencies to its motion. For the
analysed structure there is neither a difference in rotational ground motion contri-
bution nor in the total bending moments in the chimney shaft for grounds up to
B type.

1.4 Conclusions

Parametric analysis of the effect of soil compliance on the contribution of rotational
ground motion to the total bending moments has been performed.

Table 1.1 Stiffness used in the analysis and first three modal periods

Ground type Kθ [kNm/rad] T1 [s] T2 [s] T3 [s] T4 [s]

Rigid 1 2.80 0.688 0.289 0.164

A 1.46E+10 2.81 0.691 0.290 0.164

B 6.24E+09 2.82 0.695 0.292 0.164

C 1.32E+09 2.91 0.719 0.301 0.167

D 3.95E+08 3.15 0.776 0.318 0.173

1 Effect of Soil Compliance on Seismic Response of Slender Towers Under. . . 7



Unlike the earlier research applying approximate formulas (e.g. Falamarz-
Sheikhabadi and Ghafory-Ashtiany 2012, 2015) or simplified response spectrum
approach (e.g. Takeo 1998), this analysis used true 6-dof recorded seismic ground

Fig. 1.4 Influence of the soil compliance on the total bending moment along the height of the
structure (a and c) and contribution of rotational component to the total bending moment (b and d)
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motions. The parametric analysis has an introductory character. Anyway, it demon-
strated that soil compliance reduces the total internal forces though this effect is
stronger for rotational than for horizontal excitations. The applied ground motion is
of small intensity (MMI¼IV). Still more records from stronger quakes and different
sites are needed to conclude on the overall site effect on slender tower vibrations
under combined rocking and horizontal seismic excitations.
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Chapter 2
Evaluation of Foundation Input Motions
Based on Kinematic Interaction Models

Tomasz Falborski

Abstract The present study was designed to demonstrate the importance of base-
slab averaging and embedment effects on the foundation-level input motions due to
earthquake excitations. Evaluation of foundation-level input motions based on the
most commonly adopted kinematic interaction models are presented. In order to
conduct this investigation, original records of horizontal accelerations for two case-
study buildings were utilized. Computed foundation-level input motions, in both NS
and EW directions, were compared to the actual acceleration-time histories recorded
at the foundation levels. The results clearly indicate that incorporating base-slab
averaging and embedment effects in seismic analyses can modify the dynamic
excitation imposed at the foundation level, and, as a consequence, lead to more
accurate structural response due to earthquake ground motions.

Keywords Soil-structure interaction · Foundation input motions · Kinematic
interaction effects · Seismic response · Irregular structures

2.1 Introduction

Seismic performance of a building structure subjected to strong earthquake excita-
tions may be affected by many different factors (see, for example, Falborski and
Jankowski 2013, 2016, 2017), structural pounding (see, for example, Jankowski and
Mahmoud 2015, 2016; Naderpour et al. 2016; Sołtysik et al. 2016, 2017), damage
level (see, for example, Ebrahimian et al. 2017) etc. Among these factors the
interaction between the structure foundation and the underlying soil is indentified
as one of the most significant contributors (see, for example, Gazetas 1991; Wolf
1985; Mylonakis and Gazetas 2000; Stewart et al. 1999a, b; Veletsos and Prasad
1989). The dynamic response of a building strongly depends on the ground motions
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transmitted to the structure, which tend to differ from those recorded in the free field
(see, for example, guidelines prepared by National Earthquake Hazards Reduction
Program 2012; Abrahamson et al. 1991; Kim and Stewart 2003; Mikami et al. 2008;
Stewart and Tileylioglu 2007; Veletsos et al. 1997). The ground motion imposed at
the foundation level is reduced due to base-slab averaging (i.e. averaging of variable
ground motions across the foundation slab), and embedment effects, which are
associated with the reduction of the ground motion that tends to occur with depth
in a soil deposit. Both base-slab averaging and embedment effects can be visualized
as a filter to the high-frequency (short period) components of the free-field ground
motion. Utilizing the free-field motion (usually denoted as ug), instead of the
foundation-level motion (also referred to as the foundation input motion or uFIM),
may result in misrepresentation of the actual building response, especially in sesimic
analyses of complex and irregular structures.

There are a few theoretical approaches for predicting the relationship between the
foundation-input motion and the free-field ground motion. All these mathematical
procedures can lead to significant departures from the fixed-base results and, even-
tually, more accurate and realistic evaluation of the probable structural response to a
seismic excitation.

To illustrate the significance of the kinematic interaction effects, the evaluation of
foundation input motion using the most frequently adopted procedures (presented in
both world literature and building design codes and standards) are presented.
Computed foundation input motions, in both NS and EW directions, were compared
to the actual acceleration-time histories recorded at the foundation levels.

2.2 Kinematic Interaction Procedures

There are a few theoretical procedures for evaluating the foundation input motions,
according to which kinematic interaction effects can be represented in terms of ratios
between the response spectrum ordinates for uFIM (Sa � FIM) and ug (Sa � g).
Therefore, acceleration histories representing the foundation input motions can be
predicted by reversing Fourier transform Sa multiplied by base-slab averaging alone
or base-slab averaging and embedment factors.

The first procedure utilized in the present study in the one presented by Applied
Technology Council (2005), according to which the transfer functions can be
estimated as follows:

RRS ¼ Sa�FIM fð Þ
Sa�g fð Þ ð2:1Þ

RRS ¼ RRSbsa � RRSemb ð2:2Þ
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RRSbsa ¼
1� 1

14100
Be

T

� �1:2

for T > 0:2 sec f > 5 Hzð Þ

1� 5
14100

Be
1:2 for T � 0:2 sec f � 5 Hzð Þ

8><
>:

ð2:3Þ

RRSemb ¼
cos

2π � D
T � n � Vs

� �
for T > 0:2 sec f > 5 Hzð Þ

cos
10π � D
n � Vs

� �
for T � 0:2 sec f � 5 Hzð Þ

8>>><
>>>:

ð2:4Þ

where:

Be ¼
ffiffiffiffiffi
ab

p
effective foundation size, where a and b are the full footprint
dimensions of the building foundation (in ft),

D foundation embedment (in ft),
Vs shear wave velocity for the site soil conditions (in ft/s),
n shear wave velocity reduction factor for the expected Peak Ground

Acceleration (PGA).

It can be noticed that a limiting frequency of 5 Hz was assumed, as it has been
recognized to be the most appropriate value for earthquake ground motions. Accord-
ingly, this method may not be fully accurate for predicting the foundation-input
motions resulting from mining tremors (which has recently become an issue of major
concern of both professional and academic communities in Poland), as their funda-
mental excitation frequencies usually vary from 5 Hz to 10 Hz (see, for example,
Zembaty 2004; Kuźniar and Tatara 2015, 2017).

The second approach employed in the present investigation was proposed by
Mylonakis (2006). Transfer functions for evaluating the foundation-input motions
are defined as follows:

Hu ¼ Sa�FIM fð Þ
Sa�g fð Þ ð2:5Þ

Hu ¼ Hu�bsa � Hu�emb ð2:6Þ

Hu�bsa ¼

sin a0
Vs

Vapp

� �� �

a0
Vs

Vapp

� � for a0 � π
2

Vs

Vapp

2
π
for a0 >

π
2

Vs

Vapp

8>>>>>>><
>>>>>>>:

ð2:7Þ
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Hu�emb ¼
cos

D � ω
Vs

� �
for

D � ω
Vs

� 1:1

0:45 for
D � ω
Vs

> 1:1

8>><
>>:

ð2:8Þ

a0 ¼ ω
Vs

Be

2
ð2:9Þ

where:

Vapp apparent horizontal velocity; for a typical soil site an assumption of Vapp/
Vs ¼ 10 can be made.

2.3 Case-Study Buildings

The present study was conducted for two irregular case-study buildings (both located
in California, United States) with seismic instrumentation and available recordings
provided by the Center for Engineering Strong Motions Data (CESMD), which was
established by the United States Geological Survey (USGS) and the California
Geological Survey (CGS).

The first case-study structure is a 14-storey reinforced-concrete building located
in Los Angeles, CA. The structure has one basement level and measures 45.34 m
(148 ft 9 in) tall from the ground surface to the roof. The height of the basement level
is 2.75 m (9 ft). The height of the first and second stories is 4.2 m (13 ft 9 in) and
2.75 m (9 ft), respectively, whereas all other above-grade stories are 3.2 m (10 ft
6 in). The building is rectangular in plan, measuring 15.54 m (51 ft) wide by 66.14 m
(217 ft) long. It was designed in 1925, and instrumented in 1976 (CSMIP Station
No. 24236). A total of 12 accelerometers are located at 4 levels (basement, 8th floor,
12th floor, and main roof). Moreover, three free-field accelerometers are located in
the vicinity of the site (CSMIP Station No. 24303), for which the shear wave velocity
is 316 m/s (1036.7 ft/s).

The second building is a 14-storey reinforced-concrete structure erected in Santa
Rosa, CA. The building has no subterranean levels and measures 37.8 m (124 ft) tall
from the ground surface to the roof. The height of the first storey is 3.45 m (11 ft
4 in), and all other above-grade stories are 2.64 m (8 ft 8 in). The gross plan
dimensions of the building are 24.38 m (80 ft) wide by 26.21 m long (86 ft), although
the typical floor is irregular in plan. The building was designed in 1970, and
instrumented in 1985 (CSMIP Station No. 68486). A total of 16 accelerometers are
located at 5 levels (ground floor, 5th floor, 9th floor, 12th floor, and roof). Addition-
ally, three free-field accelerometers are located in the vicinity of the site (CSMIP
Station No. 68491), for which the shear wave velocity is 363 m/s (1190.9 ft/s).
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2.4 Numerical Analysis

In order to evaluate foundation-level input motions using the procedures briefly
presented in Sect. 2.2, two different ground motions were utilized in this
investigation:

(a) Magnitude 6.4 Northridge Earthquake of 17 January 1994 for the Los Angeles
building located 23 km (37 mi) from the epicentre,

(b) Magnitude 6.0 South Napa earthquake of 24 August 2014 for the Santa Rosa
building located 42.1 km (67.75 mi) from the epicentre.

Using the actual free-field motions recorded by the seismic stations located in
close vicinity to the case-study buildings presented in Sect. 2.3, the foundation-input
motions, in both NS and EW directions, were evaluated and compared to the original
records at the basement levels. Both recorded and computed peak lateral accelera-
tions are briefly summarized in Table 2.1. Acceleration-time histories are presented
in Figs. 2.1, 2.2, 2.3, 2.4, 2.5, 2.6, 2.7, 2.8, 2.9, 2.10, 2.11, 2.12, 2.13, 2.14, 2.15, and
2.16.

Table 2.1 Comparison of peak lateral accelerations

Building, earthquake

Peak lateral acceleration in NS
direction (�g)

Peak lateral acceleration in NS
direction (�g)

ug uFIM

uFIM uFIM
ug uFIM

uFIM uFIM
(RRS) (Hu) (RRS) (Hu)

Los Angeles building, 1994
Northridge earthquake

0.389 0.278 0.306 0.297 0.231 0.207 0.205 0.200

Santa Rosa building, 2014
South Napa earthquake

0.049 0.044 0.042 0.043 0.047 0.036 0.036 0.037

where:
ug recorded free-field motion,
uFIM recorded foundation-level input motion,
uFIM (RRS) foundation-level input motion predicted (computed) with the RRS procedure,
uFIM (Hu) foundation-level input motion predicted (computed) with the Hu procedure.
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Fig. 2.1 Free-field acceleration-time history record in NS direction (Los Angeles building,
Northridge earthquake)
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Fig. 2.2 Foundation-level acceleration-time history record in NS direction (Los Angeles building,
Northridge earthquake)
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Fig. 2.3 Predicted foundation-level acceleration-time history record in NS direction – RRS (Los
Angeles building, Northridge earthquake)
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Fig. 2.4 Predicted foundation-level acceleration-time history record in NS direction – Hu (Los
Angeles building, Northridge earthquake)
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Fig. 2.5 Free-field acceleration-time history record in EW direction (Los Angeles building,
Northridge earthquake)
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Fig. 2.6 Foundation-level acceleration-time history record in EW direction (Los Angeles building,
Northridge earthquake)
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Fig. 2.7 Predicted foundation-level acceleration-time history record in EW direction – RRS (Los
Angeles building, Northridge earthquake)
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Fig. 2.8 Predicted foundation-level acceleration-time history record in EW direction – Hu (Los
Angeles building, Northridge earthquake)
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Fig. 2.9 Free-field acceleration-time history record in NS direction (Santa Rosa building, South
Napa earthquake)
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Fig. 2.10 Foundation-level acceleration-time history record in NS direction (Santa Rosa building,
South Napa earthquake)
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Fig. 2.11 Predicted foundation-level acceleration-time history record in NS direction – RRS (Santa
Rosa building, South Napa earthquake)
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Fig. 2.12 Predicted foundation-level acceleration-time history record in NS direction – Hu (Santa
Rosa building, South Napa earthquake)
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Fig. 2.13 Free-field acceleration-time history record in EW direction (Santa Rosa building, South
Napa earthquake)
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Fig. 2.14 Foundation-level acceleration-time history record in EW direction (Santa Rosa building,
South Napa earthquake)
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Fig. 2.15 Predicted foundation-level acceleration-time history record in EW direction – RRS
(Santa Rosa building, South Napa earthquake)
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Fig. 2.16 Predicted foundation-level acceleration-time history record in EW direction – Hu (Santa
Rosa building, South Napa earthquake)
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2.5 Conclusions

The present investigation was carried out to illustrate the importance of base-slab
averaging and embedment effects on the foundation-level input motions due to
earthquake excitations. Foundation-level input motions were evaluated with the
most commonly adopted kinematic interaction procedures. The study was conducted
for two case-study buildings with seismic instrumentation and available recordings.
Computed foundation-level input motions, in both NS and EW directions, were
compared to the original acceleration-time histories recorded at the foundation
levels. Specifically, following conclusions can be drawn from the present study:

(a) Close inspection of Table 2.1 shows that the peak lateral accelerations of the
originally recorded foundation-level input motions, uFIM, are lower of the order
of 10% (Santa Rosa building, 2014 South Napa earthquake, NS direction) to
29% (Los Angeles Building, 1994 Northridge earthquake, NS direction) when
compared to those recorded at seismic stations, ug. The greater reduction in peak
lateral accelerations for the Los Angeles building is most likely due to embed-
ment effects, as the Santa Rosa building has no subterranean levels.

(b) Similar values of the predicted peak lateral accelerations with the RRS and Hu

procedures to those recorded at the foundation levels confirm the effectiveness of
the kinematic interaction procedures for implementing base-slab averaging and
embedment effects in seismic analyses.

The results clearly indicate that base-slab averaging and embedment effects in
seismic analyses can modify the earthquake-induced motions imposed at foundation
level, which may significantly alter structural response during seismic events.
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Chapter 3
Transverse and Longitudinal Seismic
Effects on Soil-Steel Bridges

T. Maleska, P. Bonkowski, D. Beben, and Z. Zembaty

Abstract Soil-steel bridges and culverts, typically ranging from 3 to 25 m, can be
used as an effective alternative for short-span bridges. They can meet the design and
safety requirements of traditional bridges but at lower costs and with shorter erection
time. For these reasons, soil-steel bridges are more and more often used in road and
railway projects in many parts of the world. The purpose of present analysis is more
advanced. Respective FEM models of a large soil steel bridge were prepared and
eigen problem solved applying SAP 2000 and DIANA programs. Next the dynamic
response was computed using time history response analysis with El Centro 1940
record. Two basic cases of seismic loads were analysed, i.e. “XZ” and “YZ” (seismic
excitations were induced simultaneously at directions: transversal (X) and vertical
(Z), and longitudinal (Y) and vertical (Z)). The totally different way of response of
the large soil-steel bridges along and perpendicular to them generates key irregular-
ity effect to study in their seismic response. Soil-steel interaction is also considered
using special interface elements. Displacements and bending moments of the bridge
are analysed in detail.

Keywords Soil-steel bridge · Culvert · Seismic analysis · Dynamic analysis

3.1 Introduction

The soil-steel bridge structures that are usually built as small and short span
transportation objects are attractive due to architectonic values as well as technolog-
ical advantages resulting in their low costs (Janusz and Madaj 2009). The positive
features of soil-steel bridges are as follows: a definitely low construction cost, a
significantly shorter construction period and low maintenance expenses. In addition,
these bridges naturally blend in the surroundings thank to frequently used facades in
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form of gabion walls. Moreover, these bridge structures are distinguished by a lot of
positive exploitation features in comparison to the conventional small reinforced
concrete (RC) bridges: (i) the construction efficiency, (ii) the minimal amount of the
steel material in relation to the span, (iii) the consistency of the roadway foundation
on the transportation route (lack of expansion joints). The latter is especially
important in winter period.

The soil-steel bridges can be exposed to dynamic loads that may come from the
natural forces (e.g. earthquakes) or traffic loads from railway and road transport.
Numerical analysis of soil-steel bridge with a RC relieving slab under the static loads
was presented by Beben and Stryczek (Beben and Stryczek 2016). A Finite Element
Method computer program was used for this purpose. A positive effect of the
relieving slab was confirmed. The main goal of that study was to identify and
explain the static loads effects.

Ogawa and Koike (Ogawa and Koike 2001) analysed the influence of seismic
activity on the example of several types of pipes (gas pipelines) surrounded by the
soil. The slip coefficient between the steel plate and the backfill was defined.
Moreover, a simplified method for assessing the plastic deformations of the pipelines
affected by earthquakes was proposed. Davis and Bardet (2000) analysed the
existing steel pipes surrounded by the soil after earthquakes. Katona (2010) analysed
the box and circular RC culverts influenced by seismic activity and on the diversified
static load.

The main aim of this paper is a determination of seismic behaviour of a soil-steel
bridge under three component ground motion excitations. Particularly the effects of
two component horizontal excitations along and perpendicular to the bridge are
studied. The combined, net effects of these two seismic loads are not clear for this
type of bridges and constitute the spatial seismic irregularity of the structure with
respect to the seismic load. To clarify this issue of irregularity, dynamic numerical
analyses are carried out. Two finite element programs (DIANA and SAP2000) were
applied. Firstly, two FE models of the bridge were prepared to solve respective eigen
problem. Next, the benchmark, El Centro 1940 records were used for two cases of
seismic loads: with excitations along and vertical to the bridge and perpendicular to
the bridge structure. Both numerical analyses of the along and transversal seismic
effects were carried out with the vertical El Centro excitation component included in
the analysis.

3.2 Short Description of the Analysed Bridge

The subject of analysis is a soil-steel bridge called “ecoduct” (built to pass animals
over express roads). Its effective span equals 17.67 m while its vertical height is
equal to 6.05 m (Fig. 3.1). The analysed structure consists of a single-span steel shell
structure and the compacted backfill. Basic dimensions of the ecoduct structure are
presented in Fig. 3.2. The shell is made of corrugated steel plate of thickness
t ¼ 7 mm which has the corrugation depth of a ¼ 0.14 m with pitch b ¼ 0.38 m

24 T. Maleska et al.



(detail in Fig. 3.2). The structure’s width is 40.39 m at the top and 53.83 m at the
bottom. In the plan the object is situated perpendicularly in relation to the national
road. The individual sheets of corrugated plate are connected together using high
strength bolts ø ¼ 20 mm using a torque moment of 350–400 Nm. The steel shell
structure was supported, by means of steel, uneven-armed channel sections, on two
RC strip foundations with width of 4.0 m and length of 57.83 m made of concrete
C25/30.

Both ends of the shell were secured and stabilized by creating a reinforced
concrete collar with 0.40 � 0.60 m dimensions. The load-bearing structure was
designed as a shell consisting of corrugated steel plates backfilled with 0.20–0.30 m
thick layer (permeable soil with 10–32 mm grading, compacted to ID ¼ 95%
according to the Proctor Normal Density scale) for the backfill being in direct contact
with the shell. When it comes to backfill in other places, it was compacted to
ID ¼ 97% which allowed arranging of the ground layers with planting bushes and
small trees. The backfilling process was conducted symmetrically on both sides of
the shell structure. The differences in the height of backfill on both sides of the shell
did not exceed 2–3 layers, i.e. 0.40–0.60 m. Special vibratory plates were used to
compact the soil during construction. The soil cover thickness over the steel crown
shell equals hC ¼ 1.80 m, which allows planting various kinds of vegetation. Such
height of the backfill over the shell results also in increased damping of the entire
structure, which may reduce noise coming from the traffic passing below the ecoduct
and help to mitigate vibrations of the bridge.

3.3 Numerical Model

3.3.1 General Remarks

SAP2000 and DIANA computer programs using finite element method (FEM) were
applied in the further numerical analyses of the soil-steel bridge. The bridge was

Fig. 3.1 Side view of soil-
steel bridge
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modelled as a 3D structure with 3D shell elements for the shell structure, and solid
elements for the backfill. Figure 3.3 presents the applied numerical models in both
programs. Duncan-Chang nonlinear, elastic hyperbolic and isotropic models were
used for the backfill modelling in DIANA (DIANA FEA 2017) and SAP2000
(Introductory Tutorial for SAP 2000 2011) programs, respectively. In the calculation
models it was assumed that: (i) the actual dimension of the bridge span equals
17.67 m, (ii) width in the upper part of the shell is equal to 40.39 m, (iii) the structure
height is assumed to equal to 6.05 m and (iv) the thickness of the soil over the crown
equals 1.8 m.

3.3.2 Material Characteristics

For the numerical analyses following materials were applied:

1. Steel plate for shell elements (Q24IF), elastic-plastic model with density of
7850 kg/m3, Young model of 205 GPa, Poisson ratio of 0.3, the yield strength
of steel of 235 MPa, plate thickness of 0.007 m, cross section area of 8.867mm2/
mm, and moment of inertia of 21897.45 mm4/mm.

2. Backfill in the DIANA program was modelled using solid elements (C3DR8)
with Duncan-Chang nonlinear elastic hyperbolic model with material density of
2050 kg/m3, Young’s modulus of 100 MPa, Poisson ration of 0.2, angle of
internal friction of 39�, dilation angle of 5�, cohesion of 3 kPa, unloading-
reloading stiffness Eur ¼ 1000 N/m2, failure ratio Rf ¼ 0.7, reference pressure
Pref ¼ 101,350 N/m2, exponent for backbone curve n ¼ 1.1, exponent for
unloading reloading curve m ¼ 0.25, minimum tangential stiffness of backbone
curve Et.min ¼ 1200 N/m3, and minimum compressive stress 350 N/m2.

For the SAP2000 program the elastic-plastic isotropic model was adopted to
model the backfill with material density of 2050 kg/m3, Young’s modulus of
100 MPa, and Poisson ratio of 0.2.

a) b)

Fig. 3.3 Numerical models created in: (a) DIANA, (b) SAP2000
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3. Boundary conditions were assumed as hinged supports on all boundary walls of
the soil and support of the shell walls for x, y, z directions.

4. Connections between the backfill and steel shell structure were made by using
special interface of the DIANA program which is called “automatic interface” by
applying “Coulomb friction” function (Ucci et al. 2011) with rigidity of
100,000 kN/m3, angle of internal friction 39�, dilation angle of 5�, cohesion of
3 kPa. Additionally the second model with fixed connections was also created in
DIANA. In the SAP2000 program only fixed connections were used.

5. Quadratic finite elements with dimension of 0.5� 0.5 m for flat shell and backfill
in DIANA and SAP2000 programs were applied.

The corrugated steel plate of the shell structure was modelled in DIANA
program using shell elements with variable material characteristic plates
(Machelski 2008). An orthotropic shell (Fig. 3.4) can be used to calculate the
equivalent parameters such as:

• equivalent thickness of plate:

tequ: ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
12 1� v2ð Þ I

A

r
, ð3:1Þ

where I is moment of inertia, A is cross-sectional area, v is Poisson ratio
(v ¼ vx ¼ 0.3),

• equivalent elastic modulus of material (Young modulus) in circumferential
direction of shell:

Ex equ: ¼ E
A

a tequ:
, ð3:2Þ

where a is so called pitch of corrugation,
• equivalent elastic shear modulus:

a  = 380 mm

Corrugated steel plate profil

Equivalent flat plate

t = 7.1 mm

tequ.

F (E, t, v)  

h 
= 

14
0 

m
m

Fequ. (Ex equ., Ey equ., tequ., vequ.) 

(a)

(b)

Fig. 3.4 Orthotropic
characteristics of flat plates
used in numerical model of
shell
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Ey equ: ¼ E
t

tequ:

� �3

, ð3:3Þ

• equivalent Poisson ratio:

vequ: ¼ v
Ey equ:

Ex equ:
: ð3:4Þ

For SAP2000, the orthotropic steel shell is described using scale factors in
accordance with (Introductory Tutorial for SAP 2000 2011):

• the axial stiffness:

Sa ¼ A � Ex, ð3:5Þ

where A is cross-sectional area, and Ex is modulus of elasticity,
• the shear stiffness:

SSy ¼ Asy � gxy, ð3:6Þ
SSz ¼ Asz � gxy, ð3:7Þ

where Asy, Asz are shear area in X and Y directions, gxy is shear modulus,
• the torsional stiffness:

ST ¼ j � gxy, ð3:8Þ

where j is torsional constant,
• the bending stiffness:

SBz ¼ Izz � Ex, ð3:9Þ
SBy ¼ Iyy � Ex, ð3:10Þ

where Izz, Iyy are moment of inertia in Z and Y directions,
• the section mass:

MS ¼ A � mþ mpl, ð3:11Þ

where m is mass and mpl is mass per unit length,
• the section weight:

WS ¼ A � wþ wpl, ð3:12Þ

where w is weight and wpl is weight per unit length.
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3.4 Results of Modal and Seismic Analyses

Modal, linear and non-linear seismic analyses with time history response analyses
were carried out for the analysed soil-steel bridge using the El Centro 1940 record
(Chmielewski and Zembaty 1998). Table 3.1 shows the results of natural frequencies
for three considered cases of numerical models: (i) in SAP2000 with the fixed
connection, (ii) in DIANA with the fixed connection and (iii) in DIANA with the
interface elements.

Figures 3.5.1 and 3.5.2 present the selected first four natural modes of soil-steel
bridge. Results presented in Table 3.1 demonstrate that application of interface
elements in DIANA program gives lower natural frequencies. It can be seen that
these values are close to each other, which is characteristic for any shell structures. It
can be observed that the soil models significant affect the natural frequencies of the
bridge as modelled by SAP2000 and DIANA using the assumption of fixed connec-
tion between steel and soil.

The calculations of natural frequencies were performed for 96 modes of response,
both in SAP2000 and DIANA. For the linear analysis, the calculations were

Table 3.1 Natural frequencies f [Hz] of soil-steel bridge

Mode SAP2000 fixed connection DIANA fixed connection DIANA with interface

[Hz] [Hz] [Hz]

1 5.272 4.636 4.508

2 5.864 5.401 5.227

3 6.769 5.682 5.433

4 7.833 6.287 6.002

5 8.049 6.582 6.302

6 8.643 7.279 6.913

7 9.003 7.761 7.404

8 9.352 8.030 7.656

9 10.201 8.461 8.069

10 10.249 8.542 8.076

11 10.346 8.733 8.359

12 10.563 9.176 8.748

(...)

24 13.369 11.772 11.355

(...)

48 17.712 14.710 14.010

(...)

62 20.022 16.969 16.180

(...)

96 23.406 20.205 19.328
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conducted for 62 modes of natural frequencies (in SAP2000 program). The calcu-
lations were stopped when natural frequency exceeded 20 Hz. It should be empha-
sized that the contribution of natural modes with frequencies exceeding 20 Hz in
total seismic response is very low. The non-linear analysis was carried out only for
24 modes (in the DIANA program). This is because the difference of the responses
accounting for 12 and 24 modes was very small, namely about 4% for the
displacements.

In the next step, a linear (SAP2000) and non-linear (DIANA) analyses of the soil-
steel bridge were made using the time history analysis and the El Centro record. Two
numerical models were applied in DIANA program, the first model with interface
elements and second one with fixed connection. The fixed connection was used also
for model prepared in the SAP2000 program. Two cases of the seismic loads were
applied, i.e. “XZ” and “YZ” according to Fig. 3.3. It means that seismic excitations
were induced simultaneously at directions: transversal (X) and vertical (Z), and
longitudinal (Y) and vertical (Z).

It should be underlined that the direction “X” is perpendicular (transversal
effects) to the bridge, the direction “Y” is parallel (longitudinal effects) and the
direction “Z” is vertical to the bridge. Results of time history of analysed soil-steel
bridge are shown in the Tables 3.2 and 3.3 presents the results of the linear analysis

Fig. 3.5.1 Natural modes: (a) 1 (f1 ¼ 5.989 Hz), (b) 2 (f2 ¼ 6.303 Hz) computed using DIANA
program

Fig. 3.5.2 Natural modes: (a) 3 (f3 ¼ 6.612 Hz), (b) 4 (f4 ¼ 6.764 Hz) computed using DIANA
program
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in SAP2000, while Table 3.3 shows the results of the non-linear analysis in DIANA
program. In SAP2000 program, the largest vertical displacements were obtained
after 24 modes of natural frequency. In this case, the maximum displacement was
5.6 mm. For 12 modes, the displacements were lower by 4% and amounted to
5.4 mm. The obtained values were the same in both “X” and “Y” directions. In the
DIANA program (numerical model with the interface), the maximum vertical
displacement was 26.7 mm (Fig. 3.6). This value was obtained for both 12 and
24 modes of natural frequencies. In the case of the numerical model with the fixed
connection (in DIANA program), a smaller displacement of 31% was obtained by
comparing to the model with the interface, i.e. 18.5 mm. The maximum values
occurred in the shell crown.

The maximum bending moments were achieved in the SAP2000 and they
amounted to 13.73 kNm/m after 62 modes of natural frequencies. The difference
of bending moments between 24 and 48 modes of the response is a few percent.
However, the difference between the models with 12 and 24 modes of response does
not exceed 25%. In DIANA program, the maximum bending moment was achieved
in the numerical model with the interface. The value was equalled 11.29 kNm/m
(Fig. 3.7). In the numerical model without of interface, the maximum bending
moment was 9.45 kNm/m. Difference between bending moments obtained from
both numerical models equal to 16%. The maximum bending moments occurred at
the shell crown. It should be noted that the bending moments in all numerical models
were analysed only in the longitudinal direction to the bridge.

Fig. 3.6 Maximal displacements of the Y direction for model with interface received from DIANA
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3.5 Conclusion

As a result of modal and seismic analyses of soil-steel bridge in the DIANA and
SAP2000 programs the following conclusions can be drawn:

1. Seismic study of soil-steel bridge with use of the 12 modes of natural frequencies
is enough for analysis of short-to-medium spans of this type of structures.
Differences of maximum displacements between the considered numerical
models (SAP2000 and DIANA) do not exceed 4% in comparison to the model
with 24 modes of natural response. Similar differences occurred both in trans-
versal and longitudinal directions.

2. The obtained results of seismic analysis in the DIANA numerical program
confirmed that the application of special interface elements between backfill
and steel shell is important. Using the models with and without the interface
elements introduces substantial differences in displacements and bending
moments. In the case of vertical displacements the presence of interface intro-
duces up to 44% difference in comparison to the model without the interface.
However, in the case of bending moments, the difference between both models
was smaller and amounted to 19%. It means that the use of interface elements
gives more realistic displacements and bending moments.

3. The time history analyses of soil-steel bridge demonstrates quite high differences
of obtained values for the linear analyses (SAP 2000) and the non-linear ones
(DIANA). For obvious reasons, the non-linear response differs substantially from
the linear one in case of soil-steel structures which is the case of culvert and soil-
steel bridges. These differences can be seen for both cases of applied excitation
loads, i.e. for the “XZ” direction (perpendicular and vertical to the bridge), and
the “YZ” direction (parallel and vertical to the bridge). It confirms the irregular
behaviour of the soil-steel bridges. These differences can be mostly explained
from the way of modelling the structure in SAP2000:

Fig. 3.7 Maximum bending moment in shell structure of the Y direction for model with interface
received from DIANA program
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• flat shell with the orthotropic properties using scale factors,
• the soil isotropic model,
• simplified contact elements (fixed connection) to reflect the interaction

between various elements (particularly interaction between steel shell and
backfill).

4. It can also be concluded that in the future research special attention should be paid
to modelling the steel shell and backfill interaction.
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Chapter 4
Deformation Based Seismic Design
of Generally Irregular 3D RC Frame
Buildings for Minimized Total Steel Volume

Oren Lavan and Philip J. Wilkinson

Abstract This chapter presents a methodology for designing irregular 3D RC frame
buildings by minimizing the total steel volume while satisfying inter-story drifts and
material strains limits. Indirectly, this process leads to reduction on the base shear
and over-turning moments. The methodology relies only on analysis tools, without
any need for knowledge or tools of structural optimization. Although iterative, the
methodology requires only a few iterations for convergence. This makes the meth-
odology very attractive for practical use.

Keywords Irregular frame buildings · Setback structures · Structural optimization ·
Seismic design

4.1 Introduction

Irregular buildings are a common site in many cities around the world. It is their
irregularity, however, that often increases their seismic vulnerability (Stathopoulos
and Anagnostopoulos 2005; Kyrkos and Anagnostopoulos 2011). It also makes
building behaviour harder to predict using simplified analysis methods (Moehle
and Alarcon 1986; Valmundsson and Nau 1997; Anagnostopoulos et al. 2015).
Thus, complex models and advanced analyses are often used for prediction of their
behaviour. Nonetheless, even with advanced analysis types available for verifica-
tion, procedures (especially simple ones), for design of irregular buildings, are still
needed. Ideally, such design methods would lead to economic designs that minimize
cost as much as possible, while maintaining desired performance.
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This chapter presents a simple iterative approach for the seismic design of 3D
irregular RC frame buildings, as proposed by the authors (Lavan and Wilkinson
2016). It involves two stages within each iteration. In the first stage, as analysis is
performed on the current design. In the second stage, strengths and stiffnesses are
re-designed according to the analysis results and a pre-defined recurrence relation.
This procedure is carried out until convergence, which is obtained within a few
iterations. The approach targets a design that is as economic as possible while
satisfying limits on inter-story drifts and strains (or ductilities). As the approach is
transparent and only makes use of analysis tools, without requiring any optimization
tools or knowledge, it is more likely to be utilized by the practicing community.

4.2 Problem Statement

The design of RC frame structures requires the dimensions of beams and columns
and the amount of steel in these elements. Usually, beams’ and columns’ dimensions
are predetermined based on architectural considerations, gravity design and prelim-
inary seismic design. Deviations from these dimensions is usually not desired. If a
feasible design can be reached with these dimensions, the amount of steel in each
element is the remaining design variable to be determined by the engineer. Other-
wise, some minor changes in elements’ dimensions are required. Thus, the main
design variables adopted in this research are the amounts of steel in each element,
while, in some cases, the dimensions of some elements could be slightly modified.

With the dimensions of the elements set, the amounts of steel strongly affect the
construction cost. Therefore, the total steel volume is to be minimized. The amounts
of steel control the strength and the stiffness of the element. With lower structural
strength, lower base shear and over-turning moments are also expected to reduce.
This reduces foundation costs. In turn, lower strength also leads to lower total
accelerations (see e.g. Lavan 2015). This results in a reduction in damage to
acceleration sensitive non-structural components. Thus, the total steel volume
(or sum of moment capacities in all seismic elements) is to be minimized.

While minimum steel volume is desired, a lower steel volume reduces structural
strength and stiffness. Clearly larger inter-story drifts and elements’ ductility
demands (or material strains) are expected. Therefore, it is important to limit those
to allowable values. Here, peak inter-story drifts at each story periphery are limited
to allowable values. In addition, limits are assigned to allowable beam and column
base ductility demands. Different limits are set for the various seismicity levels
considered.
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4.3 Proposed Methodology

The proposed methodology relies on an optimality criterion of the Fully-Stressed-
Design (FSD) type. The earliest FSD type optimality criterion was proposed by
Cilley (1900). Cilley also proved it to lead to a formal optimum for the design of the
truss of minimum weight under stress constraints. It was shown that, for this
problem, in the optimal design all bars reach the allowable stress in at least one
loading condition. Accompanied to the FSD optimality criterion is the Analysis/
Redesign (AR) algorithm where the engineer performs an analysis on a given design
and modifies the cross sections of the bars accordingly. Here, if the stress in the bar is
lower than the allowable, the engineer would decrease the bar cross section. Con-
trarily, if the stress in the bar is larger than the allowable, the engineer would increase
the bar cross section. Convergence is usually obtained within a few iterations.

Characteristics of the FSD type have also been identified in optimal designs of
seismic retrofitting of buildings using viscous dampers (Lavan and Levy 2006,
2010). The total added damping was to be minimised while inter-story drifts were
constrained to allowable values. These optimality criteria were further accompanied
by an AR type optimal design scheme (Lavan and Levy 2005, 2009; Levy and Lavan
2006). Such design schemes were also proposed in other problems based on intuitive
FSD type criteria (Lavan 2015; Lavan and Daniel 2013; Daniel and Lavan 2015).
Comparison of the obtained designs using these methods with those obtained using
formal optimization tools (Daniel and Lavan 2014; Lavan and Dargush 2009)
revealed that, if not optimal, they were at least near optimal. An AR type algorithm
has also been adopted for the seismic design of plane RC frames (Hajirasouliha et al.
2012). In their problem, minimized total steel volume was targeted while limits were
assigned to deformations over the height of the building.

In view of the above experience, and the strong relation between the inter-story
drift of a given story and the strength and stiffness of the same story, it is expected
that an optimized design for the problem stated in the previous section would possess
the following intuitive optimality criterion:

For 3D framed structures, the optimal design will attain a flexural strength in
beams of peripheral frames, larger than the minimum allowed, only in floors for
which the performance measure has reached the allowable.

The performance measure is taken here as the maximum of the normalized (by its
allowable value) inter-story drift of the peripheral frame in the story below the floor,
and the maximum of the normalized (by their allowable values) ductility demands of
all beams in that bent. For the first floor, the maximum of the normalized (by their
allowable values) ductility demands of all column bases of that peripheral frame is
also considered.
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In view of the discussion above, only peripheral frames are considered as lateral
load resisting systems. Inner frames are considered as gravity frames and their beams
and columns are designed for gravity loads only. Gravity frames are detailed for
ductilities congruent with the expected peak deformations. If the use of peripheral
frames only does not lead to a feasible design, inner frames are gradually added as
lateral load resisting systems one grid at a time from the periphery in.

The proposed scheme is described in Fig. 4.1. Where M pþ1ð Þ
yb and M pð Þ

yb are the
nominal flexural yield strengths of seismic beam b for iterations p + 1 and p respec-
tively. PI pð Þ

θj and PI pð Þ
μb are the parameters PIθj and PIμb defined in section “Optimi-

zation problem” computed for iteration p, respectively. For more details, the reader is
referred to (Lavan and Wilkinson 2016).

Step 1: Iden�fy the seismic frames. Start with an ini�al design 
that sa�sfies gravity requirements and is based on a reasonable 

ini�al seismic design

Step 2: Perform a seismic analysis of the current design:
Retrieve inter-story dri�s of peripheries, duc�lity demands of 

beams and column bases (and column Moment-Axial force 
interac�on in the early itera�ons). 

Step 4: Redesign beams: 
•

• Compute reinforcement ra�os. If those exceed the limits,
adjust beam depth.  

• If all beams reach their maximum limit strengths, the closest 
parallel frame could be iden�fied as seismic for the next 
itera�on.

Step 5: Redesign columns: Use a column to beam strength ra�o  
of 2.0. Maintain monotonic decrease of sec�on sizes with
height.

Step 3: Stopping criteria met? FinishYes

No

Step 3: Stopping criteria: 
•   Performance indices are all less than one (plus tolerance).
•   Total volume of steel reinforcing have stabilized (converged).
•   Performance indices have stabilized (converged).

Redesign beam strengths at each floor and each seismic
frame using          .

Fig. 4.1 Proposed design scheme
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4.4 Example

The proposed procedure is implemented in this section on the three-story irregular
RC frame structure shown in Fig. 4.2. In this figure, the final component dimensions
and relative flexural strengths (darker is stronger) are shown. Note that although
some beams are larger than adjacent columns, the columns’ strength is larger (darker
in the figure). The design was performed for two limit states: a serviceability limit
state and a life safety limit state. For the serviceability limit state, column bases and
beams were assigned with an allowable of ductility of 5 while inter-story drifts were
limited to 1% of the story height. For the life safety limit state the allowable ductility
was set to 7.3 while 2% inter-story drifts were allowed.

Five sets of two horizontal components of ground motions were selected from the
LA10/50 set (Somerville et al. 1997) and were modified using the program
SeismoMatch (Seismosoft 2010) to match the design response spectrum. The anal-
ysis of the building was performed using Ruaumoko (Carr 2006).

Figure 4.3 presents the Maximum Constraint Violation (MCV) and the Objective
Function (OF) value as a function of the iteration count. As can be seen, 14 iterations
were required for full convergence.

The behaviour of the final design in terms of inter-story drifts and ductility
demands are presented in Fig. 4.4.

As can be seen, most stories of most peripheral frames reached the allowable
inter-story drifts in at least one limit state. The others were at their minimum
strength. Ductility demands of the beams and column bases were well within their
allowable limits. Some limited plasticity in the columns above their bases was
apparent. This is very encouraging in such a highly irregular structure.

Z edge 1

Z edge 2

X edge 1

X edge 2

10.5

7

3.5

0
0

9 9

0

18 18

Fig. 4.2 3 story generally irregular RC frame structure: Final component dimensions are shown
while relative flexural strengths is indicated by colour (darker is stronger)
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4.5 Conclusions

A methodology of the analysis/redesign type, for the efficient seismic design of 3D
generally irregular frame structures, was presented. The methodology aims at min-
imizing the total moment capacity of all members, within inter-story drift and

Fig. 4.4 Analysis-redesign design verification results (the black drift bars show the serviceability
mean peak demands and the grey bars the ULS demands)
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ductility demand constraints. As the methodology is very intuitive, and requires
analysis tools only, it is intended for practical use in design offices.

The methodology was applied to a 3 story setback structure to demonstrate its
utility. The final design was achieved with 14 iterations, which is manageable even
though nonlinear time-history analyses are adopted. This further highlights the
applicability of the method to design offices. As intended, the final designs attained
flexural strengths in beams larger than the minimum gauge, only in floors for which
the performance measure reached the allowable. Thus, strength was assigned only
where required.
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Chapter 5
Fast Nonlinear Response History Analysis:
An Application to Irregular Building
Structures

Juan C. Reyes, William A. Avila, and Armando Sierra

Abstract The design or evaluation of high complexity structures requires
non-traditional methods to estimate their seismic performance. Although structural
engineering still relies on nonlinear static analysis for estimating seismic demands,
the nonlinear response history analysis (RHA) is being now increasingly used for
design-check and performance evaluation. In this approach, the engineering demand
parameters are determined by performing a series of nonlinear RHAs using an ensemble
of ground motion records that represent the site’s seismic hazard conditions. This type
of analysis is computationally demanding and time consuming when applied to three-
dimensional computer models subjected to multi-axial excitations. A procedure is
presented to reduce the processing time of nonlinear RHA by minimizing the impact
on the response of the structure while maximizing the time savings; it has three steps:
(i) trimming a segment of the ground-motion record at the beginning; (ii) trimming a
segment at the end; (iii) identifying an appropriate time-step to reduce the number of
steps required to properly characterize the signal. This procedure has been tested
through a parametric study by considering multiple structural periods and response
modification factors formulti-story irregular buildings. Results show that the processing
time can be reduced without compromising accuracy in estimates of peak EDPs.

Keywords Nonlinear reponse history analysis · Reducing time-steps · Trimming
seismic records

5.1 Introduction

Nonlinear response history analysis (RHA) is a useful tool to predict the behaviour
of structures subjected to seismic forces. In particular, when a performance-based
design is executed based on three-dimensional (3D) RHAs, pairs of seven records
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are often used per Chapter 16 of ASCE/SEI 7-10 (American Society of Civil
Engineers 2010) according to both California Building Code (International Code
Council 2013) and International Building Code (International Code Council 2015).
However, in the present, the ASCE/SEI 7-16 (American Society of Civil Engineers
2016) demands eleven pairs of ground motions.

Nonlinear RHAs of 3D computer models of tall buildings or complex structures
(e.g., dams and bridges) with significant degrees of freedom can be computationally
challenging and time demanding. Even more, when records have high sampling
rates, greater to 200 per-second, or are of long duration, the analysis time can be even
more critical. Parametric studies or in incremental dynamic analyses (Vamvatsikos
and Cornell 2002) of structures subjected to a series of nonlinear RHAs, are clear
day-to-day examples of the previous problematic.

With the goal of obtaining a highly efficient RHA without significant error, this
research offers a new approach consisting in appropriately trimming the beginning
and end of the input record, and then downsampling the remaining record while
preserving significant frequency characteristics of the original record, including its
S-phase (Reyes et al. 2017). Its main advantage is to obtain a highly efficient RHA
managing an acceptable error. The parameter to identify the leading and trailing
signals to be trimmed is the maximum roof displacement; this value may be
calculated by implementing the uncoupled modal response history analysis
UMRHA (Chopra 2007, Chopra and Goel 2004; Reyes et al. 2011a, b, 2015).
Arias intensity parameter (Arias 1970) and yield base shear may also be chosen;
however, the previously proposed is better as it represents the characteristics of both
the ground motion and structural response. In order to illustrate the efficiency of the
method, this document describes the results of several 3D-idealized models that
correspond to buildings of 3, 6, 9, 12, 15, 18, 21, 24, 27, 30, and 33-stories. Results
demonstrated that the method is capable of controlling errors in estimating the peak
roof displacement as an engineering demand parameter (EDP), and permitted to
compare the EDP from the trimmed and down-sampled records against those from
the original records.

5.2 Ground Motions Selected

Two seismic scenarios were considered in this study; for each scenario, eleven
ground motions were spectrally matched to the corresponding design spectrum.
Selected sites were LA, CA and San Jose, CA, which represent zones of high
seismic hazard. Records were selected based on hazard deaggregation analyses
and spectral shape. Magnitude ranges were 6.3–8.3 for both cities. Distance ranges
were 4.5–65 km and 5–20 km for LA and San Jose sites, respectively. The seismicity
of the sites included both near-fault and far-field crustal events.

Chapter 16 of the ASCE/SEI 7-16 allows spectrum-matched ground motions to
be used in response history analyses of buildings. As the objective of this investi-
gation is to assess a design problem, time domain spectrum matching was conducted
on the original records. RspMatch2005 (a non-commercial computer code),
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recommended as one of the appropriate spectral matching techniques in ATC-82
report, was utilized for this purpose. For near-fault records, it was guaranteed that
their velocity pulses were preserved after implementing spectrum matching.

5.3 Structural Systems

Buildings of 3, 6, 9, 12, 15, 18, 21, 24, 27, 30, and 33-stories, with the four different
plans shown in Fig. 5.1a, were selected for the analysis phase. The three-dimensional
(3D) idealized structure was defined as a shear model containing several vertical
elements in each orthogonal horizontal direction (Fig. 5.1b), defined by the trilinear
constitutive model shown in Fig. 5.2. The structural systems have a constant initial
stiffness k1 over its height. The latter was adjusted to achieve a prescribed funda-
mental period T1 estimated per equations 8–7 in Chapter 12 of ASCE/SEI 7-10
(American Society of Civil Engineers 2010). Considering all the parametric values, a
total of 132 structures were able to be characterized.

5.4 Methodology

The proposed method consists in a three-step process; each will be subsequently
detailly explained. The maximum roof displacement of an equivalent SDF system is
used as the EDP to identify the leading and trailing segments of the signal to be
trimmed. The following procedure is taken from Reyes et al. (2017).

(a) (b)

Rectangular plan

L-shaped plan
T-shaped plan

C-shaped plan Isometric view

Pure shear
elements

Fig. 5.1 Schematic plan view of reinforced concrete idealized structures used for analysis. (a)
Floor plans. (b) Isometric view of a typical shear building model
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5.4.1 Trimming Leading Weak Signal

The leading weak signal that includes the pre-event interval starts from the beginning
of the record to the last zero crossing before the roof displacement (ur) reaches an
initial target roof displacement (uri) defined as (Reyes et al. 2017):

uri ¼ f i � max jur tð Þjð Þ ð5:1Þ

where fi is the displacement modification factor for the leading signal, and | | is the
absolute value operator. ur is computed by implementing UMRHA (Chopra and
Goel 2004). Identification of the leading weak signal is illustrated in Fig. 5.3, where
the top panel shows ground-motion acceleration record and the bottom panel
displays ur.

5.4.2 Trimming Leading Weak Signal

The trailing weak signal starts from a time instant when the roof displacement (ur)
reaches a final target roof displacement (urf) and ends at the termination of the record.
urf is defined as (Reyes et al. 2017):

urf ¼ f f � max jur tð Þjð Þ ð5:2Þ

where ff is the displacement modification factor for trailing signal. Identification of
the trailing weak signal is illustrated in Fig. 5.4.

story
shear

2Vs /R

Vs /R
k2

Δy 3.5Δy story
drift

k1

Fig. 5.2 Trilinear
constitutive model for
vertical elements
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5.4.3 Downsampling

The downsampling is performed following as (Zhong and Zareian 2014):
• Transform the roof displacement time series from time domain to frequency

domain;

Time

max(|ur (t)|)

Leading weak signal

u r
 (t

)

ü g
 (t

)

fi · max(|ur (t)|)

Fig. 5.3 Trimming leading weak signal from the acceleration record (top panel) using modified
peak roof displacement, estimated from equivalent SDF system, as a proxy (bottom panel).
Maximum roof displacement and its modified value by fi are marked with yellow circles

max(|ur (t)|)

u r
 (t

)
ü g

 (t
)

ff · max(|ur (t)|)

Time

Trim trailing signal

Fig. 5.4 Trimming trailing weak signal from the acceleration record (top panel) using modified
peak roof displacement, estimated from equivalent SDF system, as a proxy (bottom panel).
Maximum roof displacement and its modified value by ff are marked with yellow circles
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• Identify the largest frequency (ω1%) associated with an amplitude at least of 1% of
the peak response;

• Apply a low-pass filter to the trimmed record with cutoff frequency,
ωcut ¼ ω1% � fm, where fm is a factor that modifies the usable frequency range.

• Modify time step Δt as a multiple of 0.005 s less than or equal to π/ωcut to
eliminate aliasing.

• Resample the filtered record by picking every mth sample, where m represents the
new sampling rate.

An example is illustrated in Fig. 5.5 showing the correspondence between the
original and downsampled acceleration waveforms; the Fourier spectrum is also
included for clarity.

5.5 Results

In order to optimize the processing time while keeping the discrepancies of the
estimates of structural response in acceptable limits, a complete study was
conducted. It consisted in a parametric research, using two sets of eleven modified
records for 132 different structural systems, with various plan shapes, design
strengths (R values) and fundamental periods. Additionally, the beginning and end
trimming segments, as well as the downsampling ( fi, ff and fm) were ranged from 0%
to 50% by an interval of 2.5%.
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Fig. 5.5 Reducing
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Figure 5.6 presents the relative error in median peak roof displacements by
implementing independently the modifications for the eleven records of the LA
scenario. Each subplot shows the results for various fundamental periods and contain
series representing the obtained outcome for each structural plan using R ¼ 8. As
expected, the error in peak roof displacement is larger as the value of the parameters
fi, ff and fm increases because it leads to a larger segment of the record to be cut or to a
larger time step (compare Fig. 5.6a–f). In general, the error increases for longer
periods compared to those for shorter ones. If the parameters fi, ff and fm are equal to
10%, 10%, 20%, respectively, the error in roof displacements is less than 1%. For
this condition, the unsymmetric-plan buildings with plans C and T seem to be more
critical. In Fig. 5.6e, f, the error in the estimation of the peak roof displacement is
zero because the trimming of weak trailing signal occurs after the time instant when
the peak value of roof displacement is reached. Based on these results, appropriate
values of the parameters fi, ff and fm may be 10%, 10%, 20%, respectively.

Figure 5.7 demonstrates the combined effects of proposed values of fi, ff and fm on
the error in median peak roof displacement estimates, and the contribution of these
modification factors on the time steps saved. The results presented in Fig. 5.7 are for
the LA scenario and two R values. The error is within 4% for almost all cases, and
the average reduction in time steps is 70% as compared to the original records. The
linear structures shows larger errors in roof displacements than the nonlinear ones,
being more critical the rectangular plans. The savings in time steps are similar for the
four plans considered. For structures with fundamental periods less than 1 s, the time
step reduction is mainly due to the trimming leading and trailing signals. For
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Fig. 5.6 Relative error in peak roof displacements by implementing independently the modifica-
tions presented in sections 4.1 to 4.3 for two values of the parameters fi, ff and fm. Each subplot
shows the results for various fundamental periods and contain series representing the obtained
outcome for each structural plan using R ¼ 8
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structures with the longer fundamental periods, the reduction is mainly due to the
downsampling process of the record. This is the benefit of using three different
criteria when modifying the ground motion records.

5.6 Conclusions

A practical method where records are modified by trimming leading and trailing
weak signals and reducing sampling rates is proposed in this research. This option
permits to achieve fast nonlinear response history analysis (RHA) of complex
structures or multiple degrees of freedom systems. The method is shown to be
successful in limiting the error in roof displacement estimates in most cases because
it ensures that the S-phase is preserved in the trimmed record. The goodness of the
approximation was measured in terms of the ability to represent the response of
unsymmetric-plan MDF systems, from linear to nonlinear, subjected to two sets of
eleven ground-motion records. Additional testing results from various EDPs such as
floor accelerations, floor velocities, and story-shear still require further validation.
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Chapter 6
Seismic Behaviour of an Irregular Old RC
Dual-System Building in Lisbon

Claudia Caruso, Rita Bento, and Edoardo M. Marino

Abstract In this paper, the seismic performance of a reinforced concrete dual-
system building with vertical irregularities, built in the 60s in Lisbon, is addressed.
The seismic behaviour and the torsional effects of the building are investigated by
means of nonlinear static (pushover) analyses and extended N2 method. Then the
results are compared with the nonlinear dynamic Time-History analysis, the latter
considered as the reference solution. A three-dimensional numerical model of the
case-study building is developed to account for torsion in the building. The evalu-
ation of the seismic vulnerability of structure is based on performance-based assess-
ment procedures and on the structural safety requirements proposed in Part 3 of
Eurocode 8. The main targets of this study are (i) to detect and quantify the main
deficiency of this typology of old existing RC buildings, which were not designed to
resist the forces induced by torsional vibrations; (ii) to propose suitable retrofitting
intervention for this category of buildings.

Keywords Reinforced concrete buildings · Seismic assessment · Dual-system ·
Extended N2 method

6.1 Introduction

In many European cities, a high percentage of reinforced concrete (RC) dual-system
buildings were designed between the 60s and the 80s according to older seismic
codes. These buildings typology present characteristics such as smooth reinforcing
bars, open ground floors without infills and eccentric RC core walls which determine
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their higher seismic vulnerability. Also, the seismic response of old RC buildings
may be significantly influenced by torsional effects, which can lead to an increase of
damage throughout the structure and the consequential need of structural
intervention.

In this study, a case study old RC frame-wall building is considered. A three-
dimensional (3-D) model is developed to take into account the torsional behaviour,
using the open-source software OpenSees (McKenna et al. 2000). A significant
effort was devoted to the development of a numerical model that is able to account
for the main features of old RC frame-wall structures such as: masonry infills, first
storey irregularity, low dissipative behaviour of structural members due to inade-
quate reinforcement detailing, smooth reinforcing bars. The seismic assessment is
performed with an attention on torsional effects. The original N2 (Basic N2) method
(Fajfar 1999) and its extension (Extended N2) (Kreslin ab Fajfar 2012) are applied to
the case study structure and the results compared with the ones got with nonlinear
dynamic Time-History analysis (TH).

This work intends to be a contribution on the assessment of the seismic vulner-
abilities of this typology of buildings, and a contribution for the development of
appropriate retrofitting strategies. A retrofitting intervention based on FRP wrapping
is proposed focusing on the main objective to increase the local deformation capacity
of the vulnerable structural elements and thus the global deformation capacity of the
structure.

This study starts with a brief characterization of the case study building (Sect.
6.2). Afterwards, in Sect. 6.3, a summary review of the assessment methodology and
the Extended N2 method is introduced. Then, in Sect. 6.4, the seismic performance
of the RC building case study is evaluated and the results of a local strengthening
solution are analysed and discussed.

6.2 Building Structure

A case study is chosen, as belonging to the typology of RC dual-system residential
buildings in Lisbon designed in the 60s (Fig. 6.1). The building features 8 storeys in
elevation. The ground storey is slightly higher, 3.60 meters, all the other storeys are

Fig. 6.1 Case study building: structural plan (left); cross-section (right). Dimensions in [m]
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3.00 meters high. It presents infills walls at all storeys except at the ground storey
which is an open storey.

The building, designed and built before the introduction of modern seismic codes
and the modern principles of ductility and energy dissipation capacity, presents some
inadequate reinforcement detailing, e.g. (i) insufficient longitudinal and transverse
reinforcement in RC columns and walls, which may lead to brittle shear failure,
(ii) vertical discontinuity due to reduction in stiffness and size of columns and walls
at each storey, typical for building designed for gravity loads only (iii) lack of
confined boundary elements in RC walls, which, according to Part 1 of Eurocode8
(EC8-1) (EC8-Part 1: Eurocode 8 2005), are necessary to ensure a ductile behaviour
(EC8-1), (iv) smooth reinforcing bars.

Table 6.1 shows the floor masses at the bottom and upper storey and the moment
of inertia of mass.

The structure is symmetric in the Y direction and relatively asymmetric in the X
direction. Nevertheless, a mass eccentricity was assumed equal to 5% of the plan
dimensions in each of the horizontal directions. This mass eccentricity can be
considered as an accidental eccentricity, as defined in EC8-1. As a preliminary
evaluation of the torsional response of the building, the ratio of the translational
period to the rotational period has been evaluated. In fact, typically, values smaller
than one denote the structure as torsionally flexible (Anagnostopoulos et al. 2015;
Fajfar et al. 2005). For the case study building, these values are equal to 0.96 and
0.99 for the X and Y direction, respectively, showing that the structure is prone
exhibit torsional effects.

6.2.1 Numerical Modelling

A 3-D model of the building is developed in OpenSees. Force-based nonlinear beam
column elements are used for the structural element and a fibre discretization of the
sections is adopted. The effects of confinement on the concrete section core and
cover are defined using the Popovics model (Popovics 1973). The constitutive law of
the reinforcing steel bars makes use of the Giuffre-Menegotto-Pinto model
(Menegotto and Pinto 1973). As for the material properties, a concrete compressive
strength of 28 MPa is considered and a steel yield strength of 235 MPa.

Initial stiffness and mass proportional damping is considered for the definition of
the TH analysis (Bhatt and Bento 2014), with a 5% damping in the first and fifth

Table 6.1 Floor masses and moments of inertia of mass

Floor masses [ton] Moments of inertia of mass [ton.m2]

Bottom storey 443 54,341

0.099 m

Upper storeys 456 53,700

0.096 m
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mode, being the latter the mode in which almost all sum participation mass is
mobilized. For the definition of the elastic response spectrum, necessary for the
application of the Extended N2 method, i.e. the N2 method and the linear dynamic
response spectrum analyses, a 5% viscous damping is considered.

The presence of infill walls is taken into account by means of two diagonal struts
carrying only compressive load (Celarec et al. 2012; Dolšek and Fajfar 2008). A
simplified method is assumed to take into account the presence of smooth
reinforcing bars and the increased deformability due to strain penetration effects at
the base of the vertical structural element. The method, developed in a previous work
(Caruso et al. 2018a), consists in reducing the Young Modulus and maximum
strength of the steel rebars based on to the rebars’ properties and the reinforcement
embedment length. In this study, based on the characteristic of the reinforcing bars of
the RC walls, the Young Modulus was reduced by 50% and the maximum strength
by 30%.

More information on the numerical modelling and characteristics of the buildings
analysed may be found in (Caruso et al. 2018b).

6.3 Seismic Safety Assessment

6.3.1 Methodology

The seismic safety assessment of the building is performed by comparing for each
vertical element of the structure (columns and RC walls) the seismic demand, in
terms of deformations and shear forces, with the capacity, as proposed in the Part
3 of Eurocode 8 (EC8-3).

To assess the seismic performance of the building, and analyse how the torsional
behaviour is unfavourable for the assessment of the structural seismic response, the
Extended N2 method is applied. The Extended N2 method combines the results of a
pushover analysis with those of a Linear Dynamic Response Spectrum Analysis
(LDRS), thus accounting for higher mode effects in both plan (torsional effects) and
elevation. Correction factors are defined and applied to the results of the pushover
analysis to take into account the higher mode effects. The full description of the
procedure is described in (Kreslin and Fajfar 2012).

For the pushover analyses lateral forces uniform and modal proportional load
patterns are adopted. These forces are applied in the X and Y directions and in
positive and negative senses (Fig. 6.1), resulting in four different pushover analyses
for each type of load pattern. The target displacements are defined through the N2
method (Fajfar 2000), according to the nonlinear static procedure prescribed in Part
3 of Eurocode 8 (EC8-3) (EC8-Part 3: Eurocode 8 2010). The seismic action is
defined by means of the National Annex of EC8-1 elastic response spectrum for soil
type B, with a PGA of 0.153 g (return period of 475 years) for earthquake type
1, which represent the critical seismic action for this case study.
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A LDRS analysis of the 3-D model is performed. The Complete Quadratic
Combination (CQC) rule is used to combine the different modal responses and the
results from the two horizontal directions (X and Y) are combined by the Square-
Root-of-Sum-of-Squares (SRSS) rule. The sum of the effective modal mass for all
the modes considered in each direction is at least 95% of the total mass.

The results of the TH analysis are considered as a benchmark to which the results
of the Basic N2 method (which does not account for torsional effects) and the results
of the Extended N2 are compared.

To perform the TH analysis, 30 real ground motion records are selected using the
methodology developed in (Araújo et al. 2016). Each record has two horizontal
components, X and Y, and is scaled to match the elastic spectrum corresponding to
the Significant Damage (SD) limit state.

The analyses are performed on a model with accidental eccentricity, i.e. the centre
of mass (CM) does not coincide with the geometric centre of the deck (i.e. an
accidental eccentricity is considered).

6.4 Analyses of Results

6.4.1 Evaluation of the Target Displacement

Pushover curves as determined by the modal load pattern are showed in Fig. 6.2. The
figure shows base shear (V ) versus top displacement (d ) at the CM for the two sign
of loading, positive (+) and negative (�) (see Fig. 6.1) and for the X (Fig. 6.2a) and
Y direction (Fig. 6.2b). It is worth noting that the two curves in the X direction are
coincident.

The mean result of the TH analyses, used as benchmark to evaluate the applica-
bility of the BasicN2 method, are also shown Fig. 6.2. In this figure, Vmax corre-
sponds to the mean response of the TH considering the maximum top floor

Fig. 6.2 (a) Pushover curves in X direction and (b) in Y directions
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displacement versus the maximum base shear; V(dmax) stands for the maximum top
floor displacement versus the base shear obtained at the same instant; “Interval”
corresponds to the maximum top floor displacement versus the maximum base shear
obtained in an interval of time ranging from 1 s before and after the instant
correspondent to maximum top floor displacement.

In Fig. 6.2 the values of the target displacement as obtained with the N2 method
and for the SD state and the seismic action set by EC8-1 for Lisbon are marked with
a red cross. It is evident that the results of the two methods (TH and N2) are quite
similar and are summarised in Table 6.2.

The effects of torsion and the effects of higher mode effects on the building
response are evaluated in terms of drift, in plan and in elevation, and in terms of
shear demand. In order to evaluate the torsional response, the displacement at the
centre of mass, at the flexible edge (FE) and at the stiff edge (SE) of the building are
observed, being the FE edge close to the CM.

The distribution of displacement in plan are obtained performing the LDRS and
the TH analyses. These displacements are normalized by the top displacement at the
mass centre (uCM).

The curve of the in-plan distribution of top displacement determined by the
results of LDRS represents the effect of the torsional component as projected by
the Extended N2 (through the application of correction factors). In Fig. 6.3 the
normalized top displacements u/uCM are presented for the X direction (Fig. 6.3a) and
the Y direction (6.3b) at PGA ¼ 0.153 g. It is evident that the results as obtained by
the Extended N2 method are very similar to those obtained by the TH analysis, even
though the former are slightly conservative.

Table 6.2 Target
displacements as obtained by
the N2 method and TH
analysis for SD limit state

N2 method

TH analysisModal Uniform

X+ 0.108 m 0.099 m 0.089 m

X� 0.108 m 0.099 m 0.088 m

Y+ 0.115 m 0.090 m 0.084 m

Y� 0.120 m 0.096 m 0.088 m

Fig. 6.3 (a) Top displacements in plan for X direction and (b) for Y direction at PGA ¼ 0.153 g
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The results delivered by the Basic N2 (dashed line in the figure) are not capable of
capturing the torsional behaviour of the structure and they totally deviate from the
result of the TH.

The interstorey drift ratios are plotted for the Y direction in Fig. 6.4, at the target
displacement correspondent to the SD limit state. In the figures, from a to c, the
interstorey drifts ratios along the height are showed for the SE, the CM and the FE,
respectively. The results denoted as “Basic N2” correspond to the torsionally
balanced building and those denoted as Extended N2 are obtained considering the
accidental eccentricity. In the X direction, the effects of torsion are very small, as it is
evident also from Fig. 6.3a.

The effects of torsion are evident for the higher interstorey drifts provided by the
Extended N2 in both FE and SE. Even though the results are quite conservative, it is
worth noting that this is also due to higher target displacement obtained with the N2
method (see Table 6.2). Furthermore, it is showed that applying the original N2
method (i.e. without adopting correction factors) on the model which consider the
eccentricity in plan (dashed red line in Fig. 6.4a) would lead to underestimate the
drifts, which is an unsafe condition.

6.4.2 Shear Demand and Capacity

The results of a previous study (Celarec et al. 2012) indicated that the most severe
failure mode of the building corresponds to the shear failure (brittle failure mecha-
nism) of the RC walls in both X and Y directions, while the columns have a
reasonable flexural behaviour, developing a stable flexural response.

In this study, the shear demand is determined multiplying the results of the
pushover analyses with the correction factors. Figure 6.5 shows the shear demand
in wall W1 at the target displacement, for the X direction (Fig. 6.5a) and for the Y
direction (6.5b).

a b c

Fig. 6.4 (a) Storey-drifts at the SE, (b) at the CM and c at the FE for the Y direction
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For the X direction, the Extended and Basic N2 methods deliver almost coinci-
dent results, as the correction factors in this direction are very small. Furthermore,
the shear demand prediction is conservative when compared to that obtained by the
TH analysis.

For the Y direction, the Extended N2 method leads to a conservative estimation of
the shear demand when compared to the Basic N2 and the TH analyses. Based on
these results it is possible to conclude that the torsional effects aggravate the
structural building behaviour, therefore it is important to consider them in seismic
assessment procedures.

The shear resistance of RC walls, VR, is calculated by means of shear resistance to
web crushing, VRd,max, and shear resistance as controlled by the stirrups, VRd,s, and
verified according to the minimum of the two values.

It is evident from the comparison of the shear demand and capacity (Fig. 6.5) that
the walls suffer from brittle shear failure. As stated before, this result is due to the
very low amount of transversal reinforcement of the RC walls. Therefore, in the next
section a local strengthening solution is addressed to increase the shear capacity of
the walls, involving the use of Fibre Reinforced Polymers (FRP).

6.4.3 Retrofitting Strategy

Externally bonded FRPs are used in seismic retrofitting in order to enhance or
improve: (i) the deformation capacity of flexural plastic hinges, (ii) deficient lap
splices, (iii) shear resistance. To improve the shear capacity of brittle components,

Fig. 6.5 Shear demand and capacity (VR) for walls W1 in (a) X direction and (b) Y direction
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the FRP overlay should be applied with the fibres mainly in the direction in which
enhancement of shear strength is pursued. Unlike beams, columns and walls are
subjected to a constant shear force within each storey. Hence, if shear strengthening
is needed, it should be uniform throughout the height of the vertical element in a
storey. Moreover, as the shear demand alternates between opposite values, the main
direction of the FRP should be horizontal (Fardis 2009).

The total shear capacity, as controlled by the stirrups and the FRP, is evaluated as
the sum of the contribution from the existing concrete member and the contribution
from the FRP (Caruso et al. 2018b). The FRP contribution to the shear capacity for
full wrapping with FRP may be calculated with Equation A.22 of EC8-3. In
Table 6.3 the value of the FRP shear contribution, VRd,f are reported for different
number of layers, nf.

The shear demand to capacity ratio (D/C) in the RC walls of the Original and
Retrofitted schemes at the SD limit state are plotted in Fig. 6.6. All shear D/C ratios
fall below unity, indicating positive effects of brace retrofitting on reducing the
demand on the shear walls (Fig. 6.6). It is noted that the partial retrofitting at the
ground storey results in a decrease in wall shear at the lower storey, but it does not
have a negative influence on the upper storeys of the building, where the D/C ratio is
unchanged, although shear walls may experience higher demand from the effects of
higher modes of vibrations.

Table 6.3 Shear contribution
of FRPs

nf VRd,f (kN)

X direction 1 986

2 1697

Y direction 1 1354

2 2707
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Fig. 6.6 Shear D/C ratio for RC walls in (a) X direction and (b) Y direction
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6.5 Final Remarks

In this study, the seismic performance assessment of an old RC dual-system building
was performed. In particular, the assessment was performed by means of the original
(Basic) N2 method and by means of the Extended N2 method, which is capable, by
application of correction factors, to account for the higher mode effects in both plan
(torsional behaviour) and elevation.

To assess to which extend torsion has an influence on the results obtained by
nonlinear static analyses (pushover), the results were compared with the results
obtained performing nonlinear dynamic time-history analysis. It was showed that
the Extended N2 method leads to a more realistic estimation of the torsional
behaviour and, even though the results are slightly conservative, it is essential to
capture a general worsening of the seismic structural performance due to the torsion
behaviour. Then, a local method of retrofitting was used, involving the partial
strengthening at the open ground storey with FRPs-wrapping of single elements
(individual RC walls).

As final a final remark, it is suggested that the torsional effects should always be
considered for the seismic assessment of old RC buildings, even in symmetric
structure, in which an accidental eccentricity is considered (as supported by EC8).
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Chapter 7
A Database for Assisted Assessment
of Torsional Response of In-Plan Irregular
Buildings

F. Barbagallo, M. Bosco, A. Ghersi, E. M. Marino, and P. P. Rossi

Abstract Nonlinear static analysis is currently the most popular method of analysis
for the prediction of the seismic response of buildings. However, when dealing with
in-plan irregular buildings, the nonlinear static analysis does not allow a proper
assessment of the torsional response. In particular, the torsional response modifies
the displacement demand of the two sides of the deck with respect to that of the
corresponding torsionally balanced system: the displacement demand of the flexible
side increases, while that of the stiff side decreases or increases depending on the
features of the building. In this paper, the ratio of the maximum displacements of the
asymmetric system to the maximum displacement of the corresponding planar
system is determined for a large set of single storey systems. The results of this
investigation are used to populate a database for the assisted assessment of buildings.
This database can be interrogated by means of parameters characterizing the build-
ing to be assessed and provides the user with the amplification/deamplification of
displacement demand of the two sides of the building with respect to that of the
corresponding planar system. The database is conceived in such a way to include
new cases without modifying its structure. This allows the database to be easily
expanded when new parameters will be explored and new results will be available.

Keywords Irregular buildings · Existing buildings · 3D structural systems ·
Pushover analysis · Seismic assessment

7.1 Introduction

Nonlinear static analysis is nowadays the most popular method of analysis among
structural engineers to assess the seismic behaviour of existing structures. Indeed,
this method is simply enough to be handled by professionals and, at the same time,
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allows them to compare the displacements and plastic deformations corresponding to
the achievement of a given limit state to values caused by ground motions of
assigned intensity levels.

Two of the most important nonlinear static methods existing in literature are the
N2 method proposed by Fajfar et al. (Fajfar 1999) and the Capacity Spectrum
Method (CSM) proposed by Freeman (Freeman 1998). Variants of these methods
are implemented in seismic codes. For example, N2 method is adopted in Eurocode
8 (Eurocode 8 2004) and CSM is adopted in ATC40 (ATC, Applied Technology
Council 1996) and in FEMA440 (ATC 2005).

The attractive features of this method of analysis led researchers to spend efforts
to verify its effectiveness in the prediction of the seismic response of buildings.
Because of the lack of experimental data on the seismic response of actual structures,
the effectiveness of nonlinear static methods is generally studied by comparing the
seismic response predicted by this method of analysis to that obtained by nonlinear
dynamic analysis, which is widely believed the most accurate method of analysis.

Studies carried out in the last years have pointed out that the nonlinear static
analysis provides accurate results when the seismic response of the building is
mainly affected by a single mode of vibration. Consequently, reasonably accurate
results are obtained for low-rise symmetric (Giorgi and Scotta 2013) or very
torsionally-stiff buildings (Bento et al. 2010; De Stefano et al. 2013; Fajfar et al.
2005).

Several studies have been devoted to improve the effectiveness of nonlinear static
methods in predicting the torsional response of asymmetric buildings (Chopra and
Goel 2004; Reyes and Chopra 2011; Fujii 2011; Kreslin and Fajfar 2012; Bosco
et al. 2012, 2015; Fujii 2014; Bhatt and Bento 2014; Georgoussis 2015). Many of
these studies focus on single-story systems (Palermo et al. 2013, 2017) because it is
widely believed that the amplification/deamplification of the displacement demand
of in-plan irregular buildings can be approximately simulated by equivalent single-
story systems as long as the elastic and inelastic properties of these systems are
properly defined. These studies also enumerate the parameters that control the
torsional component of the response of asymmetric buildings.

Out of the proposed methods, the extended N2 method (Fajfar et al. 2005; Kreslin
and Fajfar 2012) stands out. This method was formulated on the basis of the two
following assumption:

1. the elastic response of an asymmetric building, normalised with respect to that of
the corresponding torsionally balanced system, provides a conservative estima-
tion of the effect of the torsional component of the response;

2. the deamplification of the seismic response of an asymmetric building in the
elastic range of behaviour is larger than that observed when the structure expe-
riences inelastic response.

Based on the first assumption, Fajfar et al. (Fajfar et al. 2005; Kreslin and Fajfar
2012) suggest to evaluate the floor (inelastic) displacement demand of asymmetric
buildings by multiplying the displacement demand of the centre of mass, determined
by means of the version of N2 method formulated for planar systems (Fajfar 1999),
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by modification coefficients calculated by an (elastic) modal analysis. The N2
method for planar systems can be applied to the asymmetric structure or to the
corresponding torsionally balanced system. Based on the second assumption, the
modification coefficients should be taken not lower than one to avoid overestimating
the beneficial deamplification of the response caused by the torsional component.
The extended N2 method is very easy to apply, however, it is sometimes overly
conservative (Bosco et al. 2013).

This paper aims at providing modification coefficients to adjust the results of the
original N2 method. However, differently from those proposed in (Fajfar et al.
2005), the modification coefficients are based on the nonlinear response of single
storey systems.

A parametric analysis has been conducted on a large set of asymmetric single-
storey systems to quantify the effects of the torsional response. The analysed systems
are generated by varying the parameters that mostly affect the seismic response of
in-plan irregular buildings, i.e. the fundamental period of the corresponding torsion-
ally balanced system, the rigidity eccentricity, the ratio of the torsional to lateral
frequencies of the corresponding torsionally balanced system, the strength eccen-
tricity and the ratio of the elastic strength demand to the actual strength of the system.

The in-plan distribution of the displacements demanded by the earthquake exci-
tation is determined by nonlinear dynamic analysis for each asymmetric system and
for the corresponding planar system (i.e. the system with restrained deck rotations).
The ratio of the maximum displacements of the asymmetric system to the maximum
displacement of the corresponding planar system quantifies the modification (ampli-
fication or deamplification) of displacement demand caused by the in-plan irregu-
larity. Finally, the results of this investigation are used to populate a database for
assisted assessment of buildings.

7.2 Population of the Database

Two sets of single-storey systems rectangular in plan are investigated (Bosco et al.
2017). These systems are characterized by a rigid deck, whose dimensions are equal
to B ¼ 12.5 m and L ¼ 29.5 m. The mass m of each system is equal to 1416 kNs2/m
and is assumed as lumped on the deck. The radius of gyration of mass rmwith respect
to the centre of mass CM is equal to 0.312 L. The resisting elements are symmetric
with respect to the geometric centre of the deck G. The investigated systems are
torsionally restrained and the resisting elements disposed along the x-axis contribute
to the 20% of the total torsional stiffness about the centre of rigidity CR. Such a value
is typical of rectangular-in-plan structures. The main differences between the struc-
tures of the two sets concern the features of the resisting members. In fact, the
structures belonging to the first set are representative of multi-storey buildings with
braced frames or shear walls. The deck of these systems is sustained by four
uni-directional resisting elements disposed in the x-direction and eight
uni-directional resisting elements along the y-direction (Fig. 7.1a). The
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uni-directional elements provide lateral stiffness and strength only in their plane and
their force-displacement relationship is typically a bilinear curve. On the contrary,
the systems belonging to the second suite are representative of multi-storey framed
buildings. In these systems, 32 bi-directional resisting elements sustain the deck
(Fig. 7.1b) and they supply lateral stiffness and strength in any horizontal direction.
In this case, an elliptical yield domain (De Stefano and Pintucchi 2010) is adopted to
consider the interaction between resisting forces in the nonlinear range of behaviour.
These resisting elements are located in correspondence of the intersection of the
bending planes of the resisting elements belonging to the systems of the first set.

All the considered asymmetric systems are mass-eccentric and differ in the
parameters that affect the rotational response of the structure:

– the rigidity eccentricity er (distance between the centre of rigidity CR and CM);
– the fundamental period of vibration;
– the ratio Ωθ of the torsional to lateral frequencies of the corresponding torsionally

balanced system (obtained by shifting CM into CR);
– the ratio Rμ of the elastic strength demand to the actual strength of the system;
– the strength eccentricity es (distance between CR and the centre of strength CS).

In order to create the rigidity eccentricity, the centre of mass CM is shifted along
the x-axis. Systems with er ranging from �0.15 L to 0.0 in steps of 0.025 L are
generated.

The translational periods of vibration of the torsionally balanced system are
supposed to be equal in the x- and y-directions. Values of Tx and Ty in the range
from 0.4 s to 1.8 s in steps of 0.2 s are considered.
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The in-plan distribution of the lateral stiffness of the resisting elements is
determined according to the procedure described in (Ghersi and Rossi 2000) to
obtain prefixed values of Ωθ in the range from 0.60 to 1.40 in steps of 0.05.

The global lateral strength Vu of the planar system is equal along the x- and y-
direction and is assigned so as to have prefixed values of the ratio Rμ ranging from
2.0 (systems with moderate inelastic behaviour) to 6.0 (systems with severe inelastic
behaviour) in steps of 1.0. The total lateral strength is distributed between the
resisting elements to obtain systems with a strength eccentricity es ranging from
�0.10 L to 0.10 L in steps of 0.025 L.

For the time being, only systems standing on soft soil (soil C according to
Eurocode 8) are considered. However, the database is conceived in such a way to
include new cases without modifying its structure. This will make possible to easily
expand the database when new parameters will be explored and new results will be
available.

7.3 Accelerograms

A suite of ten pairs of accelerograms is used to simulate the earthquake excitation.
The program SIMQKE (SIMQKE User Manual 1976) is used to generate the
accelerograms in compliance with the compatibility conditions of Eurocode 8. The
response spectrum for soil type C, design ground acceleration (on soil type A) of
0.35 g and viscous damping ratio of 5% is assumed as target. Each accelerogram is
modulated according to a compound intensity function characterised by total dura-
tion, rise time and duration of the stationary part of the accelerogram equal to thirty,
four and seven seconds, respectively. Furthermore, the exponential factors IPOW
and ALFA0 that define the rising and decaying phases of the accelerogram are set
equal to 2 and 0.25.

The duration of the stationary part has been selected to match the energy content
of a previously selected set of 20 natural ground motions representative of seismic
events on soft soil and characterized by magnitude in the range from 5.8 to 7.2 and
by epicentral distance up to 30 km. The generated accelerograms are characterised
by an average value of the Arias Intensity equal to 0.31 m/s and by a significant
duration equal to 7.62 s. Further details about the input energy (intended as the
maximum input energy during the seismic event) of the ground motions and about
their equivalent number of cycles can be found in reference (Amara et al. 2014).

Several studies have pointed out that the significant duration of a ground motion
is related to the earthquake magnitude, to the epicentral distance and to the peak
ground acceleration (Raghunandan and Abbie 2013). For this reason, in the future
the database will be expanded by considering the seismic response of single-storey
systems subjected to sets of ground motions with different effective duration.
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7.4 Methodology

The seismic response of each building that populates the database has been deter-
mined by nonlinear dynamic analysis. The Newmark integration method with
parameters β and γ equal to 0.25 and 0.5 (which yields the constant average
acceleration method) has been used to evaluate the dynamic response. The time
step is set equal to 0.001 s.

A first dynamic analysis has been performed with reference to the asymmetric
systems. Particular attention is payed to the displacement demand along the y-axis of
the points on the stiff and flexible side of the deck. Specifically, the mean value of the
maximum displacements obtained for the 10 pairs of ground motions is considered.

A second analysis has been carried out on the corresponding “planar system”,
i.e. on the system whose deck rotation has been restrained. Finally, the ratio of the
maximum displacement of the asymmetric system to the maximum displacement of
the corresponding planar system is determined to quantify how much the torsional
response modifies the displacement demand of the stiff and flexible sides of the deck
with respect to that of the corresponding torsionally balanced system.

7.5 Effects of the Considered Parameters
on the Modification of the Displacement Demand

The modification of the displacement demand of the stiff and flexible sides of the
building is determined for each of the considered single-storey systems. First, the
obtained results are plotted by contour maps for systems with assigned period, Rμ
and Ωθ as a function of the stiffness and strength eccentricity. Figure 7.2 shows that,
for torsionally flexible systems with bi-directional resisting elements, the modifica-
tion coefficients lead to an amplification of the displacement demand of the stiff side
of the systems.

The highest amplifications are obtained for systems with high stiffness eccentric-
ity (er¼�0.15 L ) and characterised by centre of stiffness located between the centre
of strength and the centre of mass (es < 0.0 L ). The maximum amplification of
displacement is equal to 1.8 in the case of short period systems (Ty ¼ 0.4 s) and
Rμ ¼ 2, equal to 1.4 in the case of systems with Ty ¼ 1.0 s and Rμ ¼ 4. A slightly
larger amplification of the displacement demand is obtained on the flexible side
(Fig. 7.3) with a maximum amplification of displacement equal to 2.0 for torsionally
stiff systems with Ty ¼ 0.4 s (Fig. 7.4).
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7.6 Structure of the Database

The obtained modification coefficients are stored into files organised according to
the hierarchical folder tree shown in the screenshot of Fig. 7.5. The first two levels of
folder are used to differentiate records referring to systems analysed with
accelerograms with different duration of the stationary part and compatible with
the spectrum of EC8 for different soil types, respectively. The third folder level is
used to distinguish records related to systems with uni- or bi-directional resisting
elements. Further, for each considered type of structural system, two other folder
levels are branched out to separate records based on the translational period Ty of the
structural systems and, for each value of Ty, based on the Rμ factor. Each top-level
folder contains a set of 34 files related to structural systems that are homogenous
with each other in terms of foundation soil, type of resisting element, translational
period and Rμ factor. The basic unit of the database is represented by a pair of files,
each one containing a table that reports the modification coefficients of the displace-
ment demand on the stiff or flexible side of the deck for a given value of the ratio Ωθ
depending on the values of normalised rigidity and strength eccentricities. As an
example, the table with the modification coefficients related to the stiff side of

Fig. 7.2 Amplification of the displacement demand on the stiff side of the deck for torsionally
flexible systems with bi-directional resisting elements: influence of period and Rμ
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systems with Ωθ ¼ 1.15 is shown in Fig. 7.6. The row i ¼ 0 reports the normalised
strength eccentricity (from �0.100 to 0.100) and the column j ¼ 0 identifies the
normalised rigidity eccentricity (from �0.150 to 0.000). The element Tij of the table
is the modification coefficient of a system with rigidity eccentricity er (i) and strength
eccentricity es ( j).

The Database Reader software is provided with an interface that allows the user to
formulate the query and interrogate the database. Specifically, the user selects the
type of soil (from A to E), the type of system (with uni- or bi-directional resisting
elements) and the duration of the stationary part of the accelerograms. Then, the user
identifies the point S (Ty, Rμ, Ωθ, er, es), which is representative of the structural
System under investigation (Fig. 7.7) by assigning the relevant values of Ty, Rμ, Ωθ,
er, es.

The button “Calculate” starts the Database Reader that selects the neighbourhood
about point S by comparing the values of the above-mentioned parameters with the
corresponding values of the records of the database. Specifically, all the points Pi

representative of records characterised by values of the parameters immediately
smaller (Ty1, Rμ1, Ωθ1, er1 and es1) or larger (Ty2, Rμ2, Ωθ2, er2 and es2) than those
of S are selected as schematised in Fig. 7.8.

Fig. 7.3 Amplification of the displacement demand on the flexible side of the deck for torsionally
flexible systems with bi-directional resisting elements: influence of period and Rμ

76 F. Barbagallo et al.



Totally, the neighbourhood is composed of 32 points. The modification coeffi-
cient of the displacement demand of the point S is determined by the “inverse
distance weighting” method, i.e.

AF Sð Þ ¼
P32

i¼1
wiAF Sið Þ
P32

i¼1
wi

ð7:1Þ

where AF (Si) is the modification coefficient calculated for the system Si belonging
to the neighbourhood and the weight wi is calculated as

wi ¼ 1
d2i

ð7:2Þ

Fig. 7.4 Modification of the displacement demand on the stiff side of the deck for torsionally stiff
systems with bi-directional resisting elements: influence of period and Rμ
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d2i ¼ Ty � Ty,i
� �2 þ Rμ � Rμ,i

� �2 þ Ωθ � Ωθ,ið Þ2 þ er � er,ið Þ2

þ es � es,ið Þ2 ð7:3Þ

In the equation above, di represents the distance of the point S representative of
the structural system under investigation to the points Si representative of the
systems belonging to the neighbourhood.

Fig. 7.5 Structure of the database

Fig. 7.6 Basic unit of the database
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7.7 Conclusions

This paper aims at improving the prediction of the displacement demand given by
nonlinear static methods for in-plan irregular buildings. Specifically, modification
coefficients are used to adjust the results of the original N2 method, consistently with
the extended N2 method developed by Fajfar and his team. However, differently

Fig. 7.7 User interface of the database reader software
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from the modification coefficients adopted by the extended N2 method, those
derived here are based on the “nonlinear response” of single storey systems gener-
ated by varying the parameters that mostly affect the seismic response of in-plan
irregular buildings. The modification coefficients are used to populate a database for
assisted assessment of torsional response of in-plan irregular buildings. The database
provides the modification of the displacement demand produced by torsional effects
both on the stiff and flexible side of in-plan irregular buildings. Future studies will be
carried out to expand the database. Further, the effectiveness of the modification
coefficients obtained by analysing single storey systems will be tested by evaluating
the seismic response of multi-storey buildings.
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Chapter 8
Modified Mode-Adaptive Bi-directional
Pushover Analysis Considering Higher
Mode for Asymmetric Buildings

K. Fujii

Abstract In this paper, the Mode-Adaptive Bi-directional Pushover Analysis
(MABPA) previously presented by the author is modified by considering the higher
(third) mode response. The modifications proposed in this paper are (a) the peak
response of the third mode is estimated from the independent single-degree-of
freedom (SDOF) model representing the third mode, and (b) the peak response of
each frame is predicted by combining the results from the original MABPA and the
third mode response using the square root of the sum of square (SRSS) rule. The
modified MABPA is applied to two six-story asymmetric building models with
bidirectional setback. The predicted results are compared with time-history analysis
results and other simplified procedures; modal pushover analysis (MPA), improved
modal pushover analysis (IMPA), a variant of MPA considering bidirectional
excitation by (Manoukas G, Athanatopoulou A, Avramidis I, Soil Dyn Earthq Eng
38:88–96, 2012) and (Manoukas G, Avramidis I, Bull Earthq Eng 12(6):2607–2632,
2014), and the original MABPA. The results show that the predicted peak response
at “flexible-edge” frame by each simplified procedure agree well with the time-
history analysis results. On the contrary, the predicted peak response at the “stiff-
edge” frame according to each simplified procedure is different: some of the
predicted results, including the results via original MABPA, underestimate the
time-history analysis results, while the results via modified MABPA are conserva-
tive compare to the time-history analysis results.

Keywords Modified Mode-Adaptive Bi-Directional Pushover Analysis (Modified
MABPA) · Asymmetric buildings · Bi-directional excitaion · Pushover analysis

K. Fujii (*)
Department of Architecture, Chiba Institute of Technology, Narashino-shi, Chiba, Japan
e-mail: kenji.fujii@it-chiba.ac.jp

© Springer Nature Switzerland AG 2020
D. Köber et al. (eds.), Seismic Behaviour and Design of Irregular and Complex Civil
Structures III, Geotechnical, Geological and Earthquake Engineering 48,
https://doi.org/10.1007/978-3-030-33532-8_8

83

http://crossmark.crossref.org/dialog/?doi=10.1007/978-3-030-33532-8_8&domain=pdf
mailto:kenji.fujii@it-chiba.ac.jp


8.1 Introduction

When conducting seismic assessment of an asymmetric building, it is essential to
carry out three-dimensional analysis considering all the possible directions of seis-
mic input. For this purpose, the author previously proposed a simplified procedure to
predict the largest peak seismic response of an asymmetric building subjected to
horizontal bidirectional ground motion acting in an arbitrary angle of incidence
(Mode-Adaptive Bi-directional Pushover Analysis, referred to as MABPA) (Fujii
2014). The proposed MABPA has been tested against asymmetric buildings with
regular elevation (Fujii 2014) and buildings with bidirectional setbacks (Fujii 2016),
and has successfully estimated the largest peak response at a “flexible-edge” frame,
while underestimated at a “stiff-side” frame. This is because the original MABPA
considers only the response of two modes, while in the response of the
underestimated side frame, the third and higher mode responses are significant.

In this paper, the original MABPA is modified by considering the higher (third)
mode response. The modified MABPA is applied to two six-story asymmetric
building models with bidirectional setback studied in (Fujii 2016). The predicted
results are compared with time-history analysis results, other simplified procedures
(Chopra and Goel 2004; Reyes and Chopra 2011a, b; Belejo and Bento 2016;
Manoukas et al. 2012; Manoukas and Avramidis 2014) and the original MABPA.
Note that this paper focuses on comparisons of the accuracy of the modified
MABPA to the original MABPA and other simplified procedures for predicting
asymmetric buildings with bidirectional setback, and that only the case in which the
spectra of the major and minor components of horizontal ground motion are identical
is considered. Hence, we include no discussion regarding the influence of the
incident direction of seismic input on the response of asymmetric buildings.

8.2 Description of Modified MABPA

The asymmetric building considered in this paper is the N-story building, with 3N
degrees of freedom (3N-DOFs). All the frames of the asymmetric building are
oriented in the X or Y directions, which are orthogonal. Let φi be the i-th mode
vector of an asymmetric building:

φi ¼ ϕX1i � � � ϕXNi ϕY1i � � � ϕYNi ϕΘ1i � � � ϕΘNif gT: ð8:1Þ

In Eq. (8.1), ϕXji, ϕYji and ϕΘji are the X-, Y-, and rotational components,
respectively, of the i-th mode vector at the j-th floor. The tangent of ψ i, the angle
of incidence of the principal axis of the i-th modal response with respect to X-axis, is
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tanψ i ¼ �
X
j

mjϕYji=
X
j

mjϕXji: ð8:2Þ

Let the U-axis be the principal axis of the first modal response, with the V-axis
orthogonal to it.

An outline of the original and modified MABPA is summarized in Fig. 8.1. The
fundamental assumptions of the modified MABPA are as follows:

1. The spectrum of the horizontal ground motion component acting in any angle of
incidence is assumed to be identical to the response spectrum of the major
component.

2. The building oscillates predominantly in a single mode in each set of orthogonal
directions.

3. The principal directions of the first and second modal responses are almost
orthogonal.

In this paper, the original MABPA is modified for improving the accuracy of the
predicted response at the “stiff-side” frame. Steps 1–5 shown in Fig. 8.1 are the same
as the original MABPA (Fujii 2014), while steps 6–8 are the additional steps for
consideration of the higher mode. The detail of additional steps is described as
follows. Note that the detail of steps 1–5 can be found in the previous study (Fujii
2014).

Let φ1ie be the first mode vector corresponding to the equivalent peak displace-
ment of the first mode, namely, D1U

�
max. The second and third mode vectors, φ2ie

and φ3ie, respectively, are then determined from Eqs. (8.3) and (8.4) in terms of φ1ie

and the second and third mode vectors in the elastic range, φ2e and φ3e, respectively,
considering the orthogonality of the mode vectors.

φ2ie ¼ φ2e � φ2e
TMφ1ie

φ1ie
TMφ1ie

φ1ie, ð8:3Þ

φ3ie ¼ φ3e �
φ3e

TMφ1ie

φ1ie
TMφ1ie

φ1ie �
φ3e

TMφ2ie

φ2ie
TMφ2ie

φ2ie, ð8:4Þ

M ¼
M0 0 0

0 M0 0

0 0 I0

2
64

3
75,M0 ¼

m1 0

⋱
0 mN

2
64

3
75, I0 ¼

I1 0

⋱
0 IN

2
64

3
75: ð8:5Þ

In Eqs. (8.3), (8.4), and (8.5), M is the mass matrix; mj and Ij are the mass and
mass moment of inertia of the j-th floor, respectively.

In step 6, pushover analysis of an MDOF model is carried out to obtain the force-
displacement relationship representing the third mode response by applying the
invariant force distribution p3, determined as
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Fig. 8.1 Outline of the modified MABPA
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p3 ¼ M Γ3ieφ3ieð Þ: ð8:6Þ

In Eq. (8.6), Γ3ie is the modal participation factor of the third mode with respect to
the principal direction of the third modal response, which is calculated by Eq. (8.7).

Γ3ie ¼ φ3ie
TMα3ie

φ3ie
TMφ3ie

, ð8:7Þ

α3ie ¼ cosψ3ie� � � cosψ3ie � sinψ3ie� � � � sinψ3ie0� � �0f gT, ð8:8Þ

where ψ3ie is the angle of incidence of the principal direction of the third modal
response with respect to the X-axis corresponding to D1U

�
max. The equivalent

displacement nD3
� and acceleration nA3

� of the equivalent SDOF model representing
the third modal response at each loading step n are determined by

nD3
� ¼ Γ3ieφ3ie

TMnd
M3ie

� , nA3
� ¼ Γ3ieφ3ie

T
nfR

M3ie
� , ð8:9Þ

nd ¼ nx1� � �nxNny1� � �nyNnθ1� � �nθN
� �T

, ð8:10Þ

nfR ¼ nf RX1� � �nf RXNnf RY1� � �nf RYNnf MZ1� � �nf MZN

� �T
, ð8:11Þ

M3ie
� ¼ Γ3ie

2φ3ie
TMφ3ie: ð8:12Þ

In Eq. (8.9), nd and nfR are the displacement and restoring force vector at each
loading step n, and M3ie

� is the equivalent third modal mass with respect to the
principal axis of the third modal response.

In step 7, the largest peak equivalent displacement of the third mode, namely,
D3

�
max, is obtained using the equivalent linearization technique as in steps 2 and

4. Note that the spectrum used in previous steps is used to predict the third mode
response; the spectra of the ground motion component acting in the principal axis of
the third modal response is assumed to be the same as that of the major component.
In step 8, the largest peak response at each frame is determined. Let rkmax12 be the
predicted peak response at frame k based on the first and second modal response,
which is obtained in step 5, and rkmax3 be that based on the third mode. The predicted
largest peak response at each frame considering three modes, namely, rkmax, is
calculated from

rkmax ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
rkmax 12

2 þ rkmax 3
2

p
: ð8:13Þ
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8.3 Buildings and Ground Motion Data

8.3.1 Model Buildings

The building models considered in this study are two six-story reinforced concrete
buildings with bidirectional setback, used in a previous study (Fujii 2016). Figure 8.2
shows the overview of two model buildings, namely Models 1 and 2. The plan of
each floor level is shown in Fig. 8.3 for Model 1, while the elevations of frames in
Models 1 and 2 are shown in Fig. 8.4. Further details of all models can be found in
(Fujii 2016).

Fig. 8.2 Overview of
model buildings. (a) Model
1, and (b) Model 2

Fig. 8.3 Plan of each floor level for Model 1. (a) Level Z0–Z3, (b) Level Z4, (c) Level Z5, and (d)
Level Z6
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8.3.2 Ground Motion Data

In this study, the seismic excitation is bidirectional in the X–Y plane, and 10 sets of
artificial ground motions are generated. The target elastic spectra of the major and
minor components are assumed to be identical in this work. The target elastic
spectrum of major and minor components with 5% critical damping – namely
pSAξ(T, 0.05) and pSAζ(T, 0.05), respectively – as determined from the Building
Standard Law of Japan (BCJ 2016) for an extremely rare earthquake event consid-
ering type-1 soil (rock) is calculated using Eq. (8.14), where T represents the natural
period of the SDOF model:

pSAξ T , 0:05ð Þ ¼ pSAζ T , 0:05ð Þ

¼
4:8þ 45T m=s2 : T � 0:16s

12:0 : 0:16s � T � 0:576s

12:0 0:576=Tð Þ : T > 0:576s

8><
>:

: ð8:14Þ

The phase angle is given by uniform random values, and to consider the time-
dependent amplitude of ground motions, the Jenning-type envelope function e
(t) proposed by the Building Center of Japan (Otani 2004):

e tð Þ ¼
t=5ð Þ : 0s � t � 5s

1 : 5s < t � 35s

exp �0:027 t � 35ð Þf g : 35s < t � 120s

8><
>:

: ð8:15Þ

Figure 8.5 shows the elastic response spectra of artificial ground motions with 5%
critical damping. Note that the artificial ground motions used in this study are
generated independently, i.e., there is no correlation between each component.

Fig. 8.4 Elevations of frame in Models 1 and 2. (a) Frame Y4 (both Models 1 and 2), (b) Frame X1
(Model 1), and (c) Frame X1 (Model 2)
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8.3.3 Analysis Cases

In this study, the angle of incidence ψ of the major component with respect to the
X-axis is varied at intervals of 15� from (ψ1ie – 90)� to (ψ1ie + 75)�, where ψ1ie is the
angle of incidence of the U-axis corresponding to the predicted peak response
D1U

�
max of the first mode. Therefore, 10 � 12 ¼ 120 cases are considered for the

nonlinear time-history analyses of each building model.
The peak response of two building models are also predicted by original MABPA

(Fujii 2014), modal pushover analysis (MPA) (Chopra and Goel 2004; Reyes and
Chopra 2011a, b), improved modal pushover analysis (IMPA) (Belejo and Bento
2016), and the procedure presented by Manoukas et al. (2012) and Manoukas and
Avramidis (2014), for the comparisons of the accuracy of the predicted peak
response of the modified MABPA and other procedures. For the comparisons of
the simplified procedures, the following conditions are set:

• The number of modes considered to predict peak response is 3.
• The same equivalent linearization technique is applied to these simplified pro-

cedures for predicting the peak response of the equivalent SDOF model. This is
done to avoid the discrepancy that occurred from the different technique used to
obtain the peak response of the equivalent SDOF model.

• To apply the procedure presented by Manoukas et al. (2012) and Manoukas and
Avramidis (2014), the factor for considering bi-directional excitation, κ, is set to
be 0.3, according to their recommendation; in Manoukas et al. (Manoukas et al.
2012), κ ¼ 0.3 is analogous to the 30% combination rule for bidirectional
response.

In this study, the 2004 version of MPA (Chopra and Goel 2004) is applied to
predict the peak response at each frame under either X- or Y-unidirectional excita-
tion and then these results are combined according to the SRSS rule. This is because

Fig. 8.5 Elastic pseudo acceleration response spectrum. (a) “Major” components, and (b) “Minor”
components
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it is difficult to directly apply the latest version of the MPA (Reyes and Chopra
2011a, b) to the two considered building models with bidirectional setbacks, where
the centers of all floor masses do not lie along the same vertical axis: in such cases,
the definition of the story drift at the center of mass, which is required in the latest
version of the MPA (Reyes and Chopra 2011a, b), is unclear. Therefore, the
procedure applied in this study is referred to as “MPA (2004)”, to distinguish it
from the latest version (Reyes and Chopra 2011a, b).

8.4 Analysis Results

Figures 8.6 and 8.7 compare the peak relative displacement at each frame as
estimated by simplified procedures with that obtained from the time-history analysis
results. In these figures, the “max” and the “min” of the time-history analysis are the
values obtained as the maximum (or minimum) of 120 time-history analyses cases.

For Model 1 (Fig. 8.6), the peak response predicted by the original MABPA is
conservative except for frame X6 in level Z3, while that predicted by the modified
MABPA is conservative for all frames. The difference of peak response predicted by
the original and modified MABPA is notable at frames Y1, X5 and X6 in level Z3.
The peak responses predicted by the other three simplified methods, “MPA (2004)”,
IMPA and the procedure proposed by Manoukas et al., are close to the mean of the
time-history analysis results.

Fig. 8.6 Comparison of the peak relative displacement at each frame of Model 1
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For Model 2 (Fig. 8.7), the peak response predicted by the modified MABPA is
very close to that predicted by the original MABPA, and both agree very well with
the mean of the time-history analysis. The peak responses predicted by other
simplified methods are conservative for all frames in the X-direction, while they
are unconservative at frames X5 and X6 in the Y-direction.

Figures 8.8 and 8.9 show the peak story drift for Model 1 (Fig. 8.8) and Model
2 (Fig. 8.9), obtained from the time-history analysis results, along with the estimates
of the simplified procedures.

In Model 1, the peak response at the “flexible-edge” frames (frame Y6 in the
X-direction and frame X1 in the Y-direction) predicted by the original and modified
MABPA is slightly larger than their mean obtained from the time-history analysis.
The peak responses predicted by the other three simplified procedures are closer to
the mean of the time-history analysis results at frame Y6 than those estimated by
MABPA. While at frame X1, the peak responses predicted by other procedures are
more conservative than those estimated by MABPA. At the “stiff-edge” frame in the
Y-direction (frame X6), the original MABPA underestimates the peak response.
While the modified MABPA shows improved prediction at frame X6; the predicted
peak response by the modified MABPA agrees well with the time-history analysis
results. The results predicted by the other three simplified procedures are slightly
smaller than the mean of the time-history analysis results.

In Model 2, the original and modified MABPA successfully predict the peak
responses; at frames Y1, Y4, Y6 and X6, the estimated peak responses for two
procedures agree well with the mean of the time-history analysis results, while at
frames X1 and X4, the predicted responses are slightly conservative except for the

Fig. 8.7 Comparison of the peak relative displacement at each frame of Model 2
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Fig. 8.8 Comparison of the peak story drift of frames in the X and Y directions of Model 1

Fig. 8.9 Comparison of the peak story drift of frames in the X and Y directions of Model 2
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5th and 6th stories. The predicted peak responses according to the other three
procedures agree well with the time-history analysis results except for the “stiff-
edge” frame in the Y-direction (frame X6); the three other procedures underestimate
the peak response at frame X6.

From the results of the two building models, it may be concluded that the
modified MABPA successfully improves the accuracy of peak responses at the
“stiff-edge” frames from the original MABPA.

8.5 Discussion and Conclusions

In this paper, the original MABPA is modified by considering the higher (third)
mode response. The modifications proposed in this paper are (a) the peak response of
the third mode is estimated from the independent single-degree-of freedom (SDOF)
model representing the third mode, and (b) the peak response of each frame is
predicted by combining the results from the original MABPA and the third mode
response using the square root of the sum of square (SRSS) rule. The modified
MABPA is applied to two six-story asymmetric building models with bidirectional
setback. The predicted results are compared with time-history analysis results and
other simplified procedures, “MPA (2004)”, IMPA, a procedure proposed by
Manoukas et al., and the original MABPA.

The results show that the predicted peak response at the “flexible-edge” frame
according to each simplified procedure agrees well with the time-history analysis
results. On the contrary, the predicted peak response at the “stiff-edge” frame (frame
X6 in both Models 1 and 2) via the simplified procedure differs; some of the
predicted results underestimate the time-history analysis results, while the results
via modified MABPA are conservative compared to the time-history analysis results.

In conclusion, the modified MABPA successfully improves the prediction of
peak response at the “stiff-edge” frame by considering the contribution of the third
modal response. Compared with the other simplified procedures discussed in this
paper, the modified MABPA may provide more conservative prediction at the “stiff-
edge” frame. This is because in the modified MABPA (and the original MABPA),
(i) the change of the first mode shape in each loading stage, and (ii) the combination
of the first and second modal responses is considered by the envelope of pushover
analyses, rather than the SRSS rule. In the “MPA (2004)” and the procedure
proposed by Manoukas et al., mode shapes are assumed to remain as those in the
elastic range, while the change of the mode shapes is considered in IMPA. However,
the combination rule of all modes applied in these three simplified methods (MPA,
IMPA and a procedure proposed byManoukas et al.) is the SRSS (or CQC) rule. The
author thinks this may lead the difference from the predicted results via modified
MABPA, especially the results in Model 2; as discussed previously (Fujii 2016), the
change of mode shapes in the nonlinear range is significant.
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Note that in this paper, the extended N2 method (Krestin and Fajfar 2012) is not
included for the comparisons in this study. This is because in such a building with
setback, the definition of the correction factor in the horizontal plane (torsional
effect), cT, for the frames which do not reach the top floor is questionable, since cT
is determined based on the displacement at the top floor. Another simplified proce-
dure, the corrective eccentricity method (Bosco et al. 2012), is also excluded in this
study. This is because there is no method (or equations) available to determine the
proper corrective eccentricity for buildings with setbacks, where the centers of all
floor masses do not lie along the same vertical axis.
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Chapter 9
Structural Irregularities in RC Frame
Structures Due to Masonry Enclosure Walls

M. Barnaure

Abstract Masonry infill panels are commonly used in low and mid-rise RC build-
ings. Under earthquake loadings however, the frame/panel interaction may have
significant effects on the structural behaviour of a building. In particular, strong
asymmetries due to the presence of masonry infills can lead to a reduction of the
building strength under combined vertical and horizontal loading. A four stories
frame structure with reinforced concrete members and masonry infills is analysed for
horizontal earthquake loading using numerical models. Nonlinear pushover analyses
are carried out for a range of alternative configurations. The first configuration refers
to the bare frame structure, while the others involve symmetrical and asymmetrical
positions for masonry enclosure infill walls interacting with the frames. The infills
are modelled as pin joined diagonal frames. Two situations are considered: full infill
panels and panels with window openings. The seismic performance of different
configurations is analysed. Conclusions are drawn about the influence of structural
asymmetries on the capacity of the building. Results show that asymmetric (in plane
and/or elevation) masonry enclosure walls can lead to a significant reduction of a
building’s capacity to withstand earthquake loading. Soft-story configurations are
particularly dangerous.

Keywords Diagonal strut · Pushover · Failure criteria · Input energy · Soft-story

9.1 Introduction

Reinforced concrete moment resisting frame structures are common for low and
mid-rise buildings. For these buildings, exterior and partition walls are often made
with masonry. The influence of these non-structural walls on the seismic behaviour
of the buildings is often ignored during design, the panels being only accounted for
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their mass. Yet masonry infill walls may significantly affect the seismic performance
of frame buildings through global (increase in lateral stiffness, stiffness irregularities
of the building in plane and/or elevation) and local effects (mainly changing forces
and moments in the frame elements) (Barnaure and Stoica 2015).

In many cases, buildings with masonry infills perform very well during earth-
quake events. Still, there are situations when infills might cause a premature failure
of the structural system. The distribution of the infills in plane and elevation strongly
influences the global structural behaviour (Cavaleri and Di Trapani 2014). A regular
distribution of infills generally leads to an increase in the buildings’ stiffness and
global capacity (Perrone et al. 2016). On the contrary, irregular distributions are
dangerous as they lead to additional torsional effects or soft-storey mechanisms.

It is essential that the role of infill walls is correctly assessed during the design
phase. This is no simple task for two reasons. The first one is that numerous factors
affect the failure mechanism of masonry infilled RC frames: aspect ratio of the
panels, openings, column to beam stiffness ratio, axial loads on columns, type of
infill, reinforcing details, etc. (Barnaure and Stoica 2015). Secondly, there is a lack of
clear code provisions regarding the modelling of the infills.

This paper explores the influence that structural irregularities – resulting from the
presence of masonry infills – can have on the seismic response of RC buildings. A
numerical model employing the equivalent strut method is proposed to examine the
frame behaviour, with the resulting framework being readily accessible for use by
practicing engineers in both the design of new buildings and assessment of existing
structures. As the mechanical characteristics of the materials adopted here corre-
spond to typical Romanian buildings, future work could assess the robustness of
results to the choice of materials and configurations. Similar models could be used
for buildings with different materials or configuration by using modified force-
displacement laws for the struts equivalent to the masonry panels.

9.2 Effects of Interaction Between Masonry Infills and RC
Frames

9.2.1 Earthquake Observations

Recent earthquake events have shown that the interaction between infill walls and
RC frames can be both beneficial and catastrophic. When structural failure occurred,
it was generally due to infills creating strong irregularities, either in plane or in
elevation, which were not considered during the design phase.

In the 2010 Canterbury earthquake (Kam et al. 2010), RC frames with masonry
infill walls behaved very well. Even the older buildings sustained relatively little
damage, as the infills increased the stiffness and strength of the bare frames
structures.

98 M. Barnaure



During the 2009 L’Aquila earthquake, in many cases the strength and stiffness
contribution of masonry panels preserved RC buildings from structural damage
(Verderame et al. 2011). But irregular distribution of infills (in plane and elevation)
was at the same time one of the main causes of the structural collapses observed
(Verderame et al. 2011).

According to (Zhao et al. 2009), many reinforced concrete building frames did
not perform as intended during the 2008 Wenchuan earthquake. Failure generally
occurred in the columns, either through shear failure or through excessive deforma-
tion demands at the ground floor level. The main reason for the poor performance
was the soft-story mechanisms that occurred due to the presence of ground floor
shops facing the street.

Soft story mechanism was also the reason for the structural failure of several
multi-storey buildings during the 2015 Gorkha earthquake (Sharma et al. 2016).

In the 2011 Lorca earthquake (Hermanns et al. 2014; De Luca et al. 2014),
masonry infills generally had a beneficial contribution to the structural behaviour
of the buildings. But the infill panels were also responsible for the structural
problems: strong shear forces on columns, soft story mechanisms and torsion
moments due to asymmetrical horizontal stiffness distribution. The latter was
observed for corner buildings of apartment blocks – several such buildings suffered
substantial damage and one even collapsed.

9.2.2 Laboratory Testing

Tests performed on RC frames often show a positive effect of the infills when
compared to the bare frame. A few recent studies support this affirmation (Cavaleri
and Di Trapani 2014; Basha and Kaushik 2016; Zovkic et al. 2013).

A test on frames designed using current seismic standards infilled with fly ash
bricks showed that infilled frames are much stiffer (7–10 times) and stronger
(1.6–2.5 times), and also dissipate more energy (1–2.3 times) than the corresponding
bare frames (Basha and Kaushik 2016). Similar conclusions regarding the increase
in stiffness, strength and energy dissipated were also drawn in a study on RC frames
designed according to the Eurocodes infilled with masonry (Zovkic et al. 2013).

A different study, where frames with different infill typologies were tested,
showed an increase of 2–4 times in strength on infilled frames (Cavaleri and Di
Trapani 2014). The authors of this study concluded, based on their results, that the
cyclic behaviour of infilled frames could be predicted with sufficient accuracy by
modelling equivalent diagonal struts by means of multilinear plastic link elements
(Cavaleri and Di Trapani 2014).
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9.3 Numerical Modelling of RC Frame Structures
with Infill Panels

The modelling of these structures is an intricate issue because the interaction of the
masonry infill panel and the surrounding frame leads to a highly nonlinear inelastic
behaviour (Crisafulli et al. 2000). Numerous parameters should be taken into
account, such as the mechanical characteristics of masonry; the ultimate strength
capacity of panels including the influence of vertical loads; the contact issues and
effective contact lengths between frame and infill; the possible failure mechanisms;
the presence of openings, etc. (Barnaure and Stoica 2015; Cavaleri et al. 2017).

Over the past decades, many model types have been proposed in the scientific
literature, each of them having both advantages and relative shortcomings. These
models can be grouped in two classes: micro-models and macro-models (Uva et al.
2012).

Micro-models rely on complex analysis using the finite element method and
involve dividing the structure into numerous elements. The RC frame, the panel
and their mutual connections are individually modelled and described by constitu-
tive laws. These models can correctly identify the modes of failure and the local
effects. Yet they are difficult to implement as they require high computational time
and are based on input parameters that are sometimes difficult to assess.

The macro-models resort to simple methods, where a few elements are used to
represent the effect of the masonry panel. These simplified methods exhibit advan-
tages in terms of computational simplicity and efficiency, but present several critical
aspects that can compromise the reliability of the results (Lima et al. 2014). The most
popular method is the equivalent strut, derived from the observation that the load
path within the infill mainly follows the diagonal (Mohammad et al. 2016). The
masonry panels are replaced by equivalent diagonal struts, which carry loads only in
compression. When a single diagonal strut is used, the model cannot correctly
predict the evolution of stresses in frame members (Barnaure and Stoica 2015;
Crisafulli et al. 2000). For buildings designed without proper shear reinforcement
of columns, the brittle behavior that could occur at nodes can only be described by
using multi-strut systems (Mohammad et al. 2016; Mohyeddin et al. 2017). Still,
single diagonal struts models represent an adequate tool when the analysis is
focussed on the overall response of the structure (Barnaure and Stoica 2015;
Crisafulli et al. 2000).

9.4 Case Studies

A four stories frame structure with reinforced concrete members and masonry infills
is analysed for horizontal earthquake loading through numerical modelling using the
ETABS software (ETABS 2015) (Fig. 9.1).
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The frames are made of C20/25 concrete, reinforced with longitudinal and
transversal rebars with fyd ¼ 300 MPa. The cross-section of the columns is
40 � 40 cm, reinforced with 8d20 and 4d25 bars. The beams section is
25 � 45 cm. Two reinforcement types were considered for the beams. Mid-span,
the rebars are 2d16 top and 3d16 bottom, while at its ends the beam has 4d16 top and
3d16 bottom reinforcement. For both columns and beams it was assumed that
transverse reinforcement is sufficient as to prevent shear failure. It is our intention
to treat this issue in a following study, by using non-centric diagonals and shear
hinges in the model, similar to (Mohammad et al. 2016).

The slab is accounted for its mass and in-plane stiffness, but is not considered to
contribute to the beams’ flexural strength. The masonry panels are modelled as
pin-joined diagonals. Two situations are considered: full infill panels and panels
with window openings.

Nonlinear pushover analyses are carried out for a range of alternative configura-
tions. The first configuration corresponds to the bare frame structure. Several
alternative configurations corresponding to asymmetrical positions for masonry
enclosure walls interacting with the frames are considered, as shown in Fig. 9.2.

We are aware that the current trend in the seismic design of structures is to carry
out dynamic analysis. Still, pushover analysis can offer reliable information on the
structural capacity, while diminishing the risk of high errors due to incorrect
parameters (e.g. cyclic laws for the materials) (Cavaleri et al. 2017). As one of the
main purposes of this study is to provide a tool for practicing engineers, we chose to
use a simplified model, but it is our intention to also perform dynamic analyses in the
future.

9.5 Modelling Parameters

Vertical forces are defined on beams and horizontal forces at beam-column joints.
An inverted triangular distribution of horizontal forces over the height of the
building is assumed.

Fig. 9.1 Geometry of the analysed building
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Nonlinear hinges are assigned to the beams and columns (P-M3 hinges for beams
and P-M2-M3 for columns). The default hinge properties in the software are used.

The diagonals are link elements with a nonlinear force-displacement curve as
shown in Fig. 9.3. The curve for the full panels is based on provisions from the

Fig. 9.2 Considered case-study configurations

Fig. 9.3 Force-displacement curves for the equivalent diagonal frames: left – full infill panel;
right – panel with 150 � 120 window opening
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current Romanian seismic design code (P100-1/2013 2013) and the equations
proposed in (Fardis and Panagiotakos 1997). The detailed description of the param-
eters used for the force-displacement curve as well as comparisons with other types
of curves are shown in a previously published paper (Barnaure et al. 2016a). For the
panels with window openings, the strength and stiffness can be obtained by multi-
plying the values for the full panel by a reduction factor, R, as shown in (Al-Chaar
2002). This factor depends on the ratio α between the area of the opening and the
area of the panel. The formula is R1 ¼ 0.6 � α2 � 1.6 � α + 1. In this research, a
panel size of 360� 365 cm with a single central window opening of 150� 120 cm is
considered. α ¼ 0.196 and, consequently, R1 ¼ 0.71.

9.6 Results and Discussion

The presence of infills can change the force distribution in frame members. Figure 9.4
illustrates the axial and bending moment loads on the opposite facades along X
direction for the F1X-FI configuration. It may be concluded that on the infilled
façade there is an important modification of axial loads in columns and beams as the
façade behaves like a trussed beam. The modification of compression forces is
particularly important for the columns at the ends of the façade.

The modification of forces in members determines the modification of the type
and position of plastic hinges being formed and a different failure pattern for the
structure (Barnaure et al. 2016b). In order to assess the influence on the capacity of
the building, the force-displacement curves are traced for all the considered config-
urations (Figs. 9.5, 9.6, 9.7 and 9.8).

For all the analysed configurations, the presence of masonry infills leads to an
increase of the building stiffness. This change in stiffness can lead, depending on the
design response spectrum, to higher peak acceleration during earthquakes.

Fig. 9.4 Axial forces and bending moments in the frames on opposite facades
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The area under the force-displacement curves represents the input energy required
to reach collapse. The value of this energy is computed for each considered config-
uration. The ratios between the input energy for a given configuration and for the
corresponding bare frame are shown in Fig. 9.9 for forces along X axis.

By comparing the values for horizontal forces acting along direction X we can
reach several conclusions. The first one is that there is no significant influence of the
transversal walls, as 4F and 2X results are almost identical, as are 1X and XY. The
second conclusion is that, for our considered case study, the regular infill distribu-
tions have no significant influence on building strength, while the irregular distribu-
tions lead to important diminishments. The values on this strength loss due to the
presence of irregularities ranges up to 15% for plane irregularities, up to 20% for soft
story irregularities and up to 24% for both in-plane and elevation irregularities.

For horizontal forces acting along direction Y (Fig. 9.10) the same conclusion can
be drawn as to the influence of transverse walls. The regular distribution of infills has
a positive effect on building strength, with an increase of up to 39% when compared
to the bare frame situation. The diminishment due to irregular distribution is less
significant than for the X direction, of up to 15%.

Fig. 9.5 Force – displacement curves for horizontal loads along X axis and full infill panels
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For the considered configurations, the influence of window openings on the
behaviour of the building is analysed. As shown in Fig. 9.11, the influence is
generally not significant, within only a few percent from the full infill values.

The influence of soft-story configurations is also assessed. With a few exceptions,
these configurations lead to an important decrease of capacity for the analysed
building, as shown in Fig. 9.12. The observed capacity reduction ranges up to
21%, when compared to the same building with similar infills at all the stories.

9.7 Conclusions

In this study, the seismic response of RC frame buildings with irregularities due to
masonry enclosure walls is assessed using numerical models.

Fig. 9.6 Force – displacement curves for horizontal loads along X axis and panels with
150 � 120 cm window openings
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Fig. 9.7 Force – displacement curves for horizontal loads along Y axis and full infill panels

Fig. 9.8 Force – displacement curves for horizontal loads along Y axis and panels with
150 � 120 cm window openings



Fig. 9.9 Ratios between the input energy that leads to collapse and the input energy that leads to
collapse for the corresponding bare frame (forces along X axis)

Fig. 9.10 Ratios between the input energy that leads to collapse and the input energy that leads to
collapse for the corresponding bare frame (forces along Y axis)
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The numerical simulations show that infill masonry panels can significantly
modify the structural behaviour of reinforced concrete framed structures. Regular
distribution of infills can have a positive effect on building strength when compared
to the bare frame situation. On the contrary, irregular panel distributions can lead to
important diminishments of building capacity to withstand lateral loading. For the
analysed situations, the strength loss due to the presence of irregularities ranges up to
15% for plane irregularities, up to 20% for soft story irregularities and up to 24% for
both in-plane and elevation irregularities.

This means that irregular configurations, if not taken into account during the
structural design process, can lead to serious damage and even to the partial or full
collapse of the buildings during earthquakes.

Even though the proposed model is simple enough to be used by practicing
engineers for current design or evaluation, the obtained results are in accordance
with building behaviour observed during recent earthquake events.

At the present time, there is a lack of clear code provisions regarding the
modelling of RC frames with masonry infills. Single-strut equivalent diagonal
models have certain limitations, in particular regarding the evaluation of shear forces
that might develop in columns. Still, the proposed model could be used for the
design of new buildings, as the columns designed in conformity with current code

Fig. 9.11 Ratios between the input energy that leads to collapse for infills with window openings
and the input energy for the corresponding full infill
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provisions are less susceptible to failure due to the additional shear forces resulting
from frame/panel interactions. For the assessment of older buildings, more complex
models should be used, with multiple non-centric struts, as well as shear hinges.
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Chapter 10
Influence of the Soil Initial Shear Modulus
on the Behaviour of Retaining Walls
for Deep Excavations in Bucharest – Case
Studies

Alexandra Ene, Oana Carașca, Roxana Mirițoiu, Dragoș Marcu,
and Horaţiu Popa

Abstract Initial shear modulus (G0) is an important soil parameter used in geotech-
nical and earthquake engineering, when modelling geotechnical structures using
advanced models for the soil behaviour or when modelling the soil-structure inter-
action in seismic analysis. Starting from the theory of wave propagation, it is known
that this parameter is obtained through in situ or laboratory tests, by measurements of
the shear wave velocity of the soil. This paper presents an analysis of the initial shear
modulus values obtained by seismic tests in depth, carried out during the geotech-
nical investigations of several projects developed by the authors in Bucharest area.
The results obtained from these tests were related to the stratigraphy on site, to relate
the values obtained with the geological stratums typical for the city. The further
performed analysis was approaching the influence of adopting different values for
the initial shear modulus, within the interval obtained from the abovementioned
investigations on the behaviour of retaining walls for deep excavations in the urban
area of Bucharest. The analysis of the behaviour was performed through Finite
Element Method, using the hyperbolic constitutive law with account of the initial
shear modulus for the soil. The results obtained in terms of efforts and deformations
for different values of initial shear modulus, keeping the rest of the parameters
constant, are then presented and discussed. Also, the results are compared to
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measurements of the deformations carried out in inclinometer casings installed in
diaphragm walls and in ground extensometers installed in the ground, considering
real cases.

Keywords Initial shear modulus · Diaphragm wall · Hyperbolic constitutive law ·
Inclinometer · Seismic investigations

10.1 Introduction

The soil stiffness and its non-linear dependency on the amplitude of the deformation is a
feature which must be considered in the analysis of geotechnical structures for a realistic
estimation of the displacements. Advanced constitutive models account for the initial
shear modulus, also called “small strain shear modulus”. In the same time, this parameter
is useful in the analysis of structures in interaction with the foundation ground in case of
seismic actions (Benz 2007; Atkinson and Sallfors 1991; Atkinson 2000; Benz et al.
2009; Santos and Correia 2000, 2001; Clayton 2011; NIST GCR 12-917-21 2012).

The advanced design of civil structures considers several approaches for consid-
ering the soil-structure interaction (analytical or numerical), dependent on the
deformability parameters of the foundation ground.

The initial soil stiffness may be determined either by laboratory or in situ tests.
The laboratory tests on soil samples must simulate the real loading conditions, such
as drainage, stresses etc., in the same time giving punctual, but not overall results
about the ground massif. The preferred method is site testing, considering that the
disturbance of the soil samples is minimize and because of the better coverage of the
investigated soil volume as well. However, the determination of the soil stiffness by
in situ tests is indirect, based on theoretical and empirical correlations.

For determining the soil stiffness by in situ tests, the main procedure is generating
shear waves (in depth or at the ground surface) and measuring the velocity of these
waves through sensors located at different distances and depths. The most common
tests carried out in Romania are: Downhole (ASTM D7400-08 2008), Crosshole
(ASTM D4428/D4428M - 07 2007), cone penetration test with seismic probe
(sCPT) (Robertson et al. 1989; McGann et al. 2015) and flat dilatometer test with
seismic probe (sDMT) (Hryciw 1990).

This paper presents an analysis of the initial shear modulus (soil stiffness in small
strain domain) values for the typical strata of Bucharest obtained by seismic tests in
depth, carried out during the geotechnical investigations of 13 projects developed in
distinct areas of Bucharest. The main investigation method used is the Downhole
test, but also some other methods were used and presented (sCPT, sDMT,
Crosshole). The values of the initial shear modulus G0 obtained on these sites
were used in analysis of the retaining structures of the deep excavations, to obtain
more real estimations of the structures behaviour in terms of stresses and deforma-
tions. The results of the design are then compared to measurements in inclinometer
casings measuring the horizontal displacements of the retaining walls and in ground
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extensometer casings measuring the vertical deformations of the foundation ground,
carried out throughout the construction stage of several monitored projects.

10.2 Determination of Soil Stiffness Modulus in Small
Strain Domain for Projects in Bucharest

It is well known that the soil stiffness modulus in small strain domain (initial shear
modulus), G0, is equal to the square of shear wave velocity – vS – measured for a
specific soil layer, multiplied by the soil density, ρ (Poisson 1831).

As aforementioned, for measuring the values of the propagation velocities for the
shear waves (seismic waves) for soils in Bucharest, the results of Downhole (ASTM
D7400-08 2008), Crosshole (ASTM D4428/D4428M-07 2007), sCPT (Robertson
et al. 1989; McGann et al. 2015) and sDMT (Hryciw 1990) in situ tests were used,
carried out during the field investigations for the Geotechnical Reports of each site.
The preferred and most often used method is the Downhole test, considering that it
requires only one borehole, which is previously drilled for geotechnical purposes
(soil sampling with determination of geotechnical parameters). Hence, the succes-
sion of soil layers and the main characteristics thereof are well known, increasing the
accuracy of the data processing and interpretation of the tests.

Typically, the soil stratification specific to Bucharest has the following
succession:

1. Old and new fillings found in surface, resulted from various sources and periods
of the city development;

2. Upper sandy clayey complex, “Clays of Bucharest” or “Bucharest Loam” com-
prised of silty-clayey soil deposits and pockets of clayey sands (stiff);

3. Upper sandy complex “Colentina Gravels” comprised of sands and small gravels
(medium dense);

4. Intermediate lacustrine complex consisting in general of clays or silty-clays with
bounding surfaces (stiff);

5. Intermediate sandy complex, “Mostiștea Sands” consisting of medium and fine
sands, sometimes with clayey or sandy inserts (medium dense);

6. Inferior lacustrine complex, consisting of fine clays and sands;
7. Frăteşti layers, the oldest quaternary formations in the area, at relatively high

depth (approximately 100–180 m) consisting of sands and gravels with clayey
inserts (medium dense to dense).

Within the presented projects, the boreholes carried out for Downhole tests were
all 50-m deep, crossing through all the macro-layers until reaching the Inferior
lacustrine complex of fine clays and sands (No. 6 above). However, considering
the heterogenous character of the soil stratification specific to Bucharest and since
the locations of the projects are spread all over the city area, in several Downhole
boreholes, the layers were found at different depths and some of the layers were
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missing. Also, the thicknesses of the encountered layers are distinct depending on
the location of the project (Popa et al. 2016).

For this paper, the processing was focused on the first three important layers
(Bucharest Loam, Colentina Gravels and Intermediate Clays), considering that these
are the soil layers that most of the retaining works designed for deep excavation pits
are crossing, hence that give the most important soil loads behind the retaining walls.
The filling layer was neglected, due to its heterogeneity from one site to another.

For the purpose of the present study, the mean value of the initial shear modulus
G0 and the rest of the geotechnical parameters were used in the calculations
(Fig. 10.1).

The processing of the results was carried out for each of the three layers, using all
the available values. The charts displayed in Fig. 10.2 show the values of the
stiffness modulus in small strain domain corresponding to the middle depth of the
soil layer measured from the surface of the ground, on each of the investigated sites.
The values are displayed in comparison to the mean value (dashed line) and the
standard deviation resulted from the statistical analysis.

10.3 Retaining Walls for Deep Excavations – Case Studies

In order to assess the influence of adopting different values for G0 initial shear
modulus on different retaining wall solutions for deep excavations, 4 sites – case
studies – representative for the urban area of Bucharest were considered. The
analysis was performed keeping constant the value of the soil resistance parameters

Fig. 10.1 Values obtained for the initial stiffness modulus, corresponding to the soil layers: Silty
Clay (Bucharest Loam), Sands and small gravels (Colentina Gravels), Intermediate Clay
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(for which mean values were considered) and using different values for G0 initial
shear modulus as they were obtained from site investigation.

Calculations were performed using the 2D Finite Element model for plane strain state
in Plaxis 2017 software (Plaxis 2D 2017). Stresses and deformations were determined
using for soil a nonlinear constitutive model, namely Hardening Soil with small stiffness
model (Benz 2007). The boundary conditions of the models consist in fixing their
bottom against all directions, their vertical boundaries against horizontal directions and
in considering the ground surface free in all directions (Table 10.1).

Fig. 10.2 Values of the initial stiffness modulus, corresponding to Silty Clay, Sands and small
gravels and Intermediate Clay, respectively

Table 10.1 Numerical parameters of soil models

Case
study

Dimensions
of the model Soil cluster mesh

Retaining wall
mesh Interface

1
(Site
9)

35 m deep,
60 m wide

1626 Triangular
15-node
elements

25 elements of
5 node line
type

103 elements of 5-node line using
4-point Newton-Cotes integration
type

2
(Site
11)

33 m deep,
70 m wide

2166 Triangular
15-nodes
elements

31 elements of
5 node line
type

127 elements of 5-node line using
4-point Newton-Cotes integration
type

3
(Site
2)

32 m deep
60 m wide

1776 Triangular
15-nodes
elements

28 elements of
5 node line
type

115 elements of 5-node line using
4-point Newton-Cotes integration
type

4
(Site
11)

46 m deep
65 m wide

8404 Triangula5
15-nodes
elements

48 elements of
5 node line
type

195 elements of 5-node line using
4-point Newton-Cotes integration
type
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10.3.1 Cantilever Retaining Walls

Case Study 1 (Site 9) is represented by a cantilever pile retaining wall (with 16 m
length) for a 7.70 m deep excavation from the natural ground level. The lithology of
this site consists of about 12 m thick stiff silty clay (the Bucharest loam), followed by
a thin sandy clay layer of about 1–2 m thick, about 10 m thick medium dense sand
with gravel (Colentina gravels) and then stiff silty clay (Intermediate clays). The
ground water level was found 2 m below the excavation level

In Fig. 10.3 are represented the variations for G0 initial shear modulus obtained
from Downhole, Crosshole and a mean value for Bucharest. It can be observed that
for both Downhole and mean value the obtained values for G0 increase with depth,
which is expected. Also, the values obtained from Crosshole increase up to 24 m
depth where a sudden decrease of its value was recorded for the silty clay layer (layer
4). Although the influence of the 4th layer is not significant for the retaining wall
behaviour, seismic evaluation of the site conditions in simplified approaches (con-
sidered down to 30 m depth) or even for more advanced soil-structure interaction can
lead to less accurate results due to erroneous evaluation of this soil layer stiffness.

As expected, it can be observed that the values obtained for displacement and
bending moments decrease when the values of G0 (for the same layer) increase –

especially when comparing site specific determinations to mean values for Bucharest
(Fig. 10.4).

The values for displacement resulted about 25% lower (when using the values
from Crosshole) and about 30% lower (when using the values from Downhole) with
respect to the values obtained using the mean values for Bucharest. The values for

Fig. 10.3 Variation of G0 shear modulus with depth (Site 9)
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bending moment resulted about 9% lower (when using the values from Crosshole)
and about 18% lower (when using the values from Downhole) as compared with the
values obtained by using the mean values for Bucharest.

Comparing the horizontal displacements obtained from FEM analysis with those
from measurements in inclinometer casing it can be observed that while G0 from
Downhole and Crosshole gives similar results to real measurements, the horizontal
displacements obtained with G0 from mean value for Bucharest resulted about 30%
greater than the measured one.

Case Study 2 (Site 11) consists of a deep excavation supported by a cantilever
diaphragm wall (with 19 m length) for a 6 m deep excavation from the upper level of
the diaphragm wall, while outside the diaphragm wall a preliminary 4 m high sloped
excavation was executed. The ground water level was found 3.5 m above the
excavation level and the lithology consisted of about 5.5 m thick backfilling,
followed by a thin medium dense sand with gravel layer (Colentina gravels) of
about 3.5 m thick, about 4.5 m thick layer of stiff silty clay (Intermediate clay), about
2 m thick layer of clayey sand, about 10 m thick stiff clay and then fine sands
(Mostistea sands)

Also for this site (Fig. 10.5) it can be observed the dependence with depth of G0

obtained from Downhole test and mean value for Bucharest, as it was expected.
Moreover, the value obtained from sCPT decreases for the sand with gravel (3rd
layer) and silty clay layer (4th layer), and since these two layers interact with the
retaining wall their influence is significant especially in terms of horizontal displace-
ments (Fig. 10.6).

Fig. 10.4 Variation of bending moment and horizontal displacement using G0 from Downhole and
Crosshole tests as well as a mean value for Bucharest (Site 9)
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Fig. 10.5 Variation of G0 shear modulus with depth (Site 11)

Fig. 10.6 Variation of bending moment and horizontal displacement using G0 from Downhole and
sCPT tests as well as a mean value for Bucharest (Site 11)
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As expected, the values obtained for horizontal displacements and bending
moments decrease when G0 value (for the same layer) increases – especially when
comparing values obtained from Downhole test and mean values for Bucharest to
sCPT values (Fig. 10.6).

The values for displacements resulted 16% greater (when using G0 from
Downhole) and about 25% greater (when using G0 from sCPT) as compared to the
values obtained using the mean values for Bucharest. The difference in bending
moments between the three cases are lower than 10%.

Comparing the horizontal displacements obtained from FEM analysis with those
from inclinometer measurements it can be observed that the values are about 136%
greater (when using the mean values for Bucharest) and about 200% greater (when
using values from Downhole and sCPT) compared to those measured on site.

10.3.2 Retaining Walls Supported by One Level of Steel Struts

Case Study 3 (Site 2) consists of a deep excavation supported by inclined struts
installed in the cap beam and in the raft executed in the central area. The excavation
is 7 m deep, and the retaining diaphragm wall has 19 m length. The ground water
level was found 4 m above the excavation level and the lithology consist of
approximately 4 m of backfilling, followed by a thin stiff silty clay layer of about
2 m thick (Bucharest loam), about 10 m thick medium dense sand with rare gravel
(Colentina gravels), a 6 m thick layer of stiff clay (Intermediate clays), a layer of
medium sand of about 3.5 m thick (Mostistea sands), a very thin layer of clay with
sand insertion and then fine sands

For this site (Fig. 10.7) it can be observed that the values obtained for G0 from
Downhole are much larger than in the previous cases, as well as, from those obtained
from sDMT for this site. Also, the value obtained from Downhole decreases for the
silty clay (2nd layer) and clay layers (4th layer).

The G0 values obtained from both sDMT test (performed only to 16 m depth) and
the mean values for Bucharest increase with depth, as it was expected.

The values for displacements obtained with G0 from sDMT and from mean
values for Bucharest are almost similar and with 13% and 17% greater than those
obtained using G0 from Downhole, for the excavation below struts stage and struts
removal stage respectively. Also, it can be observed that, for the struts removal stage,
the maximum horizontal displacement obtained from FEM analysis is 40% greater
(when using the values from Downhole) and about 47% greater (when using the
values from sDMT and mean values for Bucharest) with respect to those obtained
from inclinometer measurements (Fig. 10.8).

The values for bending moments obtained using G0 from sDMT and from mean
values for Bucharest are almost similar and with 11% greater than those obtained
using G0 from Downhole for the excavation below struts stage. For the struts
removal stages the bending moment values are almost similar for all three cases
(Fig. 10.9).
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Fig. 10.7 Variation of G0 shear modulus with depth (Site 2)

Fig. 10.8 Variation of horizontal displacement for different execution stages using G0 from
Downhole and sDMT tests, as well as, a mean value for Bucharest (Site 2)
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10.3.3 Retaining Walls Supported by Two Levels of Steel
Struts

Case Study 4 (Site 1) consists of a deep excavation supported by two levels of
horizontal steel struts connected to the diaphragm wall by means of a steel wale. The
excavation is approximately 12 m deep, and the retaining wall has 30 m length. The
ground water level was found 6.8 m above the excavation level and the lithology
consist of approximately 2.5 m of backfilling, followed by a thick sand with gravel
layer of about 5 m thick (Colentina gravels), about 5.5 m thick clay and silty sand
layer (Intermediate clays), a 2 m thick layer of fine sand (Mostistea sands), a thick
layer of clay of about 11.5 m thick and then clay with limestone concretions.

For this site (Fig. 10.10) it can be observed that the value for G0 from mean values
for Bucharest decreases for the 11.5 m thick clay layer (6th layer), situation that is
not confirmed by the value obtained from the Downhole test. Due to the thickness of
this layer, its influence is significant for the retaining wall behaviour and it is
confirmed by the fact that the horizontal displacement in the clay layer resulted
25% lower when using the values from Downhole in comparison with the mean
values for Bucharest (Fig. 10.11).

Comparing the horizontal displacements from FEM analysis with those from site
measurements it can be observed that the measured displacements resulted 70%
lower than those obtained from FEM analysis.

a. Excavation below struts b. Struts removal

Fig. 10.9 Variation of bending moment for different execution stages using G0 from Downhole
and sDMTtests as well as a mean value for Bucharest (Site 2)
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Fig. 10.10 Variation of G0 shear modulus with depth (Site 1)

Fig. 10.11 Variation of bending moment and horizontal displacement for G0 from Downhole and a
mean value for Bucharest (Site 1)
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Also, the values for bending moments obtained using G0 from Downhole test and
from mean values for Bucharest are similar.

10.4 Predicted Vertical Displacements Compared
to Measurements

In addition to the horizontal displacements, the vertical displacements were also
monitored by means of ground extensometer casings.

In Fig. 10.12 are presented the measured vertical displacements, as well as, those
obtained from FEM analysis performed for Site 2 and Site 11. The vertical displace-
ments obtained with G0 from Downhole and sDMT are almost similar with the ones
obtained with mean values for Bucharest. Although, an exception was registered for
calculation performed using G0 values from sCPT, the vertical displacement
obtained being approximately 50% greater than those obtained using Downhole
and mean values for Bucharest.

The maximum soil heave measured on site increases with approximately 250%
related to the maximum value obtained from FEM analysis (using G0 initial modulus
from Downhole) for Site 2 and with 156% greater related to the maximum value
obtained from FEM analysis (using G0 initial modulus from Downhole) for Site 11.

10.5 Conclusions

The present article presents the variation of G0 initial shear modulus obtained from
various in situ test for four sites in Bucharest area, as well as its influence on the
retaining wall in terms of horizontal and vertical displacements and bending
moments.

Variation of the soil initial modulus even in relatively small area (all within the
margins of Bucharest city) is very important, thus precaution is needed in estimating
this parameter or comparing with experience. Besides from the differences in soil
layers thickness and properties, it can also be intuited that also the variation of the
testing procedures and equipment might lead to such discrepancies. It is then
necessary to emphasize the importance of more uniform practice, especially since
there is not yet a standardized local or international procedure for such field tests.

Variation of initial shear modulus leads to more or less variation of efforts and
especially of the displacements of retaining structures depending also on other
factors such as: backfilling thickness and variation, adjacent structures or different
works, other geotechnical parameters etc. It is obvious that if prediction is performed
with significant underestimation, even considering codes safety margins it might
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lead to hazardous results and, on the other hand, if prediction is significantly
overestimated and combined with codes safety margins (characteristic values of
geotechnical parameters chosen as cautious estimate or by statistical processing) the
design becomes highly costly related to the necessary safety.

For Sites 9 and 11 it can be noticed that the initial shear modulus G0 obtained
from Downhole and mean value for Bucharest increases with depth, while the ones
obtained from Crosshole and sCPT decreases for the silty clay layer and sand with
gravel layer. For Site 2 the initial shear modulus G0 obtained from sDMT and mean
values for Bucharest increases with depth, while the one obtained from Downhole
decreases for the silty clay layer and clay layers respectively. In the case of Site 1, G0

from mean values for Bucharest decreases for the clay layer, situation that is not
confirmed by the value obtained from the Downhole test.

The values for bending moment resulted between 11% and 18% lower (for
Site11, Site 9 and Site 2), when using G0 from Downhole Test as compared to the
values obtained with G0 from mean values for Bucharest. For Site 1 the values for
bending moments obtained using G0 from Downhole test and from mean values for
Bucharest are similar.

a. Site 2 b. Site 11

Fig. 10.12 Variation of vertical displacement with depth
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The values for horizontal displacements resulted between 13% and 30% lower
(for Site 1, Site 2 and Site 9) when using G0 from Downhole Test in comparison with
the mean values for Bucharest. For Site 11 the results obtained are different, meaning
that when using G0 from Downhole and sDMT the horizontal displacements are up
to 25% greater than those obtained with the mean values for Bucharest.

With the exception of Site 9, where the horizontal displacements obtained from
site measurements and those obtained using G0 from Downhole and Crosshole were
similar, for the other sites the horizontal displacements obtained from FEM analysis
(using G0 from Downhole, sCPT or sDMT) resulted between 40% and 200% greater
than those obtained from site measurements.

Moreover, as it can be noticed from the presented measurements results, com-
pared with the calculation results, the vertical displacement (heave) is poorly esti-
mated compared with the actual measurements, even when the horizontal
displacements obtained from numerical calculations are calibrated with the mea-
sured ones (Site 9).

Further research on the influence of variation the initial shear modulus in the
design should be considered for the evaluation of seismic site response analysis (site
seismic hazard evaluation) – usually performed within the first 30 m of depth or
more – or in more advanced soil-structure interaction analysis for seismic design.
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Chapter 11
Seismic Performance of Uneven Double-Box
Tunnel Sections for Subway

Tsutomu Otsuka, Kota Sasaki, Shinji Konishi, Yuya Nishigaki,
Kouichi Maekawa, and Ryuta Tsunoda

Abstract The center pillars of the common double box tunnel of subways have
been investigated and their seismic performance has been verified in practice by
taking advantage of the lesson of collapsed Daikai station in 1995. However, these
verified box tunnels are either horizontally-arranged or vertically-arranged box
culvert, and the seismic performance of the transition between these box culverts
have not yet been examined. In this study, the failure mode of these uneven tunnels
and its characteristic shape are analyzed, and the seismic performance regarding the
safe internal spaces and the effects of cross-section shape is discussed.

Keywords Subway · Cut and cover tunnel · Uneven double box section · Seismic
performance · 3D finite element analysis

11.1 Introduction

In Japan, subway tunnels constructed by the cut-and-cover method are typically
horizontally-arranged double box tunnels with rectangular cross-sections as shown
in Fig. 11.1. The common width is about 10 or 11 m. The cut-and-cover method
generally involves the excavation of public roads, installing tunnel frames in place
and then covering them.

However, some tunnels had to be built under narrow roads in Tokyo and not to
secure an enough width for horizontally-arranged double box tunnel; thus, there are
some vertically-arranged double box tunnels with longitudinally long cross sections.
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To connect these different shape tunnels, there are transition sections as shown in
Fig. 11.2. In this paper, the transition is referred as “uneven double-box tunnel
sections.” In these sections, the cross-section of tunnels gradually shifts in the
vertical direction.

Design Standard for Railway Structures and Commentary (Seismic Design)(Rail-
way Technical Research Institute 2012) describes the explanations of the concept
and methodology of verifying the seismic performance of common horizontally-
arranged double box tunnels (Kawanishi et al. 2012) such as the one shown in
Fig. 11.1. However, the standard does not describe any explanations of uneven
double-box tunnel sections as shown in Fig. 11.2. Seismic loads acting on such
special shaped tunnel sections result in complex deformation modes that could lead
to localization of damage or failures that are difficult to repair. While the seismic
performance of some special shaped tunnels at Metropolitan Expressway ramps
(Hiroshi et al. 2008, 2009; Naoto et al. 2004) have been examined, uneven
double-box tunnels for railway have not yet been sufficiently investigated.

a) Horizontally Oriented Box b) Vertically Oriented Box

Fig. 11.1 Typical double box tunnel with rectangular cross-section

Fig. 11.2 Uneven double-
box tunnel sections
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Based on these circumstances, this paper explains the use of nonlinear analysis to
investigate failure modes of earthquakes in uneven double-box tunnel sections due
to effects of tunnel shapes as fundamental investigation.

11.2 Preliminary Analysis

The simulation analysis has been examined through loading experiments on model
tunnel by using the 3D nonlinear analysis (Koichi et al. 2003; Nam et al. 2006;
Satoshi et al. 2007) for RC structure systems. This method of analysis makes it
possible to track rebar yielding and cracks that result from opening and closing in
multiple directions, which is nonlinear behaviour peculiar to RC structures. In this
study, the nonlinear static responded displacement method (Kazuhiko 1994; Akira
1992) is adopted to verify a fundamental seismic performance. Figure 11.3 shows
mesh generations of tunnel sections with the RC parts. These cross-section shapes
were created from the design drawings of an actual subway tunnel.

For the analysis, the 3D thermodynamic responded model DuCOM-COM3
(An and Koichi 1997; Koichi et al. 2009; Okhovat and Maekawa 2009) is adopted.
Table 11.1 shows the physical properties to be input for the analysis. Soil is
distributed to 1.05 m off the left and right edges of the structure, and elastic matter
is distributed further away from the structure. The red part in Fig. 11.4 is the RC part,
the blue represents the soil, and the yellow represents the elastic matter as pseudo-
elements. Earth covering was set to 3.00 m, around the same amount that actually
covers. The soil beneath the RC structure was also set to 1.05 m. The ratio of

a) Section 1 b) Section 2

Fig. 11.3 Analytical cross-
section shape

Table 11.1 Specified concrete mix proportion and other input condition for analysis

W/C Water Cement Sand Gravel

60% 145 kg/m3 241 kg/m3 832 kg/m3 977 kg/m3

Rebar yield strength: 370 N/mm2

Soil friction angle: 45�

Soil cohesion: 0 N/mm2

Initial soil rigidity: 43 N/mm2
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reinforcement of distributing bar was assumed to be a uniform 0.5%. Other rein-
forcement was installed as the steel ratio of each element based on design drawings.

For relative humidity (RH) and temperature, it is assumed that RH of inside and
outside of the tunnel is 99.99% for 28 days after concrete depositing, and set the
temperature to 20 �C (Table 11.2). After that, the RH is decreased to 40% and
increased the temperature to 25 �C inside of the tunnel, while the RH is decreased to
99% and the temperature is the same for outside of the tunnel.

Given the fact that 20 years have passed since the concrete depositing, 3% shear
displacement to the height of model was loaded as an earthquake ground action as
shown in Fig. 11.4. This displacement is assumed as ground action due to large
earthquake, because of verification of a failure mode. After the structure tilted
toward the right, shear displacement was loaded to opposite direction to tilt toward
the left, then return to the original position.

Fig. 11.4 Analytical model
(static analysis)

Table 11.2 Environmental
condition of the tunnel
structure

First 28 days After

Inside of the tunnel RH 99.99% 40%

Temp. 20 �C 25 �C
Outside of the tunnel RH 99.99% 99%

Temp. 20 �C 20 �C
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11.3 Failure Modes for Uneven Double-Box Tunnel
Sections

Figures 11.5 and 11.6 show the results of analysis. These figures show the model
deformation (with 2x magnification of deformation) and the maximum principal
strain distribution (tension made positive) before and after loading by shear
displacement.

a) Section 1 b) Section 2

Fig. 11.5 Deformation and
distortion contour diagram
(before loading)

a) Section 1 b) Section 2

Fig. 11.6 Deformation and
distortion contour diagram
(after loading)
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Especially, the large localized strain occurred at the haunch and joint part of each
box before loading. These phenomena are the result of thermal stress from the initial
concrete installation, cracks under the long term due to dry shrinkage, and concrete
creep and delayed failure of concrete due to sustained earth pressure. In Section 1,
although the large strain occurred at the joint part of each box before loading, there is
almost no change in strain condition at the joint part after loading. On the other hand,
Section 2 shows signs of shear failure caused by loading in the lower slab of left-side
box and the lower of interior wall.

Considering the above, the different shape of the cross-section result in different
condition of internal forces before loading, and that the potential for subsequent
failure modes and shear failure also differs.

11.4 Comparison with Common Double Box Tunnel
Deformation

Figure 11.7 shows diagrams of model deformation of uneven double-box tunnel and
common horizontally-arranged double box tunnel by shear displacement. A com-
mon double box tunnel is deformed uniformly as the upper and lower slabs receive
compressive forces. On the other hand, an uneven double-box tunnel is disformed
ununiformly and the deformation is concentrated on the part of the structure, as the
upper and lower slabs push against the interior wall as shown in Fig. 11.7.

As just described, the respective forces of each part of the tunnels are transferred
through different pathways for each type of tunnel. Thus, the location and mecha-
nism of failure for uneven double-box tunnels are quite different from common
double box tunnel.

a) Uneven Double-box Tunnel b) Common Double box tunnel

Fig. 11.7 Model deformation diagram
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11.5 Effects of Uneven Double-Box Tunnel Section Forms

(1) Analytical conditions

The fundamental investigation on the effects of uneven double-box tunnel cross-
section shapes against the structural damage due to shear displacement was
conducted by a numerical analysis (DuCOM-COM3). The analytic models of
uneven double-box tunnel section with different vertical alignments were considered
based on the existing subway tunnel sections, and eight different cross-section
models were considered. These sections are distinguished with a letter from A to
H as shown in Fig. 11.8.

a) Section A b) Section B c) Section C d) Section D

e) Section E f) Section F Representative rebar drawing 

g) Section G h) Section H

Fig. 11.8 Longitudinally changing of uneven double-box cross-section shape (Analysis Mesh)
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The distance from the tunnel centre position to the ground was assumed as
8.00 m. However, the earth covering of Section H was too deep to compare with
other sections, so that the depth of overburden of Section H was set equal to that of
Section G. The other conditions for model layouts were the same as shown in
Fig. 11.4. The Environmental conditions were also the same as shown in Table 11.2.

The ratio of reinforcement was assumed to be 0.5% uniformly, and the main
reinforcements with 22 mm in diameter were installed based on the rebar arrange-
ment drawing. Moreover, the stirrups with 9 mm in diameter were assumed at an
interval of roughly 500 mm.

In this investigation, the elapsed years were set at 5 years from concrete place-
ment to appropriately verify the seismic structural damages, in light of the results of
preliminary analysis in which the elapsed years were set at 20 years and the large
localized strain occurred at haunches and joints of each box before loading. The
deformation of structure became larger as the rigidity of joints became smaller, but
localized share failure was considered to be less likely to occur in general. The
purpose of this investigation was to verify the capacity to maintain internal space of
tunnel.

For earthquake ground behaviour, 3% shear displacement to the height of model
was loaded. The loading process was the same as the preliminary analysis.

(2) Results of analysis

Figures 11.9, 11.10, 11.11, 11.12, 11.13, 11.14, 11.15, 11.16 show the results of
analysis of eight cross-sections. The figures show the model deformation (with 2x
magnification of deformation) and the maximum principal strain distribution (ten-
sion made positive) before and after shear displacement was given.

In Section A, the strain was the lowest of all sections for both before and after
loading. It was supposed that internal space of tunnel could be maintained.

a) Before Loading b) After Loading

Rebar yielding strain
Cracks caused by strain

0.
00

35

0.
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Fig. 11.9 Deformation and distortion contour diagram (Section A)
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a) Before Loading b) After Loading
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00Fig. 11.10 Deformation
and distortion contour
diagram (Section B)

a) Before Loading b) After Loading
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00Fig. 11.11 Deformation
and distortion contour
diagram (Section C)
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In Section B, the strain occurred in which rebar yields at the haunch and joints of
two boxes before loading, and Fig. 11.10 shows signs of compression damage of
concrete caused by loading in the bottom slab of lower box. However, the strain on
the sidewalls was relatively lower and it was a sign of bending failure. Thus, this
section can maintain the internal space even if given damages by shear displacement.

a) Before Loading b) After Loading
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00Fig. 11.12 Deformation
and distortion contour
diagram (Section D)

a) Before Loading b) After Loading
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Fig. 11.13 Deformation
and distortion contour
diagram (Section E)
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In Section C, the relatively large strain occurred at haunch before loading,
however, no damage of the structure was observed. Figure 11.11 shows signs of
compression damage of concrete caused by loading almost the same as Fig. 11.10,
and there were presumed to be bending failure. Thus, this section also can maintain
the internal space.

In Section D, large strain hardly occurred at the haunch of lower box before
loading. Figure 11.12 shows that compression damage of concrete caused by loading
occurred on the sidewalls of lower box. However, there were presumed to be
bending failure. Thus, this section also can maintain the internal space.

a) Before Loading b) After Loading

Rebar yielding strain
Cracks caused by strain

0.
00

35

0.
00

30

0.
00

20

0.
00

10

0.
00

00Fig. 11.14 Deformation
and Distortion Contour
Diagram (Section F)
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In Section E, this section was not uneven double-box tunnel, because the two
boxes were independent of each other as shown in Fig. 11.13. There were two single-
boxes in close proximity (offset distance is only 10 cm). The strain was not large for
both before and after loading. It was supposed that there was no damage due to shear
displacement.

In Section F, large strain hardly occurred at the haunch of lower slab of right-side
box before loading, and no damage of the structure was observed. Figure 11.14
shows that compression damage of concrete caused by loading occurred on the right-
side walls of right-side box and interior wall. However, these were assumed to be
bending failure. Thus, this section also can maintain the internal space, and the
transfer of axial force can be maintained as long as there is no potential for shear
failure.

In Section G, large strain hardly occurred at the haunch before loading, and no
damage of the structure was observed. However, Fig. 11.15 shows a sign of shear
failure caused by loading on the lower part of interior wall. Moreover, compression
damage of concrete also occurred at other parts, which were presumed to be bending
failure. This section shows the most severe damage in all sections. Thus, it was
supposed that the capacity to maintain the internal space would be degraded in this
section. In addition, the vertical slipping of double-box tunnel section was presumed
to be more severe condition compared with the horizontal slipping one.

In Section H, this was a common horizontally-arranged double-box tunnel. The
strain was not large before loading. Figure 11.16 shows that compression damage of
concrete caused by loading occurred on the sidewalls and centre pillars. However,
these were presumed to be bending failure. Thus, this section also can maintain the
internal space.

The angle of shear displacement to be given as the ground action was found to be
proportional to the average angle of tunnel shear deformation in most cases. How-
ever, in Section D, F and G, the average angle of tunnel shear deformation became
larger due to accumulation while loading to tilt toward the left.

a) Before Loading b) After Loading
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11.6 Conclusion

In this study, failure mode of earthquakes in uneven double-box tunnel cross-
sections due to the effects of tunnel shapes was examined by comparing responses
calculated with non-liner static analysis as fundamental research. Specifically, the
results showed that shear displacement of ground up to 3% could potentially cause
tunnel sections the loss of capacity to maintain the internal space due to shear failure
of RC structures. The results were described as follows:

The large localized strain occurred and different shapes of the cross-sections
resulted in different conditions of internal forces before loading.

A horizontally-arranged double-box tunnel deforms uniformly. However, for
uneven double-box tunnels, the upper and lower slabs pushed against the interior
wall, which likely caused large localized deformation.

The analysis to investigate the effect of uneven double-box tunnel sections
showed that compression damage of concrete caused by loading occurred in all
sections except Section G. There were presumed to be bending failure and could also
maintain the internal space.

The vertical slipping of uneven double-box tunnel section was presumed to be
more severe condition against earthquake ground behaviours comparing with the
horizontal slipping one. In this study, Section G showed a sign of shear failure
caused by loading on the lower part of interior wall.

The experiments to evaluate the results of analysis on uneven double-box tunnel
sections were planned based on this fundamental research. Moreover, it was
intended that more practical, highly accurate ways to evaluate actual structures
was found through continuous investigation.
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system DuCOM-COM3 was used. It was developed using JSPS Grant-in-Aid for Scientific
Research (S) (23226011).
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Chapter 12
Failure Probability of Regular
and Irregular RC Frame Structures

M. Kosič, M. Dolšek, and P. Fajfar

Abstract In the paper, the Pushover-based Risk Assessment (PRA) method is
summarized and applied to the estimation of the “failure” probability of two
reinforced concrete frame buildings. The first building is a modified version of the
well-known SPEAR building, designed according to Eurocode 8. Although the
building is asymmetrical, the influence of torsion is moderate, so the building can
be considered as a representative of regular buildings. The second building has the
same structural layout, but has infill walls included only in the upper stories, which
induce irregularity along the height of the building. The comparison of the “failure”
probabilities obtained for the two examples indicates a lower, although still signif-
icant, seismic risk for the regular code-conforming variant of the building (0.75%
over the lifetime of the structure). A three to five times larger “failure” probability is
obtained for the irregular variant of the building, for which a soft first storey effect is
predicted.

Keywords Seismic risk · Failure probability · Pushover analysis · N2 method ·
Regular and irregular structures · Reinforced concrete frame

12.1 Introduction

Due to large uncertainties involved in the simulation of the seismic response of
structures, an important task of the performance-based earthquake engineering is the
development of new design and assessment methods that have a probabilistic basis
and try to properly take into account the inherent uncertainty. Despite of their
theoretical advantages, probabilistic methods have not yet been implemented in
structural design practice, with the exception of nuclear power plant structures. In
order to facilitate a gradual introduction of probabilistic considerations into practice,
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simplified practice-oriented approaches for the determination of seismic risk are
needed. One of the methods that allow for practice-oriented estimation of “failure”
probability (i.e. the probability of exceeding the near collapse limit state) is the
Pushover-based Risk Assessment method (PRA) (Dolšek and Fajfar 2007; Fajfar
and Dolšek 2012; Kosič et al. 2017). The PRA method combines the probabilistic
seismic assessment method in closed form, developed by Cornell and co-authors
(Cornell et al. 2002), upon which the SAC-FEMA guidelines are based (FEMA
350 FEMA 2000), and the pushover-based N2 method (Fajfar 2000). Recently
proposed default values for the dispersion of the capacity at “failure” (Kosič et al.
2014, 2016) can be used.

In the paper, the pushover-based risk assessment (PRA) method is summarized
and applied for the estimation of the “failure” probability of a regular and irregular
variant of a reinforced concrete (RC) frame building.

12.2 Summary of the Pushover-Based Risk Assessment
(PRA) Method

The “failure” probability of building structures, i.e. the probability of exceeding the
near collapse limit state (NC), which is assumed to be related to a complete
economic failure of a structure, can be estimated as (Fajfar and Dolšek 2012; Cornell
1996)

PNC ¼ exp 0:5 k2 β2NC
� �

H Sa,NCð Þ ¼ exp 0:5 k2 β2NC
� �

k0 S
�k
a,NC, ð12:1Þ

where Sa, NC is the median NC limit-state spectral acceleration (shortly called the
capacity at “failure”) and βNC is the logarithmic standard deviation of Sa, NC due to
record-to-record variability and modelling uncertainty. The parameters k and k0 are
related to the hazard curve which is assumed as linear in the logarithmic domain
(H Sað Þ ¼ k0 S�k

a ). The capacity at “failure” Sa, NC is estimated using the pushover-
based N2 method (Fajfar 2000), whereas predetermined dispersion values are used
for βNC. In the original formulation of the method (Fajfar and Dolšek 2012), the
intensity measure used for risk assessment was peak ground acceleration (PGA). In
this study, the spectral acceleration at the period of the equivalent SDOF model
Sa(T

�) is used instead, like in (Kosič et al. 2017). In the following subsections the
determination of the parameters in Eq. (12.1) is presented.

12.2.1 Determination of Seismic Hazard Parameters k and k0

The procedure used for the estimation of the parameters k and k0 depends on the
available seismological data. Basically, three options are available:
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(a) If a hazard curve for Sa(T
�) is available at the location of the building, k and k0

are estimated by fitting the hazard curve with a linear function in logarithmic
domain over a range of intensities, e.g. [0.25 1.25]∙Sa, NC (Dolšek 2012).

(b) If only hazard maps are available for two return periods R1 and R2, the following
equations are used

k ¼ ln R1=R2ð Þ= ln Sa,1=Sa,2ð Þ and k0 ¼ 1= R1 � S�k
a,1

� � ¼ 1= R2 � S�k
a,2

� �
, ð12:2Þ

where Sa, 1 and Sa, 2 are the values of the intensity measure for the selected return
periods.

(c) If only one value of the intensity measure corresponding to a specific return
period R (Sa, R) is available, the parameter k has to be assumed, as proposed in
(Fajfar and Dolšek 2012), and k0 is estimated as follows

k0 ¼ 1= R � S�k
a,R

� �
: ð12:3Þ

Considering Eq. (12.3), the Eq. (12.1) can be written in the form

PNC ¼ exp 0:5 k2 β2NC
� � 1

R
Sa,NC
Sa,R

� ��k

, ð12:4Þ

where explicit calculation of k0 is no longer required. The Eq. (12.4) can be used
equivalently to Eq. (12.1) in the case of the procedures (b) and (c).

12.2.2 Estimation of the Capacity at “Failure”

The capacity at “failure” Sa, NC can be estimated using the N2 method. First, the
pushover analysis with an invariant distribution of lateral forces is performed (Pi¼mi

Φi). The pushover curve is idealized with a bilinear relationship, and the relations of
the N2 method (Fajfar 2000) are used for the calculation of the MDOF-SDOF
transformation factor Γ and the characteristics of the equivalent SDOF model,
i.e. the mass m�, the yield displacement D�

y , the yield force F�
y , the period T�, and

the yield spectral acceleration Say:
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Γ ¼ m�P
miΦ2

i

, m� ¼
X

miΦi, D�
y ¼

Dy

Γ , F�
y ¼

Fy

Γ , T�

¼ 2π

ffiffiffiffiffiffiffiffiffiffiffiffi
m�D�

y

F�
y

s
, Say ¼

F�
y

m� , ð12:5Þ

where Dy and Fy are the yield displacement and yield force of the MDOF system,
respectively.Φi is the component of the assumed shape vector in ith storey (typically
the first mode shape), and mi is the mass of ith storey.

Next, the displacement at “failure” DNC has to be determined. A widely accepted
definition of the “failure” (near collapse (NC) limit state) at the level of the structure
is still not available. Two possible definitions are: (i) the NC of the structure
corresponds to the NC limit state of the most critical vertical element; (ii) the NC
of the structure corresponds to 80% strength at the softening branch of the pushover
curve. In this paper, the first definition is used. For a building with important
influence of higher modes in the plan and/or elevation an extended formulation of
the N2 method (Kreslin and Fajfar 2012) can be used for calculation of DNC.

The ductility at “failure” μNC is calculated as the ratio of the displacement at the
“failure” DNC and the yield displacement of the structure Dy. Finally, the capacity at
“failure” Sa, NC is calculated as the product of the yield spectral acceleration Say and
the reduction factor due to ductility Rμ, as follows

Sa,NC ¼ Say � Rμ μNC, T
�ð Þ; Rμ ¼ μNC � 1ð Þ T

�

TC
þ 1 T� � TC

μNC T� > TC

8<
: , ð12:6Þ

where TC is the characteristic period of the ground motion (TC in Eurocode 8 CEN
2004).

12.2.3 Dispersion of the Capacity at “Failure”

Extensive studies have been made by the authors in order to determine typical
dispersions of the capacity at “failure” for reinforced concrete (RC) building struc-
tures using Sa(T

�) as the intensity measure (Kosič et al. 2014, 2016). Based on these
studies, in a simplified approach it may be reasonable to assume βNC ¼ 0.5 as an
appropriate estimate for RC building structures. This value takes into account
record-to-record and modelling uncertainty.
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12.3 Case Study: Estimation of the “Failure” Probability
for a Regular and Irregular Variant of a RC Frame
Building

In this chapter, the PRA method is applied for a practice-oriented estimation of
“failure” probability, i.e. the probability of exceeding the near collapse (NC) limit
state, of a regular and irregular variant of a reinforced concrete (RC) frame building.
The results are used to assess the influence of the irregularity on the seismic
performance of the examined building.

12.3.1 The Investigated Structures and Input Parameters

The plan and elevation view of the investigated building are presented in Fig. 12.1.
The first variant of the building, i.e. bare frame variant, is a modified version of the
well-known SPEAR building, designed according to Eurocode 8 DCH provisions
(Rozman and Fajfar 2009). Although the building is asymmetrical, the influence of
torsion is moderate, so the building can be considered as a representative of regular
buildings. The second variant of the building, i.e. the infilled variant, has the same
layout and reinforcement as the first building, but has masonry infill walls included
only in the upper stories, which induce irregularity along the height of the building
(Fig. 12.1b). The properties of the masonry infill walls are taken after a previous

Fig. 12.1 (a) Plan and (b) elevation view of the code-conforming SPEAR building with schematic
presentation of the disposition of masonry infill walls in the case of the infilled variant of the
building (infill walls are included only in the 2nd and 3rd storey)
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study (Celarec and Dolšek 2013). Infill walls are assumed to be 25 cm thick with a
cracking strength and the Young’s modulus of 0.36 MPa and 1.50 GPa, respectively.

It is assumed that both variants of building are located in a moderate seismic
region, for which the only available seismological data is the design peak ground
acceleration on rock PGA ¼ 0.25 g (475-year return period). The soil characteriza-
tion according to Eurocode 8 (CEN 2004) is soil type C (S ¼ 1.15).

12.3.2 Structural Modelling

The structural models are created using the PBEE toolbox (Dolšek 2010), which
allows a rapid generation of nonlinear models for OpenSees (Open system for
earthquake engineering simulation (OpenSees) 2017), definition of different type
of analyses, and advance post-processing of the results. The modelling of the
buildings is performed in accordance with the principles described in previous
studies by the authors (Kosič et al. 2014, 2016, 2017). As an exception, the ultimate
rotations in, both, the columns and beams at the near collapse (NC) limit state, which
corresponds to 80% of the maximum moment in the post-capping region, are
estimated using the EC8-3 (CEN 2005) formula for secondary elements (γel ¼ 1.0,
representing mean estimates). The masonry infill walls are modelled by means of
two diagonal struts, which can carry only compression loads. The force-
displacement relationship of the diagonal struts is defined according to the procedure
used in (Celarec and Dolšek 2013; Celarec et al. 2012). In this study, the influence of
potential shear failure due to the effect of masonry infill walls is not taken into
account. Extensive description of the structural modelling implemented in PBEE
toolbox can be found in (Dolšek 2010).

12.3.3 Pushover Analysis, the Parameters of the Equivalent
SDOF Systems and Consideration of the Influence
of Higher-Mode Effects

The first step of the PRA method is the pushover analysis for the two variants of the
building. The structures are analysed independently in both principal directions
(X and Y) and for both signs of seismic loading. The results for the most critical
sign of seismic loading are considered (i.e. +X and + Y direction). The obtained
pushover curves, plastic mechanisms and corresponding damage in the plastic
hinges at near collapse (NC) limit state are presented in Figs. 12.2 and 12.3.

The pushover curves are idealized with a bilinear relationship considering an
equal-area principle up to the displacement at maximum force (see Fig. 12.2). The
relations of Eq. (12.5) are used for calculation of the MDOF-SDOF transformation
factor Γ and the characteristics of the equivalent SDOF models. A summary of the
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characteristics of the idealized SDOF systems for the bare frame (regular) and the
infilled (irregular) variant of the building is presented in Table 12.1.

Due to asymmetry in the plan of the building, the influence of the higher-mode
effects in the plan (the effects of inelastic torsion) is taken into account in the
estimation of the displacement at “failure” DNC, whereas the influence of the higher
mode effect in the elevation of the building is considered negligible.

According to Extended N2 method (Kreslin and Fajfar 2012), the influence of
higher mode effects in the plan of the building is considered by multiplying the
displacements by correction factors CT, which depend on the location in the plan. A
linear modal response spectrum analysis with consideration of the Eurocode 8 elastic
spectrum (CEN 2004) for soil type C and a peak ground acceleration of 0.29 g
(1.15∙0.25 g) is performed in addition to the pushover analysis. The correction
factors CT are computed as a ratio between normalized roof displacements

Fig. 12.2 The pushover
curves and idealized
pushover curves of the bare
frame (regular) and infilled
(irregular) variant of the
building

Fig. 12.3 The plastic
mechanisms and
corresponding damage in
the plastic hinges and infill
trusses at NC limit state

Table 12.1 The characteristics of the idealized SDOF systems for the bare frame (regular) and
infilled (irregular) variant of the building

Structure: F�
y kNð Þ D�

y mð Þ D�
NC mð Þ m� (t) T� (s) Γ Fy/W Say (g)

Bare frame, X 627 0.03 0.23 195.8 0.61 1.25 0.28 0.33

Infilled frame, X 998 0.02 0.11 271.8 0.45 1.05 0.37 0.37

Bare frame, Y 651 0.03 0.26 185.8 0.60 1.27 0.29 0.36

Infilled frame, Y 1165 0.02 0.09 247.0 0.40 1.14 0.47 0.48
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(normalized to roof displacement at the centre of mass) from the modal response
spectrum analysis (dRSA ) and from the pushover analysis (dPUSH ), as presented in
Fig. 12.4.

Considering the influence of torsion, the critical elements in X and Y direction are
columns C1 and C4, respectively, which first attain the NC limit state (see Figs. 12.1
and 12.3). An exception is the bare frame variant of the building, for which the
critical element in Y direction is the column C6. The obtained displacements at
“failure” for the equivalent SDOF models are presented in Table 12.1.

12.3.4 Estimation of the Capacity at “Failure” with the N2
Method

The second step of the PRA method is the estimation of the capacity at “failure”with
N2 method. For this purpose, the ductility at “failure” of the structures μNC is
computed first as described in Sect. 12.2.2. The ductilities μNC amount to 7.6 and
8.1 (X and Y direction, respectively) in the case of the bare frame variant of the
building, and to 5.6 and 4.8 (X and Y direction, respectively) in the case of the
infilled variant of the building. Next, the reduction factor due to energy dissipation
capacity Rμ is calculated using Eq. (12.6). In the case of the bare frame variant of the
building (T� � TC ¼ 0.6 s for soil type C according to (CEN 2004), the equal
displacement rule applies in both directions (Rμ ¼ μNC). On the contrary, the
calculated reduction factors Rμ in the case for the infilled variant of the building
(T� < TC ¼ 0.6 s) are lower than the corresponding ductilities μNC (i.e. Rμ equals to
4.4 and 3.5 in X and Y direction, respectively). Finally, the capacity at “failure” Sa,
NC is calculated as the product of the reduction factor Rμ and the yield spectral
acceleration Say (Eq. 12.6). The computed capacities at “failure” are presented in
Table 12.2. Note that the process of calculation of Sa, NC can be visualized in the
acceleration-displacement (AD) format (see Fig. 12.5).

Fig. 12.4 Roof displacements (normalized to top displacement at the centre of mass (CM))
determined by elastic modal analysis and pushover analyses at NC limit state for both variants of
the building in (a) X and (b) Y direction
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12.3.5 Estimation of “Failure” Probabilities

The final step of the PRA method is the calculation of the “failure” probabilities PNC

using Eq. (12.1). Due to lack of seismic hazard data for the location of the building
(only the design PGA475 is available), the procedure (c) from Sect. 12.2.1 is used. A
typical slope of the seismic hazard curve k ¼ 3 is assumed, and the parameter k0 is
calculated using Eq. (12.3) for each building, considering R ¼ 475 years and Sa, 475
is calculated from the Eurocode’s elastic acceleration spectrum (Type 1, soil type C)
for PGA475 ¼ 0.29 g (soil factor S ¼ 1.15 is included). Because only PGA475 is
available, a fixed shape of the ground-motion spectrum has to be assumed for
estimation of Sa, 475. For both variants of the building, the dispersion of the capacity
at “failure” βNC¼ 0.50 is used. The computed “failure” probabilities are presented in
Table 12.2. The “failure” probabilities in 50 years are computed as P50

NC ¼
1� 1� PNCð Þ50 . Equivalently, the same results are obtained using Eq. (12.4),
which does not require the calculation of the parameter k0.

Table 12.2 Summary of the “failure” probabilities obtained for the bare frame (regular) and
infilled (irregular) variant of the building, and of the input data used in computations

Structure: Sa, NC (g) βNC k0 k H(Sa, NC) PNC P50
NC %ð Þ

Bare frame, X 2.48 0.50 7.44∙10�4 3.0 0.49∙10�4 1.50∙10�4 0.75

Infilled frame, X 1.66 0.50 7.82∙10�4 3.0 1.70∙10�4 5.24∙10�4 2.59

Bare frame, Y 2.89 0.50 7.82∙10�4 3.0 0.32∙10�4 0.99∙10�4 0.50

Infilled frame, Y 1.69 0.50 7.82∙10�4 3.0 1.62∙10�4 4.98∙10�4 2.46

Fig. 12.5 Elastic and inelastic demand spectra corresponding to NC limit state, and capacity
diagrams of the equivalent SDOF models in acceleration-displacement (AD) format for both
variants of the building in (a) X and (b) Y direction

12 Failure Probability of Regular and Irregular RC Frame Structures 149



12.3.6 Comparison of the “Failure” Probabilities Obtained
for the Two Variants of the Building and Discussion
of Results

In this section, the results obtained for the two variants of the building are compared
and used for an assessment of the influence of the irregular distribution of infill walls
over the height of the building.

A comparison of the pushover curves, presented in Fig. 12.2, reveals that the
irregular distribution of infill walls over the height of the building increases the
strength and the stiffness of the structure. However, the deformation capacity of the
building is significantly reduced. This is due to the presence of relatively strong and
stiff infill walls in the upper storeys, which induce a concentration of damage in the
bottom storey, producing a soft storey effect. As a result, the capacity at “failure” Sa,
NC of the infilled variant of the building is decreased by 30% to 40% compared to the
bare-frame variant.

It is interesting to observe that the distribution of infills increases the eccentricity
of the building (especially in Y direction). In the case of the infilled variant of the
building, larger normalized roof displacements xRSA are obtained due to different
lengths of infill walls at the opposite sides of the plan.

The “failure” probabilities of the bare frame (regular) variant of the building are in
the order of 1∙10�4 and 1.5∙10�4 per year (about 0.5% and 0.75% in 50 years). The
computed “failure” probabilities are in line with the expected values for code-
conforming structures obtained from previous studies, i.e. between 0.25% and 1%
in 50 years (Fajfar and Dolšek 2012; Kosič et al. 2014, 2016, 2017). A similar value
(1% in 50 years) is also assumed in FEMA P-1050-1 (BSSC, Building Seismic
Safety Council 2015) as the target probability for the design of buildings of ordinary
importance, however, it is based on the actual collapse and not on the near collapse
limit state. On the other hand, in the case of the infilled variant of the building, which
has an irregular distribution of infills over the height, the estimated “failure”
probabilities are three to five times larger (e.g. 5∙10�4 per year or 2.5% in
50 years). The difference between the “failure” probabilities of the regular and
irregular variant of the building is considerable. For example, it is larger than the
ratio between the “failure” probabilities of ordinary (importance class II) and very
important structures (importance class IV, γi ¼ 1.4), which can be obtained from
Eq. (12.1). Considering that same hazard parameters k0 and k (k ¼ 3), the same
overstrength (Sa, NC, IV / Sad, IV � Sa, NC, II / Sad, II) and the same dispersion βNC
apply for both types of structures, it can be shown than the ratio between
the “failure” probabilities of ordinary and very important structures roughly equals
to PNC,II=PNC,IV ¼ Sa,NC,IV=Sa,NC,IIð Þk � Sad,IV=Sad,IIð Þk ¼ γki ¼ 2:7. This indicates
that the irregular distribution of infill walls leads to a significant decrease in the
seismic performance of the infilled variant of the building. Nevertheless, proper
detailing of reinforcement and minimum requirements of the Eurocode 8 (CEN
2004) significantly limited the detrimental influence of the irregular distribution of
infills. Despite the formation of a soft-storey mechanism, the “failure” probabilities
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of the infilled variant are still at least an order of magnitude smaller than the “failure”
probabilities of old buildings, designed and built without observing appropriate
codes for seismic resistance (e.g. between 5% and 30% in 50 years (Fajfar and
Dolšek 2012; Kosič et al. 2014, 2016, 2017). Such an observation can be mainly
attributed to much larger deformation capacities of code-conforming structural
components (especially columns), which can, despite the concentration of damage
in a single storey, still accommodate relatively large drift demands.

12.4 Conclusions

In the paper, the pushover-based risk assessment (PRA) method is summarized and
applied for the estimation of the “failure” probability, i.e. the probability of exceed-
ing the near collapse (NC) limit state, of a regular and irregular variant of a RC frame
building. The irregular variant of the building has infill walls included only in the
upper stories, which induce irregularity along the height of the building. The
“failure” probabilities for the two variants of the building are compared and used
to assess the influence of the irregular distribution of infill walls along the height of
the building.

The comparison of the “failure” probabilities obtained for the two examples
indicates a lower, although still significant, seismic risk for the regular code-
conforming variant of the building (0.75% over the lifetime of the structure). A
three to five times larger “failure” probability is obtained for the irregular variant of
the building, for which a soft first storey effect is predicted. It should be noted,
however, that the “failure” probability obtained for the irregular variant of the
building is still at least an order of magnitude smaller than a typical “failure”
probability of old buildings, designed and built without observing appropriate
codes for seismic resistance. Such an observation can be mainly attributed to large
deformation capacities of code-conforming structural components (especially col-
umns), which can, despite the concentration of damage in a single storey, still
accommodate relatively large drift demands.

It is worth noting that the absolute values of the estimated “failure” probability are
sensitive to the input data and simplifying assumptions made. The comparisons of
“failure” probabilities between structures, however, are more reliable and can
provide valuable additional data needed for decision-making. Simple and computa-
tionally inexpensive probabilistic methods, such as the PRA method, may facilitate
the gradual introduction of probabilistic considerations into the structural engineer-
ing practice.
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Chapter 13
Assessment of Nonlinear Static Analyses
on Irregular Building Structures

Gabriel Dănilă

Abstract Nonlinear static analysis is many times chosen, in engineering practice, to
predict the seismic demands in building structures. Despite its simplicity, the
nonlinear static analysis based on invariant load patterns has certain limitations
caused by its inability to account for the variation of the dynamic characteristics,
of the building structure, resulting from inelastic behavior and the higher modes
effect. The paper presents a comparative study on three building structures, for
which were made adaptive and nonadaptive nonlinear static analyses and incremen-
tal nonlinear time history analyses were performed. The analyzed buildings struc-
tures have elevation irregularity, except for the smallest which is regular. The
capacity curves, resulting from nonlinear static analyses were compared with the
mean capacity curve resulting from incremental nonlinear time-history analyses. The
study has shown that the adaptive nonlinear static analysis, with displacements load
pattern, caught, with enough accuracy, the behavior of irregular building structures
of low and medium height. The nonlinear static analyses may not sufficiently predict
the seismic demand for the tallest building structure, having deep elevation
irregularity.

Keywords Adaptive non-linear static analyses · Elevation irregular structures ·
Incremental time-history analyses

13.1 Introduction

The nonlinear static analysis is a simple and efficient alternative to the non-linear
time-history analysis. Despite its simplicity, the nonlinear static analysis can provide
important information regarding the post-elastic behavior of the building struc-
tures (Antoniou and Pinho 2004). The nonlinear static analysis based on invariant
load patterns has certain limitations caused by its inability to account for the
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variation of the dynamic characteristics of the building structure, resulting from
inelastic behavior and the higher modes effect (Antoniou et al. 2005; Elnashai 2001).
The paper presents a comparative study on three building structures, for which were
made adaptive and nonadaptive pushover analyses and incremental nonlinear time
history analyses were performed.

13.2 Description of the Analysed Buildings Structures

The study was made on three reinforced concrete buildings structures, with varying
number of stories. The first building structure has 4 stories (ground floor and
3 stories), the second one has 9 stories (ground floor and 8 stories) and the third
one has 15 stories (ground floor and 14 stories). The location of the analysed
buildings structures was considered the Bucharest town, due to the long predominant
periods of the seismic movements.

The 1st building structure is a plane frame with 3 spans, of 6 meters and the
following stories heights: the ground floor – 4m, the 1st, the 2nd and the 3rd floor –
3,2 m each.

The 2nd building structure is also a plane frame with three spans of 6 m and nine
stories. The ground floor is 4 m height and the 1...8 stories are 3.2 m height. At the
4th storey is presented a drawback, resulting an elevation irregularity.

The 3rd building structure is a plan frame with three spans of 6 m and 15 stories.
The ground floor has 4 m height and the stories 1...15 have 3.2 m height. At the 4th
and 9th stories are presented two drawbacks, resulting in a severe elevation irregu-
larity (Fig. 13.1).

The dynamic properties of the analysed building structures, resulted from the
modal analysis are presented in the Table 13.1.

13.3 The Seismic Action

The seismic action is described by six artificial time-histories, compatible with the
design spectrum for Bucharest and one recorded time-history, on the INCERC site,
corresponding to the N-S component of the March 4, 1977 earthquake. The artificial
time-histories were generated by means of the SeismoArtif (SeismoArtif [computer
software] 2012) computer program and the recorded time-history was scaled, to the
maximum ground acceleration of 0.24 g. Figure 13.2 shows the elastic response
spectra, corresponding to the seven time-histories.
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13.4 Non-linear Static Analyses. Comparative Study

13.4.1 Modelling Issues in the Non-linear Static Analysis
and in the Incremental Dynamic Analysis

The non-linear static analysis and the incremental dynamic analysis were performed
using the SeismoStruct v6.0 (SeismoStruct [computer software] 2012) computer
program. The concrete modelling was made using the (Mander et al. 1988) model,
with constant confinement. The reinforcement was modelled with a bilinear

a) b) c)

Fig. 13.1 The analysed building structures: (a) Building structure 1 (BS1); (b) Building structure
2 (BS2); (c) Building structure 3 (BS3)

Table 13.1 Dynamic properties of the analysed building structures

Dynamic properties BS1 BS2 BS3

The vibration modes 1st 2nd 1st 2nd 1st 2nd

The vibration periods 0.79 s 0.25 s 1.12 s 0.42 s 1.31 s 0.56 s

The mass participation factors 90.09% 7.64% 76.03% 15.0% 65.22% 18.8%
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hardening model. The inelastic behavior of the elements was taken into account
using the fiber model (distributed plasticity model). The fiber model considers the
element cross-section meshed in fibers, each fiber being a concrete area or a
longitudinal reinforcement. Each fiber is defined by a uniaxial stress-strain
relationship.

The structural elements of the BS1 and of the BS2 were meshed into 100 fibers
per section, with four integration sections per element, considering force-based
interpolation functions. For the BS3, the structural elements were meshed into
150 fibers per section, with four integration sections per element, also considering
force-based interpolation functions.

13.4.2 The Incremental Dynamic Analyses

The incremental dynamic analyses were performed using the time-histories defined
in Sect. 13.3. Thus, seven incremental dynamic analyses were performed for each
BS. Figure 13.3 shows the “dynamic capacity curves” of the three analysed building
structures.

In the incremental dynamic analyses, the Hilber-Hughes-Taylor integration
method was used, with a Δt ¼ 0.01 s time step and integration parameters
α¼ �0.001, β¼ 0.2505 and γ ¼ 0.501. The elastic damping was taken into account
with the use of the damping proportional to the tangent stiffness.

The dynamic capacity curves were plotted considering the maximum response of
the building structures for different scale factors of the time-histories. There were
used seven scale factors in the analyses of BS1 and BS2 and ten scale factors in the
analyses of BS3.

Target Spectrum Vr.77i Vr.77g Vr.86g
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Fig. 13.2 The elastic response spectra (Dănilă et al. 2014)
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a)

b)

c)

Fig. 13.3 The dynamic capacity curves: (a) BS1; (b) BS2; (c) BS3
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13.4.3 The Non-linear Static Analyses

The comparisons between non-linear static analyses were performed in terms of
capacity curves. The capacity curves resulting from non-linear static analyses were
compared with the mean dynamic capacity curves (M-INDA).

The non-linear static analyses were performed by pushing the building structures
in the positive and in the negative x-direction, except for the BS1 where the capacity
curves where computed only for positive x-direction. The following types of
non-linear static analyses were performed:

• Force-based adaptive pushover (FAP);
• Displacement-based adaptive pushover (DAP);
• Non-adaptive pushover with the force load pattern distributed according to the

fundamental eigenmode (MFP);
• Non-adaptive pushover with the force load pattern distributed linearly (LFP);
• Non-adaptive pushover with the force load pattern distributed uniformly (UFP);
• Non-adaptive pushover with the displacement load pattern distributed according

to the fundamental eigenmode (MDP);
• Non-adaptive pushover with the displacement load pattern distributed linearly

(LDP);
• Non-adaptive pushover with the displacement load pattern distributed uniformly

(UDP).

Figure 13.4 shows the capacity curves resulting from non-linear analyses and the
mean dynamic capacity curve for BS1.

Due to the fact that BS1 is regular, of low height, the differences between
pushover analyses are small. The only difference occurs in the case of UDP and

Fig. 13.4 The capacity curves for BS1
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MDP, where the capacity curves are diverging from the mean dynamic capacity
curve. There are also differences between UFP and M-INDA, knowing the fact that
this type of analysis is used to determine the maximum shear forces.

As a result of the analyses carried-out on BS1, it can be stated that there are minor
differences between adaptive and non-adaptive pushover analyses for low regular
structures. To very high post-elastic displacements the differences between adaptive
and non-adaptive pushover analyses increases, due to the changes in the dynamic
characteristics of the building structure.

Figure 13.5 shows the capacity curves resulting from non-linear analyses and the
mean dynamic capacity curve for BS2. Because BS2 is irregular, pushover analyses
on both positive and negative x-direction were performed. The static capacity curves
are compared to the mean dynamic capacity curve for both directions.

BS2 is an irregular structure of medium height, for which the contribution of the
higher vibration modes to the total building response is significant. In the elastic
regime the differences between adaptive and non-adaptive pushover analyses are
very small, except for LDP, UDP, MDP and UFP, where the capacity curves are
diverging from the mean dynamic capacity curve. In the post-elastic regime there are
differences between adaptive and non-adaptive pushover analyses, the maximum
accuracy being obtained in the case of DAP, whatever the direction of loading.

Figure 13.6 shows the capacity curves resulting from non-linear analyses and the
mean dynamic capacity curve for BS3. Because BS2 has strong elevation irregular-
ity, pushover analyses on both positive and negative x-direction were performed.
The static capacity curves are compared to the mean dynamic capacity curve for both
directions.

In the elastic domain the differences between adaptive and non-adaptive pushover
analyses are very small, except for LDP, UDP, MDP and UFP, where the capacity
curves are diverging from the mean dynamic capacity curve. The post-elastic
behaviour of BS3 highlights the limitations of adaptive and non-adaptive pushover
analyses. None of the static capacity curves approaches the mean dynamic capacity
curve on both positive and negative x-direction.

13.5 Conclusions

The study has evaluated the effectiveness of adaptive and non-adaptive pushover
analyses for three building structures.

For low and regular building structures, it can be stated that there are minor
differences between adaptive and non-adaptive pushover analyses. To very high
post-elastic displacements the differences between adaptive and non-adaptive push-
over analyses increases, due to the changes in the dynamic characteristics of the
building structure.
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For irregular building structures of medium heights, in the elastic regime the
differences between adaptive and non-adaptive pushover analyses are very small. In
the post-elastic regime there are differences between adaptive and non-adaptive
pushover analyses, the maximum accuracy being obtained in the case of
displacement-based adaptive pushover.

For tall irregular building structures, in the elastic domain the differences between
adaptive and non-adaptive pushover analyses are very small. The post-elastic behav-
iour highlights the limitations of adaptive and non-adaptive pushover analyses. None
of the static capacity curves approaches the mean dynamic capacity curve on both

a)

b)

Fig. 13.5 The capacity curves for BS2: (a) positive x-direction; (b) negative x-direction
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positive and negative x-direction. The behaviour of the building structure in post-
elastic domain indicates the non-linear dynamic analysis as the only analysis than
can provide “accurate” informations about the non-linear behaviour of tall irregular
building structures.

Acknowledgments The author would like to thank to SeismoSoft Company for providing free
educational licences of SeismoStruct and SeismoArtif computer programs without which this study
could not have been achieved.

a)

b)

Fig. 13.6 The capacity curves for BS3: (a) positive x-direction; (b) negative x-direction
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Chapter 14
Seismic Assessment of an Irregular
Unreinforced Masonry Building

Gabriel Dănilă and Adrian Iordăchescu

Abstract The paper presents a study on a construction, erected in the 1870–1920
period, composed of two interconnected buildings. The main A building is reserved
to living, having a basement, ground floor, one story, penthouse and a loft. The
building is approximately rectangular with a dead wall on the North side property
limit, being connected with the B building on the South side. Located on the South,
the B building is an exterior staircase with a terrace floor and a penthouse, being an
unique element as conception in the beginning twentieth century architecture of
Bucharest. The construction is not classified as a historical monument, but is placed
in the protected area of a historical monument of class B (LMI 2015: B-II-m-B-
19768). The construction has several deficiencies of which the most important is the
differential settlement of about 25 cm in transversal direction, respectively 10 cm in
the longitudinal direction. The irregular shape, because of the link between the two
buildings, leading to major torsional effects and the presence of some structural
walls, supported directly by the floors, are other deficiencies of the construction. The
seismic evaluation was carried out by linear static and dynamic analyses, taking into
account the second order effect. There were proposed strengthening and straighten-
ing solutions for the construction. For building strengthening seismic isolation
method was adopted, reducing drastically the torsion effects and the efforts in the
structural elements. Building straightening was achieved by means of compensation
presses placed at the basement level.

Keywords Irregular masonry building · Seismic isolation · Differential settlement ·
Time-history analyses
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14.1 Introduction

According to the Romanian legislation in force, the safety of the existing building
stock constitutes a national interest action for limiting or avoiding the effects of a
potential disaster. In order to solve this problem the building’s owners are obliged to
adopt measures for their safety.

For the building located on Temișana entrance, no. 7, district 1, Bucharest, it was
considered the base performance objective (BPO), consisting of meeting the require-
ments corresponding to the life safety performance level for the seismic action with
the mean recurrence interval of 100 years. The performance objective and the mean
recurrence interval of the seismic action were considered according to the provisions
of P100-3/2008 (Universitatea Tehnică de Construcții București 2008) seismic code.
The established performance objective largely determines the cost and the complex-
ity of the seismic rehabilitation works as well as the benefits that can be gained in
terms of safety, degrading reduction and reduction of the operational discontinuity in
the case of a major seismic event.

The building located on Temișana entrance, no. 7, district 1, Bucharest was
executed before 1920 when there were no seismic norms.

14.2 Building Description

The exact construction date of the building is not certain but is in between
1870–1920, taking into account that the land was bought between 1912 and 1914.

The building is not classified as a historical monument, but it is placed in the
protected area of a historical monument of class B (LMI 2015: B-II-m-B-19768)
(Figs. 14.1, 14.2, and 14.3).

Fig. 14.1 The analysed
building
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The building is composed of two parts. The main building (A) is reserved to
living, having a basement, ground floor, one storey, penthouse and a loft. The
building is approximately rectangular with a dead wall on the North side property
limit, being connected with the B building on the South side.

The A building structure is made of unconfined brick masonry. The basement is
covered with a reinforced concrete slab, the walls are made of brick masonry of
55–60 cm and the stairs are made of reinforced concrete. The ground floor and the
storey one are covered with wooden floors, the exterior walls have 45–50 cm
thickness and the interior walls have 28 cm thickness.

The building B is an annex building, unique element as conception in the
beginning of the twentieth century architecture of Bucharest, having the functional-
ity as exterior staircase with terrace floor and penthouse, providing exterior accesses
to the main A building. The building structure is made of unconfined brick masonry.

Fig. 14.2 The ground floor plan of the building
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The building analyses were performed using the Etabs v2015 (Etabs [computer
software] 2015) computer program. The masonry walls and the coupling beams were
modelled with shell elements. The floor beams were modelled with frame elements.

14.3 Structural Configuration Deficiencies and Damage
Description

After the earthquakes from November 10, 1940 (Gutenberg-Richter magnitude 7.4),
March 4, 1977 (Gutenberg-Richter magnitude 7.2), August 30, 1986 (Gutenberg-
Richter magnitude 7.0) and May 31, 1990 (Gutenberg-Richter magnitude 6.7), the
building revealed global conformation deficiencies, such as significant global torsion
effects, the low quality of the structural materials and the soil-structure interaction
which leads to differential settlements of about 25 cm in the transversal direction and
10 cm in the longitudinal direction.

There can be noticed significant damages to the structural walls, generated by the
differential settlements and by the seismic actions, which leads to inclined cracking
and to the decomposition of the respective masonry walls in the corner areas. It is

Z

Fig. 14.3 West facade surveying with damages indication
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also noted that some masonry walls have no vertical continuity, being supported by
steel beams embeded in the floors, as well as the existence of more recent consol-
idation elements (steel rods and vertical and horizontal steel elements for stiffening),
probably introduced after March 4, 1977 earthquake, being visible on the west
facade and on the dead wall.

The building has numerous structural degradings of the exterior walls and a major
vertical detachment – of about 4 cm at the top – of the building B from the building
A. Also, there are non-structural partitionings, added with time, by the inhabitants
and the intervention with inadequate finishes in the annex spaces (sanitary groups).
The facade plaster is partial degraded due to the humidity caused by the meteoric or
capillarity water.

14.4 The Seismic Action

The seismic action is described by four recorded seismic motions and three artificial
accelerograms. Because there were made spatial linear time-history analyses, the
recorded accelerograms were used with all three components (two horizontal com-
ponents and one vertical component). In the case of the artificial accelerograms, the
seismic action was applied also in the three directions of the building, complying
with the provisions of paragraph 4.5.3.6.2 (4) from the P100-1/2006 (Universitatea
Tehnică de Construcții București 2006) seismic code.

For the recorded accelerograms, the horizontal component, with the maximum
ground acceleration, was scaled to 0.24 g and the other two components (one
horizontal and one vertical) were scaled with the same scaling factor.

The artificial accelerograms were generated by means of SeismoArtif
(SeismoArtif [computer software] 2012) computer program, using random pro-
cesses, to fit the target spectrum – design spectrum from P100-1/2006 (Universitatea
Tehnică de Construcții București 2006) seismic code, corresponding to Bucharest
city. It were applied the envelope shapes Compound for the artificial accelerogram
(1), Saragoni&Hart for the artificial accelerogram (2) and Exponential for the
artificial accelerogram (3).

The Table 14.1 shows the main parameters that characterize the seismic actions
used in the study.

14.5 The Seismic Assessment

The assessment of an existing building is done to determine possibilities of the
building structure to undertake the gravitational and seismic loads, depending on the
overall configuration, the dimension of the structural elements, the quality of the
used materials, the wear condition and the possible damage caused by accidental or
extraordinary demands.
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For the seismic assessment of the building located on Temișana entrance,
no. 7, District 1, Bucharest, there were made linear static and dynamic analyses.
The building analyses were performed taking into account the stiffness degradation,
expressed by reducing the masonry modulus of elasticity, according to the values
provided in CR 6/2006 (Monitorul Oficial al Romaniei, Partea I, Nr. 807 bis/26.
IX.2006 2006) design code. The dynamic properties of the building structure are
given in Table 14.2, from which can be distinguished the torsion effects on the
second and third mode of vibration.

Figure 14.4 presents the displacement response of the existing building structure
in both horizontal directions. The response in displacements is highlighted for each
seismic action described in the Chap. 4.

Figure 14.5 presents the acceleration response of the existing building structure in
both horizontal directions. The response in accelerations is highlighted for each
seismic action described in Chap. 4.

Figure 14.6 presents the shear forces of the existing building structure in both
horizontal directions.

The values of the relative displacements are below the allowable ones, the
maximum one being of 2.51‰ in x – direction and of 2.14‰ in y – direction for
the Serviceability Limit State. At the Ultimate Limit State the maximum relative
displacements are of 0.50% in x – direction and of 0.43% in y – direction. The

Table 14.1 Parameters that characterise the seismic actions

The accelerogram PGA [cm/s2] PGV [cm/s] PGD [cm] The predominant period [s]

INCERC(1977)_NS 235.6 85.4 52.2 1.16

INCERC(1977)_EV 195.9 33.9 17.1 0.78

INCERC(1977)_V 128.1 16.1 16.2 0.16

INCERC(1986)_NS 218.8 35.1 9.6 0.56

INCERC(1986)_EV 235.6 24.9 7 0.5

INCERC(1986)_V 44.6 6.2 2.2 0.7

ISPH(1986)_H1 235.6 38.7 9.9 0.8

ISPH(1986)_H2 208.5 23.6 13.8 0.3

ISPH(1986)_V 108.8 9.4 22.2 0.42

Otopeni (1986)_NS 235.7 27.9 8.3 0.42

Otopeni (1986)_EV 132.54 12.1 7.4 0.26

Otopeni (1986)_V 65.4 4.5 7.6 0.2

Artif. 1 235.9 86.7 69.2 0.32

Artif. 2 235.9 52.4 24.5 1.34

Artif. 3 235.5 74.2 90.5 0.56

Table 14.2 Dynamic
properties of the existing
building structure

Mode Period [s]

Modal participating mass ratios [%]

UX UY UZ RX RY RZ

1 0.369 0 0.63 0 0.39 0 0

2 0.307 0.32 0 0 0 0.15 0.32

3 0.262 0.33 0 0 0 0.20 0.29
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allowable values of the relative displacements are considered, according to P100-1/
2006 (Universitatea Tehnică de Construcții București 2006) seismic code, 5‰ for
the Serviceability Limit State and 2.5% for the Ultimate Limit State.

a) b)

Fig. 14.4 The relative displacements of the building structure: (a) x – direction; (b) y – direction

a) b)

Fig. 14.5 The absolute accelerations of the building structure: (a) x – direction; (b) y – direction

a) b)

Fig. 14.6 The shear forces on the building structure: (a) x – direction; (b) y – direction
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Based on the dimensions and on the axial forces of the relevant structural
elements, there was computed the strength capacity for horizontal loads for each
relevant structural element, taking into account the smallest value, determined for
one of the following:

– Eccentric compression with eccentricity in the plane of the walls;
– Shearing of the horizontal joint;
– Shearing in inclined sections;

The strength check was performend accordind to CR 6/2006 (Monitorul Oficial al
Romaniei, Partea I, Nr. 807 bis/26.IX.2006 2006) design code.

The safety index, defined as the ratio between the Capacity and the Demand
(Capacity/Demand), was computed for both horizontal directions, leading to the
following values:

– For x – direction: Capacity/Demand ¼ 0.66;
– For y – direction: Capacity/Demand ¼ 0.49.

The most vulnerable element is the ground floor masonry wall of building B,
which sustains the intermediate staircase slab, placed along the x-direction of the
building, due to the important torsional effects and the low axial force, which leads
to a Demand/Capacity index of 0.26.

14.6 The Structural Interventions Measures

Based on the seismic assessment there were proposed the intervention measures for
retrofitting, elimination of the global torsion effects and straightening of the
building.

Table 14.3 provides the coordinates of the mass and rigidity centers, the
excentricities between the two centers and the allowable eccentricities – computed

Table 14.3 Mass and rigidity center coordonates and eccentricities

Building
level

XCM
[m]

YCM
[m]

XCR
[m]

YCR
[m]

EX
[m]

EY
[m]

EXa
[m]

EYa
[m]

�0.00
10.08 14.54 10.07 15.08 0.01 0.54 1.98 1.88

+0.96 10.10 14.81 10.11 15.57 0.01 0.76 1.98 1.88

+4.62 10.20 14.36 9.79 16.51 0.41 2.15 1.98 1.88

+7.40 10.52 14.53 9.99 16.82 0.53 2.29 1.98 1.88

+8.23 9.83 15.14 9.94 16.82 0.11 1.68 1.98 0.96

+11.19 9.16 15.42 9.73 16.62 0.57 1.20 1.98 0.96

XCM, YCM – mass center coordinates on X and Y directions
XCR, YCR – rigidity center coordinates on X and Y directions
EX, EY – eccentricities between mass and rigidity center on X and Y directions
EXa, EYa – allowable eccentricities between the mass and rigidity center on X and Y directions
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according to CR 6/2006 (Monitorul Oficial al Romaniei, Partea I, Nr. 807 bis/26.
IX.2006 2006) design code.

According to CR 6/2006 (Monitorul Oficial al Romaniei, Partea I, Nr. 807 bis/26.
IX.2006 2006) design code the allowable eccentricity between the mass center and
the rigidity center is 0.1 L (L being the building length perpendicular to the seismic
attack). Analysing the values from Table 14.3 it can be observed that the eccentric-
ities between the mass center and the rigidity center along the y-direction exceed the
allowable excentricities, except for the �0.00 and + 0.96 building levels.

For the intervention measure there was adopted the seismic isolation method
using 32 high damping rubber bearings. The isolation plan was established at the
level of the basement, in the upper part of the basement walls, above the ground
level.

The characteristics of the high damping rubber bearings are given below:

ddc ¼ 0.332 m – the design displacement corresponding to the design earthquake;
G ¼ 0.25 MPa – the shear modulus of the rubber bearing;
D ¼ 46 cm – the bearing diameter;
tr ¼ 6 mm – the thickness of the rubber layer;
nr ¼ 58 – the number of the rubber layers;
ts ¼ 2 mm – the thickness of the steel plates;
dy ¼ 3.318 cm – the yield displacement of the rubber bearing;
ke ¼ 510.4 kN/m – the elastic stiffness of the rubber bearing;
kp ¼ 80.2 kN/m – the post-elastic stiffness of the rubber bearing;
Fy ¼ 16.9 kN – the yield force of the rubber bearing;
Fmax ¼ 40.9 kN – the maximum force of the rubber bearing, corresponding to the

design displacement;

The dynamic properties of the isolated building are given in Table 14.4, from
which it can be observed the drastically diminishing of the torsion effects.

Figure 14.7 presents the displacement response of the isolated building structure
in both horizontal directions. The response in displacements is highlighted for each
seismic action described in Chap. 4. On both x and y directions, the maximum
displacements are given by the Artif. 1 seismic action and the minimum displace-
ments are given by the INCERC-1986 seismic action.

Figure 14.8 presents the acceleration response of the isolated building structure in
both horizontal directions. The response in accelerations is highlighted for each
seismic action described in Chap. 4. Along both x and y directions, the maximum
accelerations are given by the Artif. 3 seismic action and the minimum accelerations
are given by the Otopeni-1986 seismic action.

Table 14.4 Dynamic
properties of the existing
building structure

Mode Period [s]

Modal participating mass ratios [%]

UX UY UZ RX RY RZ

1 3.52 0.68 0.25 0 0 0 0.07

2 3.46 0.27 0.73 0 0 0 0

3 2.86 0.06 0.02 0 0 0 0.93
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Figure 14.9 presents the shear forces for the isolated building structure in both
horizontal directions. On both x and y directions, the maximum shear forces are
given by the Artif. 3 seismic action and the minimum shear forces are given by the
Otopeni-1986 seismic action.

The structural intervention measures assume the following succession of the main
stages:

– It is drawn, on the basement walls, the upper and lower level of the new elements,
the Upper Bearing Frame (UBF) and the Lower Bearing Frame (LBF), which will
be introduced into the structure;

– It is marked on the basement walls the position of the holes where the steel tables
will be mounted in order to achieve the UBF and the LBF.

– The installation of the steel tables into the created holes is done after laying a layer
of high strength mortar at the bottom.

– After finishing the preparatory operations on a certain area, one can proceed to
mounting the reinforcement and casting the frame.

– Similarly, is done for LBF.

a) b)

Fig. 14.7 The relative displacements of the isolated building structure: (a) x – direction; (b) y –

direction

a) b)

Fig. 14.8 The absolute accelerations of the isolated building structure: (a) x – direction; (b) y –

direction
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– After the UBF and the LBF are executed, it is possible to proceed with the
installation of the differential pressure compensation presses and then applying
the differential loading for straightening the building.

– The mounting of compensating presses is done by dismounting the masonry
between the UBF and the LBF.

– The transfer of the building loads to the compensation presses is done only after
all the compensating presses have been installed and after the masonry has been
dismantled between them.

– After building straightening, seismic bearings can be installed between the UBF
and LBF.

– The transfer of the loads on the bearings is made only after all seismic bearings
have been assembled.

14.7 Conclusions

The seismic assessment of the building located on Temisana entrance, no. 7, District
1, Bucharest, aimed to highlight the level of antiseismic protection, retrofitting and
straightening of the building.

The construction has several deficiencies of which the most important is the
differential settlement of about 25 cm in transversal direction, respectively 10 cm in
the longitudinal direction. The building has important torsion effects due to the
irregular plan shape. The retrofitting was carried out through the seismic isolation
method, reducing drastically the torsion effects and the forces in the structural
elements. Even if the building is still irregular it behaves like a regular one with
insignificant torsional effects.

Figure 14.10 presents, for comparison, the mean displacement response of the
isolated and fixed base building structure in both horizontal directions.

Figure 14.11 presents, for comparison, the mean acceleration response of the
isolated and fixed base building structure in both horizontal directions.

a) b)

Fig. 14.9 The shear forces on the isolated building structure: (a) x – direction; (b) y – direction
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Figure 14.12 presents the mean shear forces on the isolated and fixed base
building in both horizontal directions.

The evaluation of the safety index for the isolated building structure, was leading
to the following values:

– For x – direction: Capacity/Demand ¼ 1.86;
– For y – direction: Capacity/Demand ¼ 1.27.

a) b)

Fig. 14.10 The mean relative displacements of the isolated and fixed base building: (a) x –

direction; (b) y – direction

a) b)

Fig. 14.11 The mean absolute accelerations of the isolated and fixed base building: (a) x –

direction; (b) y – direction
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Chapter 15
Assessment of Global Torsional Sensitivity
of Common RC Structural Walls Layout
Types

Ionuț Damian, Dietlinde Köber, and Dan Zamfirescu

Abstract The objective is to validate the conclusions of a study about the nonlinear
behaviour of the asymmetrical RC structural wall systems that was based on the one
storey equivalent model time history response. The main instrument of verification is
the time history nonlinear response of the full 3D multistorey model. The time
history analysis was conducted using Perform 3D software. Three structural types
are selected for this study: type I (strong torsionally restrained, Ωθ ¼ 1.4)
corresponding to the most common structural wall type structure in Romania; type
VI – the central core structure with perimeter frames along one main direction; and
type III the central core structure without perimeter frames (Ωθ ¼ 0.3). The param-
eters which were varied during the study are: (a) stiffness to mass center eccentricity,
and (b) q –behavior factor. Nine spectrum compatible accelerograms were used. The
seismic characteristics were the ones corresponding to Bucharest. The results were
judged in function of two response parameters: (1) R – safety factor, the minimum
capacity to demand displacement corresponding to a vertical element and (2) R1 –

the drift amplification of the floor extremities due to torsion relative to pure trans-
lation. The main conclusions to be validated are:

1. If the substantial decrease of the q behaviour factor accounted for torsionally
flexible structures has a significant beneficial effect on the safety factor.

2. If the perimeter frames have a beneficial effect for the behaviour of the central
core structure and for the suitability of this type of structure for seismic areas.
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15.1 Introduction

Multi-storey buildings are very common for overpopulated cities. One of the plan
layouts that covers, on one hand, architectural and usage needs and respects, on the
other hand, structural requirements, is the central core system. Due to the concen-
tration of stiffness and strength in the middle part of the plan layout, central core
structures are (depending on the plan dimensions of the core with respect to the
overall structural plan dimensions) often torsional sensitive.

The design of such structures is not regulated by nowadays seismic design codes
(EN1998-1, P100-1/2013). This paper presents some main conclusions regarding the
seismic behaviour of multi-storey plan irregular and torsional sensitive structures, as
an attempt to offer guidelines for practical engineers. Three methods of investigation
are used: (a) dynamic nonlinear analysis on simplified three degrees of freedom
(3DOF) structures (Gutunoi 2014); (b) dynamic nonlinear analysis on multi degree
of freedom (MDOF) structural models; (c) simplified SESA method (Köber and
Zamfirescu 2009, 2010), suitable for practical design.

Three structural types are investigated (Fig. 15.1). The first one (type I) is a
torsionally restricted structure (Ωθ ¼ 1.4), corresponding to the most common
structural wall type structure in Romania. The second one is a central core structure
with perimeter frames (type VI). The third one is a central core structure without
perimeter frames (type III, Ωθ ¼ 0.3).

Eccentricities of 5%, 10%, 15%, 20% and 25% are considered by shifting the
centre of mass from its symmetric position.

Fig. 15.1 Analyzed structural types: (a) torsionally restricted (type I); (b) central core structure
without perimeter frames (type III); (c) central core type with perimeter frames (type VI); (d) Weak
frames and stiff frames capacity curves
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The seismic input is given by a set of 9 accelerograms, one natural input
(corresponding to the Vrancea ’77 earthquake, NS registration) and 8 synthetic
accelerograms, generated according to the elastic response spectrum from P100-1/
2013 (Postelnicu et al. 2012). According to the seismic characteristics of Bucharest,
a corner period Tc ¼ 1.6 s was considered and a PGA ¼ 0.24 g. Unidirectional
seismic input along transversal direction of the building was applied.

Rayleigh damping model proportional with mass and elastic stiffness matrix was
used. The percentage of critical damping was considered 5% for translational
vibration mode along transversal direction and for torsional vibration mode.

15.2 Hypotheses and Parameters Used in the Study

The structural types analyzed are part of an ample study conducted at TUCEB in
2014 (Gutunoi 2014). Type I structure represents the base building (Fig. 15.2) and
was designed according to P100-1/2006, the penult version of the Romanian seismic
design code. The structure has 10 stories, each having 3 m height.

Each structural type was generated based on equivalent strength plan approach.
The bilinear curve of each strength plan was generated based on pushover analysis of
the whole building and of the individual axe. However, the force-displacement curve
for an axe is not the same in the 3D structure compared to the 2D approach,
especially for axes containing frames (B, E, 2 and 3 – Fig. 15.2). Therefore, the
concept of stiff frames (SF) and flexible frames (FF) was introduced in order to take
into account the different possible behaviour on 3DOF models (Fig. 15.1d).

Fig. 15.2 Structural layout of the base building
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For the simplified computation (methods (a) and (c) mentioned in Sect. 15.1) the
real MDOF structures were reduced to 3DOF models, considering following main
hypotheses:

• unlimited floor stiffness for axial forces;
• vertical regular structures were considered;
• fixed connections at base level;
• the deformed shape of the MDOF structure is described by the displacement at

one level;
• definition of structural components by bilinear force-displacement curves;
• only centre of mass was shifted, stiffness centre is kept constant.

The correspondence between structural types (Fig. 15.1) and base structure
(Fig. 15.2) is:

• py1 and py4 represent strength plans corresponding to axe A and half of B, and
half of E and F, respectively;

• py2 and py3 represent strength plans corresponding to axe C and half of B,
respectively half of E and D;

• px1 and px2 represent strength plans corresponding to axe 4 and 3, respectively
axe 1 and 2;

• cy1 and cy2 represent strength plans corresponding to frames on axe B,
respectively E.

The behaviour factor q was considered once 4.6 for all the structural types, which
is the value used for the design of the base structure and then a reduced value of
3 corresponding to a central core structure for type III and type VI layouts.

The bilinear curves of the strength planes of equivalent 3DOF model are adjusted
from the MDOF curves based on basic SDOF-MDOF equivalence method. When
changing eccentricity, the strength of each plane is changing accordingly.

The rotation capacity of each element was evaluated according to EN 1998-3 and
was converted to horizontal displacement capacity of each strength plan based on
pushover analysis.

The influence of the hysteretic model was studied as well, knowing the typical
cyclic behaviour of reinforced concrete structures. Three hysteretic models were
considered:

• bilinear kinematic hardening (BKH);
• peak oriented model without unloading stiffness degradation (POM);
• peak oriented model with unloading stiffness degradation (POM USD).

Results from dynamic nonlinear analysis are evaluated by the following two
parameters:

1. R – safety factor, the minimum capacity to demand displacement corresponding
to a vertical element;

2. R1 – the drift amplification due to torsion relative to pure translation.
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In order to check if a praxis suitable investigation method offers accurate results
for central core structural layouts, the SESA method was applied and its results were
compared to those from dynamic nonlinear analysis on simplified models, in terms
of displacement of the centre of mass, structural edge displacement and structural
rotation.

15.3 Results from Dynamic Nonlinear Computation
on 3DOF Models (Method a)

Figure 15.3 shows results in terms of the safety factor R, with respect to the structural
rotation θ, for all analyzed structural types and an unreduced behaviour factor, equal
to 4.6.

The R safety factor is defined for the most loaded structural wall (py4, see
Fig. 15.1). For the torsionally restricted structure (walls perpendicular to the direc-
tion of the seismic input do not yield) the structural response is predictable and

a) b)

c) d)

Fig. 15.3 R safety factor function of maximum rotation: (a) torsionally restricted; central core type
(b) without perimeter frames; (c) with flexible perimeter frames; (d) with stiff perimeter frames

15 Assessment of Global Torsional Sensitivity of Common RC Structural. . . 181



stable, a rise in eccentricity corresponding to a greater rotation. The maximum
R value does not match the maximum structural rotation.

For the central core structures the R safety factor is defined with respect to the
perimeter frames. The frames were modelled once as stiff frames SF (counting
11.5% of the total structural stiffness) and once as flexible frames FF (counting
3.5% of the total structural stiffness). The contribution of the stiff perimeter frames
to the structural response does not change the predominant torsional failure. Frames
are fully loaded and experience high displacement amplifications due to torsion. For
flexible frames and eccentricities up to 15% failure occurs in the most loaded wall
(the nearest to the mass centre), while for greater eccentricity values failure occurs in
the perimeter frames parallel to the seismic input.

The central core structure having flexible frames behaves better than the one
having stiff frames (Fig. 15.4) because the flexible frames do not yield until
maximum demand, and so, they have an important contribution in restraining the
torsional structural response.

Figure 15.5 shows results in terms of safety factor R, with respect to the
eccentricity, for all analyzed structural types and an unreduced behaviour factor,
equal to 4.6. As it was expected, the most favourable behaviour corresponds to the
torsionally restricted structure, while the most unfavourable behaviour corresponds
to central core structure with stiff perimeter frames.

Figure 15.6 shows results in terms of the drift amplification R1, with respect to the
eccentricity, for all analyzed structures and an unreduced behaviour factor, equal to
4.6. It is important to note that for a torsionally restricted structure, increasing
eccentricity produces drift reduction for several accelerograms when using BKH
model. This is presented in Fig. 15.6a, where for BKH hysteretic model the mean is
applied once to all accelerograms and once for accelerograms with positive ampli-
fication factors (+BKH). This happens because BKH hysteretic model dissipates a
large amount of seismic energy.

a) b)

Fig. 15.4 Mean value of R safety factor for central core structure (a) no perimeter frame vs. flexible
frame; (b) no perimeter frame vs. stiff frame
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Due to the fact that for eccentricities greater than 15% the torsionally restricted
structure becomes sensitive to torsion (P100-1/2013) the study was repeated for a
reduced behaviour factor value q ¼ 3. In this case, the R safety factor has quite the
same mean value as for q ¼ 4.6 (Fig. 15.7a), only the coefficient of variation drops.
Structural elements in longitudinal direction are more loaded, but still do not yield.
For the torsionally restrained structure the behaviour factor reduction is not
recommended, as the higher structural costs are not justified.

For the central core structure (type III) increasing strength produces decreasing
displacement demand and safety factor R for all hysteretic models used (Fig. 15.7b).
Therefore, it can be concluded that decreasing behaviour factor is recommended for
central core structures.

a) b)

c) d)

Fig. 15.5 Mean value of R (Rm) safety factor function of CM eccentricity: (a) torsionally restricted;
central core type (b) without perimeter frames; (c) with flexible perimeter frames; (d) with stiff
perimeter frames
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a) b)

c) d)

Fig. 15.6 R1 drift amplification: (a) torsionally restricted; central core type (b) without perimeter
frames; (c) with flexible perimeter frames; (d) with stiff perimeter frames

a) b)

Fig. 15.7 Mean value of R safety factor for two values of behaviour factor (a) torsionally restricted
structure; (b) central core structure without perimeter frames
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15.4 Results from Dynamic Nonlinear Computation on 3D
Models (Method b)

Dynamic analysis of the MDOF structures was performed in PERFORM 3D soft-
ware (CSI 2006). Only torsionally restricted (type I) and central core structure with
perimeter frames (type VI) were modelled.

The nonlinearity of beams and columns was modelled with plastic hinges lumped
at the end of elements. The hysteretic behaviour of the hinges is Takeda type. The
nonlinearity of walls was modelled with nonlinear panel elements. The panel has a
nonlinear behaviour in combined bending and axial force, and a linear behaviour for
the action of shear. The nonlinearity is introduced by the constitutive curves of
materials. In general, a wall is modelled with a single panel in a story. Therefore, in
the median height of the story there is a fiber section, and each fiber has a material
associated with it. The plastic length of the hinge is equal to the story height.

For the steel, an elastic-perfect plastic curve was used. Tensile strength of
concrete was neglected. Compressive curve of concrete was considered trilinear,
with elastic stiffness 80% from the uncracked stiffness in order to take into account
plasticity produced by other phenomena such as shrinkage.

In order to calibrate the model, a pushover analysis was performed. The analysis
revealed that, although the fundamental period of the building was not the same as
for the 3DOF model due to fiber hinge modelling of walls, the period secant to
yielding point is equal to that of 3DOF model (Fig. 15.8). Furthermore, the analysis
provided capable displacements of each strength plane, based on capable plastic
rotations of walls and columns.

Figure 15.9 presents the comparison of safety factors provided by equivalent
3DOF model and by MDOF model. It can be observed that the results are quite
similar for all hysteretic models used for 3DOF model. The most appropiate hyster-
etic model for simplified 3DOF model was proven to be Takeda, as it can be
observed from the plots in Fig. 15.9 (red vs. black curves).

a) b)

Fig. 15.8 (a) Pushover curve of the base building (type I); (b) Comparison of the pushover curves
for S1 and S6 buildings
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a) b)

c) d)

Fig. 15.9 Mean value of R safety factor for (a) central core with flexible frame structure; (b) central
core with stiff frame structure; (c) torsionally restricted structure; (d) torsionally restricted structure
(mean plus standard deviation)
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Fig. 15.10 Results from the SESA method considering a reduced stiffness for the perimeter
frames: (a) stiff frames; (b) flexible frames
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15.5 Results from SESA (Method c)

Results from the simplified SESA method are presented in Figs. 15.10 and 15.11.
SESA estimates the structural seismic response of a single story irregular

system (Zamfirescu 2000a, b), using modal response spectrum analysis. The inelas-
tic behaviour is considered with the help of the capacity spectrum method, where the
nonlinear system is equated to an elastic system, both having the same translational
behaviour. A linear equivalent system results which has a secant stiffness indicated
to the maximum displacement. Viscous damping characteristics are set equivalent to
the hysteretic damping properties of the initial system. The main advantage of the
SESA method is its simplicity (it applies spectrum analysis), nevertheless it may
indicate the displacement amplification given by torsional effects (Goel and Chopra
1990).

By iteration the equivalent damping ratio is chosen such that the displacement of
both systems (the equivalent linear one and the inelastic system) are equal.

The SESA method was applied to the central core structure with perimeter frames
(type VI) in order to evaluate in a praxis suitable way the perimeter frame partici-
pation to the total structural seismic response.

Frames were considered once with a reduced stiffness, accounting for the cracked
concrete due to yielding of reinforcement (as provided in nowadays seismic design
codes) and once with their elastic stiffness.

Results are mean values for the whole set of 9 accelerograms.
SESA shows the same response trend as the dynamic nonlinear analysis on 3DOF

models. Results show a better accuracy when considering the elastic stiffness of the
frames, proving that frames participate with their whole stiffness to the torsional
response, even if for translation their stiffness is low compared to that of the walls.

SESA generally underestimates the left side floor displacements and overesti-
mates the right side floor displacements by up to 25% (20%) for flexible (stiff)
frames.
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Fig. 15.11 Results from the SESA method considering the elastic stiffness for the perimeter
frames: (a) stiff frames; (b) flexible frames
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15.6 Conclusions

There are several conclusions to be pointed out, regarding the study of torsion in
structures and the behaviour of buildings to seismic actions:

(i) 3DOF model is an excellent tool for studying torsion of buildings and provides
results similar to MDOF model;

(ii) POM without unloading stiffness degradation is recommended for the analysis
of 3DOF model;

(iii) flexible perimeter frames improve significant the behaviour of central core
structures;

(iv) increasing structural strength improves the behaviour of central core structures
and is not justified for torsionally restricted structures;

(v) SESA shows the same deformation trend compared to dynamic nonlinear
analysis on 3DOF models.
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Chapter 16
Seismic Design Particularities of a Five
Story Reinforced Concrete Structure,
Irregular in Plan and Elevation

Dietlinde Köber

Abstract The design of structures subjected to torsional effects is highly complex,
and becomes more difficult to assess when elevation irregularity is also present. This
paper has as main objective to present the particularities of design for a plan as well
as elevation irregular structure (11.0� 15.0 m layout and 15.50 m total height), built
in Bucharest (corner period of 1.6 s and high displacement demand). Architectural
considerations, owners wishes and structural needs join together in a complex
layout: uneven in plane distribution of vertical earthquake resistant structural ele-
ments (RC walls and frames); eccentric vertical stair case circulation (coupled RC
walls); one structural wall present only at ground level; at the last level the layout
shrinks to the staircase circulation perimeter. In order to meet the code requirements
the design had to be based on modal analysis because of the interference of
translational and torsional movements. As a praxis suitable computation tool static
nonlinear analysis was performed (using the SAP software, CSI analysis reference
manual, University Avenue. Computers and Structures Inc., Berkeley, 1995. RC
walls are modeled as frame elements with point hinges. The structural performance
is evaluated in terms of structural displacements (in the center of mass and on the
floor edges). The order of plastic hinge formation and their damage degree is traced.
The efficiency of the chosen structural layout with respect to the reduction of general
torsion effects is pointed out and the behaviour factor option is outlined. Linear
dynamic analysis is performed also, provididng an upper bound for the expected
displacement amplification in the nonlinear range of behaviour.
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16.1 Introduction

In engineering praxis often plan or elevation irregular structures are built. According
to seismic code regulations in this case design should be performed by modal
analysis and a reduction of 20% of the behaviour factor value is recommended if
elevation irregularity is present. Therefor usually no supplementary check in the
nonlinear range of behaviour is considered.

This paper presents a both plan and elevation irregular structure that is about to be
built in Bucharest. Its complex geometry, the changes in stiffness along the eleva-
tion, the layout shrink at last level and the plan layout extension from the ground
level up, are all structural particularities for which the question arises how they will
influence the structural behaviour in the nonlinear range.

Although the limitations of the modal static nonlinear (push-over) analysis for
plan irregular structures (MPA) are known, (Fajfar et al. 2005), it remains a praxis
suitable method that offers an insight to the nonlinear structural behaviour. The main
disadvantage of the MPA is the fact that the seismic input respects an elastic modal
distribution (Bhatt et al. 2010; Belejo and Bento 2014). Nevertheless, the MPA
method may indicate the “weak” structural elements and the overall ductility
demand for the structure.

For the analysed structure, expectations from modal analysis are confronted with
static nonlinear computation results and conclusions regarding the design are drawn.

The 3D structural model was investigated for different angles of incidence of the
seismic input.

For seismic input in X direction (direction with the highest eccentricity) the
torsional displacement amplification was computed also by linear dynamic analysis,
as an upper bound for the expected torsional amplification in the nonlinear range of
behaviour (Fajfar et al. 2005).

16.2 Description of the Analysed Structure

The analysed structure has plan dimensions of approximately 11 � 15 m for the first
four levels and 3 � 4 m at the last level (where only the vertical circulation wall
assembly remains).

It is plan as well as elevation irregular. The plan irregularity is due to the position
of the vertical circulation wall assembly and to the structural wall situated only on
one side in X direction at underground level.

The irregularity in elevation is due to the structural retreat of about 38% in X
direction and 45% in Y direction at the last floor. Supplementary elevation irregu-
larity is encouraged by a 10% structural extension in X direction from the ground
floor to the top, which is not supported at underground level.

In order to check plan irregularity, the rule which compares the mean floor
displacement for two opposite corners with the maximum displacement at one corner

190 D. Köber



was used, stating that plan irregularity is given if the difference exceeds 35%, (P100-
1/2013). The displacement values were considered from modal analysis. An upper
bound of these results was given by linear dynamic analysis.

Following this rule, the first structural approach was characterized by a displace-
ment difference of 45% in X direction and 27% in Y direction. The second eigen
mode was predominantly torsion. Given the architectural layout limitations, follow-
ing structural changes were performed in order to reduce plan irregularity:

• beams in elevation 4 (the flexible side) were enlarged (from 25� 40 to 30� 80 at
underground level and 30 � 60 at all other levels).

• coupling beams in Y direction where reduced (from 25 � 95 to 20 � 40)
• walls of the vertical circulation were reduced in Y direction from 25 to 20 cm.

The final structure (see Fig. 16.1) is characterized by a displacement difference of
29% in X direction and 6% in Y direction (under consideration of 5% accidental
eccentricity). The first two eigen modes are predominantly translation, with mass
participating ratios of 60% in X direction and 67% in Y direction.

Linear dynamic analysis shows a maximum expected displacement difference of
35% (it is a mean value for the considered accelerogram set).

Floors are supported by beams only along the perimeter of the structure. Due to
architectural reasons most columns change their shape from the underground to the
ground level.

a) b)

Fig. 16.1 Plan layout: (a) underground level; (b) current level
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16.3 Seismic Particularities and Methods of Analysis

The structure presented in this paper is about to be built in Bucharest (maximum
expected ground acceleration of 0.30 g), a region characterized by large corner
period values (Tc ¼ 1.6 s). The seismic design spectrum according to the Romanian
Seismic Design Code is shown in Fig. 16.2, where β(T) is the ratio between the
response acceleration and the peak ground acceleration.

Design was performed according to modal analysis results. In order to check the
nonlinear behaviour of the structure, static nonlinear analysis was applied, as a praxis
suitable method. A triangular distribution of forces was considered, at incidence
angles of 45 and 90 degrees.

Plastic hinges were modelled as point hinges [EN 1998-3] and structural walls as
frame elements. Due to its geometry, the wall situated at underground level in the
northern part of the layout was modelled as shell element and no plastic deformation
was considered for it.

The design of the structure was performed according to modal analysis results and
considering a behaviour factor value of 4.0. A reduction of 20% of the behaviour
factor was applied according to code regulations for elevation irregular structures.

According to modal analysis results, the walls are capable of taking over the
entire base shear force. Columns are reinforced for minimum detailing requirements
(1% longitudinal reinforcement).

In order to have an upper bound for the expected torsional displacement ampli-
fication, linear dynamic analysis has been performed considering a set of five
spectrum compatible accelerograms and two natural inputs (Vrancea ’77 NS,
Vrancea ’77EW, Incerc registration).
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16.4 Observations Regarding the Nonlinear Behaviour

16.4.1 General Remarks

The expected behaviour of the analysed structure in the hypothetical situation of in
plane regularity, may be resumed as follows:

• plastic hinge formation at ground level for walls and columns, due to the greater
stiffness of the underground level

• maximum displacement demand in the structural elements of the ground level
• important amount of plastic hinge formation in walls and less in columns and

beams

Due to in plane irregularity, those expectations change and following observa-
tions regarding the nonlinear structural behaviour can be made:

• plastic hinge formation throughout the elevation, less at underground level
• maximum displacement demand on the flexible side of the structural layout and at

the last level
• important amount of plastic hinge formation in columns and less in beams

(although capacity design has been applied), see Fig. 16.3.

In Fig. 16.3 the pink dots indicate plastic hinge yielding lower than the Service-
ability Limit State threshold and the blue dots yielding above this limit but lower
than the Ultimate Limit State threshold.

Due to the layout shrink at the top of the structure, the walls at the bottom of the
last level experience more plastic deformation than the ones at the levels below.

The highest torsional movement is registered for earthquake in X direction, due to
the fact that the greatest eccentricity is present along Y direction.
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Fig. 16.3 Deformed shape of frame 4: (a) at first yield; (b) at first structural failure
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16.4.2 Push-over Curves

Figure 16.4 shows the relation between the base shear force and the deformation at
the last complete level (displacement or rotation).

The slope of the force-displacement diagram indicates that the overall yielding of
the structural elements is low. The resistance of the structure is high and limited
ductility demand is requested from the plastic hinges.

The structure has lowest stiffness for seismic input in X direction. Therefor under
this loading situation maximum displacement at top level is expected. Highest
structural stiffness is given in Y direction.

In terms of structural rotations at top level the highest demand is expected for
combined earthquake input (45 degrees or 30%X + Y). For seismic input in Y
direction almost no torsional effects are present.

The base shear force value at which the first structural failure (in the staircase
walls at the bottom of the last level) occurs, is shown in Table 16.1 for all considered
incidence angles of the seismic input. The minimum over strength is registered for
predominant earthquake in X direction and 30% earthquake in Y direction.
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Fig. 16.4 Structural results: (a) base shear force-top displacement; (b) base shear force-top rotation

Table 16.1 Structural over strength (static nonlinear analysis results at first failure versus static
nonlinear analysis results at first yield)

Maximum base shear force/design
base shear force

Maximum top displacement/top
displacement at first yield

X-direction 3,6 12,0

Y-direction 2,5 9,0

45 degrees 2,3 4,7

X + 30%Y 2,1 6,0

30%X + Y 2,5 6,5
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Nevertheless all values exceed 2.0 showing at least a double structural strength
compared to the design base shear force.

Comparing the displacement at first yield and the one at the registration of the first
structural failure, the choice for the behaviour factor may be verified. Values are
shown in Table 16.1. The lowest behaviour factor can be observed for earthquake at
45 degrees.

16.4.3 Ductility Demand

Table 16.2 shows the structural elements which experience the highest ductility
demand for each incidence angle of the seismic input. Levels are denoted with 0–4
from the underground level up.

The element with the highest ductility demand is the staircase at the bottom
section of the last level. This section is the first which exceeds its capacity,
irrespective of the incidence angle considered for the seismic input.

The coupling beams connected to the elevator and staircase walls are loaded only
for Y direction (or 30%X + Y) and do not exceed their capacity prior to the staircase
section at the last level.

In X direction, columns on the flexible side of the structure experience also high
displacement demands, due to the torsional component. They also don’t exceed their
capacity prior to the staircase section at the last level.

Among the inclined seismic input cases, the highest ductility demand is registered
for the 30%X + Y load case and affects the structural walls. In Y direction the
eccentricity is small and the deformation of the structure is mostly translation. For
translation the walls are most loaded because they are the stiffer vertical elements.

16.4.4 Level to Level Deformations

In order to understand the overall seismic response of the analysed structure,
translation in X and Y direction at first yield and at first structural failure are related

Table 16.2 Ductility demand Level Element

X-direction 4 Staircase

2,3 Columns axe 4

Y-direction 4,3 Staircase

1 Wall axe C

45 degrees 4, 3 Staircase, coupling beam

X + 30%Y 4 Staircase

30%X + Y All Staircase

1 Wall axe C
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and shown in Fig. 16.5 at each level. The displacements correspond to the point for
which maximum displacement values are registered and is kept the same at all levels
(except the last level). For X and Y direction greater values of the displacement ratio
mean that the translational behaviour is predominant (for unidirectional seismic
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Fig. 16.5 Displacement ratios for seismic input in: (a) X direction (maximum displacement in X
direction versus maximum displacement in Y direction); (b) Y direction (maximum displacement in
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input the displacement in the direction of the seismic input is higher than the
displacement perpendicular to it).

Regarding the seismic input in X direction, at first yield the stiffness difference
between the first two and the last two levels shows more translational behaviour than
at the levels G, 1 and 2. Once the structure yields more, higher rotations are expected
at the last level.

Regarding the seismic input in Y direction, the translational behaviour is more
present after the structure yields more. The difference to the X direction may be
explained by the fact that in Y direction the secondary displacement (perpendicular
to the direction of the seismic input) does not rise with the seismic input.

Regarding the seismic input at 45 degrees, at first yield displacements in X
direction are greater than displacements in Y direction. The predominance changes
when structural yielding becomes more intense. This observation may be explained
by the fact that in the elastic range of behaviour torsion is more violent than after
yielding and causes greater displacements in X direction, which is more sensitive to
torsional effects than the Y direction.

Figure 16.6 shows ratios between structural rotations at first failure and first yield,
for all levels and seismic input in X direction, Y direction and at 45 degrees.

Due to the structural eccentricity, maximum rotations are registered for seismic
input in X direction. No monotonic variation can be seen. For seismic input at
45 degrees structural rotations are quite constant for all levels having constant plan
layout. For seismic input in Y direction a monotonic decrease of the structural
rotation with the level number is present. The 45 degrees seismic input is more
influenced by the stiffness in Y direction.
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16.5 Conclusions

The design according to modal analysis results is conservative. The maximum
expected base shear force at first structural failure is at least twice the design base
shear force, depending on the direction of the seismic input. This force level is
reached at displacement values that are lower than the displacement demand for the
considered structure.

Nevertheless, referring the maximum expected displacement at first structural
failure and the displacement at first yield, behaviour factor values of at least 4,7 are
computed. The lowest behaviour factor value is determined for earthquake at
45 degrees.

Due to the fact that the structural strength at first structural failure is at least twice
the design base shear force and that the choice for the behaviour factor is confirmed
by the push-over curve, the displacement demand is not a concluding measure for the
structural behaviour, in this case.

According to seismic design, the walls of the vertical circulation tube may take
over the entire base shear force, frames being not active for horizontal forces. The
static nonlinear analysis shows that frames are inactive when translation governs the
structural behaviour (seismic input in Y direction), they become active due to torsion
(seismic input in X direction). As expected, the most loaded frame is the one in axe
4 (the farest from the vertical circulation tube, where the centre of stiffness is
situated).

Although capacity design was applied throughout the design process, columns
tend to yield earlier than beams. This may be explained by the fact that having quite
large spans, the beams have a limited contribution to the frame stiffness.

Due to plan irregularity high deformations are expected at the upper levels, even
if the stiffness shift from the underground to the ground level would make us believe
that at ground level high plastic deformations will be concentrated.

Due to elevation irregularity, the last level experiences the highest displacement
demand and at its bottom the first structural failure is registered in the walls of the
vertical circulation.

The static nonlinear analysis is performed by the SAP software only until the first
failure occurs, not until structural instability appears. This may be explained by the
fact that the structure is loaded in order to reach the control displacement indicated
by the user, and as long as for higher plastic deformation frames become more
active, shifting back the overall deformed shape of the structure, the control dis-
placement will be never reached. Nevertheless the static nonlinear analysis works far
enough in order to check the correct design of the considered structure.

Linear dynamic analysis results regarding the torsional displacement amplifica-
tion for seismic input in X direction offer an upper bound of 35% for the expected
displacement amplification in the nonlinear range of behaviour. Frommodal analysis
the displacement amplification is of 27%.
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Chapter 17
Effect of the Mechanical Properties
of Concrete on the Seismic Assessment
of RC Irregular Buildings

Mario De Stefano, Marco Tanganelli, and Stefania Viti

Abstract In this work the role of the effective concrete strength on the seismic
assessment of RC buildings has been investigated. The concrete strength has been
described after a wide investigation on the structural elements of a case-study, i.e. an
existing building located in Sansepolcro (Italy), currently used as a Hospital. Alter-
native representations of the concrete strength distribution have been compared,
consisting respectively of: assuming a uniform strength distribution for the entire
structure (as required by the International Codes), assuming a mean storey strength
at each storey and assigning to each tested member the strength value found by the
experimental survey.

The seismic performance of the building has been found with reference to three
different limit states, by representing the structural response through a nonlinear
static analysis and comparing the maximum chord rotation and shear stress to the
limit values corresponding to the assumed concrete strength of each member. The
effects of the actual distribution of the concrete strength have been finally checked
by comparing the seismic performance obtained through the three different assump-
tions for concrete strength distribution.

Keywords Existing RC buildings · Concrete compressive strength · Experimental
assessment of the concrete strength · Assessment of the seismic performance of RC
buildings · Randomness in the mechanical properties of concrete

17.1 Introduction

The assessment of RC buildings is usually made through numerical analyses, whose
results depend on the adequacy of the adopted structural model and the accuracy of
the mechanical properties assumed for materials. The performance level of
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buildings, anyway, is achieved through conventional procedures, i.e. following the
instructions provided by the Technical Codes. According to Eurocodes, the mechan-
ical properties assumed for material must be quantified as a function of the knowl-
edge levels achieved for the structure, and – consequently – by reducing the material
capacity through proper safety factors. Whichever the knowledge level is, the stress
capacity assumed for material is considered to be constant for all the structural
members. This assumption, however, is far away to be realistic, since RC structures,
especially when constructed without any specific attention to the quality procedures,
can present a high variability in mechanical properties, particularly the
concrete ones.

In recent years, many Authors have investigated the concrete strength character-
ization, focusing their attention both on the choice of the parameters to assume in the
characterization (Masi and Vona 2009) and on the variability of the strength, with
the consequent assumption of a suitable value for analysis (Franchin et al. 2007,
2009; Fardis 2009; Masi et al. 2008; Rajeev et al. 2010; Jalayer et al. 2008; Cosenza
and Monti 2009; Marano et al. 2008; Monti et al. 2007; D’Ambrisi et al. 2013;
De Stefano et al. 2013a, b, 2014, 2015a, b, 2016).

In this paper the seismic response of an existing RC 4-storey building has been
found by accounting for the actual distribution of the concrete strength. A detailed
investigation has been performed on the structural elements, including 8 cores and
44 SonRebs.

Alternative representations of the strength distribution have been compared. The
first one follows the Code provisions, and it consists of assuming a uniform strength
distribution, equal to the mean value, in all members. The second one, instead,
consists in assuming, at each storey, the mean strength of such storey, found through
the experimental tests. The third one, finally, consists of assigning to each tested
member the strength value found by the experimental survey, leaving the mean
strength to the other ones.

The capacity of the building has been evaluated through a nonlinear static
analysis, considering the seismic input related to the Life Safety limit state. The
seismic performance of the building has been assessed by comparing the achieved
maximum response, expressed in terms of chord rotation and shear stress, to the limit
values found according to the assumptions made for the concrete strength. The
effects of the actual distribution of the concrete strength have been checked by
comparing the seismic performance obtained by the three different assumptions for
concrete strength among resisting elements.

17.2 Case-Study

The case study, shown in Fig. 17.1, is a RC framed building, made in the 70s, located
in Sansepolcro (Italy), and belonging to a Hospital complex. The building, 4-storey
height, is rectangular in plan, with sides of 30.15 m and 18.90 m respectively, and
3 and 9 bays in the two directions (see Fig. 17.2).
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The RC structure is made by 10 transversal frames along the E-W direction, and
by three RC frames along the N-S direction. It adjoins three other buildings; all
buildings have their own structure, and they are separated to each other by joints,
which do not entirely comply the seismic requirements. In this work the seismic
behavior of the case-study has been considered as independent from the one of the
adjacent buildings.

The columns have different sections at each storey, ranging between 30 � 50 cm
at the first level, and 30 � 35 cm at the top one. The transversal beams
(EW direction), which sustain the floors, have a cross section of 30 � 60 cm, with
the exception of some beams on the external wall, which have a special S shape to
sustain the outside infill panels. The longitudinal beams (NS direction) have a lower
depth at the first level, whilst they have the same dimensions of the transversal ones
(30 � 60 cm) at the upper storeys. Ceiling is made of two different floors, next each
other, while the flat roofs includes 1 m long cantilever along the entire perimeter.

17.3 Concrete Characterization

17.3.1 The Concrete Characterization

The experimental investigation on the concrete strength has been performed by
combining both destructive and not-destructive tests. The non-destructive test

Fig. 17.1 Views of the case-study

Fig. 17.2 Case-study: plan and sections
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consists of 44 SonReb (SONic + REBound) lectures. The SonReb test provides an
evaluation of the concrete strength ( fc, SR) through the cross-examination of the
values of the speed of ultrasound waves (Vus) and the values of sclerometric index
rebound (IR).

Eight of the elements checked through the SonReb test have been subjected to the
core crashing. The core sample testing, indeed, is considered to be the most effective
procedure for the concrete mechanical characterization. The crushing test made on
the (cylindrical) samples has been performed after a careful preparation of the
sample (UNI 12390-2 (2002), 12390-2 (2009), 12504-1 (2009), 12390-1 (2012)),
and by adopting a constant loading rate (UNI 2002); the obtained results ( fc,core)
must be arranged to account for the possible uncertainties of the testing procedure
and to the sample shape. Even in this case, different formulations (British Standard
1983; Concrete Society 1987; Cestelli Guidi and Morelli 1981) can be adopted to
relate the experimental values to the one to assume for analysis. In this work the
relationship proposed by Masi (2005) has been adopted, since it leads to refer to the
cylinder strength of the samples, without requiring the preliminary transformation to
cube values. The strength values provided by the core crushing and from the Masi
relationship have been shown in Fig. 17.5.

The experimental data coming from the SonReb and the core crushing tests have
been compared, in order to calibrate the SonReb results. Different formulations
(Giacchetti and Lacquaniti 1980; Gašparik 1992; Di Leo and Pascale 1994;
Cristofaro 2009) can be adopted to determine the concrete strength from the SonReb
lectures; in most cases, the proposed correlation approaches present the same
Eq. (17.1), differing only for the numerical parameters a, b and c.

f c,SR ¼ a � Vusð Þ^b � IRð Þ^c ð17:1Þ

In this work a proper (ad-hoc) relationship has been adopted, having the expres-
sion reported in Eq. 17.1, and the following numerical parameter: a ¼ 10–6962,
b ¼ 1.518, c ¼ 1.87, found through the comparison between the experimental data
coming from SonReb and core crushing. In Fig. 17.3 the values of the cylinder
strength found by applying the ad-hoc relationship to the data provided by the
SonReb analysis are shown. Each strength value is the mean of the couple of values
found for the couple of lectures in the same element. The mean strength of the

Strength values assumed for analysis

Entire structure strength:
fc,mean = 19.95 MPa

Single storey strengths:
fc1,mean = 23.13 MPa
fc2,mean = 21.09 MPa
fc3,mean = 16.74 MPa
fc4,mean = 13.65 MPa0
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Fig. 17.3 Strength values obtained through the SonReb test and final strength values assumed for
analysis
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sample data has been found by averaging the mean of the data found by the core
crushing (arranged through Masi 2005) and the mean of the SonReb cylinder
strength, excluding the elements checked by the core test. In Fig. 17.3 the strength
values obtained for the entire structure ( fc,mean) and of each storey ( fc1,mean, fc2,mean,
fc3,mean, fc4,mean) are listed.

17.3.2 The Assumptions Made in the Analysis

Both European (Eurocode 8, EC8) and Italian (NTC 2008) Technical Codes suggest
to describe the material strength through its mean value, eventually reduced by a
proper Confidence Factor, CF, depending on the knowledge level achieved on the
structure. In this work a CF equal to 1 has been assumed for analysis, in order to
check the effects of the concrete strength distribution, by comparing a uniform
strength (described through the mean value) to a more realistic distribution,
described after the experimental data.

To this purpose three different cases have been examined regarding the concrete
strength distribution. The first one consists of assuming the same strength value,
i.e. themean concrete strength, Rc,mean, for all the structural elements of the building.
The second case consists of assuming a uniform strength value for each storey ( fc,
mean,storey). Such strength, in turn, has been found as the mean of all the tested
element belonging to the storey. Finally, the third case consists in describing all the
tested elements through their effective strength, i.e. the strength values provided by
each lecture ( fc,lect). All the other elements, instead, have been described through the
mean value, fc,mean, of the entire building. In Table 17.1 the three assumptions
considered for the concrete strength distributions have been listed.

17.4 The Analysis

A nonlinear static analysis has been performed to describe the seismic performance
of the structure. Two different horizontal patterns, respectively proportional to the
storey masses and to the first vibrational mode have been considered. For each
horizontal pattern, a � 5% eccentricity has been introduced in the two directions,
according to EC8 prescriptions. In Table 17.2 the considered cases of the analysis
have been listed.

Table 17.1 Considered concrete strength distributions

Considered cases 1st case 2nd case 3rd case

Concrete strength
assumptions

fc,mean to all
elements

fc,mean,storey to all elements
of the same storey

Rc,lect, to the tested elements, Rc,

mean to all the other ones
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The analysis has been performed through the software SeismoStruct (Seismosoft
2013), by representing the cross sections of each member through a fiber, and
subdivided the members themselves into four segments. The Mander et al. model
(1988) has been assumed for the core concrete, a three-linear model has been
assumed for the unconfined concrete, and a bilinear model has been assumed for
the reinforcement steel. The stiffness of floor slabs has been considered by intro-
ducing a rigid diaphragm. In Fig. 17.4 some 3d views of the structural model have
been shown.

The seismic input has been represented by the elastic spectrum provided by the
Code for the building site. Since the building is located in Sansepolcro (Italy), the
Italian Code NTC 2008 has been considered for the spectrum definition. The PGA at
the rock outcrop, according to the Italian soil classification, is equal to 0.227 g for a
Return Period, RP, equal to 475 years, i.e. for a probability of occurrence equal to
10% in 50 years (Montaldo et al. 2007), expressing the seismic input for Life Safety
(LS) limit state.

The site Complex has been object of a careful geological investigation
(Tanganelli et al. 2016; Viti et al. 2017), which provided controversial information
regarding the soil-type. In this study a soil-class B, according to the EC8 and NTC
2008 classification, has been assumed, since it is the most conservative hypothesis
evidenced by the investigation. In Fig. 17.5 the elastic spectra assumed for analysis
have been shown, together with the main parameters of the foundation soil.

The response of the structure after the assumed seismic input has been compared
to the limit values provided by EC8; namely, as regards the Life Safety limit state,
the considered limit condition is the attainment of the limit chord rotation θLS,

Fig. 17.4 3D views of the structural model

reference 
quantities

limit states
DL LS CP

ag 0,109 0,227 0,287
F0 2,327 2,371 2,396

T*C 0,273 0,295 0,310

ST 1,000 1,000 1,000

ag = ground accelera�on, F0 = amplifica�on factor on 
the rock-site, T*C = beginning period of the velocity-
constant branch, ST = topographic amplifica�on factor 
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Fig. 17.5 Elastic spectra of the case-study
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defined as the ¾ of the ultimate rotation θU, quantified according to the EC8 (and
NTC 2008 as well) provisions. (EC8, Annex A Eq. A1). The required Code
verification includes even the check of the maximum shear force attained in the
members. In this study, however, the shear force has not been checked, since similar
investigations (Tanganelli et al. 2013; La Brusco et al. 2015) made on buildings
belonging to the same complex, evidence level of shear largely exceeding the limit
values, regardless of the specific features and mechanical properties of the buildings.

17.5 The Results

17.5.1 Seismic Response (Global Behavior)

The capacity curves found for the case-study are shown Fig. 17.6. Each curve stops
at the achievement of the first limit condition, i.e. the limit chord rotation in the
structure or a 20% drop in the shear force. The bi-linearization of the curves has been
made according to the EC8 provision, assuming the same maximum shear force of
the MDOF system and imposing to the elastic branch to pass for the point with a
60% of the maximum shear.

As can be noted, the structure evidences a different capacity along the two
directions. All columns of the building, indeed, are oriented along the Y-direction,
providing a higher stiffness and ductility to the structure. The considered cases of
analysis, i.e. the assumed strength distributions, do not seem to affect very much the
results in terms of capacity. The two considered horizontal patterns differ mostly for
the elastic stiffness of the structure. The maximum capacity, in terms of
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displacement and shear force, provided by each analysis has been compared and
shown in Fig. 17.7, where the scatter among the three considered hypotheses
assumed for the concrete strength distributions have been evidenced.

Figure 17.8 shows the maximum displacement requested by each model for three
different seismic intensities, found by intersecting the capacity curves to the seismic
spectra representing, respectively, the DL, LS and CP limit states.

As can be noted, the three considered strength distributions provide almost
identical results. The models, however, evidence a different behavior in the two
directions. Namely, the capacity of the structure along the X-direction is much lower
than the one along the Y-direction, whilst the seismic demand is higher along the X-
direction.

17.5.2 Seismic Performance (Local Behavior)

As shown in Sect. 17.5.1, the assumed strength distributions do not affect the global
response of the structure. The global stiffness indeed, as well as the seismic demand,
are almost identical for the three considered cases. The seismic performance,
however, could be more sensitive to such assumptions, since it is related to the
achievement of the limit condition in the weakest section of the building. In this
study, the performance has been checked with reference to the attainment of the limit
chord rotation in the columns only. The limit condition, therefore, has been defined
as the yield chord rotation, ϕy, (EC8, Annex A, Eq. A10b) for the DL limit state, and
as ϕLS and ϕCP, respectively, for the LS and CP limit states. The quantity ϕCP has
been found as the ultimate chord rotation (EC8, Annex A, Eq. A1), whilst ϕLS is
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defined as 2/3 ϕCP. In all cases, the chord rotation has been found by assuming the
actual amount of axial load in the columns, since this quantity proved to affect the
seismic capacity of the members (Mariani et al. 2015).

The seismic performance of the building has been measured through the perfor-
mance index (D/C), expressed as the ratio between the demanded chord rotation
(D) and the limit one (C) in each member of the structure. The reliability of the
structure is related to the most involved cross section: at the exceeding of the limit
condition in one section, indeed, the seismic performance of the entire structure is
considered unacceptable. In this paragraph, for sake of brevity, the performance of
the building refers to the seismic response of the structure in the Y-direction, under
horizontal forces proportional to the 1st vibrational mode.

Figure 17.9a, 17.10a and 17.11a show the maximum values of the performance
index achieved in the columns at each storey for the three considered limit states. As
can be noted, the three considered strength distributions induce a difference in the
performance index, even if it is well below the unity in all cases.

In the same figures, the values of the performance index found for each checked
columns have been shown. The differences induced by the three cases of analysis in
the single checked columns, in some members, are higher than the ones found by
checking the maximum response of each storey. Even in this case, however, the
performance index of the columns is well below the unity. It should be noted that the
checked columns are located in the central part of the building plan. The maximum
response of the building, instead, is experienced by the side columns, since they are
subjected to additional torsional effects due to the building shape.
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17.6 Conclusive Remarks

In this work the effect of the concrete strength distribution on the seismic assessment
of RC buildings has been investigated with reference to a real building located in
Sansepolcro (Italy), currently used as an Hospital. A wide investigation has been
made on the mechanical properties of the concrete, including destructive (cores) and
non-destructive (SonReb) tests. The results of the investigation has been arranged
according to the current research proposals, obtaining reliable values of strength for
all the tested members.

Three alternative representations of the concrete strength distribution have been
proposed, consistent with the results of the investigation. The first assumption
consist of assuming an uniform strength distribution for the entire structure
(as required by the International Codes); the second one assumes a mean storey
strength at each storey, whilst the third one assigns to each tested member the
strength value found by the experimental survey.

Both the global response of the structure and its seismic performance have been
checked.

The seismic response of the building has been found by intersecting the capacity
curves provided by a nonlinear static analysis to the seismic spectra provided by the
Code to represent three different limit states: a serviceability (DL) and two ultimate
(LS, CP) ones. The seismic response of the building does not evidence a relevant
sensitivity to the considered cases of strength distribution, whilst it largely varies as a
function of the direction of analysis and to the assumed horizontal patterns.

The seismic performance of the building has been found with reference to the
chord rotation of the columns, by introducing a performance index (D/C) defined as
the ratio between the demanded rotation (D) to the available one (C). The case-study
evidence a satisfactory performance for both the investigated limit states. The
considered strength distribution induced a not negligible effect in the seismic
performance of the structure, despite it keeps, in all cases, well below the required
level.
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Chapter 18
An Assessment of American Criterion
for Detecting Plan Irregularity

V. Alecci, M. De Stefano, S. Galassi, M. Lapi, and M. Orlando

Abstract The European seismic code 8 (Eurocode 8) classifies buildings as plan-
wise regular according to four criteria which are mostly qualitative and a fifth one
which is based on parameters such as stiffness, eccentricity and torsional radius that
can be only approximately defined for multi-story buildings. Therefore, such plan-
regularity criteria need to be improved. ASCE seismic code, according to a different
criterion, considers plan irregularity when the maximum story drift, at one end of the
building structure, exceeds more than 1.2 times the average of the story drifts at the
two ends of the structure under building static analysis. Nevertheless, both the ASCE
approach and the threshold value of 1.2 need to be supported by adequate back-
ground studies, based also on nonlinear seismic analysis. In this paper a numerical
analysis is carried out, by studying the seismic response of an existing r.c. school
building. Static analysis is developed by progressively shifting the centre of mass,
until the ratio between the maximum lateral displacement of the floor at the level
considered and the average of the horizontal displacements at extreme positions of
the floor at the same level matches and even exceeds the value of 1.2. Then,
nonlinear dynamic analyses are carried out to check the corresponding level of
response irregularity in terms of uneven plan distribution of deformation and
displacement demands and performance parameters. The above comparison leads
to check the suitability of the ASCE approach and, in particular, of the threshold
value of 1.2 for identifying buildings plan irregularity.

Keywords Plan irregularity · Eurocode 8 · ASCE seismic code · Threshold value
assessment · r.c. frame structures
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18.1 Introduction

In-plan irregularity is very common in existing buildings and it is one of the most
frequent sources of severe damage during earthquake (De Stefano and Pintucchi
2008). In 1985, during the earthquake of Mexico City, 42% of damaged or collapsed
structures were corner buildings. Furthermore, many buildings failed in torsion due
to asymmetric layout of masonry walls (Rosenlueth and Meli 1986). The need to
define adequate provisions accounting for torsional effect due to structural asymme-
try was reconfirmed by this event (Tso 1990).

During the 1970s–1980s the equivalent static analysis represented the most
common method for computing seismic loads. Such a method, applied to asymmet-
ric structures, underestimates the actions on flexible side elements, as it does not take
into account the dynamic amplification of the torsional response. For this reason,
researchers suggested the introduction of a design eccentricity in order to provide a
torsional moment in correspondence to each story of the building. In the last
decades, several studies on the design eccentricity were carried out (Tso 1990;
Chandler and Hutchinson 1987; Chopra and Goel 1991; De Stefano et al. 1993;
Wong and Tso 1995; Chandler 1995; De Stefano and Rutenberg 1997; Chandler
1997; Harasimowicz and Goel 1998; Anastassiadis et al. 1998). Later, spatial models
and modal analysis became widely used by designers. Thus, the elastic response
determination of in-plan irregular building turned easier.

In recent years, researchers focused on the inelastic response of in-plan irregular
buildings. The response of asymmetric buildings was investigated at varying of
several parameters like Centre of Mass (CM), eccentricity (Perus and Fajfar 2005),
uneven distribution of concrete strength (De Stefano et al. 2013; Athanatopoulou
et al. 2015), torsional stiffness and periods of vibration (Goel and Chopra 1990).
Furthermore several studies were developed focusing on the application of
non-linear static analysis to in-plan irregular buildings (D’Ambrisi et al. 2009;
Magliulo et al. 2012; Bosco et al. 2013; Manoukas et al. 2012).

This paper is focused on the evaluation of the ASCE torsional provision (ASCE
Standard 7-10) (ASCE, Minimum Design Loads for Buildings and Other Structures,
ASCE/SEI 7 2010). The response of a case study building is investigated in order to
evaluate the torsional irregularity provided by the code and the corresponding
uneven distribution of inelastic demand which is detected using the non-linear
dynamic analysis method.

18.2 Torsional Provisions

The previous generation of seismic codes was providing design eccentricities for
equivalent static analysis (Eq. 18.1) as follows:
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ed ¼ α ∙ e0 þ β ∙ b ð18:1Þ

where ed is the design eccentricity, e0 is the actual distance between the Centre of
Mass (CM) and the Centre of Rigidity (CR) measured orthogonally to the loading
direction; b is the building dimension perpendicular to the direction of excitation, α
is a coefficient accounting for dynamic amplification of the torsional response and β
is a coefficient accounting for aleatoric position of the CM.

In Table 18.1 coefficients α and β are provided according to Eurocode 8 1993
(EC8-93) (European Committee for Standardization, Eurocode 8 1993), National
Building Code of Canada 1995 (NBCC-95) (Associate Committee on the National
Building Code, National Building Code of Canada 1995) and ASCE Standard 7-10
(ASCE 7-10) (ASCE, Minimum Design Loads for Buildings and Other Structures,
ASCE/SEI 7 2010), where Ax is the amplification factor provided by ASCE 7-10
(defined in the following) and e2 is the additional eccentricity provided by EC8-93,
equal to the smaller of the following values:

e2 ¼ 0:1 ∙ Lþ Bð Þ ∙
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
10 ∙ e0=L

p
� 0:1 ∙ Lþ Bð Þ

e2 ¼ 1
2 ∙ e0

∙ ℓ2s � e20 � r2 þ
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
ℓ2s � e20 � r2
� �2 þ 4 ∙ e20 ∙ r2

q� �

in which:
• e0 is the distance between CR and CM, measured along the x direction, which is

orthogonal to the direction of analysis considered;
• ℓs is the radius of gyration of the floor mass in plan (square root of the ratio of the

polar moment of inertia of the floor mass in plan (a) with respect to the centre of
mass of the floor to (b) the floor mass (b));

• r is the square root of the ratio of the torsional stiffness to the lateral stiffness in
the y direction (“torsional radius”).

In current code provisions, such as Eurocode 8 2004 (EC8-04) (European Com-
mittee for Standardization, Eurocode 8 2004) and National Building Code of Canada
2010 (NBCC-10) (Associate Committee on the National Building Code, National
Building Code of Canada 2010), in case of torsional irregularity only 3-D dynamic
analysis is allowed. Even adopting spatial model and CQC modal combination the

Table 18.1 Design eccentricity coefficients

Analyzed elements Flexible side elements Stiff side elements

Code α β α β

EC8-93 1.0 + e2/e0 0.05 1.0 �0.05

NBCC-95 1.5 0.10 0.5 �0.10

ASCE 7-10 1.0 0.05∙Ax 1.0 �0.05∙Ax
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accidental eccentricity is considered accounting for the random position of CM, and
the design eccentricity is computed by Eq. 18.2:

ed ¼ e0 þ β ∙ b ð18:2Þ

However, the criteria for assessing in-plan irregularity are still very important;
indeed it affects the choice of the method of analysis and the definition of the
behaviour factor.

Qualitatively, in-plan irregularity is due to asymmetric distributions of mass and
stiffness, but quantitatively a definition universally shared does not exist. Eurocode
82,004 (EC8-04) provides a list of conditions to classify a building as regular in plan:

– With respect to the lateral stiffness and mass distribution, the building structure
shall be approximately symmetrical in plan with respect to two orthogonal axes.

– The plan configuration shall be compact, i.e. each floor shall be delimited by a
polygonal convex line. If in plan set-backs (i.e. re-entrant corners or edge
recesses) exist, regularity in plan may still be considered as being satisfied
provided that these set-backs do not affect the floor in-plan stiffness and that
for each set-back, the area between the outline of the floor and a convex
polygonal line enveloping the floor does not exceed 5% of the floor area.

– The in-plan stiffness of the floors shall be sufficiently large in comparison with
the lateral stiffness of the vertical structural elements, so that the deformation of
the floor shall have a small effect on the distribution of the forces among the
vertical structural elements. In this respect, the L, C, H, I, and X plan shapes
should be carefully examined, notably as concerns the stiffness of the lateral
branches, which should be comparable to that of the central part, in order to
satisfy the rigid diaphragm condition. The application of this paragraph should be
considered for the global behaviour of the building.

– The slenderness λ ¼ Lmax /Lmin of the building in plan shall not be higher than
4, where Lmax and Lmin are respectively the in plan larger and smaller dimen-
sion of the building, measured in two orthogonal directions.

– At each level and for each direction of analysis x and y, the structural eccentricity
e0 and the torsional radius r shall conform to the conditions (18.3) and (18.4):

eo � 0:30 ∙ r ð18:3Þ
r � ℓs ð18:4Þ

The first four criteria are almost qualitative, while the fifth one, if strictly applied,
is valid only for single storey buildings. For multi-storey buildings only approximate
definitions of the centre of stiffness and the torsional radius are possible (European
Committee for Standardization, Eurocode 8 2004). Similarly, ASCE Standard 7-10
(ASCE, Minimum Design Loads for Buildings and Other Structures, ASCE/SEI
7 2010) provides a list of conditions to detect horizontal irregularity in buildings, as
follows:
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– Torsional Irregularity: it is defined to exist if the maximum story drift, computed
including accidental torsion with Ax ¼ 1.0, at one end of the structure transverse
to an axis, is more than 1.2 times the average of the story drifts at the two ends of
the structure. Torsional irregularity (Eq. 18.5) requirements apply only to struc-
tures in which the diaphragms are rigid or semirigid:

δmax � 1:2 ∙ δavg ð18:5Þ

where:
δavg ¼ δAþδB

2 ,
is the average deflection determined by an elastic analysis (Fig. 18.1);

1 < Ax ¼ δmax
1:2 ∙ δavg

h i2
� 3 , is the amplification factor of the accidental torsional

moment.

– Extreme Torsional Irregularity: it is defined to exist if the maximum story drift,
computed including accidental torsion with Ax ¼ 1.0, at one end of the structure
transverse to an axis, is more than 1.4 times the average of the story drifts at the
two ends of the structure. Extreme torsional irregularity requirements (Eq. 18.6)
apply only to structures in which the diaphragms are rigid or semirigid:

δmax � 1:4 ∙ δavg ð18:6Þ
– Re-entrant Corner Irregularity: it is defined to exist where both plan projections of

the structure beyond a re-entrant corner are greater than 15% of the plan dimen-
sion of the structure in the given direction.

Fig. 18.1 Determination of the average deflection δavg, adapted from (Magliulo et al. 2012)
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– Diaphragm Discontinuity Irregularity: it is defined to exist where there is a
diaphragm with an abrupt discontinuity or variation in stiffness, including one
having a cut-out or open area greater than 50% of the gross enclosed diaphragm
area, or a change in effective diaphragm stiffness of more than 50% from one
story to the next.

– Out-of-Plane Offset Irregularity: it is defined to exist where there is a disconti-
nuity in a lateral force-resistance path, such as an out-of-plane offset of at least
one of the vertical elements.

– Nonparallel System Irregularity: it is defined to exist where vertical lateral force-
resisting elements are not parallel to the major orthogonal axes of the seismic
force-resisting system.

The ASCE Code (ASCE 7-10) (ASCE, Minimum Design Loads for Buildings
and Other Structures, ASCE/SEI 7 2010) provides a simpler approach for detecting
torsional irregularity. Such a method involves directly the structural response of the
building and it does not require the knowledge of specific characteristics (that are
mandatory in Eurocode 8), such as the torsional radius, that can be only approxi-
mately defined for multi-storey buildings. The criterion provides the implementation
of a linear static analysis taking into account the accidental eccentricity (β ¼ 5%). As
shown previously, when the maximum story drift is more than 1.2 times the average
drift, the torsional irregularity is detected. The use of this elastic index (i.e. the ratio
between the maximum and the average elastic drift) appears to be very simple and
effective, however some further researches are needed. Both the ASCE approach and
the threshold value of 1.2 must be supported by adequate background studies.

With this aim, in this paper a numerical analysis is carried out, by studying the
seismic response of an existing r.c. school building. As provided by ASCE 7-10,
static elastic analyses are performed varying, step by step, the CM position and
checking the ratio between the maximum and the average lateral displacements
(δmax/δavg). Lastly, nonlinear dynamic analyses are carried out in order to evaluate
the corresponding level of response irregularity in terms of uneven distribution of
inelastic demand.

18.3 Case Study

The school building under analysis is about 40 years of age and it is situated on a flat
ground in the Municipality of Prato (PO), Italy. It consists of two independent
blocks, the school and the gym.

The school block has been chosen as case study for the seismic analyses because
it is made of a r.c. framed structure (conversely, the gym block has a precast
structure).
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The school block (Fig. 18.2) has an elongated rectangular plan, approximately
49 by 13 m, and it is a three storey building above the ground level. The floor-to-
floor height is 3.30 m. At the ground floor, along the shorter side of the plan, there is
a portico that covers the first span of the frames and that provides access to the
entrance hall. After the entrance hall, a central corridor leads to the classes and
offices along the two long sides of the plan. This distribution pattern is repeated,
almost unchanged, at the upper floors as well. The external cladding, in precast
panels, as well as the interior walls which divide the classes, made of hollow bricks,
follow the frame scheme and they also have ribbon windows outwards.

The building structure (Fig. 18.3) is entirely made of r.c. columns and beams,
which form only three plane frames running along the longitudinal direction. In the
transversal direction there are not brace frames, excepting for the frames at the ends
of the structure. The floor slabs can be considered as rigid diaphragms.

The structural symmetry of the plan fails, in particular, at the ground floor where,
in order to obtain a larger room devoted to refectory, the central longitudinal frame is
devoid of a column. Therefore, the frame beam has a double-span and supports the
column of the upper floor at mid-span. Probably due to this structural weakness, the
rectangular beam cross section is 25 by 90 cm, unlike the other one are flat beams
with a cross section of 80 by 22 cm. Cross section 25 by 90 cm was also used for the
corresponding beams at the two upper floors. The storey floors are made of casted-
in-place joists and hollow core slabs.

Instead, the rafters and the edge beams supporting the attic floor have a section of
12 by 40 cm and form a hip roof. The covering is made of insulated sandwich panels.
The attic floor is not serviceable.

The columns have three different cross sections: 25 by 30 cm, 25 by 40 cm and
25 by 55 cm. In the two longitudinal edge frames, the longer section side is arranged
orthogonally to the frames, while in the central frame the longer side follows the
frame direction.

A finite element structural model has been performed and the analyses have been
carried out by the software SAP2000. In addition to the weight of the structural
elements depending on their geometry, the weights of the non-modeled structural

Fig. 18.2 School building: (a) frontal elevation where there are the portico and the entrance hall;
(b) and (c) longitudinal elevations
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elements, such as the storey and the roof floors (G1), the permanent non-structural
loads (G2), such as the partition walls, the screed and the tiles, and the accidental
loads (Q) have been inputted as external loads. In the following, the seismic
combination (7) for the ultimate limit states is provided according to the Italian
Code (NTC 2008) (DM.LL.PP. 2008):

E þ G1 þ G2 þ 0:6 ∙Q ð18:7Þ

where E is the seismic action along the considered direction. The seismic base shear
Fh has been computed in accordance with Eq. 18.8, provided by the NTC 2008:

Fh ¼ Sd T1ð Þ ∙ W
g

∙ λ ð18:8Þ

where:
Sd(T1)

is the design response spectrum as a function of the fundamental period T1 of the
building and obtained from the elastic response spectrum Se(T1);

Fig. 18.3 Reference plan of the building that shows the three longitudinal frames (x direction) and
the two transversal frames (y direction): (a) roof plan, (b) floor plan

222 V. Alecci et al.



T1 is the fundamental period of the building;
W is the effective seismic weight;
g is the gravity acceleration;
λ factor equal to 0.85 in the case of a multi-storey building (with storey number

greater than or equal to 3).

The elastic response spectrum Se(T1) used to calculate the seismic input for SLV
verifications, assuming a building life of 50 years and a use class III (Cu ¼ 1.5), has
been obtained considering the effective municipality and building site (Fig. 18.4).

In the structural model, rigid diaphragms have been considered at each building
floor, so as to easily define the center of masses (CM) position.

Firstly, the model has been seismically analyzed by the equivalent static method
(Pugi and Galassi 2013), by applying the horizontal action at the CM of each storey
floor. The seismic force, computed according to the formulae of the Italian NTC
2008 (DM.LL.PP. 2008), has been assumed acting in the direction of the shorter
building side (y direction), where only the two edge frames exist, in order to catch the
greatest displacements.

Then, non-linear dynamic analyses have been performed using a natural earth-
quake accelerogram (Fig. 18.5).

The adopted accelerogram is the record 147ya of Friuli (aftershock) earthquake
happened in 1976, September 15th. The recorded magnitude (Mw) is 6 and the Peak
Ground Acceleration (PGA) is equal to 2.32 m/s2.

This accelerogram was chosen because it is spectrum compatible with the
adopted elastic response spectrum. In the following, a comparison between the
elastic response spectrum from the Italian NTC 2008 and the 147ya spectrum is
proposed (Fig. 18.6).

The non-linear dynamic analyses were conducted using lumped plasticity. The
plastic hinges were developed according to the ASCE 41-13 (ASCE, Seismic Eval-
uation and Retrofit of Existing Buildings (ASCE 41-13), ASCE/SEI 4 2014) and the

Fig. 18.4 Elastic response spectrum
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inelastic demand (D) is expressed in terms of the plastic rotation at the chord (θpl).
The capacity (C) is given by the Limit Life Safety (LS) as defined by ASCE 41-13.

18.4 Results and Discussion

In this section the results of the elastic analyses are shown. The modal response is
investigated and the results are presented in Table 18.2. In Table 18.2, the periods of
vibration, the percentage of participating mass ux along the longitudinal direction of

Fig. 18.6 Comparison between the elastic response spectrum (NTC 2008) and the spectrum
obtained by the record 147ya of Friuli

Fig. 18.5 Record 147ya – Friuli (aftershock), 1976, September 15th
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the building (x direction), the percentage of the participating mass uy along the
transversal direction of the building (y direction) and the percentage of the mass
participating to the torsional mode rz are listed for each mode of vibration
considered.

Referring to the spectral ordinate Sd(T1), associated to the fundamental period of
vibration along the y direction, the static forces at each floor level are calculated.
Then equivalent static force analyses are performed in y direction, at varying of the
CM position along the x direction. The same procedure is repeated for the response
spectrum analysis and the ratios between the maximum and the average lateral
displacements (δmax/δavg), calculated with both methods at varying of the CM
position, are presented in Fig. 18.7. The effect of variation of the periods of
vibration, induced by the displacement of CM, is considered negligible.

Two considerations arise from the previous results. When the CM is placed in
the actual position, the floor displacement includes rotational components (indeed
δmax/δavg 6¼ 1): this means that CM and CR are not aligned (CR is detected when

Table 18.2 Results of the
modal analysis

Mode Period ux uy rz Σ(ux) Σ(uy) Σ(rz)
1 1.497 0.00 0.80 0.01 0.00 0.80 0.01

2 1.042 0.00 0.00 0.81 0.00 0.80 0.82

3 0.689 0.87 0.00 0.00 0.87 0.80 0.82

4 0.347 0.00 0.15 0.00 0.87 0.95 0.82

5 0.296 0.00 0.00 0.13 0.87 0.95 0.95

6 0.242 0.10 0.00 0.00 0.97 0.95 0.95

7 0.168 0.00 0.04 0.00 0.97 1.00 0.96

8 0.158 0.02 0.00 0.02 0.99 1.00 0.98

9 0.151 0.01 0.00 0.02 1.00 1.00 1.00
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Fig. 18.7 Ratios between maximum δmax and average displacement δavg, at varying of CM
position. Comparison between dynamic analysis (continuous line) and static analysis (dotted
line). The position of CM is given in % of the building longitudinal dimension (L ¼ 48.85 m);
for e ¼ 0% CM is in the actual position
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δmax/δavg ¼ 1). The two methods, the equivalent static force and the response
spectrum analysis, give almost the same results in term of displacement when CM
is close to CR. However, increasing the distance between CM and CR the
agreement between the results gets worse but this difference is in accordance
with several researches and it is widely discussed in the section “Torsional
Provisions”.

Then non-linear dynamic analyses are performed in order to assess the uneven
distribution of inelastic response at varying of CM position. In particular four
analyses are performed: the first considers CM coincident with CR, the second
considers CM in its actual position, the third and fourth consider CM in the positions
that give δmax/δavg equal to 1.2 and 1.4 respectively in the equivalent static force
analysis (see Fig. 18.7).

In Fig. 18.8 the ratios between inelastic demand D and capacity C (D/C), of all
columns at ground floor, are shown in order to evaluate the damage levels. As
previously said, in y direction the only frames are placed on the left and right side of
the building. All the other columns, placed between these two frames, have to be
considered as cantilever members since such columns are not connected by beams.
This fact explains why the columns placed on the left and right side of the building
are much more affected by the inelastic demand than the others.

Furthermore, the columns placed in the centerline have the longer side of the
cross section oriented along the x direction, instead the columns placed on the first
and on the third line have the longer side of the cross section oriented along the
y direction. For this reason, the inelastic demand of the center line columns is lower
than that of the columns placed on the first and third line, due to the greater shear
force brought by the latter. Although the uneven distribution of stiffness, the demand
to capacity ratios are symmetrically distributed and, excepted for the abrupt variation
shown at the extremities, such ratios are almost constant.

When the CM is placed in its actual position the scenario is different because the
symmetrical distribution of the ratios D/C is lost. The inelastic demands on the

Fig. 18.8 Demand to capacity ratios D/C: uneven distribution of inelastic response, CM coincident
with CR
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flexible side are greater than those shown on the stiff side. Moving from the stiff to
the flexible side the inelastic demand increases progressively, as shown in Fig. 18.9.

As previously shown (Fig. 18.7), assuming an eccentricity of 6% for the CM, the
ratio δmax/δavg, obtained by performing an equivalent static analysis, becomes equal
to 1.2. In this configuration the inelastic demand appears clearly irregular. In
approximately 40% of the building (see Fig. 18.10) the ratios D/C are almost zero,
while in the other part the inelastic demand increases rapidly moving to the flexible
side.

When CM is placed with 14% of eccentricity the ratio δmax/δavg, calculated by an
equivalent static analysis, is equal to 1.4 (see Fig. 18.7). Adopting this configuration,
the inelastic response is strongly irregular. As shown in Fig. 18.11, approximately
50% of the building provides no inelastic demand. Conversely, moving to the
flexible side the plastic demand increases rapidly providing high values of the
ratio D/C.

Fig. 18.9 Demand to capacity ratios D/C: uneven distribution of inelastic response, CM placed in
the actual position

Fig. 18.10 Demand to capacity ratios D/C: uneven distribution of inelastic response, CM placed
with 6% of eccentricity in order to obtain δmax/δavg ¼ 1.2 in the equivalent static analysis

18 An Assessment of American Criterion for Detecting Plan Irregularity 227



In Fig. 18.12 the demand to capacity ratios of the three columns on stiff and
flexible side (respectively left columns of frame Y1 and right columns of frame Y2 in
Fig. 18.3) are plotted at varying of δmax/δavg calculated by the equivalent static
analysis. In this case, it is worth noting that the inelastic demand is highly dependent
on δmax/δavg and that the demand decreases on the stiff side and increases on the
flexible side.

In Fig. 18.13 the demand to capacity ratios are normalized by D/C calculated
in configuration CM � CR where δmax/δavg is equal to 1. In correspondence of
δmax/δavg ¼ 1.2 the normalized D/C on the stiff side is about equal to zero and
on the flexible side it is close to 2.

Fig. 18.11 Demand to capacity ratios D/C: uneven distribution of inelastic response, CM placed
with 14% of eccentricity in order to obtain δmax/δavg ¼ 1.4 in the equivalent static analysis

Fig. 18.12 Demand to capacity ratios D/C at varying of δmax/δavg provided by equivalent static
analysis. Comparison between the inelastic response of the column placed on the stiff side and that
provided by the column on the flexible side
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Subsequently, in order to investigate the scattering of the damage levels over the
building plan, the maximum (D/C)max and average (D/C)avg demand to capacity
ratios of all columns at ground floor was computed in the four cases previously
studied (Figs. 18.8, 18.9, 18.10 and 18.11).

In Fig. 18.14 the inelastic indices (D/C)max / (D/C)avg were normalized by the
corresponding (D/C)max / (D/C)avg computed in the configuration in which CM�CR
(i.e. δmax/δavg ¼ 1).

Fig. 18.13 Normalized demand to capacity ratios D/C at varying of δmax/δavg provided by
equivalent static analysis. Comparison between the inelastic response of the column placed on
the stiff side and that provided by the column on the flexible side

Fig. 18.14 Normalized demand to capacity ratios (D/C)max/(D/C)avg at varying of δmax/δavg
provided by the equivalent static analysis
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Figure 18.14 clearly shows that the value δmax/δavg ¼ 1.2 may be considered as a
threshold value beyond which plan scattering of damage level D/C does not increase
significantly. Of course, this result may be affected by the particular condition of the
analyzed building and, therefore, it needs to be validated by means of further
investigations on different building types.

18.5 Conclusions

This paper is focused on the evaluation of the ASCE code approach for detecting
building plan irregularity. The response of an existing r.c. school building, taken as
reference case study, is investigated in order to evaluate how well torsional irregu-
larity detected by the code corresponds to uneven distribution of inelastic demand
found by non-linear dynamic analyses. In particular, for the studied case, the
threshold value of 1.2 for identifying buildings plan irregularity seems to be appro-
priate when plan scattering of damage levels is considered. In this specific case the
value of 1.2 seems already to characterize an extreme torsional irregularity condition
and, therefore, the value 1.4 provided by the ASCE code may be too large. However,
it is worth noting that this trend could also arise from the specificity of the building
under investigation and, therefore, a larger number of existing buildings with
different structural arrangements and plan configurations are currently under analy-
sis to provide support to this thesis.
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Chapter 19
Effects of Modelling Assumptions
on the Plan Irregularity Criteria for Single
Storey Buildings

N. Postolov, R. Volcev, K. Todorov, and Lj. Lazarov

Abstract For single-storey buildings, EN 1998-1 allows determination of the centre
of lateral stiffness and the torsional radius by considering the translational stiffness
represented by the moments of inertia of the cross-section of the vertical elements.
Additionally, stiffness of the beam or shear deflections can affect the frame lateral
stiffness changing the position of centre of stiffness or torsional radius. In order to
investigate the influence of these two parameters, six different single storey build-
ings with different degree of plan irregularity were examined. All of these buildings
were analysed for four different modelling assumptions, regarding the stiffness
characteristic of the structural elements. Additionally, hand calculation of these
structural features, according the recommendation of EN 1998-1 was carried out.
Obtained results show that certain parameters have significant influence for struc-
tures with lower degree of plan irregularity, while some other parameters are more
influential for structures with higher degree of irregularity. Hand calculated values
for eccentricity and torsional radius are most conservative compared to the
corresponding ones obtained from numerical analysis. Applied criteria for consid-
eration of structural regularity in plan, prescribed in EN 1998-1, are compared with
the criteria given by ASCE 7-10 and NZS 1170.5-2004. In order to compare the
seismic response of considered single storey structures with different degree of
irregularity in plan, detailed nonlinear time history analyses for seven different
acceleration histories, applied in direction perpendicular to the axes of irregularity,
scaled to three different levels of seismic hazard, were performed.

Keywords Criteria for regularity in plan · Single storey buildings · Modelling
assumptions · Nonlinear seismic assessment
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19.1 Introduction

Irregularity in plan can significantly affect the desired ductile response of structures
exposed to earthquake loading. Buildings with eccentricity between the centre of the
mass and centre of stiffness or with lack of minimal torsional rigidity can undergo
coupled lateral and torsional motions during earthquakes, which can significantly
increase the seismic demand, especially at perimeter frames. For these reasons most
of the seismic design codes contain provisions for control of structural irregularities.
If the prescript criteria for regularity are not satisfied, certain restrictions related to
the selected method or numerical model for seismic analysis have to be done.
Moreover, due to potentially uncontrollable torsion oscillation and reduced ductile
response, design seismic forces have to be obtained for a lower reduction factor.

High seismic vulnerability of plan irregular structures was a motivation for many
researches in the past. An extensive review of different structural irregularities and
systematization of conducted researches can be found in Rutenberg (2002), De
Stefano and Pintucchi (2008), Varadharajan et al. (2013). Many of these researches,
Cosenza et al. (2000), Humar and Kumar (2000), Zheng et al. (2004), Rasulo et al.
(2004), Özhendekci and Polat (2008), are related to the analysis of codes provisions
for plan irregularity.

19.2 Codes Provisions for Plan Irregularity

According to EN 1998-1 (CEN 2004), a building can be characterized as regular in
plan, if six different conditions are satisfied, at all storey levels. Some of these
conditions are qualitative, and can be checked in the preliminary design stage, but
some of them that are based on the eccentricity between the centre of mass and the
centre of stiffness or torsional radius, Eq. 19.1, are quantities that have to be
calculated additionally. In-depth discussion of the conditions for plan regularity
according to EN1998-1 (CEN 2004), can be found in Penelis and Penelis (2014),
Fardis et al. (2015).

ex � 0:3rx; ey � 0:3ry

rx � ls; ry � ls ð19:1Þ

For single storey buildings these characteristics are uniquely defined and
EN1998-1 allows to be calculated through the moments of inertia of the cross section
of vertical elements. In general, some additional parameters, like beams stiffness or
shear deflections can affect the position of centre of stiffness or torsional radius. In
multi storey buildings, Eurocode 8 allows simplified definition for classification of
structural regularity in plan and for the approximate analysis of torsional effects only
for buildings in which all lateral load resisting systems are running from the
foundation to the top and have similar deformation patterns under lateral loads.
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Moreover, Eurocode 8 accepts that in frames and in systems of slender walls with
prevailing flexural deformations, the position of the centre of stiffness and the
torsional radius of all stories may be calculated as those of the moments of inertia
of the cross-section of the vertical elements.

ASCE 7-10 distinguishes structures as torsional or extreme torsional irregular,
depending on differences between the maximum story drift, computed including
accidental torsion with 5% accidental eccentricity, and the average story drift.
Torsional irregularity is defined to exist where the maximum story drift, at one end
of the structure transverse to an axis is more than 1.2 times the average story drift at
the two ends of the structure. If this ratio exceeds 1.4 times the average story drifts,
then extreme torsional irregularity exists.

Similar to ASCE 7-10, NZS 1170.5-2004 defines that torsional sensitivity shall
be considered to exist when the largest ratio between maximum storey displacement
at the extreme points of the structure, at each level, in the direction of earthquake
induced by equivalent static actions acting with accidental eccentricity of 10% and
average of the displacement at the extreme points at same level in both orthogonal
direction exceeds 1.4. This requirement, with the exception of assumed torsional
eccentricity, is identical with the condition for extreme torsional irregularity given in
ASCE 7-10, so the structure that will be torsional sensitive in New Zealand will have
an extreme torsional irregularity according to ASCE 7-10.

19.3 Structural Characteristics for Control of Plan
Irregularity

19.3.1 Centre of Stiffness

At single storey buildings the centre of stiffness is uniquely defined and depend on
the position of elements which contribute to the lateral stiffness of structure. At
orthogonal buildings, it can be easily obtained as a centroid of lateral stiffness of
individual frames perpendicular to the considered direction.

xCS ¼
P

KYi � xP
KYi

yCS ¼
P

KXi � yP
KXi

ð19:2Þ

Lateral stiffness of the frames can readily be determined only for the case of
absolutely rigid or absolutely flexible beams, Fig. 19.1. If it is assumed that beams
are absolutely rigid, and all columns are made from same material and have a same
height h, then the Eq. 19.2 will get a well-known form:

xCS ¼
P 12EIx

h3
� xP 12EIx

h3
¼

P
Ix � xP
Ix

yCS ¼
P

Iy � yP
Iy

ð19:3Þ
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However, in certain characteristic cases, as presented at Fig. 19.2, the sum of the
moments of inertia of the cross-sections of the vertical elements within the frame Y1
and Y3 are the same, ∑Ix(frameY1) ¼ ∑Ix(frameY3), but due to the influence of the
beams rigidity, the frames Y1 and Y3 have different lateral stiffness, KY1 6¼ KY3.

Neglecting the effect of beams is reasonable in the case of orthogonal plan
disposition, where the beams have same length and same geometrical characteristics.
Also, this assumption can be acceptable in the situation of plastic hinges formation.
Namely, beam plastic mechanism lead to pin – pin beam to column connection,
which is almost identical to beams with no rotational stiffness, while formation of
plastic hinges at the both column ends will lead to situation of significantly larger
beam stiffness, compared with the stiffness of columns.

For elastic analysis of multi bay frames with different span length, or in the case
of non-orthogonal structures, Fig. 19.2, the lateral stiffness of the frames can be
computed with the standard procedures of static condensation with respect to
horizontal degree of freedom. Lateral stiffness of the one bay frame, including the
contribution of beam can be calculated according to Eq. 19.4.

kY ¼ 24EIc
h3

12ρþ 1
12ρþ 4

ð19:4Þ

where ρ ¼ (EIb/L)� (EIc/h) is beam to column stiffness ratio

Fig. 19.1 Influence of beam rigidity on the horizontal stiffness of portal frame

Fig. 19.2 Influence of beams stiffness on the plan irregularity
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It must be noted that in this equation, contribution of shear deformations to the
lateral stiffness of columns are also neglected. For structural walls, where slender-
ness ratio is lower than 4–5, shear deformation can be significant compared with the
flexural one, so the contribution of shear should be taken into account in the
calculation of lateral stiffness. In case of absolutely flexible beams, equivalent lateral
stiffness of frames, taking into account the contribution of shear deformation can be
calculated according to Eq. 19.5.

kY ¼
X 1

h3

3EI þ h
GAs

ð19:5Þ

Compared with the exposed analytical approach for determination of centre of
stiffness, numerical approach based on the results from FEM analysis, offer a
universal solution, taking into account the features of different particular cases.

For the spatial structural model with rigid plate in their plain, position of centre of
stiffness can be easily obtained through few steps of numerical procedure. For a
applied moment of rotation around the vertical axis z, the rigid plate will rotate
around the centre of rigidity (pole of rotation) for the angle ∂φ, Fig. 19.3. All points
on the rigid plate will receive displacement proportional to the rotation and distance
to the pole of rotation ρ.

∂u ¼ ρ � ∂ϕ ð19:6Þ

If a centre of mass with coordinates CM (xCM, yCM) is selected as a reference
point, the displacement of this point with respect to two orthogonal axes can be
expressed as a product of the rotation angle and the normal distance from the
reference point to the pole of rotation, which represent the centre of rigidity.

Fig. 19.3 Plate rotation around the centre of stiffness
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∂ux ¼ �ey � ∂ϕ
∂uy ¼ ex � ∂ϕ

ð19:7Þ

In this equations ex and ey are eccentricities between the centre of stiffness and
centre of mass along the two orthogonal axes, and they can be express as the
difference between the coordinates of mass and stiffness centre.

ex ¼ xCM � xCS
ey ¼ yCM � yCS

ð19:8Þ

Hence, the coordinates of the centre of stiffness can be expressed through the
known coordinates of the centre of mass and certain eccentricities with respect to the
two orthogonal axes.

xCS ¼ xCM � ex ¼ xCM � ∂uy=∂ϕ

yCS ¼ yCM � ey ¼ yCM þ ∂ux=∂ϕ
ð19:9Þ

19.4 Torsional Radius

Torsional radius as a structural characteristic represents the potential of torsional
vibration of structures exposed to earthquake ground motion. For single story
structures torsional radius is defined as the square root of the ratio of the torsional
stiffness KRz with respect to the centre of lateral stiffness, to the storey lateral
stiffness KX or KY.

rx ¼
ffiffiffiffiffiffiffiffi
KRz

KY

r
ry ¼

ffiffiffiffiffiffiffiffi
KRz

KX

r
ð19:10Þ

If the effects of beams and shear deformation of vertical element are neglected, as
was explained in Sect. 19.3.1, the torsional radius can be obtained on the basis of the
moments of inertia of the cross-section of the vertical elements.

rx ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiP

Jx � x2iCS þ Jy � y2iCSP
Jx

s
ry ¼

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiP
Jx � x2iCS þ Jy � y2iCSP

Jy

s
ð19:11Þ

In the above equation xiCS and yiCS represent the coordinate of individual
elements with respect to centre of stiffness, while the Jx and Jy denote the moments
of inertia of the cross section of vertical elements for bending about an axis parallel
to global direction x or y, respectively.
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For the control of the criteria for torsional flexibility, according to EN1998-1,
torsional radius is defined with respect to the centre of lateral stiffness, which is
reasonable in the case of nearly double symmetric structures. In the case
non-symmetrical systems, control of the criteria for torsional flexibility need to be
done with the torsional radius defined with respect to the centre of mass.

rmx ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
rx2 þ ex2

p
rmy ¼

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
ry2 þ ey2

q
ð9:12Þ

For the non-symmetrical systems with extreme eccentricity, ratio between torsional
radius with respect to the centre of mass and centre of stiffness is higher, which leads
to fulfilling the requirement for torsional inflexibility given in EN1998-1.

19.5 Description of the Analysed Structures

In order to investigate the influence of modelling assumption on the eccentricity
between centre of stiffness and centre of mass and torsional radius, six different single
storey buildings with different degree of plan irregularity were analysed. All analysed
structures are rectangular in plan and consist of three frames in x, and five frames in
the global y direction. The distance between the frames in both directions is 5 m,
while the story height is 3 m. At the first model (M0), all columns have a 40 cm
square cross section. At other five models (M1 to M5), the middle column in the one
exterior frame in the global y direction, was replaced with the structural wall with a
thickness of 25 cm and a length of 75, 100, 150, 200 and 300 cm, Fig. 19.4. All beams
are with rectangular cross section 30/50 cm. In the mathematical model interior
beams are modelled as a T section with effective flange width of 180 cm, while
exterior as Γ section with effective flange width of a 110 cm and thickness of 15 cm.

All of these buildings were analysed for four different modelling assumptions,
regarding the stiffness characteristic of structural elements. At the first modelling
assumption, equivalent with approximate hand calculation, beams were absolutely
rigid and shear deformation was neglected (NS_BN). At the second model shear
stiffness was included, while the beams were absolutely rigid (SI_BN). The third
model represents an opposite situation where the beams are modelled with the
realistic elastic rigidity, while the deformation induced by shear deformation was
neglected (NS_BE). And finally, fourth most realistic model is when both beam
stiffness and shear deformation were included in the analysis (SI_BE). Reduction of
lateral and torsional stiffness, determined in respect to the centre of stiffness, for the
considered models with different modelling assumptions is presented in Fig. 19.5.
The influence of the beams rigidity on the lateral and torsional stiffness of the
analyzed structures is greater compared with the influence of shear deformations.
An exception to this is noted at the structure M5 (structure with largest wall length),
where shear deformation has a greater impact on the reduction of the lateral stiffness
compared with the rigidity of the beams.
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Fig. 19.4 Plan view of analysed structures

a)

b)

Fig. 19.5 Stiffness
reduction due to modelling
assumption: (a) variation of
lateral stiffness; (b)
variation of torsional
stiffness
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Reduction of lateral stiffness ranges from 5% to 20% in the structure with
columns of up to 70% to 80% for the model with an eccentric wall with a length
of 300 cm. The lower degree of reduction in torsional stiffness at structures with
eccentric walls is due to the fact that in these structures the distance between the
eccentric wall and the centre of stiffness decreases, leading to a lower participation of
these elements in the total torsional stiffness.

19.6 Comparison of Criteria for Regularity in Plan

The various degree of stiffness reduction of the individual elements leads to a
variation in the eccentricity between the centre of stiffness and the centre of the
mass, as well as the changes in the torsional radius, and therefore also affects the
criteria for plan irregularity given in the Eurocode 8, Fig. 19.6

The results obtained by the analysis of the elastic beams and included shear
deformation, which is closest to the realistic behaviour of the structure, lead to

a)

b)

Fig. 19.6 Variation in the:
(a) eccentricity; (b) ratio
between eccentricity and
30% of torsional radius
calculated in respect to
centre of stiffness
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smallest value of eccentricity. The most conservative results are obtained for the case
of absolutely rigid beams and neglected shear deformation. For the structure with the
highest degree of irregularity this assumption leads to twice the ratio between the
eccentricity and 30% of torsional radius. From the analysis with neglected shear
deformation and elastic beams, it can be noted that the deformation characteristics of
the beams have more influence in structures with a lower degree of irregularity.
Oppositely shear stiffness, due to presence of walls with lower aspect ratio, have
more influence in structures with a higher degree of irregularity.

The influence of the beams stiffness and shear induced deformations on the
torsional radius determined with respect to the centre of stiffness and to the centre
of the mass as well as the ratio of the radius of gyration of the floor mass in plan and
the torsional radius, which is one of the conditions for plan regularity according to
EC8 is presented in Figs. 19.7 and 19.8.

In the case where the torsional radius is determined with respect to the centre of
stiffness, Fig. 19.7, the assumption of rigid beams and neglecting the shear defor-
mation leads to the smallest values of the torsion radius, and hence to more rigorous
requirements regarding the satisfaction of the criteria of plan regularity. When the
torsional radius is determined with respect to the centre of mass, Fig. 19.8, due to the
opposite influence of the stiffness assumptions in terms of eccentricity, no significant
influence of the modelling assumptions was observed. The criteria for torsional

a)

b)

Fig. 19.7 Variation in the:
(a) torsional radius with
respect to centre of stiffness;
(b) ratio between radius of
gyration of the floor mass
and torsional radius
calculated in respect to
centre of stiffness
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flexibility is satisfied for all analysed structures. The greatest ratio between the radius
of the gyration of the floor mass and the torsional radius is observed for the models
where elastic beams and shear deformation are taken into account.

Comparison of the criteria for the plan regularity, i.e. the torsional sensitivity,
for the analysed structures with different degree of irregularity, determined
according to EN1998-1 (CEN 2004), ASCE 7–10 (ASCE 2010) and NZS
1170.5:2004 (SNZ 2004) are presented in Fig. 19.9. The values of eccentricity,
torsional radius and ratio between maximal and average displacement, determined
for the model with the “real” stiffness characteristics, are normalized with the criteria
for irregularity defined in the corresponding seismic codes. So, the normalized
criteria value higher than 1 indicate that the regularity requirements has not been
met. In structures with a lower degree of irregularity (M1 and M2), eccentricity is
less than 30% of the torsional radius. Thus, the criteria for plan regularity at these
structures, according to the conditions of EC8 is satisfied.

In structures with higher degree of irregularity (M3, M4 and M5) this ratio
significantly increase, which leads to exceeding the criteria for plan regularity by
4.5 times at the structure with a wall length of 3 m. Ratios between radius of gyration
of floor mass and torsional radius determined with respect to the centre of mass is
less than 1 at all analysed structures. Criteria for torsional flexibility according to
ASCE7-10 and NZS 1170.5:2004 is exceeded at all analysed structures, with the
exception of the structure M1 which meet the criteria for extreme torsion irregularity.

a)

b)

Fig. 19.8 Variation in the:
(a) torsional radius with
respect to centre of mass; (b)
ratio between radius of
gyration of the floor mass
and torsional radius
calculated in respect to
centre of mass
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Unlike the criteria according to the EC8, the criteria according to ASCE7-10 and
NZ1170.5 have a significantly slower growth with an increasing of the degree of
irregularity.

19.7 Nonlinear Seismic Assessments of Analysed Structures

In order to compare the seismic response of single storey structures with different
degree of irregularity in plan, detailed nonlinear time history analyses for seven
different input acceleration histories (Imperial Valley 1940,Victoria Mexico – Chi-
huahua 1980, Chi Chi Taiwan 06 – 1999, Duzce – Turkey 1999, Petrovac – Monte
Negro 1979, Loma Prieta 1989, San Fernando 1971) applied in direction perpen-
dicular to the axes of irregularity, scaled to three different levels of seismic hazard
(PGA 0,18 g, 0,36 g and 0,54 g), were performed. Figure 19.10 shows the
normalised elastic spectra of the acceleration histories and the mean spectra.

All analysed structures are same as in previous analyses. All beams are reinforced
with longitudinal reinforcement 3∅14 mm at the bottom, 5∅14 mm at the top and
∅8/15 mm in the effective flange width. The columns are reinforced with 8∅16 mm.
The structural walls are reinforced in accordance with EN 1998-1 part 5.3. The
analyses are carried out with software Seismostruct. The structural elements are
modelled with inelastic force – based plastic hinges frame elements. The length of
the plastic hinge is 10% of the length of the element.

Figure 19.11 shows the mean and median total displacement at the most distant
frame from the centre of rigidity. The maximal mean displacement of the irregular
structures is 10% higher that the displacement of the regular structure (M0).

The obtained maximal displacements for all levels of seismic hazard are greater
than the yield displacements for all analyzed structures. The first plastic hinge most
commonly occurs in the columns of the frame Y5, at lateral displacement in range of

Fig. 19.9 Normalized criteria for plan irregularity for analysed structures according different codes
requirement
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Fig. 19.10 Normalised elastic spectra and mean spectra

Fig. 19.11 Mean and median displacement for PGA 0,18 g, 0,36 g and 0,54 g

19 Effects of Modelling Assumptions on the Plan Irregularity Criteria. . . 245



0.83–0.9 cm. In some cases, (about 20% of the analyzes carried out), the first plastic
hinge occurs in the elements of another frame, most often in the wall of the most
rigid frame Y1. However, in these cases, the displacement amplification on the
flexible side of the structure results with the appearance of plastic hinges in the
elements of the frame Y5 in some of the following time steps of the analysis.
Ductility demand for analysed structures ranges from 1.5 to 1.7 for PGA 0.18 g,
4.1 to 4.7 for PGA 0.36 g, or 8 to 9 for PGA 0.54 g.

Figure 19.12 shows the mean and median maximal rotation of the slab. It can be
noticed that the value of the rotation does not vary for different degree of irregularity.

Fig. 19.12 Mean and median rotation for PGA 0,18 g, 0,36 g and 0,54 g
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19.8 Final Remarks

The position of centre of stiffness and torsional radius can vary depending on the
assumptions in the mathematical model. The approximate determination of these
parameters for single storey buildings, by considering the translational stiffness
represented by the moments of inertia of the cross-section of the vertical elements,
neglecting the effect of beams, is most conservative and can be used in the prelim-
inary design stage. It is advisable to control these parameters in the later design stage.

For structures with larger eccentricities between the centre of stiffness and the
centre of mass EC8 prescribes more rigorous criteria for plan regularity compared
with the ASCE7-10. However, degree of irregularity does not implicate proportional
increasing of seismic demand, unlike ASCE7-10, where the degree of irregularity
leads to amplification of accidental torsional moment.

From the nonlinear analyses it can be noticed that structures with different degree
of irregularity, according to EC8, have similar behaviour when are subjected to
earthquake motion. This is due to the increased load capacity of the frame where the
structural walls are located.
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Chapter 20
Numerical Study on Seismic Response of a
High-Rise RC Irregular Residential
Building Considering Soil-Structure
Interaction

Tomasz Falborski

Abstract The objective of the present study is to investigate the importance of soil-
structure interaction effects on the seismic response of a high-rise irregular
reinforced-concrete residential building. In order to conduct this research, a detailed
three-dimensional structure model was subjected to various earthquake excitations,
also including a strong mining tremor. Soil-foundation flexibility was represented
using the spring-based solutions, incorporating foundation springs and dashpots. For
each soil type analyzed in this study, the foundation stiffness was calculated using
the static stiffness, embedment correction factors, and dynamic stiffness modifiers.
The influence of diverse soil conditions (represented by their average effective
profile velocities and shear moduli) on the dynamic characteristics
(e.g. fundamental vibration period) and seismic response (e.g. peak lateral acceler-
ations) of the structure model was investigated and discussed. The numerical
analysis results clearly demonstrate that the seismic performance of the building to
the strong earthquake shaking can be significantly affected by the soil-structure
interaction effects.

Keywords Soil-structure interaction · Soil flexibility · Seismic response · High-rise
RC building · Irregular structures

20.1 Introduction

Dynamic response of a building structure subjected to strong seismic motions may
be affected by many different factors including base isolation (see, for example,
Falborski and Jankowski 2013, 2016, 2017a, b), structural pounding (see, for
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example, Jankowski and Mahmoud 2015, 2016; Naderpour et al. 2016; Sołtysik
et al. 2016, 2017), or damage level (see, for example, Ebrahimian et al. 2017).
Among these effects the interaction between the structure foundation and the
underlying soil is considered one of the most important contributors (see, for
example, Gazetas 1991; Wolf 1985; Mylonakis and Gazetas 2000; Stewart et al.
1999a, b; Veletsos and Prasad 1989). Even though the soil-foundation flexibility
may significantly modify the dynamic characteristics, and thus alter seismic response
of a structure (see, for example, Stewart and Fenves 1998; Wong et al. 1988), many
studies either do not utilize soil-structure interaction, which may result in misrepre-
sentation of the actual building behaviour, or are conducted for strongly simplified
stick models, according to which the buildings can be idealized as multi-degree-of-
freedom systems (see, for example, Falborski and Jankowski 2017a, b), which may
not be fully appropriate for complex and irregular structures. Therefore, the present
study is designed to analyze the seismic performance of a three-dimensional numer-
ical model of a high-rise irregular reinforced-concrete residential building consider-
ing the interaction between the structure foundation and the underlying soil. Diverse
soil conditions were represented by their average effective profile velocities and
shear moduli. Soil-foundation flexibility was utilized using spring-based solutions,
incorporating foundation springs and dashpots, as it is the most commonly adopted
approach for idealizing the soil-foundation interface in current engineering practice.

20.2 Building Model

The structure model considered in the present study is a high-rise reinforced-
concrete irregular shear wall building, supported on a mat foundation. The
13-storey structure with an interior shear wall core is 37.50 m tall from the ground
surface to the roof. The height of the embedded basement is 3.0 m. The height of the
ground storey is 3.0 m, and all other above-grade stories are 2.50 m. The height of
the rooftop structure (i.e. emergency exit) is 2.0 m. The overall plan dimensions of
the structure are 26 m wide by 28 m long, although the typical floor is irregular in
plan. The gross dimensions of the foundation mat are 28 m wide by 30 m long.
Detailed numerical model of the high-rise building considered in the present study
was developed using 4-node shell elements (nearly 21,000 in total) available in an
educational version of Autodesk Robot Structural Analysis Professional 2016.

20.3 Site Conditions

Characterization of site conditions is an integral component and an essential first step
in many seismic analyses incorporating soil-structure interaction. Accurate estima-
tion of soil properties requires knowledge of both structural and soil dynamics
principles. Therefore, geotechnical data (e.g. shear wave velocity and soil profiles,
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soil mass density etc.) should be evaluated in close collaboration with geotechnical
engineers, most preferably, through site-specific measurements, which would pro-
vide the most accurate results. If the geophysical measurements are conducted in
free-field conditions, shear wave velocity should be increased to account for the
presence of overburden pressures caused by the added weight of the structure.
Moreover, for soil profiles that vary with depth, values of overburden-corrected
shear wave velocities should be averaged to obtain so-called average effective profile
velocity, which is one of the most valuable indicators of dynamic properties of the
soil in many seismic analyses incorporating soil flexibility. More detailed procedures
and guidelines for estimation of shear wave velocities may be found, for example, in
guidelines prepared by Pacific Earthquake Engineering Research Center (2012).

In order to investigate the importance of soil-structure interaction effects on the
seismic response of a high-rise irregular reinforced-concrete residential building
considered in the present study, three different site conditions were utilized. Soil
properties are represented by shear wave velocities, mass densities, and Poisson’s
ratios. Geotechnical characteristics are briefly summarized in Table 20.1.

20.4 Soil-Structure Flexibility

Soil-structure interaction may be implemented in response history analyses through
many different methodologies, either incorporating foundation springs and dashpots
or modelling the soil beneath the structure as a solid continuum with finite elements
(see, for example, Stewart et al. 2003; Wong and Luco 1986; Mylonakis et al. 2006).
In the present study soil-foundation flexibility was utilized using spring-based
solutions proposed by Pais and Kausel (1988), which are identified among the
most commonly adopted equations in current engineering practice. This approach
includes calculations of soil springs to consider translational and rotational degrees
of freedom, and dashpots to address soil damping effects. For each site condition
analyzed in this study, characteristics of springs and dashpots were developed by
first calculating translational (kx, ky) and rotational (kxx, kyy) stiffnesses for rectangu-
lar rigid foundation as well as dashpot coefficients (cx, cy, cxx, cyy). The foundation
stiffness was calculated using the static stiffness, embedment correction factors η,
and dynamic stiffness modifiers α. The base spring stiffness was subtracted from the
overall horizontal stiffness to determine the portion of the horizontal stiffness

Table 20.1 Geotechnical characteristics of the soil types considered

Soil type
Shear wave velocity vs
(m/s)

Mass density ρ
(kN/m3)

Poisson’s ratio ν
(�)

I. Dense soil/Soft
rock

400 20 0.40

II. Stiff soil 250 18 0.35

III. Soft soil 180 16 0.30
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attributed to passive pressure resistance against basement walls (total translational
stiffness is larger due to embedment). According to the recommendations specified
in documents prepared by National Earthquake Hazards Reduction Program (2012)
and Applied Technology Council (2005), the value of shear modulus was reduced to
account for large strain effects associated with nonlinear behaviour. The reduction
factor of 0.50 was used for the 1994 Northridge earthquake, whereas a modulus
reduction factor of 1.0 was assumed for the 2002 Polkowice mining tremor.

Vertical springs and dashpots were distributed over the footprint of the founda-
tion, allowing the foundation to deform in a natural manner. Edge intensities were
adjusted to match the overall rocking stiffness values, as the vertical soil reaction is
not uniform, and tends to increase near the edges of the foundation. Correction
factors were determined using the equations presented by Harden and Hutchinson
(2009). Corner intensities ware calculated as the average of edge intensities in both
directions. Table 20.2 summarizes the calculation results conducted for the 1994
Northridge earthquake with a shear modulus reduction factor of 0.50. For the 2002
Polkowice mining tremor values would be doubled, as the reduction factor is 1.0.

It should be noted that both horizontal and vertical springs are elastic with no
compression capacity limit and zero tension capacity.

20.5 Modal Analysis

The next step was to conduct modal analysis to investigate the influence of soil-
structure interaction on dynamic characteristics of the analyzed high-rise building.
Fundamental modes of vibration for the fixed-base building are presented in
Fig. 20.1. Results obtained for all site conditions considered are briefly summarized
in Table 20.3.

20.6 Seismic Analysis

The final step of the current investigation was to conduct response history analyses
for all soil types considered. In addition to the gravity load, the high-rise building
model was subjected to the 1994 Northridge earthquake (Santa Monica station,
CSMIP1 No. 24538, record scaled by factor 0.5), and the 2002 Polkowice mining
tremor, as an example of so-called induced seismicity, which has recently become an
issue of major concern of both academic and professional communities in Poland
(see, for example, Zembaty 2004). Seismic records in NS direction were applied
along the y global axis, whereas records in the EW direction were used along the X

1California Strong Motion Instrumentation Program
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global axis. The damping ratio of 5% was taken for the analyzed high-rise building,
as it is a typical value assumed for concrete structures.

Peak lateral accelerations in NS and EW directions for different site conditions
are briefly reported in Table 20.4. Acceleration-time history plots for two radically
different site conditions (i.e. building fixed at base and erected on soft soil) are

Table 20.2 Stiffness and damping parameters used for the 1994 Northridge earthquake

Spring /
Dashpot

Soil
type

Static
stiffness
(kN/m) or
(kNm/rad) η (�) α (�)

βsur
(�)

βemb

(�)

Dynamic
stiffness
(kN/m) or
(kNm/rad)

Dashpot
coefficient
(kg/s) or
(kg�m2/s)

Horizontal
total
x-direction
kx,total, cx,
total

I 1.383�107 1.28 1 0.139 0.185 1.77�107 6.021�108
II 4.714�106 0.23 0.292 6.035�106 3.24�108
III 2.108�106 0.329 0.407 2.699�106 2.02�108

Horizontal
total
y-direction
ky,total, cy,
total

I 1.387�107 1.28 1 0.139 0.185 1.776�107 6.057�108
II 4.728�106 0.229 0.292 6.053�106 3.255�108
III 2.114�106 0.328 0.407 2.707�106 2.027�108

Horizontal
base
x-direction
kx,base, cx,
base

I 1.383�107 – 1 0.139 – 1.383�107 3.549�108
II 4.714�106 0.23 4.714�106 1.996�108
III 2.108�106 0.329 2.108�106 1.278�108

Horizontal
base
y-direction
ky,base, cy,
base

I 1.387�107 – 1 0.139 – 1.387�107 3.549�108
II 4.728�106 0.229 4.728�106 1.996�108
III 2.114�106 0.328 2.114�106 1.278�108

Vertical
z-direction
kz, cz

I 1.885�107 1.139 0.99 – 0.259 2.126�107 1.014�109
II 6.116�106 0.975 0.397 6.795�106 4.967�108
III 2.617�106 0.954 0.556 2.844�106 2.91�108

Rocking
about x-axis
kxx, cxx

I 3.407�109 1.256 0.961 – 0.01 4.114�109 7.631�109
II 1.106�109 0.91 0.035 1.264�109 8.152�109
III 4.731�108 0.849 0.084 5.048�108 7.793�109

Rocking
about y-axis
kyy, cyy

I 3.578�109 1.253 0.958 – 0.01 4.293�109 8.067�109
II 1.161�109 0.903 0.036 1.314�109 8.649�109
III 4.968�108 0.84 0.086 5.227�108 8.275�109

where:
kx, ky – translational stiffness for rectangular rigid foundations
kxx, kyy – rotational stiffness for rectangular rigid foundations
cx, cy – translational dashpot coefficient
cxx, cyy – rotational dashpot coefficient
η – embedment correction factor for static stiffness of rigid foundations
α – dynamic stiffness modifier for rigid foundations
βsur – radiation damping ratio for rigid foundations
βemb – radiation damping ratio for embedment foundations
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Fig. 20.1 Fundamental modes of vibration for the analyzed high-rise building: 1st longitudinal
(left) and 1st transverse (right)

Table 20.3 Modal analysis results

Site condition

Mode 1

Longitudinal Transverse

Frequency (Hz) Period (sec) Frequency (Hz) Period (sec)

Fixed at base 1.73 0.58 2.17 0.46

I. Dense soil/Soft rock 1.59 0.63 1.93 0.52

II. Stiff soil 1.53 0.65 1.82 0.55

III. Soft soil 1.42 0.70 1.63 0.61

Table 20.4 Results of modal analysis

Seismic
event

PGA (� g)

Peak lateral acceleration at roof
level in NS direction (� g)

Peak lateral acceleration at roof
level in EW direction (� g)

Site condition Site condition

NS EW
Fixed
base I II III

Fixed
base I II III

Northridge 0.45 0.19 0.82 0.77 0.74 0.60 0.45 0.40 0.38 0.25

Polkowice 0.17 0.10 0.33 0.30 0.29 0.27 0.19 0.15 0.14 0.12

where PGA denotes Peak Ground Acceleration
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presented in Figs. 20.2, 20.3, 20.4, 20.5, 20.6, 20.7, 20.8 and 20.9. Additionally, the
Fast Fourier Transform (FFT) functions calculated for the NS direction are shown in
Figs. 20.10 and 20.11.
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Fig. 20.2 Acceleration-time history record in NS direction for the Northridge earthquake (fixed
base building)
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Fig. 20.3 Acceleration-time history record in NS direction for the Northridge earthquake (soft soil)
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20.7 Conclusions

The present study was designed to examine the soil-structure interaction effects on
the seismic response of the three-dimensional high-rise irregular reinforced-concrete
residential building. Three different site conditions were utilized to investigate the
importance of the soil flexibility in seismic analyses. The numerical investigation
resulted in the following conclusions:
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Fig. 20.4 Acceleration-time history record in EW direction for the Northridge earthquake (fixed
base building)
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Fig. 20.5 Acceleration-time history record in EW direction for the Northridge earthquake (soft
soil)
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(a) Close inspection of Table 20.3 clearly indicates that soil flexibility can signifi-
cantly modify the dynamic characteristics of the building structure by lengthen-
ing its fundamental period (the lower the fundamental frequency, the longer the
fundamental period of vibration). For site condition III (i.e. soft soil) the
reduction in the fundamental frequencies in NS and EW directions, when
compared to fixed-base model, are 18% (1.73 Hz decreased to 1.42 Hz) and
25% (2.17 Hz was reduced to 1.63 Hz), respectively. This effect (referred to as
the period shift effect) can also be observed in Figs. 20.10 and 20.11.
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Fig. 20.6 Acceleration-time history record in NS direction for the Polkowice mining tremor (fixed
base building)
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Fig. 20.7 Acceleration-time history record in NS direction for the Polkowice mining tremor (soft
soil)
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(b) Table 20.4 explicitly demonstrates the decrease in lateral accelerations due to
soil flexibility. For site condition III (soft soil) the reduction in computed
accelerations in the NS and EW directions for the 1994 Northridge earthquake,
when compared to the fixed base structure, is 27% (0.82 g was reduced to 0.60 g)
and 44% (0.45 g decreased to 0.25 g), respectively, whereas for the 2002
Polkowice mining tremor the reduction in NS and EW directions, if compared
to fixed-base structure, is 18% (0.33 g was reduced to 0.27 g) and 37% (0.19 g
decreased to 0.12 g), respectively.

Conducted numerical investigation, even though utilizing simple engineering
approach of simulating the soil-foundation flexibility with springs and dashpots,
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Fig. 20.8 Acceleration-time history record in EW direction for the Polkowice mining tremor (fixed
base building)
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Fig. 20.9 Acceleration-time history record in EW direction for the Polkowice mining tremor (soft
soil)
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clearly demonstrates the significance of soil-structure interaction in seismic analyses.
Ignoring the effects of the surrounding soil may provide satisfactory results only for
soft and hard rocks. For site condition I (dense soil/soft rocks), fundamental period
and peak lateral accelerations, when compared to fixed base structure, were only
modestly affected. As expected, the effects of soil-foundation flexibility become
more significant as the stiffness of the underlying soil decreases. Results of the
conducted investigation explicitly show that site conditions, particularly soft soils,
should be taken into account at the design stage building structures, especially
complex and irregular ones.
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Fig. 20.10 FFT functions for the acceleration-time history records in NS direction (Northridge
earthquake)
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Fig. 20.11 FFT functions for the acceleration-time history records in NS direction (Polkowice
mining tremor)
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Chapter 21
Optimum Torsion Axis of Multi-storey
Buildings Based on Their Dynamic
Properties

Grigorios Manoukas and Asimina Athanatopoulou

Abstract The objective of the present paper is the determination of the optimum
torsion axis of multi-storey asymmetric in plan buildings on the basis of their
dynamic properties. For this purpose, a three-storey reinforced concrete diaphragm
system is analyzed by means of linear time-history analysis for both uniaxial and
biaxial horizontal seismic excitations. The mass centers of the diaphragms are
successively transposed and the resulting floor rotation angles for each case are
computed. The position of the mass center which leads to the minimization of the
sum of the squares of the floor rotation angles designates the location of the optimum
torsion axis. The results are verified by means of modal analysis and compared with
those resulting from the relevant methodology prescribed by the Greek seismic code.
All three methods produce results that do not differ significantly, so the approximate
procedure suggested by the Greek seismic code can be rigorously applied in order to
determine the optimum torsion axis of asymmetric buildings.

Keywords Optimum torsion axis · Multi-storey buildings · Time-history analysis ·
Floor rotation

21.1 Introduction

All the modern seismic codes (e.g. CEN 2004; EPPO 2003) adopt the linear static
procedure as an alternative method of analysis appropriate for certain categories of
buildings. A critical point of this procedure is the representation of the torsional
behaviour of the buildings which is achieved by introducing proper static eccentric-
ities from a suitable reference point.

Anastassiadis et al. (1998) studied this issue using single-storey models and
developed analytical formulae which allow the calculation of additional
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eccentricities, so that the maximum static displacements on both sides of the floor as
well as the static rotation of the floor are equal to the respective ones obtained by
means of response spectrum analysis. The additional eccentricities are measured
with reference to the elastic centre, which always exists in single-storey systems and
possesses at the same time all the properties of the centre of rigidity, shear centre and
twist centre.

The aforementioned concept can be rigorously extended to special categories of
multi-storey diaphragm systems in which the rigidity, shear and twist centres
coincide in each floor (elastic centre of the floor), while the elastic centres of all
the floors lie in the same vertical axis (elastic axis of the building). These categories
include doubly symmetric in plan buildings and isotropic buildings (i.e. buildings
having vertical resisting elements with proportional stiffness matrices (Makarios and
Anastassiadis 1998a, b)).

However, the vast majority of real buildings do not belong to these categories. In
order to overcome this problem, Makarios and Anastassiadis (1998a, b) proposed the
concept of ‘optimum torsion axis’ as a reference line for the calculation of structural
eccentricity in the general case of multi-storey asymmetric buildings. For a given
static load pattern, the optimum torsion axis is defined as the vertical line connecting
the points of the floor diaphragms, where the horizontal forces must be applied, so
that the sum of the squares of the floor rotations θi is minimized (i ¼ 1, 2, . . . N,
where N the number of the building diaphragms):

Σθ2i ¼ min ð21:1Þ

Furthermore, in order to simplify the determination of the optimum torsion axis
location, they developed an approximate methodology which has been adopted by
the Greek seismic code (EPPO 2003). In particular, based on extensive parametric
studies, they suggested that, when the minimum Σθ2i is attained, the diaphragm
rotation becomes zero at the level z ¼ 0.8H from the base, where H is the height of
the building.

Marino and Rossi (2004) examined the same problem from an analytical point of
view and proposed mathematical expressions to define the exact location of the
optimum torsion axis for buildings having the principal axes of the resisting ele-
ments parallel to a given orthogonal coordinate system. Generalizing this approach,
Doudoumis and Athanatopoulou (2008) proved that the aforementioned analytical
methodology can be applied to all asymmetric buildings without any particular
restriction.

All the aforementioned studies aim to determine the optimum torsion axis under
horizontal static loads. The objective of the present paper is the determination of the
optimum torsion axis on the basis of the dynamic properties of buildings. For this
purpose, a three-storey reinforced concrete diaphragm system is analyzed by means
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of linear time-history analysis for both uniaxial and biaxial horizontal seismic
excitations. The mass centers of the diaphragms are successively transposed and
the resulting floor rotation angles for each case are computed for the critical
orientation of the seismic excitation using a relevant procedure developed by
Athanatopoulou (2005). The position of the mass centre which leads to the minimi-
zation of the sum of the squares of the floor rotation angles designates the location of
the optimum torsion axis. The results are verified by means of modal analysis and
compared with those resulting from the relevant methodology prescribed by the
Greek seismic code. Hence, interesting conclusions are derived.

21.2 Structural Models

The structural models examined in the framework of the present study are based on
an archetype three-storey asymmetric in plan reinforced concrete building. The floor
plan of the building as well as the position of the optimum torsion axis (OTA)
according to the Greek seismic code is shown in Fig. 21.1. All storey heights are 3 m.
The slab thickness is equal to 15 cm. All beams have a height of 60 cm and a
thickness of 25 cm. The columns are square shaped with dimension of 40 cm. The
length of the walls is equal to 1.5 m (W1), 2 m (W2, W3) or 3 m (W4) and their
thickness is equal to 25 cm. All the vertical resisting elements are fixed at base. The
mass of each floor is taken equal to 1 t/m2. The mass centre of each floor of the
building is transposed to 25 different locations (Fig. 21.2). Hence, 25 building
models are produced and analyzed by means of linear time-history analysis
according to the following section.

Fig. 21.1 Floor plan of the
three-storey archetype
building
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21.3 Analysis Process

21.3.1 Ground Motions

The whole investigation conducted here comprises a number of 7 unscaled
accelerograms, which is considered adequate to obtain concrete conclusions.
These accelerograms (Table 21.1) are obtained from the PEER strong motion
database (2003) and tabulated in table C-3 of Appendix C of FEMA 440 project
(ATC 2005).

21.3.2 Uniaxial Seismic Excitation

Firstly, the building models are analyzed by means of linear time-history analysis for
uniaxial seismic excitation. In particular, each of the recorded accelerograms €ug tð Þis
considered to act separately along x (load case ‘0’) and y axis (load case ‘90’) as it is
shown in Fig. 21.3. If the values of a scalar response quantity for load cases ‘0’ and
‘90’ are denoted as R’00(t) and R’900(t) respectively, as it has been demonstrated by
Athanatopoulou (2005), the maximum value Rmax of the response quantity for the
critical orientation of the seismic excitation is:

Rmax ¼ max
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

R2
000 tð Þ þ R2

0900 tð Þ
q

ð21:2Þ

The time instant tcr that Rmax occurs as well as the angle θcr which defines the
critical orientation of the seismic excitation could also be determined applying

Fig. 21.2 Alternative
locations of the mass centre
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analytical formulae (Athanatopoulou 2005). However, this is beyond the objective
of the present paper.

The sum of the squares of the diaphragm rotations Σθ2i tð Þ is computed for each
load case with the aid of the program SAP2000. Then, applying Eq. 21.2 the
maximum value maxΣθ2i is calculated. The resulting values for the 25 analyzed
building models are shown in Figs. 21.4, 21.5, 21.6, 21.7, 21.8, 21.9 and 21.10
where each model is characterised by its centre of mass (CM) coordinates in the
coordinate system given in Fig. 21.1.

The curves given in Figs. 21.4, 21.5, 21.6, 21.7, 21.8, 21.9 and 21.10 are
idealized to parabolic curves governed by equations just like Eq. 21.3:

maxΣθi
2 ¼ ax2 þ bxþ cy2 þ dyþ e ð21:3Þ

Table 21.1 Ground motions

Number Date
Earthquake
name

Magnitude
(Ms) Station name

Component
(deg)

PGA
(cm/s2)

1 28/
06/
92

Landers 7.5 Yermo, Fire Station 270 240.0

2 28/
06/
92

Landers 7.5 Palm Springs, airport 90 87.2

3 28/
06/
92

Landers 7.5 Pomona, 4th and
locust, free field

0 65.5

4 17/
01/
94

Northridge 6.8 Los Angeles, Holly-
wood storage Bldg.

360 381.4

5 17/
01/
94

Northridge 6.8 Santa Monica City Hall 90 866.2

6 17/
01/
94

Northridge 6.8 Los Angeles,
N. Westmoreland

0 393.3

7 17/
10/
89

Loma
Prieta

7.1 Gilroy 2, Hwy
101 Bolsa Road Motel

0 394.2

a) b)

Fig. 21.3 Load cases for
uniaxial seismic excitation
(a) load case ‘0’ and (b) load
case ‘90’
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where a, b, c, d, e are constant factors (different for each ground motion). Applying
well known principles of mathematics, the coordinates of the point that leads to the
minimization of maxΣθi

2 are estimated for each ground motion (Table 21.2). The
mean values of the coordinates indicate the location of the optimum torsion axis
(OTA). It is apparent that the resulting coordinates are much closed to those
determined according to the Greek seismic code (see Fig. 21.1).

In order to verify the results, the centre of mass of the archetype building is
transposed to the location of the optimum torsion axis and a modal analysis is
conducted. The resulting mode shape vectors (Table 21.3) resemble those of a
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doubly symmetric building without coupling between lateral and torsional response.
In particular, in modal shape vectors 1, 4 and 7 the terms corresponding to rotations
and translations along x axis are negligible and obviously modes 1, 4 and 7 dominate
the response under seismic excitation along y axis. On the other hand, in modal
shape vectors 2, 5 and 8 the terms corresponding to rotations and translations along y
axis are negligible and obviously modes 2, 5 and 8 dominate the response under
seismic excitation along x axis. These conclusions are also confirmed by the modal
participating mass ratios (Table 21.4). Finally, modes 3, 6 and 9 are mainly
rotational.
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21.3.3 Biaxial Seismic Excitation

The whole process is identical to that followed for uniaxial seismic excitation. The
only difference is the definition of load cases ‘0’ and ‘90’which comprise concurrent
action of each accelerogram along x and y axes (Fig. 21.11).

The maximum sum of the squares of the diaphragm rotations maxΣθi
2 for the

25 analyzed building models is shown in Figs. 21.12, 21.13, 21.14, 21.15, 21.16,
21.17 and 21.18.
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The coordinates of the point that leads to the minimization of maxΣθi
2 for each

ground motion and the corresponding mean values are shown in Table 21.5. It is
apparent that the resulting values are much closed to those calculated for uniaxial
excitation as well as to those determined according to the Greek seismic code.

In order to verify the results, the centre of mass of the archetype building is
transposed to the location of the optimum torsion axis and a modal analysis is
conducted. The resulting mode shape vectors (Table 21.6) resemble those of a
doubly symmetric building without coupling between lateral and torsional response.
In particular, in modal shape vectors 1, 4 and 7 the terms corresponding to rotations
and translations along x axis are negligible and obviously modes 1, 4 and 7 dominate
the response under seismic excitation along y axis. On the other hand, in modal
shape vectors 2, 5 and 8 the terms corresponding to rotations and translations along y
axis are negligible and obviously modes 2, 5 and 8 dominate the response under
seismic excitation along x axis. These conclusions are also confirmed by the modal
participating mass ratios (Table 21.7). Finally, modes 3, 6 and 9 are mainly
rotational.
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Table 21.2 Coordinates of the optimum torsion axis – uniaxial excitation

Ground motion number OTA abscissa (m) OTA ordinate (m)

1 5.43 2.32

2 5.41 2.28

3 5.30 2.35

4 5.38 2.23

5 5.40 2.39

6 5.37 2.44

7 5.39 2.46

Mean 5.38 2.35
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21.4 Conclusions

The objective of the present paper is the determination of the optimum torsion axis
on the basis of the dynamic properties of buildings. For this purpose, a three-storey
reinforced concrete diaphragm system is analyzed by means of linear time-history
analysis. The location of the optimum torsion axis for both uniaxial and biaxial
horizontal seismic excitation is very close to the location resulting from the simpli-
fied procedure prescribed by the Greek seismic code. The transposition of the mass
centre to the determined optimum torsion axis leads to dynamic properties which
resemble those of doubly symmetric systems. The method presented herein proves
that in asymmetric multistorey buildings there is an optimum torsional axis. This
axis can be determined with the aid of real accelerograms or static lateral forces using
exact method or approximate method. All three methods produce results that do not
differ significantly. So the approximate procedure suggested by the Greek seismic

Table 21.4 Modal participating mass ratios (CM � OTA for uniaxial excitation)

Excitation
Mode
1

Mode
2

Mode
3

Mode
4

Mode
5

Mode
6

Mode
7

Mode
8

Mode
9

x 0.00 0.77 0.00 0.00 0.18 0.00 0.00 0.04 0.00

y 0.80 0.00 0.00 0.16 0.00 0.00 0.04 0.00 0.00

a) b)

Fig. 21.11 Load cases for
biaxial seismic excitation (a)
load case ‘0’ and (b) load
case ‘90’
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– Ground motion 1
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code can be rigorously applied in order to determine the optimum torsion axis of
asymmetric buildings. However, the generalization of this conclusion requires
further investigations, comprising applications to a large variety of structural sys-
tems with more complex configuration.
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Table 21.5 Coordinates of the optimum torsion axis – biaxial excitation

Ground motion number OTA abscissa (m) OTA ordinate (m)

1 5.43 2.21

2 5.40 2.17

3 5.30 2.35

4 5.37 2.24

5 5.40 2.21

6 5.37 2.23

7 5.39 2.27

Mean 5.38 2.24
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Chapter 22
Seismic Behaviour of 3D R/C Irregular
Buildings Considering Complex Site
Conditions

Ioanna-Kleoniki Fontara, Konstantinos Kostinakis,
and Asimina Athanatopoulou

Abstract Local site conditions generate large amplifications as well as spatial
variations in the seismic motions that must be accounted for in the earthquake resistant
design of structures. The present paper aims to evaluate the influence of complex site
effects on the non-linear response of irregular buildings. To achieve this purpose, site
dependent ground motions are produced via Boundary Element Method (BEM). An
ensemble of nine earthquakes recorded at the outcropping rock are considered as an
input at the seismic bed of complex geological profiles, and acceleration time histories
at the ground surface are computed. Several complex geological configurations are
considered, taking into account the following key parameters: (i) canyon topography,
(ii) layering and (iii) material gradient effect. Two 5-storey buildings are considered: a
symmetric and an asymmetric in plan building. A series of Nonlinear Time History
Analyses are conducted. The results of this study demonstrate that the presence of
local site conditions influence the inelastic dynamic response of buildings.

Keywords Irregular buildings · Complex site effects · Seismic damage · Nonlinear
time history analysis

22.1 Introduction

During an earthquake, seismic waves radiate from a fault and travel through the
earth’s crust. As seismic waves travel through the bedrock and the soil deposits,
various complex geological profiles produce local distortions in the incoming wave
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field which may lead to large amplifications as well as strong spatial variations in
frequency, amplitude and phase in the ground motions recorded along the surface.

For the dynamic analysis of structures, ground motion records are required as an
input to the structural model under investigation. A simple, yet widely accepted
approach is to assume that local soil conditions resemble those at the site where
ground motions were first recorded. However, there is still a lack of real ground
motion records able to describe all required seismological and geological conditions.
A large number of studies has indicated the influence of 2D site effects on ground
motions (e.g. Aki 1993; Bard 1994; Chavez-Garcia and Faccioli 2000). It has been
demonstrated that several physical phenomena associated with 2D analysis like
propagation of locally generated surface waves and possible 2D resonance, may
greatly influence the computed seismic field.

Irregular in plan Reinforced Concrete (R/C) buildings are among the most
common structural systems in many countries with high seismicity. The observation
of post-earthquake damages on R/C structures has led to the conclusion that the
presence of structural irregularities may significantly alter the seismic performance
of buildings due to earthquake induced torsion, leading in many cases to negative
effects. Therefore, a proper simulation and analysis of non-symmetric buildings is
required taking into account the torsional response of non-symmetric buildings
under earthquake excitation.

The aim of the present work is to evaluate the influence of complex site effects on
the non-linear seismic response of irregular in plan multistory buildings. First, site
dependent ground motions are produced considering 2D analysis of the soil profile
via Boundary Element Method (BEM) numerical technique. An ensemble of nine
earthquake excitations recorded at the outcropping rock are considered as an input at
the seismic bed of complex geological profiles, and acceleration time histories at the
ground surface are computed via BEM. Several complex geological configurations
are considered, taking into account the following key parameters: (i) canyon topog-
raphy, (ii) layering and (iii) material gradient effect. Next, two 5-storey buildings
with structural systems that consist of members in two perpendicular directions
(x and y) are considered. The first one is doubly-symmetric and the second is
irregular in plan according to EC8. A series of Nonlinear Time History Analyses
(NTHA) are conducted using the aforementioned family of site dependent ground
motions. For each earthquake record the expected structural damage state of each
building is determined in terms of the Maximum Interstorey Drift Ratio (MIDR).
The results of this study demonstrate the importance of local site conditions on the
structural damage of irregular buildings.

22.2 Site-Specific Ground Motions

In the present study, BEM numerical schemes based on a library of fundamental
solutions and Green’s function for inhomogeneous media (Fontara 2015) are used to
model the seismic wave propagation through complex geological profiles so as to
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recover ground motion records that account for local site conditions. In particular,
consider 2D wave propagation in viscoelastic, isotropic half-plane consisting of
parallel or non-parallel inhomogeneous layers with a free surface and sub-surface
relief of arbitrary shape. The dynamic disturbance is provided by either an incident
SH wave or by waves radiating from an embedded seismic source.

The above mentioned methodology is applied to four different hypothetical
geological profiles on which the R/C buildings in question are considered to be
located, see Fig. 22.1. The examined geological key parameters are: (a) canyon
topography; (b) layering; (c) material gradient. In particular, the site is represented
by the following configurations: (1) a homogeneous layer with flat free surface
producing a uniform excitation at the free surface; (2) a homogeneous layer with a
valley in which the structures are considered to be located at different points along
the free surface A1, A2, P1, P2 and P3; (3) a double homogeneous layer deposit as a
damped soil column with a valley at the surface; (4) a two-layer damped soil column
with a valley at the surface, in which the top layer is continuously inhomogeneous
with expressing an arbitrary variation in the wave speed depth profile (Fontara et al.
2015).

The bottom layer is homogeneous and the interface between the first and the
second layer is irregular. All geological profiles are overlying elastic bedrock. The
first geological configuration that produces a uniform excitation pattern ridge is
considered as a reference case. A suite of nine earthquake excitations given in
Table 22.1 that are recorded at the outcropping rock on site class A (according to

Fig. 22.1 Four geological profiles, namely type (1)–(4) and receiver points (A1, A2, P1, P2, P3) on
which the structures are assumed to be located
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FEMA classifications) are considered as an input at the seismic bed level for all
geological profiles. These records were drawn from the PEER (2003) strong motion
database.

In what follows, the influence of site effects on ground motions recorded at
different points along the free surface is investigated. Figure 22.2 plots the acceler-
ation response spectra of San Fernando No1 ground motion recorded at different
points A1, A2, P1, P2, P3 along the free surface of geological profile Type (2) that
accounts for canyon topography (Fig. 22.2a); Type (3) that accounts for canyon
topography and layering effect (Fig. 22.2b); and Type (4) that accounts for canyon
topography, layering and material gradient effect (Fig. 22.2c). The above mentioned
geological profiles are compared with the reference case of type (1) that produces
uniform excitation.

Observe that spectral acceleration values can differ significantly when they are
recorded at different points along the surface topography. The seismic signal
depends strongly on the presence of canyon topography. From Fig. 22.2a we can
see that spectral accelerations are more pronounced for low values of period when

Table 22.1 Data of earthquake records

No Date
Earthquake
name Station name

Closest
distance
(Km)

Component
(deg)

PGA
(g) (uncorrelated)

1 9/2/1971 San
Fernando

Cedar
Springs, Allen
Ranch

89.4 95 0.020

2 9/2/1971 San
Fernando

Pasadena –
Old Seismo
Lab

21.5 180 0.205

3 18/10/1989 Loma
Prieta

Piedmont Jr
High School
Grounds

73.0 315 0.099

4 18/10/1989 Loma
Prieta

Point Bonita 83.5 207 0.076

5 18/10/1989 Loma
Prieta

SF – Pacific
Heights

76.1 270 0.070

6 18/10/1989 Loma
Prieta

SF – Rincon
Hill

74.1 0 0.102

7 18/10/1989 Loma
Prieta

So. San
Francisco,
Sierra Pt.

63.2 115 0.110

8 17/1/1994 Northridge Wonderland
Ave

20.3 95 0.160

9 17/1/1994 Northridge Vasquez
Rocks Park

23.6 0 0.152

282 I.-K. Fontara et al.



they are recorded at the bottom of the canyon, while high period values lead to
significant spectral acceleration at the edge of the canyon. The influence of the
combined effects of soil layering and canyon topography structure on ground
motions is shown in Fig. 22.2b. The shape of the response spectra is now modified,
while an expected increase of the peaks and a shifting to the right (higher periods)
due to the layering effect is clearly depicted. The combined influence of canyon
topography, layering and material gradient effect on the ground motion is illustrated
in Fig. 22.2c. As previously mentioned, in this case the top layer has a continuous
variation of the wave speed with depth, avoiding this way the great wave speed
contrast between the first and the second layer of the previously examined case. In
addition, we also introduce here a spatial irregularity in the interface between the two
soil layers. The presence of material gradient increases the material stiffness grad-
ually, the soil becomes stiffer and the dynamic characteristics of the geological
profile are modified. As a result, the spectral acceleration values are de-amplified
across the entire range of periods between 0 and 1.1 s.

Fig. 22.2 Acceleration response spectra of San Fernando No1 Ground Motion Recorded at
different receiver points (A1, A2, P1, P2, P3) at the free surface of geological profile (a) type (2);
(b) type (3) and (c) type (4) and compared with uniform excitation type (1)
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22.3 R/C Buildings Modeling

Next we focus on the nonlinear response of two 3D R/C buildings, one with
symmetric and one with asymmetric wall system. Geometrical and material proper-
ties for the analysis and design of the examined buildings are given in Figs. 22.3 and
22.4. The buildings have five stories and structural system that consists of elements
in two perpendicular directions (x and y axes). More specifically, the following
buildings are investigated:

• Symmetric Wall System SWS (Fig. 22.3): Double-symmetric building with walls
that take approximately 65%–70% of the base shear along both x and y axes (wall
system according to the structural types of the EC8 2004). The building is regular
in plan and in elevation.

• Asymmetric Wall System AWS (Fig. 22.4): Asymmetric building with walls that
take approximately 65%–70% of the base shear along both x and y axes (wall
system according to the structural types of the EC8. The ratio e0X/rX along x-axis
is equal to 0.4 (>0.3), and the respective ratio along y-axis is equal to 0.58 (>0.3).
So the building is irregular in plan, but is regular in elevation according to
EC8 (2004).

In Table 22.2 all the common design data of the examined buildings are
presented. Based on the above data, the process of calculating the upper limit
value of the behavior factor q of EC8 (2004) led to the values which are shown in
Figs. 22.3 and 22.4 for the two buildings. These values were used for the design of
the examined buildings.

The two structures were analyzed using the modal response spectrum analysis, as
described in EC8 (2004). The R/C structural elements were designed following the
clauses of EC2 (2004) and EC8 (2004). It should be noted that the choice of the
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Fig. 22.3 5-Story Symmetric Building (SWS). Plan view, geometrical and design parameters
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dimensions of the structural members’ cross-sections as well as of their reinforce-
ment was made bearing in mind the optimum exploitation of the structural materials
(steel and concrete). The professional computer program RA.F (T.O.L. -Engineering
Software House 2014) was used for the design of the buildings.

For the modeling of the buildings’ nonlinear behavior, plastic hinges located at the
column and beam ends as well as at the base of the walls were used. The material
inelasticity of the structural members was modeled by means of a Modified Takeda
hysteresis rule (Otani 1974). It is important to notice that the effects of axial load-biaxial
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Table 22.2 Common design data for the two buildings

Storeys’ heights Hi Ductility class Concrete Steel

3.2 m Medium (DCM) C20/25 S500B

Ec ¼ 3•107 kN/m2

ν ¼ 0.2
w ¼ 25 kN/m3

Es ¼ 2•108 kN/m2

ν ¼ 0.3
w ¼ 78.5 kN/m3

Slab loads Masonry loads Design spectrum (EC8)
Dead: G ¼ 1.0 kN/m2

Live:
Q ¼ 2.0 kN/m2

Perimetric
beams:
3.6 kN/m2

Internal beams:
2.1 kN/m2

Reference PGA: agR ¼ 0.24 g
Importance class: II!γI ¼ 1
Ground type: C

22 Seismic Behaviour of 3D R/C Irregular Buildings Considering Complex. . . 285



bending moment (P-M1-M2) interaction at column and wall hinges are taken into
consideration by means of the P-M1-M2 interaction diagram which is implemented in
the software used to conduct the analyses (Carr 2006). The yield moments as well as the
parameters needed to determine the P-M1-M2 interaction diagram of the vertical
elements’ cross sections are determined using appropriate software (Imbsen Software
Systems, XTRACT: Version 3.0.5 2006).

22.4 Nonlinear Dynamic Response of the Buildings

A series of Nonlinear Time History Analyses (NTHA) were conducted under the
suite of the nine ground motions presented in Table 22.1 for the following cases:
(i) recorded at the surface of geological profile (1) (ii) recorded at points A1, A2, P1,
P2 and P3 along the surface of geological profile (2) (iii) recorded at points A1, A2,
P1, P2 and P3 along the surface of geological profile (3) and, (iv) recorded at points
A1, A2, P1, P2 and P3 along the surface of geological profile (4). For each ground
motion, the damage state of the buildings was determined.

In the present research, the seismic damage of the buildings is expressed in the
form of the Maximum Interstorey Drift Ratio (MIDR), which is a global, structural
and deterministic damage index. The MIDR, which is generally considered an
effective indicator of global structural and nonstructural damage state of R/C
buildings (e.g. Naeim 2001), has been used by many researchers for the assessment
of the inelastic response of structures (e.g. Elenas and Meskouris 2001). It corre-
sponds to the maximum drift among the perimeter frames.

22.5 Analyses Results

The influence of the site effects on the structural response of the examined symmet-
ric and asymmetric buildings is demonstrated in Figs. 22.5 and 22.6. More specif-
ically, the MIDR of the symmetric and asymmetric building located at the examined
geological profiles (Fig. 22.1) and subjected to the nine earthquake records given in
Table 22.1 are given. Figures 22.5 and 22.6 present indicatively the results for the
two buildings located at the geological profile (3). Note that for comparison reasons,
in order to examine the influence of the site effects on the dynamic response of the
buildings, in the above mentioned figures the results produced for the reference
geological profile (1) are also presented. Moreover, for every building and geolog-
ical profile, the average values of the MIDR over all nine earthquake records are
presented, in order to generalize trends.

For all cases examined here, the asymmetric building produces higher values of
MIDR than the corresponding symmetric one. The difference between the MIDR
produced by the symmetric and the asymmetric building can significantly depend on
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the earthquake record and the point where the buildings are located (A1, A2, P1, P2 or
P3) regarding their position in the canyon topography.

Investigating the influence of site effects on the symmetric building, we can see
that for almost all ground motions the consideration of site effects in the numerical
analysis is beneficial leading to lower values of MIDR. Moreover, the analyses
revealed that for the most earthquake records point P2 leads to the smallest values of
MIDR. Therefore, can be said, that a building located at the edge of a canyon is more
prone to damages rather than located at the bottom of the canyon. Similar conclu-
sions can be extracted for the case of the asymmetric building. We see that for the
majority of the ground motions the consideration of site effects in the numerical
analysis of the building is beneficial leading to lower design values. Moreover, the
analyses showed that for the most earthquake records, point P2 leads to the smallest
values of MIDR.

Fig. 22.5 Maximum Interstorey Drift Ratio (MIDR) of the 5-Storey Symmetric Building (SWS)
due to ground motions recorded at different points (A1, A2, P1, P2, P3) along the surface of profile
type (3)

Fig. 22.6 Maximum Interstorey Drift Ratio (MIDR) of the 5-Storey Asymmetric Building (AWS)
due to ground motions recorded at different points (A1, A2, P1, P2, P3) along the surface of profile
type (3)
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Furthermore, to facilitate comparisons, the Relative Variation (RV(i)) for profile
types i (where i: (2), (3) or (4)) with regard to profile type (1) is introduced:

RV ið Þ ¼
averageMIDRProfile ið Þ � averageMIDRProfile 1ð Þ

averageMIDRProfile 1ð Þ
� 100 %ð Þ ð22:1Þ

where: averageMIDRProfile(i) is the average value of the MIDR over all nine earth-
quake records corresponding to geological profile (i). In Figs. 22.7, 22.8 and 22.9 the
values of RV(i) for the three geological profiles accounting for site effects are
illustrated.

Fig. 22.7 Relative variation
for profile type (2) with
regard to profile type (1)

Fig. 22.8 Relative variation
for profile type (3) with
regard to profile type (1)

Fig. 22.9 Relative variation
for profile type (4) with
regard to profile type (1)
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The study of Figs. 22.7, 22.8 and 22.9 reveals that the consideration of site effects
in the numerical analysis of the buildings is beneficial leading to negative values of
RV in every case. This conclusion is valid for both the symmetric and the asym-
metric building. It is noticeable that the RV can reach the value of�75% (profile (4),
points P1 and P2). A comparison between the two buildings shows that site effects
can be more beneficial in case of the symmetric building. Comparing different
geological profiles examined here, we see that in the case of the symmetric building,
the most beneficial effects are produced by the profile (4), whereas profile (2) is the
least beneficial one. In the case of the asymmetric building, the most beneficial
effects are produced by the profile (3). Furthermore, the analyses revealed that in
case of the profiles (2) and (3), site effects are more beneficial when the buildings are
located at the point P2, whereas, in case of the profile (4), the most beneficial effects
are produced for points A1, P1 and P2 (symmetric building) and for point P1
(asymmetric building).

22.6 Conclusions

In the present study, the influence of local site conditions on the seismic behavior of
3D reinforced concrete multistory buildings is investigated. Site specific ground
motions are generated from complex geological profiles that account for canyon
topography, layering and material gradient effect using BEM numerical schemes.
Following that, a series of nonlinear dynamic analyses of two buildings, one
symmetric and one asymmetric, are conducted under the above mentioned site
specific ground motions. The comparative assessment of the results has led to the
following conclusions:

• Higher values of MIDR are produced in the asymmetric building than in the
corresponding symmetric one. The difference between the symmetric and the
asymmetric building can be significantly depending on the earthquake record, the
geological profile and the point where the buildings are located.

• For almost all ground motions and geological profiles the consideration of site
effects in the numerical analysis of symmetric and asymmetric buildings is
beneficial leading to lower design values of MIDR. However, in case of the
asymmetric building, there are very few earthquake records that led to detrimental
results when the influence of site effects was taken into account in the dynamic
analysis.
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Chapter 23
Application of Artificial Neural Networks
for the Assessment of the Seismic Damage
of Buildings with Irregular Infills’
Distribution

Konstantinos Kostinakis and Konstantinos Morfidis

Abstract One of the most common structural systems in earthquake prone areas are
Reinforced Concrete (R/C) buildings with masonry infills. The observation of post-
earthquake damages has led to conclusion that the masonry infills can greatly modify
the seismic performance of these buildings. In the context of the direct assessment of
the buildings’ seismic vulnerability, many researches have been conducted aiming to
use the capacities of artificial intelligence, such as the Artificial Neural Networks
(ANNs). The present study examines the influence of the infills’ irregular distribu-
tion on the seismic damage level of R/C buildings using Multilayer Feedforward
Perceptron (MFP) ANNs. More specifically, a 5-storey R/C building with a large
number of different masonry infills’ distributions possessing several degrees of
irregularities is analyzed by means of Nonlinear Time History Analysis for 65 actual
ground motions. The optimum configured and trained networks are applied for the
rapid estimation of the damage of the examined building. The results of these
applications show that the best configured and trained networks are capable to
adequately estimate the damage of the R/C buildings with asymmetry caused by
the irregular location of masonry infills.
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23.1 Introduction

One of the most common structural systems in countries with regions of high
seismicity is Reinforced Concrete (R/C) buildings with masonry infills. The infill
walls are not accounted for in analytical models because they are usually considered
as non-structural elements. However, the post-earthquake damages’ observation has
led to the conclusion that the presence of infills can greatly modify the seismic
behavior of R/C buildings (e.g. EERI 2000; Ricci et al. 2010; Palermo et al. 2014). In
particular, experimental as well as numerical research studies have concluded that a
uniform masonry infills’ distribution may lead to the increase of lateral stiffness and
robustness, thus altering the dynamic characteristics of structures and leading to a
lower vibration period (e.g. Bertero and Brokken 1983). On the contrary, if the infills
are non-uniformly placed, negative effects, such as the soft story mechanism or
non-controlled torsional effects, can be induced (e.g. Negro and Colombo 1997;
Yuen and Kuang 2015). The impact of the infills’ asymmetric/irregular placement on
the seismic damage level of R/C buildings can be especially crucial for the
Performance-Based Earthquake Engineering, which aims at the assessment of the
damage risk of buildings due to future seismic events.

Performance-Based Earthquake Engineering has received significant attention
during the past years. Numerous studies have dealt with methods of predicting the
damage level of R/C buildings subjected to strong earthquakes. However, for these
methods there is a significant shortcoming, namely they can use only a very limited
number of structural or seismic parameters. The above shortcoming can be dealt by
utilizing methods based on Artificial Intelligence, such as the Artificial Neural
Networks (ANNs). Although the ANNs have been developed on an idea that dates
back to the 1940s, the first thorough investigation dealing with the use of them for
the direct assessment of the level of seismic damage was published in the middle of
1990s (Molas and Yamazaki 1995). Since then, this approach has been the subject of
a large number of researches, which led to highly important and interesting results.
These results designate the ability of ANNs to predict the potential seismic damage
of buildings in an approximate but generally reliable way (e.g. Lautour and
Omenzetter 2009; Rofooei et al. 2011; Vafaei et al. 2013).

The aim of the present study is to evaluate the impact of the infills’ irregular
distribution on the seismic damage level of R/C buildings using Multilayer
Feedforward Perceptron (MFP) ANNs. More specifically, for the needs of the
present investigation, a 5-storey building was chosen. Then, a large number of
different infills’ distributions with several degrees of irregularities for the chosen
building was examined. The infilled buidings were then analyzed by means of
Nonlinear Time History Analysis for 65 actual ground motions. For the estimation
of the expected seismic damage state the Maximum Interstorey Drift Ratio (MIDR)
(Naeim 2001) was computed. Using the results of these analyses a data set for the
training of the ANNs was created. As input parameters of ANNs, structural param-
eters (the structural eccentricity due to the irregular location of infills and the
percentage of the infills along the two orthogonal structural axes of the building),

292 K. Kostinakis and K. Morfidis



as well as seismic parameters (14 widely used strong motion measures, e.g. Kramer
1996) were considered. For the purposes of the current study MFPs with one hidden
layer were used. The number of neurons and their activation functions in the hidden
layer which lead to the optimum performance were also investigated. The optimum
configured networks were then applied for the rapid evaluation of the damage
(MIDR) for the examined 5-storey infilled building subjected to earthquakes differ-
ent from the earthquakes which were used for the training data set generation (study
of the optimum configured networks’ generalization ability). The results of the
applications show that the best configured and trained networks are capable to
adequately estimate the seismic damage of the R/C buildings with asymmetry caused
by the irregular location of infills.

23.2 Artificial Neural Networks – General

The Artificial Neural Networks (ANNs) are complex computational tools that are
capable to handle problems utilizing the general rules of the human brain functions
(see e.g. Haykin 2009). Thus, using ANNs it is possible to approximate the solution
of problems such as the pattern recognition and the function approximation problem.

The ANNs’ function is based on the combined action of interconnected
processing units that are called artificial neurons (Fig. 23.1a). For more details
about the function of artificial neurons see e.g. (Haykin 2009). Figure 23.1b presents
the typical configuration of a MFP type ANN with four layers of neurons (input
layer, two hidden layers and output layer).

The solution of problems through the utilization of ANNs is accomplished if they
have been trained using the training algorithms. These algorithms are procedures
which require a set of n input vectors x and the corresponding to them n output

Fig. 23.1 The Typical Artificial Neuron (a) and Typical Configuration of a Multilayer
Feedforward Perceptron (MFP) Network (b)
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vectors d that called target vectors. The n pairs of vectors x and vectors d constitute
the training data set. During the training procedure the values of the synaptic weights
wki (see Fig. 23.1a) are successively altered until the error vector that is produced by
the ANN is minimized.

23.3 Input and Output Parameters

The ANNs possess the inherent ability to handle and approach the solution of
multiparametric problems. The parameters that describe the problem of the predic-
tion of the seismic damage of R/C buildings can be categorized in two categories: the
structural parameters and the seismic parameters.

23.3.1 Input Parameters – Structural Parameters

The structural parameters are utilized for the description of the buildings’ response
due to earthquake excitations. In the present study, the configured ANNs concern
buildings with specific structural characteristics (i.e. structural system, total height,
structural eccentricity, number and dimensions of R/C walls, configuration in plan,
constructional materials, external loads etc.). For this reason, the only structural
parameters which are altered and must be examined as regards their influence on the
seismic damage state of buildings are four: the ratios of the masonry infills along the
two perpendicular structural axes x and y (ratio nmas,x and ratio nmas,y), and the
eccentricities e0x and e0y of floors due to the configuration of the masonry infills
along the axes x and y (Fig. 23.2).

More specifically, a 5-storey double-symmetric in plan R/C building, with plan
view and geometrical and design parameters supplied in Fig. 23.2 was studied. The
building’s structural system consists of structural members in two perpendicular
directions and is regular in elevation and in plan according to the criteria set by EC8
(EC8 (Eurocode 8) 2005). The building was designed for static vertical loads and for
seismic loads utilizing the modal response spectrum analysis, as described in EC8.
The R/C structural members were designed according to the provisions of EC2 (EC2
(Eurocode 2) 2005) and EC8.

The effects caused by the arbitrary placement of masonry infills were taken into
account adopting a large number of different distributions of the infills. It must be
noted that the same configuration of the infills was used for all the five stories of the
building. Every infilled building can be characterized by certain structural parame-
ters. For the needs of the present study, as mentioned above, the following structural
parameters are adopted:
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• Structural eccentricities ex and ey (¼ the distance between the mass centre of the
infilled building and the mass centre of corresponding bare building) along the
axes x and y respectively.

• Ratios of the masonry infills along the structural axes x and y (Eq. 23.1):

nmas,x ¼ Wmas,x

maxWmas,x
nmas,y ¼ Wmas,y

maxWmas,y
ð23:1Þ

where: Wmas,x is the weight of the masonry infills along the axis x, maxWmas,x is
the maximum weight of the infills along the axis x (i.e. the masonry infills’weight
in the case in which they are present at all spans parallel to the axis x), Wmas,y is
the weight of the masonry infills along the axis y, maxWmas,y is the maximum
weight of the masonry infills along the axis y (i.e. the masonry infills’ weight in
the case in which they are present at all spans parallel to the axis y). The
explanation of the above described terms is better illustrated with the aim of
example of Fig. 23.3a.

It must be noticed that the different distributions of the infills were chosen
arbitrarily, in order to cover a wide range of all possible values of the above
structural parameters. Thus, 141 different infills’ distributions were considered.
Concerning the modeling of each masonry infill, in the present study, the single
equivalent diagonal strut model is adopted. In particular, each infill panel was
modeled as single equivalent diagonal strut with stress-strain diagram based on the
model proposed by Crisafulli (1997) (Fig. 23.3b).

Fig. 23.2 Plan view and geometrical parameters of the studied R/C building

23 Application of Artificial Neural Networks for the Assessment of the. . . 295



23.3.2 Input Parameters – Seismic Parameters

As regards the seismic parameters which are used to describe the seismic excitations
and their impact to structures, there are many definitions which are resulted from the
analysis of accelerograms records (see e.g. Kramer 1996). For the investigation
conducted in the present study, the 14 seismic parameters which are illustrated in
Table 23.1 have been chosen.

A suite of 65 pairs of horizontal bidirectional seismic motions obtained from the
PEER (2003) and the European (European Strong – Motion Database 2003) strong
motion database was used for the analyses which were performed in order to
generate the networks’ training data set. The seismic excitations have been selected
from worldwide well-known sites with strong seismic activity, are recorded on Soil
Type C according to EC8 and have magnitudes (Ms) between 5.5 and 7.8.

Fig. 23.3 Procedure of calculation of the selected input structural parameters (a), Simulation of the
Masonry infill response using the model proposed by Crisafulli (b)
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23.3.3 Output Parameters

Due to the fact that the problem which is investigated in the present study is the
prediction of the seismic damage of R/C buildings using ANNs, one of the basic
steps of the problem’s formulation procedure is the selection of an appropriate
damage index i.e. the selection of the networks’ output. In the present study, the
seismic damage level of R/C structures was expressed using the Maximum
Interstorey Drift Ratio (MIDR). The MIDR is considered an efficient measure of
global structural as well as nonstructural damage of R/C structures e.g. (Naeim 2001)
and is calculated as the maximum drift among the perimeter frames. The relation
between the MIDR values and the description of the seismic damage state of R/C
buildings which was used in the present study is illustrated in the Table 23.2 (Masi
et al. 2011).

Table 23.1 Seismic parameters and the range of their values in training data-set

Parameter Units Range

1 Peak Ground Acceleration: PGA g 0.004–0.822

2 Peak Ground Velocity: PGV cm/s 0.86–99.35

3 Peak Ground Displacement: PGD cm 0.36–60.19

4 Effective Peak Acceleration: EPA g 0.003–0.63

5 Specific Energy Density: SED cm2/s 1.24–16762

6 Acceleration Spectrum Intensity: ASI g�s 0.003–0.633

7 Cumulative Absolute Velocity: CAV cm/s 14.67–2684

8 Housner Intensity: HI cm 3.94–317

9 Arias Intensity: Ia m/s �0.0–5.59

10 Vmax/Amax (PGV/ PGA) s 0.03–0.33

11 Predominant Period: PP s 0.07–1.26

12 Uniform Duration: UD s �0.0–17.7

13 Bracketed Duration: BD s �0.0–61.9

14 Significant Duration: SD s 1.74–51.0

Table 23.2 Relation between MIDR and damage state

MIDR
(%)

<0.25 0.25–0.50 0.50–1.00 1.00–
1.50

>1.50

Damage
level

Null Slight Moderate Heavy Destruction

No
damages

Repairable slight
damages

Repairable significant
damages

Non-repairable
damages
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23.4 Generation of the Training Dataset and ANNs’
Configuration

23.4.1 Generation of the Training Data Set

In order to generate the data set needed for the ANNs’ training, the 141 infilled
structures presented above were analyzed by Nonlinear Time History Analysis
(NTHA) for each one of the 65 earthquake records accounting for the design vertical
loads of the buildings. Moreover, as the angle of incidence with regard to structural
axes is unknown, the two horizontal accelerograms of each strong motion were
applied along horizontal orthogonal axes forming with the structural axes angles
θ¼ 0�, 90�, 180� and 270�. Consequently, a total of 36,660 NTHA were conducted.

For the structures’ nonlinear behavior modeling lumped plasticity models at the
column and beam ends as well as at the base of the shear walls, were used. Τhe
length of the plastic hinges was computed using the relations proposed by Pauley
and Priestley (1992). The inelastic behavior of the material was modeled using the
Modified Takeda hysteresis rule (Otani 1974). The hysteretic behavior was consid-
ered to be perfectly plastic after yielding.

23.4.2 ANNs’ Configuration and Training Algorithms

In general, the parameters which are needed for the MFP networks’ configuration are
the following: (a) the hidden layers’ configuration; (b) the number of neurons in each
hidden layer; (c) the neurons’ activation functions; (d) the performance evaluation
parameters; and (e) the method used to partition the data set in training, validation
and testing subsets. In the present research, specific choices for some of the
abovementioned parameters were made, while for some others more than one choice
was made, in order to detect the network which extracts the optimum predictions
(optimum configured network). These choices are given in the Fig. 23.4. Finally,
regarding the training algorithms, two algorithms were used: the Levenberg-
Marquardt algorithm (LM algorithm, Marquardt 1963) and the Scaled Conjugate
Gradient algorithm (SCG algorithm, Moller 1993). The configuration and the train-
ing of ANNs was made using the neural network tool box of Matlab (2013).

298 K. Kostinakis and K. Morfidis



23.5 Analyses Results

23.5.1 Parametric Investigation for the Optimum
Configuration of Networks

The parametric investigation was divided in two parts because of the utilization of
two training algorithms (LM/SCG). In each one of these parts, two types of MFP
networks were configured. The ANNs of the first type have activation functions
tansig (tan) for the hidden layer’s neurons. Respectively, the ANNs of the second
type have logsig (log) functions. More specifically, 51 different versions of networks
regarding the number of neurons (10 � 60) in the hidden layer were configured for
each one of the two network types. Therefore, 102(¼ 2 � 51) different networks
were configured in each one of the two parts of investigation. Each one of these
networks was trained 75 times (i.e. 102 � 75 ¼ 7650 trainings were performed in
each part). This is done because differences in ANNs’ performance are caused by
synaptic weights’ and biases’ initial values (see e.g. Lautour and Omenzetter 2009),
and also by the random composition of the three sub-sets of the total data set (Matlab
2013). From the 75 trainings of each one of the 102 configured ANNs the optimum
ones were detected. More specifically, the trainings which led to the optimum values
of the performance parameters MSE and R-factor on the basis of the testing sub-set
and the total data set were detected. Thus, from the 7650 trainings of each part 408
(¼4 � 102) optimum trained ANNs were emerged considering one of the following
criteria:

• min(MSE) for: (a) the testing sub-set and (b) the total data set,
• max(R) for: (a) the testing sub-set and (b) the total data set.

Fig. 23.4 Configuration of the MFP Networks and the other parameters which were examined in
the present study
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The whole procedure which was described above was performed two times because
the partitioning of the total data set in the three sub-sets was done using two different
ratios, namely 70%/15%/15% and 50%/25%/25% (as mentioned in the Fig. 23.4).

Figures 23.5 and 23.6 show the results of the investigation for the optimum
configured networks in the case in which the total data set is partitioned to the
training, testing and validation sub-sets using the ratios 70%/15%/15% and 50%/
25%/25% respectively. The numbers in the boxes in every bar of these figures’
diagrams represent the corresponding number of the neurons in the hidden layer
(optimum number of neurons in the hidden layer).From the study of Figs. 23.5 and
23.6 the next conclusions can be drawn:

• In general, the efficiency of the training procedures is significantly high because
the maximum value of the MSE parameter does not exceed the value of 0.0158.
Taking into consideration that the usual MIDR values in the case of significant
earthquakes is about 0.5–1.5% (Moderate – Heavy damages, see Table 23.2),
errors of this order of magnitude are practically negligible. Regarding the values
of the R-factor they are in any case higher than 0.9775. This means that the MIDR
values which are predicted by the optimum configured (and trained) networks
have high degree of correlation with the corresponding values which are calcu-
lated performing NTHA.
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• In any case the training utilizing the LM algorithm leads to more efficient
networks. This conclusion regards the evaluation using the MSE parameter as
well as the utilization of the R factor.

• The choice of activation function for the hidden layer’s neurons is not so
important parameter for the efficiency of the trained networks as is the choice
of the training algorithm. The resultant percentages of differences in the values of
the MSE parameter and the R-factor are generally lower than 2.7% in the case of
utilization of the LM algorithm. The corresponding differences when the SCG
algorithm is utilized are greater as regards the values of MSE parameters.
However, these differences do not exceed the 6.7% with the exception of the
MSE values which are extracted from the testing sub-set when the data set is
partitioned to the three sub-sets using the ratio 70%/15%/15% (in this case the
difference is 14.5%), (Fig. 23.5a).

• The partitioning ratio of the total data set to the three sub-sets (70%/15%/15% or
50%/25%/25%) does not change generally the above described conclusions. The
main difference between these ratios is the reduction of differences between the
MSE values which are extracted by the two used algorithms (see Figs. 23.5a and
23.6a).

In the Table 23.3 the best configured networks which are extracted from the
above described parametric investigation procedure are summarized. These net-
works were used for the investigation of the generalization ability of ANNs
(i.e. the quality of ANNs’ predictions in the case of input data which are not included
in the training data set).

In Fig. 23.7 the MIDR values, that were computed from NTHA, are plotted
against the MIDR values predicted by the optimum configured ANNs of Table 23.3
(according to the minMSE criterion) for the samples of the total data set. From the
study of diagrams of Fig. 23.7 we see that the vast majority of the data points sits
very close to the straight diagonal reference line which is the line where the data
points that fulfill the mathematic condition MIDRNTHA ¼ MIDRANN are located.
This means that the predicted by the networks MIDR values are in general not very
different from the corresponding MIDR values that are computed using the NTHA.

This conclusion is also obvious from the study of the corresponding values of the
R-factor. More specifically the R-factor’s values are greater than 0.98 which means
that the results which are extracted from the optimum configured networks are
strongly related with the corresponding results of the NTHA.

23.5.2 Generalization Ability of the Optimum Configured
Networks

In the following sub-section, the results of investigation of the optimum configured
networks’ (Table 23.3) generalization ability are presented and discussed. In order to
check this ability 5 testing earthquakes different from the 65 ground motions which
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were utilized for the generation of the training data set, were selected. Moreover,
2 configurations of the masonry infills were taken into account. As in the case of the
selected testing earthquakes, these selected configurations were different from the
configurations that were utilized for the generation of the training data set. The
studied building (Fig. 23.2) with the new configurations of masonry infills was
analysed for the 5 testing earthquakes using NTHA. Thus, a testing data set
consisting of 10 samples was generated.

Figure 23.8 presents the diagrams which illustrate the correlation degree between
the predictions of MIDR values made by the best configured ANNs (Table 23.3), and
the corresponding MIDR values which are calculated performing NTHA.

From the study of the Fig. 23.8 the following conclusions can be drawn:

(a) The best configured networks on the basis of ANNs’ performance for the testing
sub-set (Fig. 23.8a, c) export results which are in general well correlated with the
corresponding results of NTHA. This conclusion holds independently of the
used partitioning ratio of the total data set (using ratio 70%/15%/15% we

Table 23.3 Configuration parameters of the best configured networks

Criterion for the
sub-set:

Partitioning ratio of the total data set

70%/15%/15% 50%/25%/25%

Number of neurons in the hid-
den layer

Testing minMSE 34 46

maxR 30 12

Total minMSE 44 42

maxR 44 42

Training algorithm Testing minMSE LM LM

maxR LM LM

Total minMSE LM LM

maxR LM LM

Activation functions Testing minMSE tansig/linear logsig/linear

maxR tansig/linear tansig/linear

Total minMSE tansig/linear logsig/linear

maxR tansig/linear logsig/linear

ANN’s namea Testing minMSE LM/tan-34-
MSE-pr70

LM/log-46-
MSE-pr50

maxR LM/tan-30-R-
pr70

LM/tan-12-R-
pr50

Total minMSE LM/tan-44-
MSE-pr70

LM/log-42-
MSE-pr50

maxR LM/tan-44-R-
pr70

LM/log-42-R-
pr50

aThe best configured networks’ names in the Table 23.3 are composed by the following parts: The
used training algorithm (“LM” or “SCG”) /the type of activation functions of the hidden layer’s
neurons (“tan” or “log”) – the number of the hidden layer’s neurons – the name of the used
performance evaluation parameter (“MSE” or “R”) – the used partitioning ratio of the total data set
to the three sub-sets (“pr70” for partitioning ratio 70%/15%/15% or “pr50” for partitioning ratio
50%/25%/25%)
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exported results with R ¼ 0.73 whereas using ratio 50%/25%/25% the
corresponding value is 0.98). To the contrary, when the best configured net-
works are yielded using performance criterion on the basis of the total set the
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Fig. 23.7 Comparison of MIDR values predicted by NTHA and the best trained ANNs
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correlation degree is not always acceptable. Thus, in the case of partitioning of
the total set using the ratio 50%/25%/25% (“LM/log-42-MSE-pr50” network –

Fig. 23.8d) the correlation degree between ANN and NTHA results is absolutely
unacceptable (R ¼ 0.09).

(b) The “LM/log-46-MSE-pr50” network exports the best correlated results with the
results of NTHA. This conclusion is due to the following facts:

(i). The utilization of a criterion which is based on the testing sub-set leads to
the best configured networks using samples of the total data set which are
not used for the optimization of their synaptic weights’ values. This means
that the samples which are used for the assessment of the networks’
performance are unknown to networks, and for this reason the utilization
of the testing sub-set for the performance assessment of networks is the best
choice for their generalization ability testing.

(ii). Using the ratio 50%/25%/25% for the division of the total data set the
number of samples of the testing sub-set is greater than the corresponding
number when the ratio 70%/15%/15% is used. This means that the calcu-
lation of the performance parameter is based on a greater and wider data
set. Thus, the reliability of the performance assessment as well as the
validity of this assessment is greater. In other words, when the ratio 50%/
25%/25% is used the testing of the generalization ability of networks is
performed for a greater set of unknown samples, and for this reason a
network which exports acceptable results for the corresponding testing data
sub-set is expected to have better generalization ability than a network
which exports high value for performance parameter on the basis on a
testing sub-set which represents the 15% of the total data set.

23.6 Conclusions

In the present research, the influence of the infills’ irregular distribution on the
seismic damage level of R/C buildings using MFP ANNs with one hidden layer
was investigated. The main conclusions that turned out are the following:

(a) The MFP networks with one hidden layer are capable to successfully approach
the influence of eccentricity which is caused by the irregular distribution of
masonry infills on the seismic response of R/C buildings. To this end, the
networks must have as input parameters the ratios of the infills along two
perpendicular axes as well as the eccentricities of floors due to the configuration
of them along these axes.

(b) The LM training algorithm is more efficient than the SCG algorithm.
(c) The activation function for the hidden layer’s neurons is not an important

parameter as the choice of the training algorithm in this problem.
(d) The generalization ability of the networks depends on the data sub-set for which

the evaluation parameter of ANNs is calculated, as well as on the ratio by which
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the total data set is partitioned to training, validation and testing sub-sets. More
specifically, the best generalization is achieved by the network which is the best
configured on the basis of the optimum value of the MSE that is computed for
the samples of the testing sub-set. Moreover, the optimization of the generali-
zation ability is achieved when the total data set is partitioned using the ratio
50%/25%/25%.

Finally, we must emphasize the usefulness of ANNs’ utilization for the solution
of the problem which was investigated in the present study, due to the capability of
them to export instantly a reliable estimation of the influence of the selected masonry
infills’ configuration on the seismic response of new R/C buildings, in the frame-
work of the design procedure. Thus, unfavorable configuration of masonry infills can
be early avoided.
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Chapter 24
Dynamic Eccentricities in Pushover
Analysis of Asymmetric Single-Storey
Buildings

Athanasios P. Bakalis and Triantafyllos K. Makarios

Abstract Α new version about a method of documented application of pushover
analysis on reinforced concrete, asymmetric single-storey buildings has recently
been presented. To rationally consider the coupling between torsional (about vertical
axis) and translational vibrations, the equivalent lateral static floor force of the
proposed pushover method is applied using suitable dynamic eccentricities which
are added with the accidental ones in such a way that the final design eccentricities
move the application point of the external, lateral, static, floor force away from the
diaphragm Mass Centre. The appropriate dynamic eccentricities for the stiff and the
flexible side of the floor plan are related to the so-called “Capable Near Collapse
Principal Axes”, reference to the Near Collapse limit state, derive from extensive
parametric analysis, and are calculated by graphs and suitable equations. In the
present work, a numerical example of a (double) asymmetric single-storey building
is presented to clarify the step by step application of the proposed pushover analysis
method. It is a torsional sensitive r/c building, designed in accordance with
Eurocodes EN 1992-1 and 1998-1 for ductility class high (DCH). The proposed
method is evaluated relative to the results of non-linear response history analysis
(RHA). The final results show that the proposed method of pushover analysis
predicts with safety the displacement of the stiff side of the building as well as that
of the flexible side.

Keywords Capable near collapse Centre of stiffness of the building · Stiffness
eccentricity · Strength eccentricity · Dynamic eccentricity · Torsionally-flexible
building · Nonlinear static analysis · Pushover analysis · Response history analysis ·
Capable near collapse principle horizontal axes of the building
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24.1 Introduction

To seismically assess the seismic bearing capacity of a building, the basic method of
analysis proposed by all contemporary seismic codes is the static non-linear method
of analysis (pushover). For the documented application of pushover analysis on
asymmetric single-storey buildings, the lateral static floor load should be applied
with eccentricity relative to the Mass Centre of the diaphragm and should also be
properly oriented along each horizontal principal axis of the building (Bakalis and
Makarios 2017, 2018). This is the only way to consider the phenomenon of the
development of diaphragm torsional vibrations (about vertical axis) coupled to
translational ones, due to the developing inertial torsional (about Z-axis) moment
of the building floor, a phenomenon occurring both in linear and in non-linear areas
(Bakalis and Makarios 2017, 2018; Bosco et al. 2012, 2015, 2017). Eurocode EN
1998-1 suggests that the position of the Mass Centre (where the external lateral static
floor force is applying) must be moved by the floor accidental eccentricity, but in this
way, there is still the inability to obtain the inertial torsional moment of the
diaphragm. Both in recent work (Bakalis and Makarios 2017, 2018) and the current
one, where a numerical example is presented, the use of suitable dynamic eccentric-
ities is proposed, in order to determine the point of application of the lateral static
floor force in the plan. The calculation of, first, the starting point for the measurement
of the dynamic eccentricities, second, the appropriate orientation of the lateral static
floor force and third, the magnitude of the dynamic eccentricities is the threefold
objective of the present paper, where the theoretical analysis has been given in
(Bakalis and Makarios 2018).

24.2 Methodology

The proposed pushover method of analysis aims at the Near Collapse (NC) limit
state using the Displacement-Based concept. Thus, for a given elasto-plastic capacity
curve of an r/c building, we are moving directly at the end of the plastic branch (NC),
and there, we calculate the building Stiffness Centre, using the lateral strength
(secant stiffness at yield) of the structural elements. Indeed, according to EN 1998-
3, all building elements have to be supplied with their secant stiffness (ΕIsec) at yield.
That is, it is assumed that all element end-sections have simultaneously yielded, as
this happens in an extreme possible (fictitious) Near Collapse state. In this fictitious
state, the Centre of Stiffness CRsec (at the last step where all element end sections
have been yielded) is calculated and we call it “Capable Near Collapse Centre of
Stiffness”. It is worth noting that the abovementioned concept is an alternative
procedure to bypass the use of the displacement ductility factor (or reduction factor
R for large periods). The orientation of the “Capable Near Collapse Principal Axes”
Isec and IIsec resulting from the above model and the “Capable Near Collapse
Torsional Radii” rI, sec and rII, sec in respect to the Isec and IIsec axes are also
determined. All the above-mentioned properties are calculated as a classic case on
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an asymmetric single-storey building in the linear area (Makarios and Anastassiadis
1998a, b; Makarios 2008).

From the extensive parametric investigation (Bakalis and Makarios 2018) on
asymmetric single-storey r/c buildings as well as by the recently international
literature review (Bosco et al. 2012, 2015, 2017), the main conclusions and the
proposed methodology are summarized below:

1. The most appropriate point (independent of the loading) that must be the starting
point for measuring the new dynamic eccentricities is the “Capable Near Collapse
Centre of Stiffness” CRsec resulting from the model whose all structural elements
have been provided with their secant stiffness (ΕIsec) in the yield state,

2. The most appropriate orientation of the horizontal static floor force of the
pushover method is along the directions of the horizontal “Capable Near Collapse
Principal Axes” Isec and IIsec resulting for the above model of conclusion (1),

3. The control of the building torsional sensitivity must be performed in the above
model of conclusion (1). The asymmetric single-storey buildings were divided
into two categories: (a) buildings with torsional sensitivity when rI,sec or
rII,sec � 1.10 rm applies and (b) buildings without torsional sensitivity when
rI,sec and rII,sec > 1.10 rm applies, where rI,sec and rII,sec are the “Capable Near
Collapse Torsional Radii” in respect to the Isec and IIsec axes respectively, and rm
is the radius of gyration of the diaphragm, from the relation rm ¼ ffiffiffiffiffiffiffiffiffiffiffiffi

Jm=m
p

,
4. The magnitude of the appropriate dynamic eccentricities estiff and eflex, for the

building stiff and flexible side respectively, along each horizontal “Capable Near
Collapse Principal Axis” Isec or IIsec, has been determined from a statistical
processing on the results of extended parametric analysis and is given through
graphs (Figs. 24.1 and 24.2) and equations (Eqs. 24.1, 24.2, 24.3 and 24.4,
prediction lines with a suitable standard deviation):

Fig. 24.1 Normalized dynamic eccentricities estif I;II/rm for the stiff side of plan
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For buildings with Torsional Sensitivity, rI,sec or rII,sec � 1.10 rm:

estiff ¼ 0:046 ∙ eR � 0:11 ∙ rm ð24:1Þ
eflex ¼ 0:84 ∙ eR þ 0:12 ∙ rm ð24:2Þ

For buildings without Torsional Sensitivity, rI,sec and rII,sec > 1.10 rm:

estiff ¼ 0:043 ∙ eR � 0:05 ∙ rm ð24:3Þ
eflex ¼ 0:83 ∙ eR þ 0:17 ∙ rm ð24:4Þ

In Eqs. 24.1, 24.2, 24.3 and 24.4, eR is the static (or stiffness) eccentricity,
regarding the CRsec position in the plan, relative to the examined horizontal axis
Isec or IIsec,

5. The proposed method for the documented application of pushover analysis on
asymmetric single-storey r/c buildings uses the design eccentricities. Noting that
the design eccentricities e1, e2 (Eqs. 24.5 and 24.6) and e3, e4 (Eqs. 24.7 and 24.8)
are used for loading along the “Capable Near Collapse Principal Axes” IIsec and
Isec respectively, all measured from the “Capable Near Collapse Centre of
Stiffness” CRsec and with positive direction towards the Mass Centre CM (see
Fig. 24.4). The calculation of the design eccentricities is achieved by the simul-
taneous reception of the new dynamic eccentricities resulting from Eqs. 24.1,
24.2, 24.3 and 24.4 and of the floor accidental eccentricities ea obtained in such a

Fig. 24.2 Normalized dynamic eccentricities eflex I;II/rm for the flexible side of plan
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way that the final position of the horizontal static floor force to be more eccentric
relative to the Mass Centre CM:

e1 ¼ eflex,I þ ea,I ð24:5Þ
e2 ¼ estiff,I � ea,I ð24:6Þ
e3 ¼ eflex,II þ ea,II ð24:7Þ
e4 ¼ estiff,II � ea,II ð24:8Þ

In Eqs. 24.5, 24.6, 24.7 and 24.8, estiff and eflex are the dynamic eccentricities
from Eqs. 24.1, 24.2, 24.3 and 24.4, while the accidental eccentricities are
determined from the equations “ea, I or II ¼ � (0.05 � 0.10) ∙ LI or II” according
to ΕΝ1998-1, where LI and LII are the maximum floor plan dimension normal to
the loading direction.

6. Considering the two signs (�) of application of the lateral static floor forces, eight
separate pushover analyses of the building are performed. The final results from
the spatial action of the earthquake are computed as the general concept of
Eurocode EN 1998-1, i.e. by the SRSS combinations on the results of the eight
separate pushover analyses (sixteen loading combinations). These combinations
are carried out in that step of the separate pushover analyses where the “seismic
target-displacement” at the lateral load application point (and not at the Mass
Centre CM of diaphragm, because at the CM the Principle of the Virtual Work is
not true) is achieved, and from the sixteen combinations the envelope is taken.

24.3 Numerical Example

In this section, an example of a double-asymmetric single-storey r/c building is
presented to illustrate clearly and in detail the application of the proposed pushover
analysis method using design eccentricities and also for evaluation purposes.

24.3.1 Building Characteristics

Consider the asymmetric single-storey r/c building of Fig. 24.3 with construction
materials C25/30 for the concrete and B500c for the steel of average strengths
fcm ¼ 33 MPa and fym ¼ 550 MPa respectively. The elastic and inertial character-
istics of its non-linear model (in which all structural elements are supplied with their
secant stiffness ΕIsec at their yield state) are also presented. The building is charac-
terized as torsional sensitive (rI,sec/rm ¼ 0.94 < 1.10). The height of the buildings is
3 m.
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24.3.2 Building Design

The design is performed according to the provisions of Eurocodes EN1992-1 and
EN1998-1. The building system is characterized as wall-equivalent dual according
to EN1998-1 (§5.1.2). The design model of the building is also torsional sensitive
(rI,des/rm ¼ 0.96). The building has an importance factor γ1 ¼ 1 and is designed for
effective peak ground acceleration αg ¼ 0.24 g, soil D, ductility class high (DCH)
and total behavior factor q¼ 3. The details of the longitudinal and confinement steel
reinforcements can be found in authors.

24.3.3 Non-linear Model

For the application of non-linear analyses, the elements of the building model are
provided with the secant moments of inertia Isec (at their yield). The secant stiffness
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ΕIsec is taken as a constant value over the entire length of each structural element, is
equal to the numerical average of the ΕIsec values of its two end cross-sections for
positive and negative bending and is calculated by the following equation of EN
1998-3 (informative Annex A):

ΕIsec ¼ My

θy
∙ Lv
3

ð24:9Þ

For the determination of chord rotation at yield θy, the equations (Α.10b) and
(Α.11b) of EN1998-3 are used for columns-beams and walls respectively. The
curvature at yield φy and the yield moment My, at the end-sections of structural
elements, are determined by the module Section Designer of the analysis program
SAP2000 (Computers and Structures 2013). The unconfined and confined model for
the concrete follows the constitutive relationship of the uniaxial model proposed by
Mander et al. (1988), while the steel reinforcement is represented by the simple
(parabolic at strain-hardening region) model of SAP2000. The axial force of the
vertical resisting elements, that is used for the calculation of φy, is determined from
the (seismic) combination G + 0.3Q, where G is the permanent and Q is the live
vertical load, respectively. The shear span Lv was assumed equal to the half clear
length Lcl of the structural elements along the frame bending planes except the strong
direction of walls and the direction of columns with cantilever bending where it was
considered equal to Lcl. The secant stiffness ΕIsec at yield is calculated by Eq. 24.9 as
percentage of the geometric stiffness ΕIg. It is equal to an average of 11% for
columns along frame bending planes, 17% for columns along cantilever bending
planes, 11% for the strong wall direction, 12% for the weak wall direction and 10%
for the beams, where the average modulus Εcm of concrete C25/30 was considered
equal to 31 GPa. For the determination of the plastic capacity θpl in terms of chord
rotations, the analysis software uses the relation θpl ¼ (φu � φy) ∙ Lpl, where Lpl is
calculated from equation (Α.9) of EN 1998-3. In the non-linear analysis model, point
plastic hinges were inserted at each end-section of all structural elements. P-M2-M3

hinges and M3 hinges are used for vertical elements and beams respectively.
The asymmetric singe-storey r/c building has static eccentricities eRI ¼ 6.02 and

eRII ¼ 1.95 m (Makarios and Anastassiadis 1998a, b) along the horizontal axes Isec
and IIsec (position of the CRsec relative to CM) which are rotated by -24o relative to
the Cartesian x, y axes (Makarios and Anastassiadis 1998a, b) (Fig. 24.3) and the
building is characterized as torsional sensitive since rI,sec/rm ¼ 0.94 < 1.10 applies
(Makarios 2008), where the torsional radius rI,sec refers to CRsec. The periods of the
three coupled modes are T1 ¼ 0.363 sec, T2 ¼ 0.326 sec and T3 ¼ 0.226 sec. Also,
the three uncoupled modes have periods T1 ¼ 0.334 sec, T2 ¼ 0.292 sec and
T3 ¼ 0.274 sec with the second one being torsional.

In the non-linear model, the accidental eccentricities along the Isec and IIsec axes
are taken with a value equal to 5% of the maximum plan dimension (Fig. 24.4,
LI,sec ¼ 40.33 m and LII,sec ¼ 31.72 m) normal to the loading direction:
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ea,I ¼ �0:05 ∙LI ¼ �0:05 ∙ 40:33 ¼ �2:02 m ð24:10Þ
ea,II ¼ �0:05 ∙LII ¼ �0:05 ∙ 31:72 ¼ �1:59 m ð24:11Þ

24.4 Calculation of Dynamic and Design Eccentricities

The calculation of the dynamic eccentricities estif and eflex, along the horizontal
“Capable Near Collapse Principal Axes” Isec and IIsec as well as of the design
eccentricities e1, e2 and e3, e4 along the Isec and IIsec axes respectively, which are
used for the application of the proposed pushover analysis method on the asymmet-
ric single-storey building (see Fig. 24.4), is performed step by step as follows:

• Stiffness eccentricity (CRsec): eRIsec ¼ 6:02 and eRIIsec ¼ 1:95 m
• Storey Mass: m ¼ 1103 tn
• Mass moment of inertia: Jm ¼ 222958 tn ∙ m2

• Radius of gyration: rm ¼ ffiffiffiffiffiffiffiffiffiffiffiffi
Jm=m

p ¼ ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
222958=1103

p ¼ 14:22 m
• Min torsional radius: rI,sec ¼ 13.32 m
• Torsional Sensitivity: rI,sec/rm ¼ 0.94 < 1.10! Torsional sensitive
• Accidental Eccentricity (Eqs. 24.10 and 24.11): ea,Isec ¼ 2.02 m and

ea,IIsec ¼ 1.59 m
• Dynamic Eccentricities (Eqs. 24.1 and 24.2):

estif,Isec ¼ 0:046 ∙ eRI, sec � 0:11 ∙ rm ¼ 0:046 ∙ 6:02� 0:11 ∙ 14:22 ¼ �1:29 m

estif,IIsec ¼ 0:046 ∙ eRII, sec � 0:11 ∙ rm ¼ 0:046 ∙ 1:95� 0:11 ∙ 14:22 ¼ �1:47 m

eflex,Isec ¼ 0:84 ∙ eRI, sec þ 0:12 ∙ rm ¼ 0:84 ∙ 6:02þ 0:12 ∙ 14:22 ¼ 6:76 m

eflex,IIsec ¼ 0:84 ∙ eRII, sec þ 0:12 ∙ rm ¼ 0:84 ∙ 1:95þ 0:12 ∙ 14:22 ¼ 3:35 m

• Design Eccentricities (Eqs. 24.5, 24.6, 24.7 and 24.8) measured from CRsec.
Signs (+) and (�) means towards the flexible side and stiff one respectively:

e1 ¼ eflex,Isec þ ea,Isec ¼ 6:76þ 2:02 ¼ 8:78 m along Isec axis

e2 ¼ estiff,Isec � ea,Isec ¼ �1:29� 2:02 ¼ �3:31m along Isec axis

e3 ¼ eflex,IIsec þ ea,IIsec ¼ 3:35þ 1:59 ¼ 4:93m along IIsec axis

e4 ¼ estiff,IIsec � ea,IIsec ¼ �1:47� 1:59 ¼ �3:06 m along IIsec axis
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24.5 Seismic Assessment

In this section, the proposed method of documented application of pushover analysis
on the asymmetric single-storey r/c building is described in detail. Other pushover
methods are also referred for evaluation purposes. All results by pushover analysis
compare with the seismic demand ones (target displacement) by nonlinear response
history analysis (RHA).

24.5.1 Proposed Method of Pushover Analysis

According to the proposed method of pushover analysis, the procedure to be
performed is shown in Fig. 24.4. In this figure the proposed methodology is
appropriately formulated and performed as described below:

1) The appropriate design eccentricities along each horizontal “Capable Near Col-
lapse Principal Axis” Isec or IIsec are calculated (see Sect. 24.4). The design

Fig. 24.4 Proposed method of pushover analysis on the asymmetric single-storey r/c building
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eccentricities e1, e2 and e3, e4 are used for the positioning of the lateral static floor
force along the IIsec and Isec axes respectively,

2) In total, for both horizontal directions Isec and IIsec, eight pushover analyses are
performed considering the two signs (+,�) of application of the lateral static floor
loads,

3) The displacement results along the horizontal “Capable Near Collapse Principal
Axes” Isec and IIsec of the eight separate pushover analyses are combined with the
SRSS rule, in that step of the analyses where the seismic target-displacement at
the lateral load application point is achieved, and from the sixteen combinations
the envelope is taken.

For comparison purposes, the pushover analysis according to EN 1998-1, i.e. by
applying the lateral static floor force on the position of the Mass Centre moved by the
floor accidental eccentricity, is also executed. It is worthy note that the locations in
the plan of the proposed pushover method lateral static forces are in fully disagree-
ment with Eurocode EN 1998-1. Also, by the recently international literature using a
fully different methodology, the pushover analysis according to the “corrective
eccentricity method” by Bosco et al. (2017) is executed, where the corrective
eccentricities eIsec and eIIsec for the building stiff sides (for loading along the
horizontal axes IIsec and Isec respectively) have been calculated, plus the accidental
eccentricities. According to the method, for the flexible sides, only the accidental
eccentricities are used. Thus, our investigative results are very compatible with
Bosco’s ones.

In all the above-mentioned pushover methods (load numbering is the same for all
methods as in Fig. 24.4) the sixteen SRSS combinations of the eight separate
pushover analyses, from which the envelope of the displacement results along the
horizontal axes Isec and IIsec is calculated, are as follows: (1)

L
(5), (1)

L
(6),

(1)
L

(7), (1)
L

(8) and (2)
L

(5), (2)
L

(6), (2)
L

(7), (2)
L

(8) and (3)
L

(5),
(3)

L
(6), (3)

L
(7), (3)

L
(8) and (4)

L
(5), (4)

L
(6), (4)

L
(7), (4)

L
(8).

Finally, the extended N2 method of pushover analysis (Fajfar et al. 2005) is also
considered. According to this method, the envelope of the results (deformations,
displacements, stress) of the separate EN 1998-1 pushover analyses along the (�)
examined direction is corrected by (amplification) factors determined with the
application of a response spectrum analysis on the 3D building model ignoring
any de-amplification due to torsion.

24.5.2 Non-linear Response History Analysis

In the context of the current work, the “seismic target-displacement” is calculated by
performing non-linear response history analysis (RHA). According to EN 1998-1,
the RHA is performed in a (non-linear) model resulting from the simultaneous
movement of the Mass Centre CM by each accidental eccentricity (Eqs. 24.10 and
24.11) along the horizontal “Capable Near Collapse Principal Axes” Isec and IIsec
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which constitute the appropriate principal directions. Of the four sign combinations
of the two accidental eccentricities ea,I and ea,II, four displaced CM positions
(models) are defined. Three pairs of horizontal accelerograms (Bakalis and Makarios
2018) consisting of five artificial accelerograms (created by SeismoArtif (Seismosoft
2016)) are used that have similar characteristics with the Hellenic tectonic faults
(Makarios 2015) and are scaled to the Near Collapse state of the building. Each pair
is rotated about the vertical axis successively per 22.5�, to find the worst seismic load
state (Athanatopoulou and Doudoumis 2008) of the 16 RHA obtained for each pair.
Finally, the envelope of the displacements along the Isec and IIsec axes from all these
RHA (192) was the “seismic target-displacement” for each control position in plan.

24.6 Results of Non-linear Analysis Methods

The seismic inelastic displacements of the building along the “Capable Near Col-
lapse Principal Axes” Isec and IIsec resulting from the non-linear analysis methods of
Sects. 24.5.1 and 24.5.2 are presented here for comparison purposes. The results are
illustrated in Fig. 24.5 in terms of plan inelastic displacement profile.

We observe that, relative to the displacement results from RHA (seismic target-
displacement), the displacement of the stiff side uII,sec along the horizontal IIsec axis
resulted from all pushover method of analysis is predicted with safety. However, the
displacement of the stiff side uI,sec along the horizontal Isec axis resulted from the
pushover analysis according to EN 1998-1 is lower by 12%. Similarly, both the
displacements uI,sec and uII,sec of the flexible sides along the horizontal axes Isec and
IIsec are a little lower by 4% and 2% respectively. We also notice that the extended
N2 method gives conservative results for the displacements uI,sec of the stiff side

Fig. 24.5 Plan inelastic displacement profile along the “Capable Near Collapse Principal Axes”
IIsec (left) and Isec(right) resulted from the non-linear methods of analysis
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along Isec axis and uII,sec throughout the stiff side along IIsec axis. However, the
displacement uI,sec throughout the flexible side along Isec axis is lower by about 3%.
Further, we observe that the proposed method of pushover analysis provides the
displacement of the stiff side uI,sec along the horizontal Isec axis with a safety margin
of 11% and the displacements uI,sec and uII,sec of the flexible sides along the
horizontal axes Isec and IIsec also with a safety margin 2% and 1% respectively.

It is worthy noted that, relative to the displacement results from RHA, the
“corrective eccentricity method” of pushover analysis gives non-conservative results
by 10% for the displacement uI,sec of the stiff side along the Isec axis. Similar results,
such as the EN1998-1 pushover method, apply to the displacements uI,sec and uII,sec
of the flexible sides along the Isec and IIsec axes, i.e. lower by 4% and 2%,
respectively. This is since only the accidental eccentricity is used for loading in
order to predict the flexible side displacements.

24.7 Conclusions

In the current work, a proposed method of documented application of pushover
analysis on asymmetric single-storey r/c buildings has been presented in detail. To
clarify and evaluate the method, a single-storey r/c building has been assessed. The
building is double-asymmetric and also is torsional sensitive. For the application of
the method, the non-linear model of the building has been formed, in which the
structural elements have been provided with their secant stiffness ΕIsec (in their yield
state). Then, the following have been calculated: (a) the plan floor position of the
“Capable Near Collapse Centre of Stiffness” CRsec, (b) the orientation of the
horizontal “Capable Near Collapse Principal Axes” Isec and IIsec, (c) the “Capable
Near Collapse Torsional Radii” rI,sec and rII,sec relative to the horizontal axes Isec and
IIsec, and (d) the torsional sensitivity of the model according to the relationship rI,sec
or rII,sec � 1.10rm. Finally, using the previous data, the dynamic eccentricities plus
the accidental ones, namely the design eccentricities, have been calculated from
Eqs. 24.1, 24.2, 24.3, 24.4 and 24.5, 24.6, 24.7, 24.8 respectively. The process of
applying the proposed method of pushover analysis, using the design eccentricities
e1, e2 and e3, e4 along Isec and IIsec axes respectively, has been illustrated in detail in
Fig. 24.4. In the context of this work, the seismic target-displacement of each control
point of the diaphragm has been calculated by RHA. The floor plan inelastic
displacement profile along each horizontal axis Isec and IIsec resulting from RHA
has been compared with the corresponding ones from the proposed method of
pushover analysis, from pushover analysis according to EN 1998-1, from the
extended N2 pushover method (Fajfar et al. 2005) and from the pushover that use
the “corrective eccentricities” (Bosco et al. 2017). The main conclusions are the
following:

1) The pushover analysis method according to EN 1998-1 provides
non-conservative results (by 12%) for the displacement of the building stiff
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side along the horizontal Isec axis. Also, the displacements of the flexible sides
along both the Isec and IIsec axes are a little lower. This is due to wrong location in
the plan of the lateral static floor forces during the pushover procedure. On the
contrary, the extended N2 pushover method gives in general very conservative
results except for the flexible part of the plan along Isec axis.

2) The application of the proposed method of pushover analysis (Fig. 24.4) predicts
with safety the displacement of the building stiff side along the horizontal Isec axis
(by 11%) as well as the displacements of the building flexible sides along the
horizontal axes Isec and IIsec (by 1% and 2% respectively).

3) The “corrective eccentricity method” that have been proposed by Bosco et al.
(2017), in which the floor lateral loading is applying with less eccentricity than
the design eccentricity of the proposed pushover method, gives non-conservative
results (by 10%) for the displacement of the stiff side along the Isec axis. Also, the
displacements of the flexible sides along both the horizontal axes Isec and IIsec
remain a little lower, as for EN1998-1.

Therefore, the proposed method of documented application of pushover analysis
on asymmetric single-storey r/c buildings, using suitable design eccentricities, is a
rational way to predict with safety the (real) coupling between the torsional vibra-
tions (about vertical axis) with the translational ones under pure translational seismic
excitation of building base, especially as regards the displacements of the stiff sides
of the building. The proposed pushover method of the present paper is more accurate
than the pushover method that uses the “corrective eccentricities”; however, the later
method that is based on the corrective eccentricities certainly drives in compatible
results with our parametric analysis. On the contrary, the locations in the plan of the
lateral static floor forces into the frame of EN 1998-1 pushover analysis are fully
inadequate but the extended N2 method gives in general conservative results.
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Chapter 25
Suggestions for Optimal Seismic Design
of Wall-Frame Concrete Structures

George K. Georgoussis

Abstract A seismic design methodology is described aiming to provide an insight
into the parameters which mitigate the torsional response. The proposed methodol-
ogy applies to wall-frame dual concrete systems and incorporates the concept that
stiffness and strength are interrelated in concrete structures. In practice two condi-
tions should be satisfied in order to obtain a virtually translational behavior: (i) the
initially elastic response should be of minimum torsion and, (ii) the strength alloca-
tions in the lateral force resisting elements (LFRE) should be based on a static
analysis of the symmetric counterpart structure. Τhe first condition is satisfied when
the stiffness centre (m-CR) of an equivalent single story system lies close to the mass
axis of the real building. Τhe second condition requires a static analysis under a
lateral loading simulating the first mode of vibration of the uncoupled structure. As a
planar static analysis is finally required, this enables the designer to assess the
element flexural rigidities in relation to the assigned strengths to LFRE’s. Only an
estimate of the design shear is required at this stage, which may be assessed by
experience or by means of Yield Point Spectra (YPS). The proposed methodology is
presented in ten story dual concrete buildings, under the seismic excitation of
Erzincan-NS 1992, where the base shear assigned to the frame sub-system varies
from 20% to 45% of the total design shear.
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25.1 Introduction

The current philosophy of seismic design of low to medium height building struc-
tures is based on the fundamental period of the structure and the acceleration
spectrum of the country code. This is a force-based method for seismic design,
based on the assumption that the period of vibration can be calculated from the
dimensions of the building, independently of the strength of the concrete elements.
This procedure is implemented by constructing inelastic spectra, which are obtained
by dividing the elastic acceleration spectrum by a somewhat arbitrary reduction
factor. In most seismic codes this factor depends on the type of the structure
(e.g. moment resisting frames, shear walls, coupled walls) and the specified material
damping ratio. The assumption of strength independent flexural stiffness of
R.C. elements however, has been questioned in the last two decades after the work
of Priestley and Kowalsky (1998), Priestley (2000), Paulay (2002, 2003), Priestley
et al. (2007), etc., who demonstrated that the yield curvature of R.C. members
depends on the depth of the member cross-sections and the yield strain of the
reinforcing steel, but not on the amount of the reinforcement. The proposed equa-
tions for assessing yield curvatures of R.C. members are as follows

Φcy ¼ kcεy=dc for rectangular columns ð25:1aÞ
Φwy ¼ kwεy=dw for walls ð25:1bÞ
Φby ¼ kbεy=db for beams ð25:1cÞ

where εy is the yield strain of the longitudinal steel and, dc, dw and db are the depths
of the column, wall and beam sections respectively. The coefficients kc, kw and Kb

may be reasonably approximated (with an error of�10%), with the values kc¼ 2.12,
kw ¼ 1.8–2.0 (depending on the reinforcement details) and Kb ¼ 1.7. An immediate
consequence is that the period of vibration cannot be assessed early, in the prelim-
inary stage of the design process, as the stiffness of the structural members are
dependent on their strength. This is particularly important in the final stage of a
practical design, where strength and stiffness must be adjusted to satisfy
predetermined displacement limits. Another consequence of the above definition
of yield curvatures of R.C. members, is that the yield drift of common types of frame
structures is a relatively stable parameter. Priestley (1998) demonstrated that in
R.C. frame structures the yield drift, θfy is approximately equal to 1%, when the
steel yield strain is equal to εy ¼ 0.002. A more detailed formula is provided by
Georgoussis (2016b), as

θfy ¼ εy
6

kb
db=lbð Þ þ

kc
1:5 dc=hð Þ

� �
ð25:2Þ

where, in order to account for joint shear deformations and also for beam bar slip, the
coefficient kb of Eq. (25.1c) should be increased by 35% (Priestley 1998). Relatively
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constant values of yield drifts result in almost constant values of yield displacements
(Gupta and Kunnath 2000) of frame structures, while the yield drifts of wall
structures appear to be proportional to their aspect ratios (Paulay 2002; Tjhin et al.
2004).

The main objective of this paper is to propose a simple analytical solution which
could be used by practicing engineers to assess with reasonable accuracy the yield
displacement of the capacity curve of typical wall-frame buildings. It should be
noted that such structural types are considerably effective in withstanding earth-
quake excitations and they are recommended by some country codes (e.g. the Greek
Code for Earthquake Resistant Design (EAK 2000)). In these buildings, the soft
story mechanism is prevented and they combine the merits of the two component
sub-systems: wall and frame (e.g. Paulay and Priestley 1992; Garcia et al. 2010).
Therefore, an accurate prediction of the aforementioned yield displacements of such
structures, early in the design process, facilitates the overall design and enhances the
utility of the yield point spectra. As demonstrated by Black and Aschheim (2000),
these spectra may be used in a reversed process, that is, to evaluate the required
lateral strength in relation to a specified overall ductility ratio.

The second objective of this study was to demonstrate that a configuration of
minimum rotational response is feasible when the lateral strength has been specified.
It was shown (Georgoussis 2009, 2010, 2015, 2016a) that the torsional response of
common buildings, of a rather medium height, can be reasonably predicted on the
grounds of a simplified analysis of an equivalent single story system. When the
stiffness center (or, modal center of rigidity: m-CR) of the latter system lies close to
the vertical axis passing through the floor masses of the real building, the response in
the elastic domain is virtually translational. Besides, when the strength of the various
structural members (beams, colulmns, etc) is determined from a planar static anal-
ysis, then the aforementioned response is preserved in the post elastic state of
deformation. This is demonstrated in a parametric analysis on dual wall-frame
systems with simple asymmetry, in which the stiffnesses of the various elements
have been calculated in relation to their strength. In this analysis the shear sustained
by the frame sub-system registered values ranging from 24% to 44% of the total
strength.

In the numerical examples presented below, estimates of yield displacements,
calculated on the grounds of the approximate method of the continuous medium
(Heidebrecht 1975; Heidebrecht and Stafford Smith 1973), are also shown. This
method provides an insight into the response of building systems and its simple
equations may be easily used to calculate the basic dynamic quantities (frequencies,
effective modal masses). In these examples, the same quantities are also computed
by means of the accurate stiffness matrix method, following the formulation
presented in an earlier paper (Georgoussis 2016b), and comparisons are made with
the results of the aforementioned approximate methodology.
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25.2 Constructing a Capacity Curve and Constant Ductility
Yield Point Spectra

The procedure to construct the capacity curve of a multistory building is
implemented by means of a pushover procedure which is schematically demon-
strated in Fig. 25.1.

Assuming that the building is under an increasing horizontal loading vector
proportional toMΦ (i.e.: V ¼ αMΦ, whereM is the mass matrix and Φ a specified
displacement vector), the relationship between the base shear and roof displacement,
which is usually defined as pushover curve (V-Δ in Fig. 25.1b) may be converted to
the capacity curve (A-u, in Fig. 25.1c) using the following equations:

A ¼ V=M�
e and u ¼ Δ=ΓΦr ð25:3aÞ

where M�
e , u are the effective (modal) mass and displacement of the corresponding

equivalent SDOF system respectively (Fig. 25.1d). The effective mass is equal to
(Chopra 2008):

M�
e ¼ ΦΤM1

� �2
=ΦΤMΦ ð25:3bÞ

and, Φr (in the second of Eq. (25.3a)), is the value of the specified displacement
vector Φ at the top (roof) of the structure. Accordingly, Γ is the corresponding
participation factor, i.e.:

Γ ¼ ΦΤM1=ΦΤMΦ ð25:3cÞ

where 1 is the unit vector. In Fig. 25.1b the actual pushover curve is approximated by
a bilinear curve, which specifies the shear capacity, Vd, of the assumed structure. It
follows that for a newly designed building Vd should be taken equal to the lateral
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Fig. 25.1 Pushover procedure: (a) the building under increasing horizontal loading and displace-
ment profiles; (b) pushover curve; (c) capacity curve; (d) the equivalent SDOF system
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design shear. Similarly, the bilinear curve in Fig. 25.1c specifies the spectral values
of yield acceleration, Ay, and yield displacement, uy, of the equivalent, elastic-purely
plastic, single-degree-of-freedom system (equivalent-SDOF), which is shown in
Fig. 25.1d.

Using the equations above, yield point spectra of constant ductility may now be
easily determined for a given elastic acceleration spectrum. Assume for example the
elastic spectrum of Fig. 25.2a, which is recommended by many country codes and
Eurocode 8-2004. It is normalized to 0.36 g PGA and the acceleration amplification
factor is equal to 2.5. It is flat between the periods T1 and T2, linear in the ascending
portion and hyperbolic in its descending branch. The corresponding yield point
spectra are shown in Fig. 25.2b, determined according to the Newmark-Hall rules
(in Chopra 2008). It is evident that an accurate assessment, early in the design
process, of the aforementioned yield displacement, uy, may be used as the starting
point of a structural design to determine the required spectral acceleration, Ay, in
relation to a specified ductility ratio μ. This is in fact the usefulness of the yield point
spectra: they can be used in a reverse process to calculate the required strength for a
given ductility ratio.

25.3 Yield Displacements of Dual System’s Capacity Curves

In a resent paper, it was shown by means of the approximate method of the
continuous medium that in wall-frame building structures, with structural members
having strength dependent rigidities, that the fundamental frequency may be
assessed from the equation (Georgoussis 2016b):
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ω2 ¼ 1:8754
1

αHð Þ2 þ
1

1:8752

" #
λβ
θfyH

g ð25:4Þ

where, β is the seismic coefficient, which expresses the ratio of the lateral design
strength, Vd, to the gravity load, W (Vd ¼ βW), λ is the fraction that defines the
portions of Vd which are sustained by the frame subsystem (Vdf ¼ λVd) and the wall
subsystem (Vdw ¼ (1–λ)Vd), and

αH ¼
ffiffiffiffiffiffiffi
GA
EI

r
H ¼

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
3
2

λ
1� λð Þ

kwεy
θfy

H
dw

s
ð25:5Þ

In this equation GA, EI are the shear and flexural rigidities of the frame and wall
component subsystems respectively. In many country codes, as well as in Eurocode
8-2004, it is required that the fraction λ should be less than 0.5 and in practice it
varies from 0.25 to 0.45. For these values of λ and wall aspect ratios, Aw ¼ H/dw,
varying between 5 and 10, the parameter αΗ takes values from 0.95 to 2.10, when
kw ¼ 1.8, θfy ¼ 1% and εy ¼ 0.002. Accordingly, as it was shown in Georgoussis
(2014), for values of αΗ in the aforementioned range the variation of the fundamen-
tal mode effective mass, M�

e , is very limited: from 0.623 to 0.645 of the total mass,
Mtot. Therefore, M�

e may be taken equal to 0.635Mtot and consequently the yield
displacement of the equivalent SDOF system, shown in Fig. 25.1(d), may be
approximated by the following equation

uy ¼ Vd

M�
eω

2 ¼
β

0:635
g
ω2 ¼ 0:448

H
λ=θfy þ 2:344 1� λð Þ= kwεyAw

� � ð25:6Þ

As it can be seen uy is independent of the coefficient β, which expresses the
magnitude of the design lateral loading, but dependends on the aspect ratio, Aw,
and mainly on the fraction, λ. That is, the portion of the lateral force, which is
assumed to be resisted by the frame sub-system. The advantage of Eq. (25.6) is that it
can be used directly by practicing engineers to obtain reasonable estimates of yield
displacements of individual frames and walls. That is, setting successively λ¼ 1 and
λ ¼ 0, the aforementioned displacements are found equal to

ufy ¼ 0:225εy
lb
db

H, uwy ¼ 0:344εy
H
dw

H ð25:7Þ

The expressions above are very close to those proposed by Priestley (1998),
although different methodologies have been used: Eq. (25.7) is based on the
approximate method of the continuous medium, while Priestley’s equations are
based on considerations of discrete member systems. The accuracy of the values
given by Eq. (25.6) is investigated further below, in ten story discrete building
models (Sect. 25.5) in comparison with the following data:
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(i) the results given from Eq. (25.8), where the first mode quantities ω andM�
e, have

been evaluated by numerical analyses using the SAP2000-V16 software. In
these analyses, the flexural rigidities of all structural members are strength
dependent, determined according to the allocated seismic coefficient β, as
described in Georgoussis (2016b).

uy ¼ Vd

M�
eω

2 ¼
β
M�

e

W
ω2 ð25:8Þ

(ii) the results obtained by pushover procedures. The assumed 10 story models are
first detailed as inelastic systems, forming plastic hinges at the critical cross-
sections when the external loading is equal to the assigned design shear Vd. The
moment capacities of these hinges are also evaluated as described in
Georgoussis (2016b). Under increasing lateral loads the approximate bilinear
curve of Fig. 25.1c is easily drawn and therefore the yield displacement, uy, can
be easily assessed. In the proposed methodology, the external loading was
assumed to be linearly distributed over the height of the structure in order to
simulate a plastic beam-sway mechanism in the post elastic region.

25.4 Methodology to Minimize the Torsional Response
of Dual Building Systems

Τhe non-linear static (pushover) analysis, recommended by some design codes, is
practically applicable to structures responding mainly in a translational mode of
vibration (Fajfar and Gaspersic 1996). Therefore, the problem which arises is how to
construct a building configuration responding in a somewhat translational manner.
A simple method of designing such structural systems, with strength dependent
rigidities, is presented in Georgoussis (2016b), and is briefly shown below using the
approximate continuous medium approach.

A simple, but reasonably accurate method for predicting the first mode frequency
of any structure can be achieved using Southwell’s formula (Newmark and
Rosenblueth 1971). Therefore, the frequency given by Eq. (25.4), may also be
computed by the sum of the square values of the frequencies of the component
elements. Each of these frequencies represents the frequency of the corresponding
lateral load resisting element when it is assumed to carry, as a plane frame or wall,
the floor masses of the real building. Therefore,

ω2 � Σω2
f þ Σω2

w ð25:9aÞ

where the element frequencies, ωf, (of the f-Frame which is a shear type bent), and
ωw (of the w-Wall which is a flexural type bent), for uniform over the height building
systems, may be computed as follows (Chopra 2008; Clough and Penzien 1993):
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ω2
f ¼

π2

4
GAf

mH2:
ω2
w ¼ 1:8754

EIw
mH4 ð25:9bÞ

In these equations, m is the mass per unit height and therefore the total mass of the
building, Mtot, is equal to mH.

A more accurate evaluation of the frequency, ω, (Eq. 25.9a), may be obtained
when the sum of the squares of the element frequencies in the second part of this
equation is replaced by the sum of the squares of the effective element frequencies.
As shown in Georgoussis (2014) this replacement increases the accuracy of
Southwell’s formula, when the building system comprises very dissimilar bents
(e.g. walls and frames). The effective element frequencies are defined as

ω2
f ¼ ω2

f

M�
ef

M�
e
¼ π2

4
GAf

mH2

M�
ef

M�
e
: ω2

w ¼ ω2
w

M�
ew

M�
e
¼ 1:8754

EIw
mH4

M�
ew

M�
e

ð25:9cÞ

whereM�
ef andM

�
ew are the effective masses of the fundamental mode of vibration of

the f-Frame and w-Wall respectively, and are equal to 81% and 61.3% of the total
mass, Mtot (Chopra 2008; Clough and Penzien 1993).

It was demonstrated (e.g. Georgoussis 2009, 2010) that when the stiffness center
(modal center of rigidity: m-CR) of an equivalent single story system lies close to the
vertical axis passing through the floor masses, the response of the building is
essentially translational This distance in a coordinate system where the reference
axes origin coincides with the centre of mass (CM), as shown in Fig. 25.3a, equals to

xm�CR ¼
Σ xwω2

w þ xfω2
f

� �
Σ ω2

w þ ω2
f

� � ð25:10Þ
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where xw is the distance of the w-Wall from the center of mass and xf is the distance
of the f-Frame from the same centre. A quick estimate of the effective element
frequencies ω2

f and ω
2
w and therefore xm-CR, in the case of dual systems with identical

frames (and walls), that is, when ω2
f (or ω

2
w) is the same for all frames (or walls), may

be easily obtained by firstly calculating the ratio Σω2
f =Σω

2
w . A combination of

Eq. (25.9c) with Eq. (25.5) gives the following expression

Σω2
f

Σω2
w

¼ π2

4� 1:8754
aHð Þ2 0:81

0:613
ð25:11Þ

which depends merely on the parameter αΗ. When the equation above, is further
combined with Eq. (25.4) which, according to Southwell’s formula provides the sum
of ω2

f or ω
2
w, the calculation of the effective element frequencies becomes a routine

procedure. Consequently, the location of m-CR, is easily determined and when the
designer, at an early stage of the structural process, has the choice to decide on the
locations of a few lateral load resisting bents, it is rather easy to ‘move’ m-CR close
to CM (so that xm-CR equals to zero).

25.5 Design Examples

The response of a ten story concrete building, uniform over the height with simple
asymmetry (Fig. 25.3a) is investigated under a purely translational earthquake
excitation along the y-axis: the component NS of the Erzincan 1992 earthquake
shown in Fig. 25.3b.

The example building is a common wall-frame structure in the y-direction and a
slender wall structure along the x-direction. It is designed to resist a base shear equal
to 20% of its weight (e.g. Vd ¼ 0.2 W) and three different models are investigated.
The shear force allocated to the frame subsystem in each of these models is equal to
24% (Model 1), 36% (Model 2) and 44% (Model 3) of Vd. The floor mass was taken
equal to m ¼ 305.8 kNs2/m and the radius of gyration about the center of the floor
mass (CM) is r ¼ 8.416 m. Equal story heights of 3.5 m are assumed and the elastic
modulus of concrete was taken equal to 30� 106 kN/m2. The lateral resistance in the
y-direction is comprises six resisting elements: two of them are slender shear walls
(Wa, Wb: of a cross section 40 � 500 cm) and four of them are moment resisting
frames (FR) consisting of three columns (of a section 60 � 60 cm), 6 m apart,
connected by lintel beams 30 � 60 cm. The lateral resistance in the x-axis (axis of
symmetry) is relied on a pair of slender shear walls (Wx) 40 � 600 cm, which are
located symmetrically to the x-axis at distances � 6.6 m (Fig. 25.3a).

The strength allocation in the various lateral load resisting elements, in each of the
aforementioned models, is based on considerations of the symmetrical counterpart
structure (i.e. the structure in which all decks are restrained against rotations). The
moment resisting frames in each model are detailed to resist equal magnitudes of the
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assigned shear to the frame subsystem (1/4 of the allocated shear) and similar
assumptions were made for the strength details in each of the two walls Wa and
Wb. They share equally the shear force allocated to the wall subsystem. The yield
drift calculated according to Eq. (25.2) is found equal to θy ¼ 1.04% when
kb¼ 1.7� 1.35, kc¼ 2.12 and εy¼ 0.002. Comparing the results of the approximate
continuous approach and those of the accurate stiffness matrix method in Table 25.1
(details in Georgoussis (2016b)), it may be concluded that the approximate approach
underestimates the fundamental frequency, T, by less than 6%, the yield displace-
ment, uy, by less than 8% and overestimates the yield acceleration, Ay, by less than
6%.

The same data are also calculated by pushover analyses on the symmetrical
counterpart structures. The load vector required for the pushover procedure was
assumed to be of linear form (vectorΦ in Fig. 25.1a) to simulate displacements of a
plastic beam-sway mechanism, and the results of these analyses are shown in
Fig. 25.4. The pushover procedure was terminated at a story drift equal to the code
limit of 2.5% (at the same displacement level the base shear was dropped

Table 25.1 Properties of analyzed models

Model 1 Model 2 Model 3

Continuous medium method
αΗ 1.07 1.43 1.69

ω 4.303/s (T ¼ 1.460 s) 4.307/s (T ¼ 1.459 s) 4.313/s (T ¼ 1.457 s)

uy 0.167 m 0.166 m 0.166 m

Ay 0.315 g 0.315 g 0.315 g

Stiffness matrix method
Mby 315 kNm 472.5 kNm 577.5 kNm

Mcy (interior/exterior) 472.5/236.2 kNm 708.7/354.4 kNm 866.2/433.1 kNm

Mwy 53,200 kNm 44,800 kNm 39,200 kNm

Ibe/Ibg 0.254 0.381 0.466

Ice/Icg (interior/exterior) 0.206/0.103 0.309/0.155 0.378/0.189

Iwe/ Iwg 0.591 0.498 0.435

ω 4.040/s (T ¼ 1.555 s) 4.098/s (T ¼ 1.533 s) 4.121/s (Τ ¼ 1.525 s)

M�
e /Mtot 0.660 0.667 0.673

uy ¼ Vd=M�
eω

2 0.182 m 0.175 m 0.172 m

Ay ¼ uyω
2 0.303 g 0.300 g 0.297 g

Fig. 25.4 Pushover curves of the assumed example models
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approximately by 5% of its maximum value). In the aforementioned figure, the red
curves, termed ‘push’, have been obtained by neglecting the gravity loads on the
beams of the frames, while the blue curves, termed ‘push+grav’, have been drawn
assuming a uniform load on the frame beams equal to 42 kN/m. Both curves initially
indicate a rather extended elastic branch and only in Model 1 the initial linear branch
of the ‘push+grav’ curve is slightly reduced. In any case, it may be seen that there is
no significant difference between the ‘push’ and ‘push+grav’ curves and, because of
their extended initial elastic branch, a ‘bilinear’ curve has been drawn with the same
initial slope, representing both pushover curves (red and blue) in the inelastic range.
Accordingly, for each model, the yield acceleration and frequency (period) of the
equivalent-SDOF system (Fig. 25.1d), are as follows (Georgoussis 2016b):

Model1 : Ay ¼ 0:267 g, uy ¼ 0:176 m, ω ¼ 3:858=s T ¼ 1:628 sð Þ
Model2 : Ay ¼ 0:280 g, uy ¼ 0:178 m, ω ¼ 3:928=s T ¼ 1:599 sð Þ
Model3 : Ay ¼ 0:291 g, uy ¼ 0:181 m, ω ¼ 3:971=s T ¼ 1:582 sð Þ

ð25:12Þ

Comparing the data shown above with those of the stiffness matrix method in
Table 25.1, it may be seen that the deviation between the two procedures is less than
10%.

The rotational behavior of the example building models and particularly the
accuracy of the proposed procedure for predicting a configuration of minimum
torsional response, was determined as follows: all models were analyzed for any
possible location of Wb along the x-axis, while all the other bents are assumed to be
located at fixed positions, as shown in Fig. 25.3a. Using the approximate method of
the continuous medium the optimum location of Wb, for minimum torsional
response was specified from Eq. (25.10) in combination with Eq. (25.11). Therefore,
taking into account that along the y-direction there are four frames and two walls, the
ratio ω2

f =ω
2
w, was found equal to 0.15, 0.27 and 0.38 for Models 1, 2 and 3 respec-

tively. Relatively similar values for the same ratio, were obtained from the numerical
analyses (SAP2000), i.e.: 0.17, 0.31 and 0.42. Accordingly, the corresponding
optimum locations, x, of Wb are as follows (also shown in a normalized form x ¼
x=r)

Continuous medium method Stiffness matrix method

Model 1 : x ¼ 3:725m x ¼ 0:44ð Þ x ¼ 3:955m x ¼ 0:47ð Þ
Model 2 : x ¼ 5:105m x ¼ 0:61ð Þ x ¼ 5:565m x ¼ 0:66ð Þ
Model 3 : x ¼ 6:370m x ¼ 0:76ð Þ x ¼ 6:830m x ¼ 0:81ð Þ

ð25:13Þ

Figure 25.5 shows the complete torsional response of the investigated structural
models, for any location of Wb, under the Erzincan excitation. The response is
indicated by the peak values of base shears and torques for both the elastic (black
lines) and inelastic (colored lines) systems. Normalized peak values of base shears in
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the y-direction (elastic: Ve ¼ Ve=Vd and inelastic: Vin ¼ Vin=Vd ) are shown by
solid lines and normalized peak values of base torques (elastic: Te ¼ Te=rVd and
inelastic: Tin ¼ Tin=rVd) by dotted lines. The red lines of Vin and Tin represent the
response of the inelastic system when the gravity loads are neglected and the green
ones the response when their effect has been taken into account (prior to the
application of the assumed ground motion).

Considering the behavior of the elastic models, it may be seen that the locations of
Wb, predicting minimum torsion according to Eq. (25.13), are within the range of
coordinates x, where the curves of Te in Fig. 25.5 obtain minimum values. This is
clear for model 1, while for the other models, where a wider range of values of x
produce minimum torsion, Eq. (25.13) predicts the location closer to CM. It is worth
mentioning here that when the elastic torsional response in Fig. 25.5 obtains
relatively small values, this is accompanied by increased values of the base shear,
Ve. In general, the response data of the inelastic systems (base shears and torques)
are of a reduced magnitude and smoother than those of the elastic ones. With the
exception of the range of x, where the torsional response is minimized and almost
equal values of base torques appear in both elastic and inelastic systems, the latter
systems sustain reduced shears and torques, which may attain low values up to half
of the corresponding elastic ones. In models 1 and 2, minimum inelastic torsion is
registered in the range of x where the elastic torsion is also minimum, but in a flatter
form. In model 3, the variation of the inelastic base shears and torques is relatively
smaller than those of the other models and they are more or less constant when the
wall Wb ‘moves’ to the right of CM (x � 0).

25.6 Conclusions

Dual wall-frame concrete buildings are shown to have a rather stable yield displace-
ment for a given wall aspect ratio. The yield displacement depends only on the shear
force allocated to the frame sub-system and can be predicted by a simple equation,
which incorporates the widely accepted concept that stiffness and strength are
interrelated in R.C. elements. The results signify the importance of the yield point
spectra (YPS). As the yield displacement is more or less independent of the overall
lateral strength of the building, the use of YPS allows the designer to select the

Fig. 25.5 Normalized base shears (Ve,Vin) and torques (Te,Tin) of the analyzed models
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strength which satisfies the desired displacement performance. In any case dual
building systems may effectively withstand strong ground motions when they
respond in a translation mode. A simple procedure is presented for designing
building systems to sustain minimum torsional response. It is based on the condition
that the modal center of rigidity (m-CR) should be as close as possible to the mass
axis of the building. This design oriented procedure is demonstrated in typical
ten-story dual systems, whose seismic behavior is investigated under the ground
excitation of Erzincan-NS 1992.
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Chapter 26
Dynamic Resistance of Residential Masonry
Building with Structural Irregularities

F. Pachla and T. Tatara

Abstract Kinematic loads resulting from earthquakes or human induced events can
act on engineering structures. Poland is not an active seismic region. In south part of
Poland there are located quarries and mines. Surface and underground exploitation
of mineral resources results in regional seismic phenomena. Seismic waves origi-
nating from these phenomena are travelling towards surface and in form of surface
wave can impact the structures. Mining-related surface vibrations show a lot of
similarities with earthquakes but also some differences. In previous years the main
load used in design procedure of buildings in mining regions in Poland were dead
and live load, technology load and gusts of wind. The structures were not designed to
dynamic loads resulting from mining-related vibrations of ground. Dynamic loads
acting on buildings result in extra inertia forces which load those structures. This
specially concerns to residential masonry objects which present group of structures
frequently occurring in mining areas. In many cases, these buildings are character-
ized by irregularities in their construction, and this significantly reduces their
dynamic resistance. The paper presents the selected problems of analyzing selected
masonry building with irregularities in structure using finite element method (FEM).
The analysis relates to dynamic effects caused by surface vibrations. The selected
problems with assuming the kinematic excitations and soil-structure interaction are
presented as well as some aspects of constitutive modelling of masonry structures.
The paper also includes comparison of earthquakes and mining-related tremors. The
differences in frequency domain and significant duration of intensive phase are also
discussed.

Keywords Mining tremor · Masonry · Irregular structure · Seismic
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26.1 Introduction

In areas of natural occurrence of earthquakes and mining tremors there are a number
of buildings made in traditional technology (Pachla 2011; Tatara 2012). These are
primarily multi-family buildings or masonry with ceramic small size elements. Due
to architectural solutions, they are often irregularly shaped buildings.

Structural irregularity in buildings is the result of a combination of irregularity in
plan and in elevation (De Stefano and Pintucchi 2008). Many uncertain factors are
important in seismic research of existing structures. In case of buildings with
irregularities crucial role can play an inner variability of the mechanical properties
of materials what can also become source of irregularity (De Stefano et al. 2013a, b).
Some works refer to an evaluation of seismic behaviour of existing RC buildings
with irregularities according to current European Technical Code (La Brusco et al.
2016).

Action of kinematic force at the level of foundation of masonry buildings results
in additional horizontal inertia forces (Dulińska 2006; Pachla 2011;Tatara 2012),
which in many cases have not been considered in the design process. The masonry
bearing walls of structure are primarily designed to carry compressive loads. Tensile
or shear strength of masonry wall is much lower than the compressive strength.

In the case of such loads, cracks often occur in bearing elements (Zembaty et al.
2007; Pachla 2011; Tatara 2012). This applies to masonry elements, which are the
weakest link in the entire structure. In the case of existing buildings, it is often
necessary to determine dynamic resistance. Then, nonlinear analysis is often made in
the time domain using the most intense tremors recorded in a mining area (Dulińska
2006; Pachla 2011; Tatara et al. 2017) or using Response Spectrum Analysis (Pachla
2011; Maciag et al. 2016).

The paper deals with the results of such analysis in the case of a multi-family
building. In addition, a comparison of mining shocks with a selected earthquake was
made. The equations between these phenomena were pointed out. This is particu-
larly important since the seismic engineering experience is used in the analysis of
buildings subjected to mining shocks.

26.2 The Dynamic Model of the Building

The building discussed in the paper is made of masonry and is supported by a
foundation slab. It’s a four story multi-residential building with monolithic
reinforced concrete basement. The walls are made of ceramic blocks with thickness
of 24 cm. According to the design project, the slabs over each floor are made of
reinforced concrete, with thickness of 15 cm. The roof is made of wooden rafters. In
plane, the building is like L-shape with length of 30 m and width of 20 m. The height
of the building in ridge measured from the foundation level is 16 m. Plan of the
building’s floor is presented in Fig. 26.1a.
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The general view of numerical model of the analyzed building is presented in
Fig. 26.1b. The shear walls in perpendicular direction, which creates the structure of
the building, are shown in Fig. 26.1. Each floor of the structure is repeatable and it’s
presented in Fig. 26.1c. The dynamic studies were focused on adopting a numerical
model of the building under interest.

The adopted model was built using the FEM code Diana (TNO Diana User’s
Manual release 10.2 2017) and documentation of the building. Because of its
irregularity the 3D model of the building was analysed (Fig. 26.1d). All structural
elements that can influence on the stiffness were included into the model. The
stiffness and the mass of the structure were included in the 3D FEM model.

The combination of dead and technological load was assumed according to code
(PN-B-02170:2016-12 2016) by formula (26.1):

a)

b)

c)

d)

20m

30
m

11m

11
m

Shear walls in‚ x’ direc�on

Shear walls in‚ y’ direc�on

Fig. 26.1 (a) plan view of the building, (b) numerical model of the building, (c) repeatable floor of
the building, (d) finite element discretization of the model
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Qk ¼ Qk
0 þ 0:6 � Qk

00 ð26:1Þ

where:

Qk
0 – dead load

Qk
00 – technological load

The global coordinate system shown in Fig. 26.1b. It allows to describe geometry.
Loads and interpreting the results of the dynamic analysis.

While building the model, curved beam elements for the RC columns and layered
shell element for modelling the slabs and walls were implemented (Fig. 26.2).

The model consists of 37,434 finite elements after discretization. Nonlinear
Masonry engineering model was assumed for masonry elements. The columns and
slabs, as well as the basement construction, all from concrete were modelled as linear
elastic. The wooden structure element like rafters and wooden plates on roof were
also modelled as linear elastic. The soil influence was modelled using Coulomb
friction law. The material properties are presented in Tables 26.1, 26.2, 26.3 and
26.4.

a) b)

Fig. 26.2 Assumed finite elements: (a) CL18B 3 nodes curved beam element, (b) CQ40L eight
nodes curved layered shell element for walls and slabs

Table 26.1 Material properties for masonry

Value Unit

Young modulus (bed joint direction) 3.0 GPa

Young modulus (orthogonal to bed joint direction) 6.0 GPa

Shear modulus 1.875 GPa

Mas density 1800 kg/m3

Bed-joint tensile strength 0.2 MPa

Compressive strength 6.0 GPa

Fracture energy in compression 5.0 kN/m

Angle between diagonal stepped crack and bed joint 30 deg

Factor to strain at compressive strength 2.3 –

Friction angle 37 deg

Cohesion 0.4 MPa

Fracture energy shear 20 N/m

Unloading factor 0.8 –
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26.3 Dynamic Analyses

26.3.1 Natural Frequencies

Natural frequencies of the 3D model and the corresponding mode shapes are shown
in Figs. 26.3, 26.4 and 26.5. The range of calculated natural frequencies is dense (the
first natural horizontal frequencies in ‘x’, and ‘y’ direction are equal 6.10, 6.85 Hz
respectively and the first torsional frequency equals 8.24 Hz).

Table 26.2 Material
properties for concrete slabs,
beams and columns

Linear elastic model Value Unit

Young modulus 30 GPa

Poisson ratio 0.2 –

Mas density 2500 kg/m3

Table 26.3 Material
properties for timber roof
beams and plates

Linear elastic model Value Unit

Young modulus 10 GPa

Poisson ratio 0.3 –

Mas density 600 kg/m3

Table 26.4 Material
properties for soil interface

Coulomb friction law Value Unit

Normal stiffness 0.1 GN/m3

Shear stiffness 0.1 GN/m3

Cohesion 0.1 MPa

Friction angle 30 deg

Dilatancy angle 5 deg

Fig. 26.3 1st mode shape (f1.x ¼ 6.10 Hz), isometric and top view
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26.3.2 Assumed Kinematic Loads and Dynamic Analysis

Horizontal components of free-field acceleration vibrations originating from repre-
sentative earthquake and rockburst were applied in dynamic analysis as kinematic
load. The Sitka earthquake occurred on July 30, 1972 and had magnitude Mw¼ 7.6.
The coordinates of the seismological station are the following 57.0576 N and
135.3273 W. Eearthquakes are the result of tectonic plates pushing against one
another. Mining tremors are a regional phenomenon, dependent on human activities.
Surface free-field vibration records caused by the most intensive mining shock were
used also in dynamic calculations. In Poland, occurrence of rockbursts is related with
underground or surface exploitation of mineral resources such as hard and brown
coal, lignite and copper ore.

Rockbursts originate from excavation process occurring in a part of the deposit.
The zones of increased pressure are formed in the rock mass surrounding the
excavation zone. The stress state deviates from the normal one. Elastic energy

Fig. 26.4 2nd mode shape (f2.y ¼ 6.85 Hz), isometric and top view

Fig. 26.5 3rd mode shape (f3.tors ¼ 8.24 Hz), isometric and top view
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accumulated in rocks, rapidly discharges in a manner similar to an explosion. The
sudden relaxation of the rock mass at the hypocentral depths at a focus causes
seismic waves that reach the surface due to the elastic energy release. In the surface
layer surface waves are formed. They have the greatest impact on buildings,
particularly their horizontal components.

One of the most exploited mining areas in Poland is the Legnica-Glogow Copper
District (LGOM). In this area rockbursts of energies over 107 J occur (Zembaty
2004; Zembaty et al. 2015). The measuring network established in LGOM permit
continuous registration surface free - field vibrations. One of the most intensive
mining shocks recorded in LGOM took place on 21st May 2006 – comp. Fig. 26.7.

The free-field acceleration vibrations of SITKA earthquake and rockbursts are
presented in Figs. 26.6 and 26.7, respectively. Figure 26.8 shows FFT of the
horizontal components of mining – related vibrations presented in Fig. 26.7. Com-
parison of the parameters characterizing records of vibrations applied for dynamic
analysis shows some differences between earthquakes and mining tremors and is
given in Table 26.5. Arias intensity was used to establish duration of the intensive
phase of analysed records.

Generally the most significant differences between earthquakes and mining
tremors are the following: (a) duration of the intensive phase of the vibration,
(b) frequency characteristics, (c) values of PGA/PGV ratio, (d) PGA, PGV and
PGD values. The applied in dynamic analysis mining shock was one of the most

a

b

Fig. 26.6 The horizontal components of vibration records of the analysed earthquake
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intensive events in this area. Normally maximal values of horizontal components of
vibration acceleration do not exceed 0.2–0.3 g (g – acceleration of gravity) (Maciag
et al. 2016).

Two stages of dynamic numerical analysis were conducted. The first stage
considered applying incrementally gravity loads as quasi static. The regular incre-
mental iterative Newton method with a constant time step of 0.005 s was used to
solve the nonlinear static equilibrium equations in time for gravity loads. After
calculation concerning application the gravity load, the nonlinear time history
analysis was performed for horizontal earthquake components applied at the base
of the structure. The selected value of time step fulfils convergence condition to
ensure the accuracy of the results. The quasi-Newton (secant) method was applied as
the iterative method to solve the nonlinear dynamic equilibrium equations. This
method uses the Broyden – Fletcher – Goldfarb – Shanno (BFGS) stiffness update
method. In this method the last obtained secant stiffness matrix is stored and used as
the initial stiffness matrix at the first iteration of the next time step. The relative norm
of the last displacement increment vector is used as the convergence criterion of the
solution.

a

b

Fig. 26.7 The horizontal components of vibration records of the analysed mining tremor
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26.3.3 Results of the Analysis

The combination of the dead load and the dynamic load (base acceleration) was
considered. The global response of the model for the base excitations was analyzed.
It can be seen that the model response corresponds to first three mode shapes of the
natural frequencies, with a tendency to rotate around. This is observed for all
analyzed kinematic excitations.

The failure of the model and crack propagation is presented in Figs. 26.9, 26.10,
26.11 and 26.12. As seen, the cracks (shown using the maximum crack widths)
concentrate near the windows openings. Major cracks occur in the shear walls in ‘x’
direction. These walls transfer the seismic horizontal forces. Though the short time
of intensive phase of the rockburst from Fig. 26.7, the failure range is significant but

a

b

Fig. 26.8 Fourier spectrum for the most intensive components of vibrations corresponding to: (a)
Fig. 26.6b, (b) Fig. 26.7a

Table 26.5 Material properties for soil interface

No.

PGAx PGAy PGVx PGVy PGAx/PGVx PGAy/PGVy tha thv

(mm/s2) (mm/s2) (mm/s) (mm/s) (1/s) (1/s) (s) (s)

Sitka 765 894 74.2 67 10.3 13.3 27.1 28.9

Lgom 1054 1477 48.2 180.2 21.9 8.2 7.7 8.2
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safe for the structure. An emergency state is not reached. The envelope of the cracks
pattern is presented in Fig. 26.7. Despite the damages, the building can be safely
used. It is required to carry out renovation work to restore the original condition of
the building (Figs. 26.9 and 26.10). In the case of SITKA earthquake from Fig. 26.6
though of much smaller values of PGA (half smaller), but longer time of duration of
intensive phase, damage range is very similar (Figs. 26.11 and 26.12). This leads to

Fig. 26.9 Crack width in the ‘x’ shear walls due to SITKA earthquake

Fig. 26.10 Crack width in the ‘y’ shear walls due to SITKA earthquake
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the conclusion that the duration of intensive phase of seismic event is an important
factor in the response of structures. This also indicates that even relatively weak
earthquake because of long time of intensive phase can cause the initiation of the
cracks in the structure with irregularities.

Fig. 26.11 Crack width in the ‘x’ shear walls due to LGOM mining tremor

Fig. 26.12 Crack width in the ‘y’ shear walls due to LGOM mining tremor
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26.4 Conclusions

Two types of base accelerations were assumed. Excitations were selected because of
their basic characteristics as duration of the intensive phase and PGA values. An
irregular masonry building was subjected to all selected kinematic excitations.
Nonlinear time history analysis were made. According to the size of the cracks,
that appear during the intensive phase of vibrations, the construction stresses were
identified. This kind of dependence was fully described in the early nineties (Paulay
and Priestley 1992). The calculations results show the significant influence of
intensive phase of duration on the response of the building with structural irregular-
ities. Comparing calculated results for the mining shock and the SITKA earthquake
it can be observed that the significant cracks appear in the structural elements, but it
doesn’t lead to emergency state of the structure. Selected excitations differ with the
PGA values as well as the duration of intensive phase. It is confirming the thesis of
significant influence of intensive phase duration on the response of building with
structural irregularities. Earthquake excitation has long-term duration of intensive
phase with values of the PGA which are about half lower than for LGOM mining
shock. The size of damages in the analysed cases is similar. The literature overview
confirms the dependence between long-term vibrations and damages occurring in the
residential buildings for the mining shocks (Zembaty et al. 2007; Pachla 2011;
Tatara 2012).
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Chapter 27
Effect of Mass Irregularity
on the Progressive Collapse Potential
of Steel Moment Frames

Gholamreza Nouri and Mohammad Reza Yosefzaei

Abstract Progressive collapse is a phenomenon in which a minor damage leads to
total failure of the structure or the collapse of large parts of it. In this paper, influence
of mass irregularity in height of the structures on the progressive collapse potential
was investigated. To this end, four-, eight- and twelve-story steel moment resisting
frame structures are designed and progressive collapse potential was evaluated using
alternate load path method, recommended by the American General Service Admin-
istration 2003. Three dimensional buildings studied in the current paper were
modeled using finite element method in ABAQUS software. Results revealed that
in the cases with column removal in the first floor, increasing the number of floors,
decreases progressive collapse potential. Maximum dynamic displacement under the
removed column in regular 4-story building is about 1.41 times larger than that of
regular 8-story building and about 2.16 times larger than that of regular 12-story
building. Moreover, comparing performance of regular and irregular buildings
showed that regardless location of column removal and story number, mass irregu-
larity in height increases progressive collapse potential. Maximum dynamic dis-
placement due to removed column in irregular buildings subjected to column
removal in penultimate floor is 19, 20 and 22 percent larger than that of regular
one for four-, eight- and twelve-story buildings respectively.

Keywords Progressive collapse · Alternate load path method · Irregular buildings ·
Steel moment frame · Column removal · Dynamic nonlinear analysis
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27.1 Introduction

In recent years, the problem of the progressive collapse of the structure has attracted
the attention of many researchers. Progressive collapse is defined as an abnormal
incident causing minor damage to the building. In buildings incapable of reaching a
new statically stable configuration following the damage, the incident could lead to
the failure of a major part of the building or its total collapse. In progressive collapse,
the structural system primarily transmits the overload induced by the column
removal through flexural mechanism of the beams connected to top of the removed
column and then undergoes large deformations to form catenary action which
mitigates collapse propagation. Disproportionate initial damage of a building as
compared to its final destruction condition may be outlined as the main feature of
progressive collapse. In 1968, destruction of a large part of a 22-story building in the
UK due to the explosion in the eighteenth floor triggered the research into progres-
sive collapse problem. The tragic terrorist attack on World Trade Center towers on
September 11, 2001, rendering their total collapse and demolition, was the turning
point in the development of studies in the area of progressive collapse that led to the
development of codes and recommendations in the design practice for progressive
collapse.

Blast load is one of the main causes of triggering progressive collapse in
buildings. Very short time period and duration are among the most prominent
features of explosive loads. Given their specifications and reviewing the past
research, it may be observed that explosive loads, unlike seismic loads, do not
stimulate the lateral load bearing system of the structure; but considering limited
time period of the loads, they shock the main load bearing elements of the structure,
causing initial damages to the building (Lee et al. 2009). Extreme fires could be
considered as a triggering event to begin progressive collapse in buildings as well.
An analysis on progressive collapse in high-rise concrete frame buildings revealed
that flexural failure of the peripheral columns nearly 7 hours after being exposed to
fire is the main cause of progressive collapse initiation (Lu et al. 2017). Most of the
codes related to the assessment of progressive collapse potential have adopted the
Alternate load Path Method (APM) recommended by the Ministry of Defense and
the US General Services Administration’s instructions (GSA 2003). The APM is an
incident-independent technique which means that it does not consider the prelimi-
nary cause of failure; rather, it evaluates the structural response after the removal of
one of the main load bearing elements. The method is based on the removal of corner
or middle columns. In the APM, linear static, nonlinear static and dynamic methods
may be applied. Research shows that nonlinear dynamic method yields more
accurate response compared to the static one (Pretlove et al. 1991).

Optimal performance of moment frame structures against progressive collapse is
due to the extra strength in the moment frame system as designed to withstand lateral
loads and high degree of redundancy which provides multiple load transmission
paths (Kim et al. 2011). The progressive collapse of two-dimensional eccentrically
and concentrically braced steel frames using the APM in a ten-story building were
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studied and were concluded that although both systems utilize braced frame to resist
lateral forces, eccentric frames are less vulnerable to progressive collapse than
concentric ones (Khandelwal et al. 2009). Evaluating the progressive collapse
potential in tall buildings with steel plate shear walls indicates a greater resistant
compared to moment frame and braced frames (Mashhadiali et al. 2016).
Conducting progressive collapse analysis for a twenty-story building in various
sudden column removal scenarios reveals that the building is more vulnerable
when two columns are removed. The reason could be attributed to wider area
being affected by removing two columns (Fu 2009). Assessing structural resistance
against progressive collapse shows that nonlinear dynamic analysis provides more
accurate and generally higher responses, while using linear analysis leads to a more
conservative result (Kim and Kim 2009). Study the structural behavior of high-rise
reinforced concrete buildings with shear wall lateral resistant system under progres-
sive collapse condition indicates that a weak frame coupled with strong shear walls is
not strong enough to withstand removal of a key element (Ren et al. 2014).
Evaluation of the progressive collapse potential in earthquake-resistant RC building
using GSA linear regression technique, nonlinear static, and nonlinear dynamic
analyses reveal that buildings are less likely to undergo progressive collapse when
using linear static method proposed by the GSA (Tsai and Lin 2008). Using the
APM to analyze three-dimensional moment frames with and without including slab
floors in the model reveals the importance of introducing slab in the model in order
to assess the progressive collapse potential (Qian et al. 2015). Using end-plate beam-
to-column connections, Vierendeel truss in top floors, and fin-plate connection
increase joint rotational strength and mitigate progressive collapse potential in
composite structures (Jeyarajan et al. 2015).

Steel moment frame is one of the most widely used structural systems in moderate
to high seismicity zones. The building system is of interest due to its high ductility
and considerable lateral resistance. The building system is also preferred due to the
architectural forms it provides. In the this paper, progressive collapse potential in
buildings considering both regular and irregular mass distribution in height was
evaluated using APM. The buildings are designed according to Iranian Code of
Practice for Seismic Resistant Design of Buildings and the evaluation of progressive
collapse is conducted using ABAQUS software.

27.2 Modeling and Analysis Method

The models studied in this research include steel moment frames having 4-, 8-, and
12-stories, respectively. Beam element of ABAQUS (Beam – B31) was used in 3-D
models of beams and columns. Recent study was showed the accuracy of that
element for the modeling of the structures in progressive collapse analysis (Liu
2010). Due to very short column removal time, material hardening is not included
and elastoplastic behaviour was assumed for steel. Rayleigh-type damping with the
coefficient of 3.5% were assumed.
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Because of the lack of cyclic behavior in the analysis of the alternative load path
method, hysteresis behavior is not modeled. Geometric nonlinearity is included as
well as material nonlinearity in the analysis. Moment-resisting frame is a rectilinear
assemblage of beams and columns, with the beams rigidly connected to the columns.
Failure modes defined in the simulated models include material rupture and element
buckling. Mesh size depends on element position; a finer mesh is used around the
removed column.

Explicit dynamic analysis method is used to solve the governing differential
equations. Its computational efficiency for analyses of extremely discontinuous
events with relatively short dynamic response time makes it suitable for the case
under investigation. The automatic time increment (based the highest element
frequency of the whole model) has been preferred as it accounts for changes in the
stability limit with a global time estimator.

Modeling assumptions and analysis method were verified with the experimental
test results (Chen et al. 2011). Vertical displacement in location of removal column
showed that the modeling results are in good agreement with the experimental ones.
The maximum vertical deformation of the model is 4.1 cm and in the experimental
sample is about 3.9 cm that the error rate is about 5%. The 12 & 4-story model is
depicted in Fig. 27.1.

All three structures have similar plans. Each plan includes five steel moment
frames in two orthogonal directions. In spans without column removal, a load
combination equal to dead load plus one fourth of the live load is applied, and in
spans with column removal, a load combination twice the former is applied. In total,
six buildings with and without mass irregularity are designed according to Iranian
Code of Practice for Seismic Resistant Design of Buildings (Standard No.2800). To
assess the impact of mass irregularity, a live surcharge is applied on the third,
seventh and eleventh floors. The following parameters are used in the design of
the considered buildings.

Fig. 27.1 12 and 4-Story model simulated in ABAQUS software
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• Used steel A36 (according to ASTM, (Es ¼ 206000Mpa, fy 331 MPa)).
• Lateral resistant system: OMRF (ordinary moment resisting frame).
• Square-shaped plan consisting comprising six spans of 5 m length.
• The first story is 3.5 m high and other stories are 3.2 m high.
• To include mass irregularity in height, a live load equal to 750 Kg/m2 is applied

on the third, seventh and eleventh floors.
• Building is located in a region with very high seismicity level and design

acceleration is taken as 0.35 g.
• Soil type classification of the site is type C according to IBC 2006.

Section properties used in beams and columns are given in the Tables 27.1 and
27.2.

27.2.1 Loading and Boundary Conditions

Removal of the column is simulated by running 12 s time-history analysis which is
done by applying a load in which loads opposite to those of the equivalent column
loads are scaled from zero to one. In order to exclude vibrations induced by
removing column, loading is increased steadily to reach removal column load in a
5 s (Fig. 27.2). In order to damp out vibrations induced by the first loading stage,
loading is continued for a more 2.5 s constantly and then it is dropped to zero in a
time period equal to one-tenth of the building fundamental vertical vibration period.
In the current research this time period was considered 0.01 s.

27.2.2 Alternate Load Path Analysis Cases

To assess progressive collapse potential of the selected structures, different scenarios
of sudden removal of columns compatible with GSA code recommendations were

Table 27.1 Beam I sections used in the models

Beam section label B-1 B-2 B-3 B-4 B-5 B-6 B-7

Height (cm) 30 30 30 30 40 40 40

Flange width (cm) 20 20 25 25 25 25 30

Flange thickness (cm) 1 1.5 1.5 2 1.5 2 2

Web thickness (cm) 0.8 1 1 1 1 1 1

Table 27.2 Column Box sections used in the model

Column label C-1 C-2 C-3 C-4 C-5 C-6 C-7 C-8 C-9 C-10 C-11

Width (cm) 30 30 30 30 40 40 40 50 50 60 60

Thickness 0.8 1 1.5 2 1 1.5 2 1.5 2 2 2.5
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considered. Based on the symmetry of the plan and GSA code recommendations,
corner column in the first and penultimate floors are chosen to be eliminated. All
assumed analyses are listed in Table 27.3. Abbreviations used in the table are as
follows:

M- represents type of the structural system (M for moment resisting frame), n-
Number of floors, R or I- R represents mass regularity and I shows mass irregularity.

27.3 Numerical Results

In Figs. 27.3 and 27.4 time history of vertical displacement at the joint due to sudden
column removal of the first floor are shown. As it is observed, the models that have
mass irregularity show larger displacement compared to the regular ones. For
example, maximum dynamic deflection at the joint in irregular buildings subjected
to sudden column removal in the first floor is about 27, 6 and 15% larger than that of
a regular one for four-, eight- and twelve-story buildings respectively. This indicates
that mass irregularity in height, makes building much more vulnerable to progressive
collapse.

In addition, for column removal in the first floor, results showed that increasing
the number of floors decreases vertical displacement of removed column point. For
example, maximum dynamic displacement at the point of removed column in
4-story regular building is about 1.41 times larger than that of regular 8-story
building and about 2.16 times larger than that of regular 12-story building. The
same results were observed for irregular buildings with sudden column removal in
the first floor. 4-story irregular building has maximum dynamic displacement under
the removed column 1.68 times larger than that of irregular 8-story building and 2.39
times larger than that of 12-story building. In other words, increasing the number of
floors decreases progressive collapse potential due to column removal in the first
floor. This could be attributed to the fact that increasing beam dimensions as a result
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Fig. 27.2 The load factor
applied to the internal forces
at the position of removal
column
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of increasing the number of building floors, rises flexural strength of the elements
transferring load from removed column to adjacent ones as well as increasing the
number of transfer paths. Hence, vertical displacement due to column removal
decreases. Resisting mechanism against progressive collapse is flexural strength of
the beams connected to the top of the removed column. This conclusion holds for
both regular and irregular models.

It is evident from the past events like World Trade Center attack that structural
damage in top floors could lead to the stories falling over the other and cause total
collapse of the structure. In order to evaluate progressive collapse potential follow-
ing column removal in top floors, corner column in penultimate floor is eliminated.

Referring to Figs. 27.5 and 27.6, vertical displacement at the removed column
node is no longer a function of floor numbers and depends on the flexural strength of
the beams connected to the top of the removed column. Since identical beam
sections are used in top floors of all modeled buildings, vertical displacement
under the removed column in both regular and irregular models nearly are same.
In addition, Vertical displacement time history due to column removal in penulti-
mate floor is much larger than those due to column removal in the first floor. This
indicates likeliness of propagation of plastic region at beams because of the large
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deformations. Therefore, in order to calculate vertical displacement it is needed to
define nonlinear materials. It is worth mentioning that considering material
nonlinearity causes permanent deformations in the structure.

Although in the present research no structural collapse occurs due to column
removal in penultimate floor, vertical displacement at the point of the removed
column is significantly large. Occurrence of plastic strains in top floor beams
necessitates to design them highly ductile and capable of undergoing large defor-
mations. It is also needed to control them withstand axial forces due to catenary
action of progressive collapse.

Another result is that mass irregularity in height increases progressive collapse
potential in cases with column removal in penultimate floor as well. Results showed
that maximum dynamic displacement under removed column in irregular buildings
subjected to column removal in penultimate floor is 19, 20 and 22% larger than that
of regular one for four-, eight- and twelve-story buildings respectively. In other
words, for irregular buildings, vertical displacement is, averagely, 20% larger than
that of a regular one. The reason could be attributed to added live surcharge to the
floor just above the removed column and the lack of enough load alternate paths to
dissipate suddenly exerted forces.
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Static and dynamic analyses results showed that it is not generally true to extract a
coefficient to convert static analysis results to a dynamic one. Location of the
removed column and the amount of nonlinear deformations influence that coefficient
greatly. For models with column removal in the first floor, the coefficient is smaller
than 2 and in models with column removal in penultimate floor the coefficient is
close to 2. Results of the alternate load path method analyses were listed in
Table 27.4 for all cases.

27.4 Conclusion

In this paper, mass irregularity effect on the progressive failure potential was
investigated. The models studied in this study are 4, 8 and 12 floors building.
Dynamic analysis was applied on the 3D finite element models.

Results showed that in models with column removal in the first floor (APM1 to
APM6), by increasing the number of floors, vertical displacement at the point of
removed column decreases. For example, maximum dynamic displacement in reg-
ular 4-story building is about 1.41 times larger than that of regular 8-story building
and about 2.16 times larger than that of regular 12-story building. The same results
are observed for irregular buildings. 4-story irregular building has maximum
dynamic displacement beneath the removed column 1.68 times larger than that of
irregular 8-story building and 2.39 times larger than that of 12-story building. This
shows that increasing the number of floors, decreases progressive collapse potential
due to column elimination in lower floors. The reason is that by increasing the
number of floors and consequently beams dimensions to resist lateral forces, flexural
strength of elements transferring load from the removed column to adjacent ones
increases.

• Results of analyses for the models of APM7 to AMP12 (column elimination in
penultimate floor) reveal that vertical displacement under the removed column in
these models do not depend on the number of floors and is a function of flexural
strength of the beams connected to the top of the removed column.

• Column removal in penultimate floor causes large vertical displacement, there-
fore beams connected to the removed column need to be highly ductile and
capable of undergoing large deformations. It is also needed to control them
withstand axial forces due to catenary action of progressive collapse.

• Mass irregularity in height increases progressive collapse potential totally. Max-
imum dynamic deflection under removed column in irregular buildings subjected
to sudden column removal in the first floor is about 27, 6 and 15 percent larger
than that of a regular one for four-, eight- and twelve-story buildings respectively.

• Static and dynamic analyses results show that it is not generally true to extract a
coefficient to convert static analysis results to a dynamic one. Location of the
removed column and the amount of nonlinear deformations influence that
coefficient.
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Chapter 28
On the Response of Asymmetric Structures
Equipped with Viscous Dampers Subjected
to Simultaneous Translational
and Torsional Ground Motion

Jafar Kayvani, Gholamreza Nouri, Shahin Pakzad,
and Morteza Tahmasebi Yamchelou

Abstract Past experience of earthquakes has shown the importance of asymmetry
effects on the severity of the damage sustained by structures. In order to mitigate
torsional response of asymmetric structures under seismic loads, employing passive
energy dissipating equipment, such as viscous dampers, has been investigated by
many researchers during recent years. One decisive factors contributing to the
seismic behaviour of asymmetric structures is the torsional component of strong
ground motion. The main purpose of this research is to compute a damping eccen-
tricity which minimizes torsional response of asymmetric structures. To this end,
several one-storey, three-dimensional steel moment frames with various stiffness
and strength eccentricities are studied. Due to the limitations in recording torsional
component of earthquakes, translational components are used to develop torsional
counterparts. Models were analyzed using time history analysis method under
7 records of strong ground motions. Results indicate that incorporating viscous
dampers could not only mitigate structural response, but it also could suppress
torsional deflections due to asymmetry in structures. Results showed by increasing
the asymmetry of the structure, optimal damping eccentricity should be shifted
towards the flexible edge to reduce the displacement difference considerably.
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28.1 Introduction

Behaviour of buildings during the past earthquakes indicates that asymmetric struc-
tures are more vulnerable to damage than symmetric ones and undergo more serious
deteriorations. A structure is deemed to be asymmetric when its centre of mass does
not coincide with its centre of stiffness. Asymmetric structures exhibit torsional
displacement in addition to the lateral displacements, and therefore, experience
torsional moments in addition to the lateral forces. The origin of these torsional
excitations could be ascribed to various factors, such as torsional nature of ground
motions with respect to the vertical axis of the structure, noncoincidence of the
centre of mass and the centre of stiffness due to asymmetry in the arrangement of
lateral resisting elements, and irregular distribution of mass. Investigating the behav-
iour of such structures during earthquakes reveals that the inflicted damage is mainly
due to the excessive torsional moments and displacements emerging from asymme-
try of the diaphragms, which causes damage in structural and nonstructural elements,
especially, at exterior edges of the structure. If the distribution of mass, stiffness, and
strength is not uniform, earthquake-induced loads and lateral resisting forces do not
coincide. Subsequently, torsional moments are developed in case the diaphragm is
rigid or semi-rigid. During recent years, controlling the structural response by
making use of energy-dissipating systems has become a practical approach for
protecting structures against wind and earthquake loads. Making use of viscous
damper is an effective approach to controlling torsional response of asymmetric
structures, provided that an optimal arrangement of dampers is achieved. One of the
advantageous usages of viscous damper is for circumstances in which the architec-
tural limitations increase the stiffness and strength asymmetry significantly. In such
cases, a proper distribution of supplementary dampers can mitigate the torsional
response in the edges.

Investigation of inelastic behaviour of asymmetric structures was carried out by
modelling an asymmetric one-storey building (Kan and Chopra 1976). They con-
cluded that the effect of the torsional moment in the nonlinear region significantly
depends on the ratio of uncoupled torsional frequency to the translational frequency
(Ω). Study of the seismic behaviour of linear asymmetric one-story buildings with
supplemental damping revealed that changing the arrangement and location of
supplemental damping devices throughout the plan had a minor effect on modal
parameters, such as the period and the modal participation factor; while, dynamic
amplification factor and modal damping ratio were highly affected (Goel 2000).
Investigating the torsional effects on the displacement of ductile buildings indicated
that both strength and stiffness eccentricity affect the torsional behaviour of the
structure; however, the effect of strength eccentricity is more considerable during the
ductile response of the structure (Crisafulli et al. 2004).

Torsional ground motions occurring during an earthquake could affect the seis-
mic response of structures, particularly, when the center of stiffness and the center of
mass do not coincide. Properties of rotational ground motion using translational
records in Chiba dense array were estimated and effect of torsional ground motion on
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the structural response have been studied by several scholars (Ghayamghamian and
Nouri 2007; Ghayamghamian et al. 2009; Nouri et al. 2010, 2016). Their findings
indicate that for the most structural periods in the engineering practice assuming 5%
accidental eccentricity is on the safe side. Although, for structures with periods
shorter than 0.3 s, the inclusion of torsional components increases the building
displacement up to four times. The concept of torsional equilibrium was used to
determine the arrangement of the dampers which optimize the torsional behaviour of
asymmetric structures (De la Llera et al. 2005). Their investigation on one- and
multi-story building structures revealed that such arrangement of dampers minimizes
the diaphragm rotation, as well as the lateral displacement of the structure. The
would be an optimal position for the centre of strength to mitigate ductility demand
of one-storey models, which have lateral resisting elements in both orthogonal
directions (De Stefano et al. 1993).

This research investigates torsional effects in asymmetric structures subjected to
earthquake excitation, with the inclusion of rotational components, and seeks to
improve the structural performance of such structures through the optimal arrange-
ment of supplementary dampers. The main focus of this research is the effects of
rotational component of the earthquake on the response of asymmetric one-story
structures. Investigated responses include the displacement difference between the
stiff and flexible edges, diaphragm rotation, and base shear. To calculate the
response of an asymmetric structure subjected to earthquake excitations, nonlinear
time history analysis was performed.

28.2 Theoretical Framework

28.2.1 Determining the Stiffness and the Strength
Eccentricity

A structural plan similar to the one depicted in Fig. 28.1 is considered. m lateral
resisting elements are considered along X axis, and n elements along Y axis. Stiffness
and strength of the i-th element in X and Y directions are denoted by kxi, fxi, kyi, and
fyi, respectively. The origin of the coordination system is the center of the mass of the
diaphragm. To create stiffness eccentricity, dimension of beams and columns are
increased at the stiff (left) edge and decreased at the flexible (right) edge of the
structural plan. Total stiffness and strength along X and Y directions are as Eq. 28.1.

kx ¼
Xm
1

kxi; ky ¼
Xn
1

kyi; f x ¼
Xm
1

f xi; f y ¼
Xn
1

f yi ð28:1Þ

The torsional stiffness of the structure can be stated as Eq. 28.2.
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kθ ¼
Xm
1

kxiyi
2

� �þXn
1

kyixi
2

� �
; f θ ¼

Xm
1

f xiyi
2

� �þXn
1

f yixi
2

� � ð28:2Þ

Where xi and yi denote the distance of the element i from X and Y axes, respec-
tively. Absolute and normalized eccentricities are defined as:

Esx ¼ 1
ky

Xn
1

xikyi; esx ¼ Esx

Lx
¼ 1

Lxky

Xn
1

xikyi ð28:3Þ

Esy ¼ 1
kx

Xm
1

yikxi; esy ¼ Esy

Ly
¼ 1

Lykx

Xm
1

yikxi ð28:4Þ

In the Eqs. 28.3 and 28.4 Lx and Ly denote floor dimensions along X and Y axes,
respectively (Sarvghad-Moghadam 1998).

28.2.2 Determining Uncoupled Translational and Torsional
Frequencies

One key parameter affecting the behaviour of asymmetric structures is the ratio of
uncoupled torsional frequency to translational frequency. Uncoupled torsional fre-
quency can be calculated by determining the torsional stiffness of the structure about
the centre of stiffness, which is stated by Eq. 28.5.

kθcs ¼ kθ � E2
sxky � E2

sykx ð28:5Þ

Fig. 28.1 Structural diaphragm representing lateral resisting elements
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So the uncoupled torsional frequency can be expressed as:

ωθ ¼
ffiffiffiffiffiffiffiffi
kθcs
ICM

r
ICM ¼ m=12 Lx

2 þ Ly
2

� � ¼ m:ρ2m ð28:6Þ

Where ρ2m denotes mass gyration radius and ICM is the mass moment inertia. If the
ratio of uncoupled torsional frequency to uncoupled lateral frequency (Ω) is greater
than unity, the structure is torsionally stiff, if it is equal to unity the structure is
torsionally coupled, otherwise the structure is torsionally flexible.

28.2.3 Determining Damping Eccentricity

If Cxi, Cyi and xiand yi are the damping coefficients and distance of the damper from
the center of mass in the x and y directions, total damping along x and y axes and
torsional damping are calculated as Eq. 28.7.

cx ¼
X
i

cxi, cy ¼
X
i

cyi, cθ ¼
X
i

cxiyi
2 þ

X
i

cyixi
2 ð28:7Þ

Similar to the definition used for the stiffness eccentricity, damping eccentricity
(Edx, Edy) and normalized damping eccentricity (edx, edy) along x and y axes can be
written as Eqs. 28.8 and 28.9.

Edx ¼ 1
cy

Xn
1

xicyi, edx ¼ Edx

Lx
¼ 1

Lxcy

Xn
1

xicyi ð28:8Þ

Edy ¼ 1
cyx

Xn
1

yicxi, edy ¼
Edy

Ly
¼ 1

Lycx

Xm
1

yicxi ð28:9Þ

One of the major parameters in assessing the response of structures equipped with
supplementary viscous dampers is the torsional gyration radius. To calculate this
parameter, it is required to determine the torsional damping about the centre of
damping:

cθcsd ¼ cθ � Edx
2cy � Edy

2cx ð28:10Þ
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The damping gyration radius can be expressed as:

ρsd,x ¼
ffiffiffiffiffiffiffiffi
cθcsd
cx

r
, ρsd,y ¼

ffiffiffiffiffiffiffiffi
cθcsd
cy

r
ð28:11Þ

So, for a one-story building the damping matrix was described as Eq. 28.12:

Csd½ � ¼
cx 0 �edycx
0 cy edxcy

�edycx edxcy cθ

2
64

3
75 ð28:12Þ

28.3 The Model Specification

In order to evaluate the effect of dampers on modifying the torsional behaviour of
irregular structures, the optimal arrangement of dampers in a simplified structural
model is studied. In this research, a one-story building with one-way stiffness,
strength, and damping eccentricity is considered. The basic assumptions made in
this research are as follows.

The model is a one-story building with an ordinary moment frame as the lateral
resisting system. All frames are assumed to be fixed at the base and the soil-structure
interaction is ignored. Translational and torsional components of the earthquake are
taken into account. Dampers are assumed to be ideally viscous with linear force-
velocity behaviour. The uncertainty in the determination of damping ratio of
dampers and the variations of damping during the earthquake excitation is not
considered.

The story height is 3.2 m and the structure is symmetric along both X and Y
directions. The plan of studied structure is illustrated in Fig. 28.2.

Fig. 28.2 One-storey building configuration in the plan
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Dead load and live load are assumed 650 kg/m2 and 200 kg/m2, respectively. The
building is located in a region with high level of seismicity (A¼ 0.35g) according to
Iranian code of practice for seismic resistant design of buildings and the site soil is of
type II.

Six asymmetric models are generated by changing the section area of beams and
columns along the y axis of the base model. The amount of increase and decrease in
cross section of beams and columns are adjusted so the lateral stiffness of all models
along x axis are the same. Nonlinear static pushover analysis is performed to
determine the strength and stiffness of frames.

In order to create various damping eccentricities, linear viscous dampers are
added to the frames along Y-axis as bracing. Therefore, it is assumed that in
X direction no damper is installed and eccentricity of the damping is one-way just
like the stiffness eccentricity. No strength and stiffness is considered for dampers and
it is assumed that they function ideally viscous and do not affect the strength and
stiffness of the frame.

As changing the parameters of dampers influences the structural response, the
total damping ratio of dampers in Y direction is taken constant to increase the
accuracy of the results. The value of lateral damping ratio for a structure equipped
with dampers depends on the amount of structural response reduction, such as
relative displacement and base shear. Indices for relative story displacement, story
acceleration, base shear, and overturning moment in two cases of being equipped
with dampers and without dampers could be found in the literature (Singh and
Moreschi 2001). They suggested that a 40% decrease in relative story displacement
can be a good index for determining the value of overall lateral damping ratio.

The same approach is adopted in this study and total damping ratio along Y axis is
adjusted so that the reduction in relative displacement of the center of mass for
asymmetric building is 40%. By considering a 5% inherent damping ratio for the
structure, the total damping ratio is taken as 20%. Seven damping eccentricities of
0, �0.167, �0.33, and � 0.5 were assumed in this study. For damping eccentricity
equal to zero, the maximum damping gyration radius is obtained, and leads to the
smallest response in both soft and stiff edges of the structure, which agrees with the
results of a previous study (Goel 1998).

28.4 Seismic Assessments

Earthquake records for performing nonlinear time history analysis are listed in
Table 28.1 and critical incidence angle to obtain the most critical responses (lateral
displacement, diaphragm rotation, and base shear) is determined. Time derivation
method was used to generate rotational components of the selected earthquake
records (Ghafory-Ashtiany and Singh 1986). In this research, seven earthquakes
recorded at sites located on a type C soil, according to NEHRP, was selected
(Provisions 1997). The magnitude of selected earthquakes is between 6 and 7.6.
All selected earthquake records are far-field type with a minimum distance of 25 km
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from the seismic source. For time history analysis, earthquake records were scaled to
0.15 g, 0.35 g, 0.55 g, and 0.75 g. Table 28.1 presents the characteristics of selected
earthquake records.

Strong ground motion can be applied to the structure in two principal directions.
Although, it has been shown that for a particular incidence angle structural response
can be much greater in comparison with those of principal directions. Considering
this, firstly, the ground motion was applied to the structure in principal directions and
then the incidence angle was increased by 5 degrees in each stage and the
corresponding responses were calculated to find the critical incidence angle. For
the selected ensemble of earthquakes, critical incidence angles are listed in
Table 28.2.

28.5 Earthquake Rotational Components

The ground motion comprises three translational and three rotational components.
The rotational component comprises two rocking components (about horizontal
axes) and one torsional component (about the vertical axis). To generate rotational
components of the earthquake, time derivation method was adopted here. The
following expression for generating rotational components of the earthquake using
translational ones can be found in the literatue (Ghafory-Ashtiany and Singh 1986):

Table 28.1 Characteristics of selected earthquake records

ID Earthquake Year Magnitude
Duration
(sec)

PGA (g)

Site
Distance
(km)E N

E01 Chi-Chi 1999 7.6 M 35 0.301 0.413 TCU047 33

E02 Northridge 1994 6.7 M 20 0.222 0.256 LA-
century

25.7

E03 Manjil 1990 7.4 Mw 25 0.131 0.184 Qazvin 49.47

E04 Kern
County

1952 7.4 Mw 25 0.156 0.178 Taft 41

E05 Imperial
Valley

1979 6.5 M 40 0.157 0.169 Cerro
Prieto

26.5

E06 N. Palm
Spring

1986 6 M 20 0.239 0.250 San
Jacinto

25

E07 Cape
Mendocino

1992 7.1 M 40 0.229 0.189 Shelter
Cove

33.8

Table 28.2 Critical angle of selected earthquake records

Earthquake ID E01 E02 E03 E04 E05 E06 E07

Critical incidence angle 0 60 30 60 0 60 0
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€ψ k tð Þ ¼ � 1
2cj

d
dt

€Xj tð Þ � €Xi tð Þ
� � ð28:13Þ

Where €ψ k tð Þ is the rotational component about k axis, €Xj tð Þ and €Xi tð Þ denote
translational components along i and j directions, cj stands for shear wave velocity
along xj direction, and xi, xj, and xk represent principal axes.

28.6 Numerical Results

Seven models with different damping eccentricities of 0, �0.167, �0.33, and � 0.5
were created and nonlinear time history analysis was performed using earthquake
records scaled to 4 different PGAs. Three different response parameters were
calculated for the aforementioned cases. Furthermore, to study the effect of earth-
quake rotational components on structural response all models were subjected to
Northridge and Kern County earthquake records without rotational components. As
the obtained responses followed the same trend, only the results for Chi-Chi
earthquake are presented. The first examined response was the displacement differ-
ence between flexible and stiff edges. (es) and (er) are the stiffness and strength
eccentricities, respectively.

Figure 28.3 illustrates the displacement difference between the flexible (right)
edge and stiff (left) edge versus different damping eccentricities. As it is observed in
Fig. 28.3a (The symmetric model) optimal damping eccentricity to achieve the
greatest reduction in the displacement difference between flexible and stiff edges
shifts towards the stiff edge.

As the strength and stiffness eccentricities move towards the stiff edge of the
structure (Fig. 28.3b), displacement of flexible edge increases and that of the stiff
edge decreases. Therefore, by increasing the asymmetry of the structure, optimal
damping eccentricity shifts towards the flexible edge to cause the most reduction in
the displacement difference between flexible and stiff edges. Yet, the maximum

Fig. 28.3 Maximum displacement difference between stiff and flexible edges versus damping
eccentricity under Chi-Chi earthquake: (a) er ¼ 0, es ¼ 0; (b) er ¼ � 0.24, es ¼ � 0.22
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damping eccentricity cannot balance the lateral displacement, and in order to reduce
the displacement difference between flexible and stiff edges, greater damping
eccentricity or higher damping capacity is required. Figure 28.4 shows the maximum
diaphragm rotation versus different damping eccentricities for various strength and
stiffness eccentricities. As it is observed in Fig. 28.4a, in the symmetric model, to
obtain the most reduction in diaphragm rotation, the damping eccentricity needs to
be shifted towards the stiff edge. But, by moving the strength and stiffness eccen-
tricities towards the stiff edge of the structure (Fig. 28.4b), optimal damping
eccentricity increases and shifts towards the flexible edge of the structure. In other
words, maximum diaphragm rotation occurs when the damping eccentricity lies at
the right (flexible) edge of the structure. Another important point that can be inferred
from the graph is that the variations of optimal damping eccentricity to reduce the
diaphragm rotation are similar to that of the displacement difference between the stiff
and flexible edges.

In Fig. 28.5, base shear versus damping eccentricity for two different strength and
stiffness eccentricities are illustrated. As it is seen in the Fig. 28.5, neglecting the
effect of damper arrangement, by shifting the strength and stiffness eccentricity

Fig. 28.4 Diaphragm rotation versus damping eccentricity under Chi-Chi earthquake: (a) er ¼ 0,
es ¼ 0; (b) er ¼ � 0.24, es ¼ � 0.22

Fig. 28.5 Base shear versus damping eccentricity under Chi-Chi earthquake: (a) er ¼ 0, es ¼ 0; (b)
er ¼ � 0.24, es ¼ � 0.22
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towards the stiff edge of the structure, base shear decreases. Moreover, the optimal
damping eccentricity to achieve the most reduction in base shear occurs when
strength and stiffness eccentricities lie on the stiff side of the structure.

28.6.1 Effects of Rotational Component of the Earthquake

To examine the effect of including rotational components of the earthquake on the
structural performance of the studied structure, response parameters studied in the
previous section were calculated.

Figure 28.6 illustrates the displacement difference between stiff and flexible
edges under Northridge earthquake without including the rotational component of
the earthquake. As it is observed in Fig. 28.6a, in a symmetric structure which is
subjected only to translational components of the earthquake, optimal damping
eccentricity is equal to zero and by increasing the asymmetry towards the left edge
of the structure, it moves towards the flexible edge (Fig. 28.6b). This agrees well
with the results of previous studies (Goel 1998; Mansoori and Moghadam 2009).
According to the results, ignoring the rotational component can cause an error equal
to 97% and 350% in optimal damping eccentricity for er¼ � 0.05, es¼ � 0.05 and
er ¼ � 0.08, es ¼ � 0.05, respectively.

Figure 28.7 shows diaphragm rotation under Northridge earthquake without
including rotational components. In Fig. 28.7a (symmetric structure) optimal
damping eccentricity is zero, but by increasing the strength and stiffness eccentric-
ities towards the stiff edge of the structure, the optimum damping eccentricity
increases and shifts towards the flexible edge (Fig. 28.7b). Finally, the base shear
experienced under Northridge earthquake without including rotational components
is shown in Fig. 28.8. Results reveal that the optimal damping eccentricity lies at the
stiff edge no matter the rotational component of the earthquake is included or not.

Fig. 28.6 Maximum displacement difference between stiff and flexible edges versus damping
eccentricity under Northridge earthquake without including rotational components: (a) er ¼ 0,
es ¼ 0; (b) er ¼ � 0.24, es ¼ � 0.22
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28.7 Conclusions

In this research, seismic response of asymmetric structure, equipped with supple-
mentary dampers, subjected to earthquake excitation including rotational compo-
nents is studied.

Investigated response parameters include displacement difference between the
stiff and flexible edges, diaphragm rotation, and base shear. Results showed that by
increasing the asymmetry of the structure, optimal damping eccentricity should be
shifted towards the flexible edge to cause the most reduction in the displacement
difference between flexible and stiff edges. The same trend is observed for dia-
phragm rotation. That is, maximum diaphragm rotation occurs when the damping
eccentricity lies at the right (flexible) edge of the structure. But, for the base shear,
increasing the strength and stiffness eccentricity towards the stiff edge reduces base
shear and damping eccentricity should be increased towards the stiff edge to yield
maximum base shear reduction. Evaluating the same response parameters for the
structure under strong ground motion without rotational components indicate that an

Fig. 28.7 Diaphragm rotation versus damping eccentricity under Northridge earthquake without
including rotational components: (a) er ¼ 0, es ¼ 0; (b) er ¼ � 0.24, es ¼ � 0.22

Fig. 28.8 Base shear versus damping eccentricity under Northridge earthquake without including
rotational components: (a) er ¼ 0, es ¼ 0; (b) er ¼ � 0.24, es ¼ � 0.22
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error equal to 350% could be raised in determining the optimal damping eccentricity.
Similar to the previous case, wherein rotational components were included, by
increasing the strength and damping eccentricity towards the stiff edge of the
structure, the damping eccentricity shifted towards the flexible edge of the structure
to yield maximum reduction in the displacement difference between stiff and flexible
edges and diaphragm rotation.
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Chapter 29
Base Isolation as an Effective Tool for Plan
Irregularity Reduction

R. Volcev, N. Postolov, K. Todorov, and Lj. Lazarov

Abstract Irregularity in plan can significantly increase the vulnerability of struc-
tures exposed to strong earthquakes. Application of base isolation systems is one of
the possible solutions to avoid the negative effects from irregularity of structures in
plan. In order to investigate the advantages of the application of these systems, a
detailed evaluation of the behaviour of four five story reinforced concrete frame
structures was performed. All structures are rectangular in plan and are analysed as
fixed base and base isolated. The fixed base models differ between them according to
the degree of irregularity. Because base isolated models have a significantly lower
eccentricity between the centre of stiffness and the centre of masses, these models
are regular in plan. Total obtained displacements in base isolated models are higher,
but main part of them are concentrated at the level of the isolation system which
results with lower interstorey drifts and small floor rotations.

Keywords Eurocode 8 · Plan irregularity · Base isolation · Dynamic analysis

29.1 Introduction

Irregular distribution of strength, stiffness and mass in building plan, can lead to
coupling of torsional and translational oscillations, which in some cases may be
uncontrollable and potentially very dangerous. The application of systems for base
isolation is one of the possible solutions that can be used for reduction of these kind
of negative effects. Despite the large number of researches carried out in the field of
the application of base isolation systems for plan irregular structures in the last few
decades, research community have not reached a consensus on many topics in this
area. Summary of the most relevant findings on the torsional response of base
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isolated structures can be found in Tena-Colunga and Gómez-Soberón (2002), De
Stefano and Pintucchi (2008). The most common analysed parameters which have
an influence on the behaviour of the base isolated plan irregular structure are:
eccentricity of the mass and the stiffness of the superstructure, eccentricity of base
isolation system, type and stiffness of the system for isolation, location of isolation
interface, etc. Nagarajaiah et al. in two companion papers investigate a torsional
coupling in base-isolated structures with inelastic elastomeric isolation system,
(Nagarajaiah et al. 1993) and with sliding isolation system (Nagarajaiah et al.
1993a) due to bidirectional lateral ground motions. They examined the influence
that numerous system parameters have on the lateral torsional response of base
isolated structures, including the stiffness eccentricity in the superstructure and
eccentricity in the isolation system. It is shown that the application of base isolation
with elastomeric bearings significantly reduce the total response of the superstruc-
ture. Despite that, the torsional amplification, which mainly depend upon the
eccentricity in the isolation system and the superstructure and from the torsional
and lateral flexibility, can be significant. The nonlinear response of torsionally
coupled systems with base isolation exposed to random ground motions have been
studied by Jangid and Datta (1994). From the obtained results they concluded that
the superstructure eccentricity does not have a significant impact on the displace-
ment of the isolation system. They also concluded that the isolator eccentricity
reduces the effectiveness that it has on torsional deformation as well as at the
reduction of superstructure displacement. With use of nonlinear dynamic analyses,
the torsional response of base isolated structures which have isolation eccentricity
have been investigated by Tena-Colunga and Zambrana – Rojas (2004). Among
other relevant issues, they concluded that the torsional response has negative impli-
cation on the design of the isolation system. In general, with the increase of the
eccentricity, the amplification factors of the asymmetric system for the maximum
isolator displacement increases with respect to the symmetric system. Kilar and
Koren (2009) investigate the influence of distribution of base isolation system with
lead rubber bearings under asymmetric four storey RC frame building. From the
results obtained by the 3D nonlinear dynamic analyses can be concluded that all
considered dispositions of bearings, significantly reduce the adverse torsional
effects. Stiffness eccentricity of base isolators as well as mass eccentricity of a
superstructure have been investigated by Khoshnoudian and Imani Azad (2011).
From the presented results they concluded that the effects of near-fault ground
motions which are bidirectional would amplify torsional intensification in compar-
ison with the unidirectional ones in a bilinear base isolation system. The effects on
seismic response in relation of mass eccentricity on asymmetrical structures with
base isolation system composed by TCFP bearings and exposed to near field ground
motions have been investigated by Tajammolian et al. (2016). The obtained results
show that the mass eccentricities do not have a significant effect on the displacement
of the isolator. Opposite to the displacement, the torsional effects of mass eccentric-
ity increase the base shear and amplify the roof acceleration of the analysed models,
compared with the symmetric superstructure. It is also concluded the base shear
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impact is due to the eccentricity that the structure has in the direction of the
earthquake motion, while the roof acceleration and the isolator displacement have
mostly influenced by the eccentricity perpendicular to the earthquake path.

29.2 Criteria for Regularity in Plan

Most common reasons for the damage of plan irregular structures are the large
torsional effects that occur in the event of an earthquake. Therefore, in modern
seismic codes for designing of seismically resistant structures, irregularity has
implication in relation to seismic design, i.e. it is reflected on the mathematical
model of structure, the method of analysis, the intensity of the loads etc. In that
direction, the position and functionality of the building, the dimensions in plan and
elevation, the disposition of the bearing elements, the materials that would be used
during construction etc. are of great importance.

According to Eurocode 8 (CEN 2004), specific criteria should be met in order to
consider structure as regular. Some of these conditions are qualitative, and can be
checked in the preliminary design stage, but some of them, which are related to the
determination of torsional radius or eccentricity between the centre of stiffness and
centre of mass, are quantitative and need to be determined additionally. In order to
obtain satisfactory seismic behaviour, the mass and lateral stiffness at conventional
designed structures need to have approximately symmetrical distribution in plan
with respect to two orthogonal axes.

29.3 Principle of Base Isolation System

Base isolation is a technique for passive structural control that has been used for
protection of structures from the damaging effects of earthquake, Naeim and Kelly
(1999). Passive systems do not require any additional energy source to operate and
they are activated by the earthquake input motion only. The basic principle of base
isolation is to isolate the structure from the ground, in order to avoid damages and to
enable the structure to withstand severe earthquakes in elastic domain. The link
between the base ground and the superstructure is achieved by installing bearings
with certain characteristics (stiffness and damping), providing the reduction of the
inertial force, whereby it partially or wholly constrain the diffusion of seismic waves
through the body of the structure. The installation of isolators in building at base
level significantly increases the fundamental period of the structure, modifies the
shape of fundamental mode and increases the damping, which significantly reduces
the risk of damage to structural elements and leads to better seismic performance of
the building.
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29.4 Numerical Examples

29.4.1 Description of Analysed Structures

The analysed structures are spatial five storey RC structures with different level of
irregularity. All four structures are composed of 3 frames in direction X and 5 frames
in direction Y, all at distance of 5 m and storey height 3 m. The columns of the first
two stories are 50/50 cm and 45/45 cm on the above 3 stories. All beams have
dimensions 40/45 cm. The thickness of the slab is 15 cm. The first structure is
regular. In the other three structures, the column, at the middle axis of the first frame
in Y direction is replaced with a RC wall with dimensions 120/40_cm, 160/40 cm
and 200/40 cm respectively, Fig. 29.1.

In the mathematical models, all beams are modelled taking into account the slab
contribution. The dimensions of sections are determined in reference with Eurocode
2. Width of flange of external beams is 110 cm, while for internal beams it is 180 cm.
The structures are loaded with uniform distributed loads which are applied on the
beam elements. The value of the permanent load at the top of the structures is
14 kN/m on internal beams and 10 kN/m on external beams and at the other stories
26 kN/m and 17 kN/m respectively. All the stories are loaded with live load of
5 kN/m on internal beams and 2.5 kN/m on external beams.

The elastomeric bearings that are used for the base isolated structures are made by
the Italian company FIP Industriale. Total horizontal effective stiffness of the
isolation system is determined from the requirement that the period of base isolated
structure should surpass 3 times the period of the superstructure. The fundamental
periods of vibration for analysed structures are in range of 0.64 s–0.67 s. This values
are obtained for models of structures in which cracking of elements is included,
i.e. determined bending and shear stiffness is 50% from the stiffness of sections
without cracks, in accordance with recommendations of Eurocode 8.

a) Regular
model

b) Model with 
RC wall 120/40

c) Model with 
RC wall 160/40

d) Model with
RC wall 200/40

Fig. 29.1 Mathematical models. (a) Regular model, (b) Model with RC wall 120/40. (c) Model
with RC wall 160/40. (d) Model with RC wall 200/40
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Keff ¼ 2πð Þ2 �M
T2
eff

¼ 2πð Þ2 � 1109:6
2� 2:5ð Þ2 ¼ 7001:7� 10940:2ð ÞkN=m ð29:1Þ

In case of installation of one isolator below each column, required effective
stiffness of one isolator will be 470–730 kN/m. In compliance with the required
stiffness, isolator type SI-N 350/125, with effective secant stiffness Keff ¼ 620kN/m
and maximal horizontal displacement of 250 mm was selected.

Teff ¼ 2π

ffiffiffiffiffiffiffiffi

M
Keff

r

¼ 2π

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

1109:6
15 � 620

r

¼ 2:17s: ð29:2Þ

All analysed structures satisfy the requirement 3Tf < Teff < 3 s. Selected isolator is
with diameter 350 mm, height 213 mm, total thickness of elastomer 125 mm, weight
1.35 kN and vertical stiffness 480,000 kN/m. Maximal shear force that isolator can
bear is 155 kN.

29.4.2 Irregularity in Plan

As the four analysed structures have ideal symmetry of lateral stiffness and mass
distribution with respect to X axis, the structures are analysed for seismic action in Y
direction and the provisions for verifying the regularity in plan are considered with
respect to Y axis. For the regular structure the centre of mass corresponds with the
centre of stiffness. The eccentricity between centre of stiffness and centre of mass,
for fixed and base isolated models, at all storey levels are presented in Fig. 29.2.

Fig. 29.2 Eccentricity of CS in relation to CM per floors
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From the presented results it is noticed that as the length of RC wall increases the
eccentricity between the center of stiffness and center of mass is also increasing. For
fixed models, the eccentricity is in range of 1.40–2.67 m and from 2.72 m to 5.52 m
for the model with length of the RC wall 120 cm and 200.cm, respectively.
Whereupon, the eccentricity has highest value at the first storey and it decreases as
going in height. At the base isolated models, the eccentricities are lower up to
25 times in relation to the fixed models.

The four analysed structures are rectangular in plan, with dimensions
B/L ¼ 10 m/20 m, the storey masses are equally distributed, and the radius of
gyration of the storey masses, used also for verifying the regularity in plan, can be
calculated as:

ls ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

L2 þ B2

12

r

¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

202 þ 102

12

r

¼ 6:46m ð29:3Þ

The condition that controls the slenderness of the building in plan(λ¼ Lmax/Lmin� 4)
is satisfied, where Lmax and Lmin are respectively the larger and the smaller in plan
dimension of the building, measured in orthogonal directions.

The necessary results for verification of the remaining two conditions are
presented in Table 29.1. From the results it can be noticed that the condition
where the torsional radius must be higher than the radius of gyration of the storey
masses, is satisfied for all of the analysed models, fixed and base isolated, at every
storey level.

The structures with RC wall, for the fixed base models, do not comply the
condition which control the ratio between the eccentricity and 30% of the torsional
radius. Therefore, these buildings are classified as irregular in plan. This type of
irregularity occurs due to unsymmetrical distribution of the lateral stiffness in plan,
which depend on the dimensions of the RC wall. For the structure with RC wall
120/40 cm this condition is not satisfied only at the first storey, where the largest
eccentricity occurs. For the structure with RC wall 160/40 cm the condition is not
satisfied for the first three stories. The structure with RC wall 200/40 cm does not
comply this condition at any storey level. The stiffness of the isolation system, for
base isolated models, has large impact on the eccentricity in plan. The largest
reduction of the eccentricity occurs at the first story, for the structure with highest
degree of irregularity in plan and is round 25 times and the smallest reduction is
round 6 times, at the highest storey of the structure with lowest degree of irregularity
in plan.

From the presented results in Table 29.1 it can be noted that all models with base
isolation comply the condition eox,i < 0.3�rx,i at all levels of the structures, so they are
described as regular in plan. For assumption of linear increasing, the base isolated
models will reach up the regularity limit for approximate length of RC wall of
1750 cm, which cannot be fulfilled for this type of structure, because the dimension
of the structure in plan in that direction is 1000 cm. This is indicator of the
advantages of the base isolated structures in case of regularity in plan.
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29.4.3 Seismic Action

Response of structures is determined with application of dynamic time history
analysis, whereupon 3 input motions from previous earthquakes (Imperial Valley –

El Centro 1940, Chi – Chi Taiwan 06 – CHY028 1999, Victoria Mexico – Chihua-
hua 1980) are used.

In order to satisfy the Eurocode 8 requirements for ground motion selection,
original registrations of selected earthquakes are scaled by amplitudes and fre-
quency. Target spectral ordinates are determined for spectrum Type 1, soil class C,
and peak ground accelerations of 0.24 g. Original acceleration spectra and spectra
obtained from scaled input motion, as well as the acceleration time history are
presented in Fig. 29.3. Base isolated structures was analysed for three levels of
seismic hazard, which corresponding to PGA of 0.12 g, 0.24 g and 0.36 g. All
analysed structures are exposed to seismic action only in one direction, perpendic-
ular to eccentricity.

29.4.4 Comparison of Results

In this section the most important results obtained from performed analysis are
presented. The range of stories displacements for fixed and base isolated models
of the structures are given at Fig. 29.4. From the graphs it can be noticed that the
maximal displacement at the top of the structures occur for the base isolated models.
Displacements of base isolated regular structure are larger for 9.2 cm, i.e. 65%, and
in structure with RC wall 200/40 the variation is 3 cm, i.e. 14%. With increasing of
degree of irregularity, the maximal displacements at fixed models are also increas-
ing, while for the base isolated models this increase is insignificant.

Fig. 29.3 Elastic4 spectrum and ground motion acceleration time history
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In contrast to total displacements, interstorey drifts for the base isolated structures
are significantly less than those obtained for fixed base structures. This leads to
significantly lower risk of damages of structural and non-structural elements.

At Fig. 29.5 the distribution of interstorey drifts for fixed base and base isolated
models obtained for PGA 0.12 g and 0.24 g are presented. Increasing the level of
irregularity results with the increasing of interstorey drifts, which are extreme at the
flexible side of the structure. Maximal interstorey drifts obtained for PGA of 0.24 g
is equal to 5.57 cm and occurs at the third storey for the fixed base model with RC
wall 200/40 cm. This maximal interstorey drift is almost two and a half times greater

Fig. 29.4 Range of displacements along the height

Fig. 29.5 Interstorey drifts
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compared to the maximal interstorey drift of the respective base isolated structure.
Maximal interstorey drifts of the base isolated structure occur at the first storey and
are equal to 2.27 cm. For all structures the maximal values are obtained from analysis
with Victoria Mexico input motion, except at regular fixed base structure where
maximal interstorey drifts are obtained from Chi Chi Taiwan input motion.

The figures below present the displacements in plan obtained from the analysis of
three input motions for PGA 0.24 g. The presented displacements in plan are at the
highest storey of the four analysed structures, for fixed and base isolated models.
There are 6 representative cases of response that are observed: minimal and maximal
displacement of the highest storey for the left edge of the structure, minimal and
maximal displacement of the highest storey for the right edge of the structure and
minimal and maximal rotation of the highest storey of the structure in plan
(Fig. 29.6).

Because of the symmetry in plan in both direction of the structure and the seismic
action in one direction, the regular structure has translational movement only. For the
other structures due to the eccentricity between the centre of stiffness and centre of
mass, rotation of floor occurs. From the graphs it can be noticed that extreme
displacement of the left or right edge of the structure are not always in the phase
with the moment when the extreme rotations occurred. Maximal displacements
appear from the input ground motion of Victoria Mexico while minimal are obtained
from El Centro ground motion. It can be noticed that the displacement on the left
edge of the structure, where the RC wall is placed, for fixed based models, are
decreasing as the degree of irregularity in plan increases. This leads to increasing of
storey rotation, and amplification of torsional effects. From the graphs of the base
isolated models it can be noticed that although the absolute displacements of the two
edges are increasing, the difference between them is irrelevant, and the rotation of
the analysed storey is negligible compare with the same obtained from the fixed
model. The minimal and maximal rotation for fixed models almost correspond with
the maximal displacement of the right edge of the structure, while at base isolated
models maximal rotations are occurring for displacements lower than the maximal.

At Fig. 29.7 the time histories of rotations at first and fifth floor obtained for the
structure with RC wall 200/40 cm are presented. For both models, fixed and base
isolated, the larger rotation occurs at the top storey. At fixed base structure the
maximal rotations at the top storey are 4–5 times larger compared to the base
isolated. At the level of first storey, for the structure with RC wall 200/40 cm, the
maximal rotations of both models are almost equal.

Hysteresis loops (lateral force – horizontal displacement) for isolators at the left
and right edge of the structure obtained for the structure with RC wall 200/40 from
performed non-linear dynamic analysis of Victoria Mexico input motion are
presented in Fig. 29.8. The maximal initiated force in isolators for PGA 0.36 g is
in range of 155–180 kN, whereof the maximal horizontal displacements are in range
of 25.37–29.67 cm. Independent of the level of irregularity of the analysed structures
and the level of seismic hazard, the isolators from the left and from the right edge of
the structure behave pretty uniformly for all conducted analyses.
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29.5 Conclusions

By increasing the length of the RC wall, the eccentricity between the centre of
stiffness and the centre of the mass increases. The eccentricity of base isolated
structures is up to 25 times smaller compared to the corresponding fixed base
ones, which is due to the position and influence of centre of stiffness of the isolation

Fig. 29.6 Displacements in plan on Vth
floor
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system. Although the total displacement of base isolated models is higher,
interstorey drifts for the base isolated structures are significantly smaller compared
to those obtained for fixed base structures. With increasing the degree of eccentricity
the displacements at fixed base models significantly increase, while at the base
isolated structures they are negligible. Base isolated structures have lower floor
rotations comparing with the corresponding fixed base ones. The largest differences
are noticed at the upper floors. Low rotations are mainly due to uniformly work of

Fig. 29.7 History of rotation of Vth and Ist floor for the structure with RC wall 200/40

Fig. 29.8 Hysteresis diagrams for isolators from the left and right edge of the model with RC wall
200/40
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base isolation system. These advantages are indicators for the effectiveness of the
base isolation system in relation to regularity, as well as to significantly lower risk of
damages of structural and non-structural elements.
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Chapter 30
Study on Polymer Elements for Mitigation
of Earthquake-Induced Pounding Between
Buildings in Complex Arrangements

Barbara Sołtysik, Tomasz Falborski, and Robert Jankowski

Abstract Pounding between neighboring structures during seismic events has been
revealed as one of the most commonly observed reasons for severe damage or even
total collapse of the adjacent buildings. Therefore, pounding effects have recently
become an issue of great interest of many numerical and experimental investigations
in many earthquake-prone regions of the world. It has also been observed that the
differences in dynamic characteristics is the key reason leading to interaction
between colliding, insufficiently separated structures. The problem is much more
complicated for complex arrangements of structures, for example, in the case of
collisions between few structures in a row. A lot of different approaches have been
considered to mitigate earthquake-induced structural pounding. One method is based
on placing between the structures some viscoelastic elements acting as bumpers.
Another one is stiff linking the structures. It allows the forces to be transmitted
between buildings and thus eliminate undesired interactions. The aim of this paper is
to present the results of experimental research focused on mitigation of pounding
between buildings in complex arrangements by using polymer elements installed
between structures. In the present study, three steel models characterized by various
dynamic properties and different in-between distances were investigated. Additional
masses were mounted at the top of each model in order to obtain different dynamic
characteristics. The unidirectional shaking table, available at the Gdansk University
of Technology (Poland), was employed to conduct this study. Experimental models
were mounted to shaking table platform. The results of the study explicitly show that
the approach of using polymer elements can be an effective pounding mitigation
technique in the case of complex arrangement of buildings. It may partially or fully
prevent from damaging collisions between adjacent buildings during seismic events.
It also enhances the dynamic response leading to the reduction in lateral vibrations
under different strong ground excitations.
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Keywords Earthquake-induced pounding · Shaking table investigation · Seismic
response · Irregular structures

30.1 Introduction

Due to lack of space and high cost of land in a number of urban areas, designers are
forced to take into account a need to build closely-separated structures. That
situation may lead to the problem of pounding between neighboring structures as
an effect of earthquake excitation. The safety and reliability of steel structures under
seismic load is one of the aims during the design process. Meanwhile, earthquake-
induced structural pounding may cause some local damage at the points of interac-
tions, it may also lead to substantial destruction, permanent deformations or total
collapse of colliding structures (see Kasai and Maison 1997). For example, the 1971
San Fernando earthquake resulted in pounding between the main building of the
Olive View Hospital and one of its independent stairway towers. It resulted in its
permanent tilting (see Bertero and Collins 1973). The observations and findings
made after the 1985 Mexico earthquake reveal that one of the main reasons of
damage was related to the pounding effects between the buildings (see Rosenblueth
and Meli 1986). A massive pounding damage of school buildings was also noticed
after the 1999 Athens earthquake (see Vasiliadis and Elenas 2002).

A major reason leading to pounding between adjacent buildings results from the
differences in their dynamic characteristics (see Maison and Kasai 1992; Naderpour
et al. 2016; Elwardany et al. 2017). The difference in the natural vibration periods of
the structures leads to their out-of-phase vibrations (see Karayannis and Favvata
2005; Jankowski and Mahmoud 2015). Also, the propagation of seismic wave may
result in various seismic inputs leading to interactions between decks of bridge
structures (see Jankowski 2015).

The effects of structural pounding during seismic excitations have been studied
for more than two decades now (see, for example, Anagnostopoulos 1988; Maison
and Kasai 1990; Anagnostopoulos and Spiliopoulos 1992; Jankowski 2005; Favvata
et al. 2009; Polycarpou et al. 2014; Jankowski and Mahmoud 2016). However, most
of the studies have concerned masonry as well as reinforced concrete structures and
investigations on steel structures are very limited (see Sołtysik and Jankowski 2013,
2016a, b). Meanwhile, increased displacements observed in steel structures during
ground motions due to their flexibility and low damping properties make them more
vulnerable to collisions. The aim of the present paper is to show the results of
experimental investigation concerning earthquake-induced pounding between
models of steel structures in a row. The analysis was focused on mitigation of
pounding between structures in such a complex arrangement by using polymer
bumpers.
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30.2 Experimental Investigation

30.2.1 Experimental Setup

In order to conduct the experimental study, three models of steel structures (each
1000 mm high) with different dynamic parameters were prepared. They were
constructed out of four steel columns made from rectangular box section
15 � 15 � 1.5 mm with spacing of 480 mm in the longitudinal direction (load
direction) and 571 mm in the transverse one. Additional steel skew bracings of the
same cross section were used to prevent transverse and torsional vibrations. To
obtain different dynamic characteristics of the models, additional weight (concrete
plates with mass of 42.2 kg) was added at the top of each tower. In the experiment,
complex configuration of the towers, in which two concrete plates were mounted on
the external structures and only one plate at the top of the middle tower, was
investigated (Fig. 30.1a). The study was conducted using the middle-sized
one-directional shaking table located at the Faculty of Civil and Environmental
Engineering, Gdansk University of Technology, Poland (Fig. 30.1b, c). The device
is equipped with a platform (dimensions 2000 � 2000 mm) which allows us to test
the structural models with a maximum weight of 1000 kg. The platform is connected
to the linear actuator which may induce arbitrary movement with a maximum
acceleration of 10 m/s2 and a maximum strength of 44.5 kN. The following
equipment for the measurements was used:

• four accelerometers with a mechanical restriction frequency of 4 kHz (three of the
sensors were located at the top of each tower and one was placed on the shaking
table platform),

• eight-channel amplifier with low pass filter of 100 Hz,
• analogue-digital card to record the measurements.

30.2.2 Free Vibration Test

In the first stage of the study, the free vibration tests were conducted so as to
determine the basic dynamic properties of the models of steel structures. Based on
the results of free vibration tests, the values of the natural frequencies for all steel
towers were identified (see Table 30.1). It can be seen from the table that the
obtained frequency values are within the range of frequencies typical for small
steel buildings, what somehow validates the experimental models and, based on
the experimental results, allows us to draw more general conclusions concerning real
steel structures.
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a)

b) c)

Fig. 30.1 Experimental setup – different views: (a) front view, (b) side view, (c) oblique view
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30.2.3 Seismic Test

After conducting the free vibration tests, the steel towers in a row with different
in-between gap sizes were tested under the following earthquakes:

• Northridge (17.01.1994, 75% of the nominal amplitude of the EW component,
PGA ¼ 6.50 m/s2),

• San Fernando (09.02.1971, 25% of the nominal amplitude of the N74�E compo-
nent, PGA ¼ 2.85 m/s2).

It should be underlined that the earthquake records were scaled down so as to
prevent damage to analyzed models of steel structures.

Firstly, the structural response of each tower under earthquake excitation was
measured for the in-between gap size equal to 20 mm. After this test, the influence of
additional polymer elements with thickness t1¼ 20 mmmounted between the towers
with distance 40 mm, was studied (see Fig. 30.2). Polymer mass with high damping
properties (especially designed flexible elastoplastic two-component grout based on
polyurethane resin – see Falborski and Jankowski 2017, 2018) was used for such
bumper elements. The examples of the results of the experimental study, for the
Northridge and the San Fernando earthquakes, are presented in this paper. The peak
values of the structural response acceleration are summarised in Table 30.2. Exem-
plary acceleration time histories for the Northridge earthquake are also shown in
Figs. 30.3, 30.4 and 30.5.

The results of the experimental study clearly confirm the influence of pounding
on the response of models of steel structures exposed to ground motions. Moreover it
can be seen from Table 30.2, that using polymer elements between structures, which
play a role of a bumper, leads to a significant reduction in the dynamic response. For
example, in the case of steel tower no 1 under the Northridge earthquake, the use of
20 mm thick polymer elements results in the decrease in the peak value of acceler-
ation from 155.810 m/s2 to 5.809 m/s2 (decrease by 96.27%). Similar results are also
visible for tower no 2 and tower no 3. For both analysed ground motions, the
reduction in peak values of acceleration is between 93.3% and 96.3%.

Table 30.1 Natural
frequencies for free vibration
modes (Hz)

Natural frequency (Hz)

Tower no 1 1.825

Tower no 2 3.257

Tower no 3 1.792
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a) b)

c)

Fig. 30.2 Experimental model with polymer elements with thickness of 20 mm: (a) front view,
(b) side view, (c) oblique view
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Table 30.2 Peak values of acceleration for three towers without polymer elements and with
polymer elements with thickness t1 ¼ 20 mm (gap size 20 mm)

Tower no

Peak values of acceleration (m/s2)

Without polymer
elements

With polymer elements
20 mm Difference (%)

Northridge earthquake – 17.01.1994 (PGA ¼ 6.50 m/s2)

Tower no 1 155.810 5.809 Reduction by
96.27%

Tower no 2 355.001 13.866 Reduction by
96.09%

Tower no 3 105.957 6.179 Reduction by
94.17%

San Fernando earthquake – 09.02.1971 (PGA ¼ 2.85 m/s2)

Tower no 1 72.350 4.631 Reduction by
93.60%

Tower no 2 150.551 10.100 Reduction by
93.29%

Tower no 3 111.751 5.705 Reduction by
94.89%
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Fig. 30.3 Acceleration time history for Tower no 1 under the Northridge earthquake: (a) without
polymer elements; (b) with polymer elements

30 Study on Polymer Elements for Mitigation of Earthquake-Induced. . . 397



8 10 12 14 16 18 20

-200

-100

0

100

200

300

400

Time [s]

A
cc

el
er

at
io

n 
[m

/s
2]

Northridge (1994) Tower no. 2
without polymer elements

a)

8 10 12 14 16 18 20
-70
-60
-50
-40
-30
-20
-10

0
10
20

Time [s]

A
cc

el
er

at
io

n 
[m

/s
2]

Northridge (1994) Tower no. 2
with polymer elements

b)

Fig. 30.4 Acceleration time history for Tower no 2 under the Northridge earthquake: (a) without
polymer elements; (b) with polymer elements

398 B. Sołtysik et al.



30.3 Summary

The results of the shaking table experimental study focused on earthquake-induced
pounding between models of three steel structures with different dynamic parame-
ters have been presented in this paper.

The results of the study clearly indicate that pounding may have a significant
influence of the response of colliding structures under ground motions. The results
also show that the method of using polymer elements can be an effective pounding
mitigation technique in the case of complex arrangement of buildings. It allows us to
prevent damaging collisions between adjacent structures during earthquakes. It also
improves the structural behaviour leading to the reduction in vibrations under
different seismic excitations.
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Chapter 31
Procedure of Non-linear Static Analysis
for Retrofitted Buildings Structures
Through Seismic Isolation

Gabriel Dănilă

Abstract Seismic response predictability of irregular buildings structures is a chal-
lenging task which engaged many studies. To improve the seismic performance of
irregular buildings structures, the base isolation method can be used. By positioning
the isolation system components, equilibrated, aside and the other of the mass centre
and due to the large flexibility of the isolation system in the horizontal direction, the
effect of irregularities is drastically diminished. The paper presents a nonlinear static
analysis procedure, applicable to existing buildings structures, retrofitted through
seismic isolation. There are performed nonlinear static analyses on a fixed base
plan structure, with elevation irregularity and an isolation system is proposed.
Based on the capacity curves (F-D curves), of the fixed base structure and of the
proposed isolation system, there is computed the F-D curve of the isolated building
structure. On the basis of the proposed non-linear static analysis procedure, there is
determined the performance point of the seismically isolated building structure.

Keywords Non-linear static analysis · Performance point · Elevation irregular
structure · Seismic isolation

31.1 Introduction

Among the non-linear analyses, the most popular one is the non-linear static
analysis. Based on this analysis there were developed procedures for seismic assess-
ment of the buildings structures (e.g. the N2 Method – provided in Eurocode
8 (CEN, Comité Européen de Normalisation 2004), the Capacity Spectrum Method
(CSM) – presented in ATC40 (ATC, Applied Technology Council 1996) and the
Coefficient Method (CM) – given in FEMA356 (FEMA, Federal Emergency Man-
agement Agency 2000)). The major advantage of the non-linear static procedures
(NSPs) is their simplicity. In the case of irregular structures, this simplicity is
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becoming “inaccuracy”. When using the NSPs for seismically isolated buildings,
this “inaccuracy” is drastically diminished due to the isolation system. In the paper it
is presented a nonlinear static analysis procedure, applicable to existing buildings
structures, retrofitted through seismic isolation. There are performed nonlinear static
analyses on a fixed base plan structure, with elevation irregularity. On the basis of
the proposed non-linear static analysis procedure, there is determined the perfor-
mance point of the seismically isolated building structure.

31.2 Description of the Proposed NSP

The NSP, involves prior determination of the capacity curve (force-displacement
curve) on the fixed base building structure. The following sequence of steps is
considered:

• It is determined the capacity curve (Fb�Ds_fb
top) on the fixed base building

structure;
• An isolated system is proposed and the force-displacement curve of the isolation

system is established;
• Knowing the F-D curve of the isolation system and the base shear force, it can be

computed the displacement of the isolation system Dis, corresponding to each
point in the capacity curve;

• Compute the top displacements Ds_is
top, of the seismically isolated building,

using the relation:

Dtop
sis ¼ Dtop

sfb þ Dis ð31:1Þ

Equation (31.1) considers that the total displacement of the isolated building
structure is composed of the displacement of the fixed base building structure and
the displacement of the isolation system.

• Draw the capacity curve (Fb�Ds_is
top) of the seismically isolated building

structure;
• Convert the capacity curve (Fb�Ds_is

top) of the seismically isolated building
structure into a spectral capacity curve (Sa�Sd). The seismically isolated building
is considered a single degree of freedom system, without additional convertions.

• Draw the elastic response spectrum, corresponding to the damping with which is
creditated the isolated system;

• Overlap the spectral capacity curve to the elastic response spectrum;
• The intersection of the spectral capacity curve with the elastic response spectrum,

represents the initial performance point of the isolated structure;
• Assess the effective damping, introduced by the isolation system and by the

building structure, corresponding to the initial performance point using the
following formula:
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ξsis ¼ 1
4π

� Eis
D

Es
S þ Eis

S

ð31:2Þ

where: ED
is is the energy dissipated by the isolation system; ES

s is the elastic
strain energy of the building structure and ES

is is the elastic strain energy of the
isolation system.

Because the dissipation of the seismic energy is made mainly through the
isolation system the hysteretic loop is not affected by any coefficient that takes
into account the structural behavior.

• Change the elastic response spectrum according to the effective damping, com-
puted in the previous step;

• The intersection of the spectral capacity curve with the modified elastic response
spectrum, represents the performance point of the isolated building structure.

In computing the performance point no further iterations are needed if the
damping ratio falls within 5% of the initial (assumed) damping ratio.

• Draw a radial line from the origin to the performance point. The radial line is the
vibration period of the isolated building structure;

In order to apply the procedure, the first vibration period of the seismically
isolated building structure must be greater than three times the first vibration period
of the fixed base building structure (Tis � 3Tfb). This assumption is made to obtain a
“rigid solid” behavior of the isolated building during the seismic action.

31.3 Case Study

31.3.1 Description of the Analysed Building Structure

The building structure is a plan frame with three spans of 5 m and nine stories. The
ground floor has 4 m height and the stories 1...8 have 3.2 m height. At the 4th storey
is presented a drawback, resulting an elevation irregularity. The beams are made of T
section, with the web thickness of 30 cm and the cross-sectional height of 60 cm. The
columns are made of square cross-section with the edge of 70 cm. Under each
column is placed a high damping rubber bearing (Fig. 31.1).

The reinforcement for the structural elements was computed using STAS
10107–0/90 design code which conducted to the following reinforcement ratios of
the longitudinal reinforcement:

• Beams:

– isolation plane, ground floor, story 1 and story 2: 1.37% for the top reinforce-
ment and 0.73% for the bottom reinforcement.

– story 3, story 4 and story 5: 1.14% for the top reinforcement and 0.73% for the
bottom reinforcement.
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– story 6, story 7 and story 8: 0.70% for the top reinforcement and 0.47% for the
bottom reinforcement.

• Columns: 0.53% for all the columns

31.3.2 Bearing’s Preliminary Design

The preliminary design of the isolation system was carried out, considering the
structure a single degree of freedom system. The building structure was isolated to
the vibration period of Tis ¼ 3.4 s, using high damping rubber bearings (HDRB).
The damping provided by the isolation system was considered ξef ¼ 20%.

The effective stiffness of one bearing kef, is determined with the Eq. (31.3).

kef ¼ 2π
Tis

� �2

� GSC

nb � g ¼ 2π
3:4

� �2

� 10802:5
4 � 9:81 ¼ 940:5

kN
m

ð31:3Þ

Fig. 31.1 The analysed
building structure
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Where: GSC is the total weight of the building in the special combination of loads; nb
is the number of the bearings and g is the ground acceleration.

The displacement demand of the isolation systems, ddc, to the design earthquake
was determined using Eq. (31.4) (ATC, Applied Technology Council 1996;
Universitatea Tehnică de Construcții București 2006).

DD ¼ Tis

2π

� �2

� adg � β Tisð Þ � η ¼ 3:4
2π

� �2

� 0:24 � 9:81 � 0:761 � 0:632
¼ 0:332m ð31:4Þ

Where: ag
d is the ground acceleration corresponding to the design earthquake; β(Tis)

is the normalized spectral ordinate, corresponding to the vibration period, Tis and η is
the damping correction factor.

31.3.3 The Seismic Action

The seismic action is described by one recorded accelerogram, corresponding to the
N-S component of the March 4, 1977 earthquake and six artificial accelerograms,
compatible with the design spectrum for Bucharest. In Fig. 31.2 there are shown the
elastic response spectra in Sa�Sd format, corresponding to the seven accelerograms.
The response spectra were plotted taking into account the damping ξef ¼ 20%.

31.3.4 Performance Point Determination

The non-linear static analyses were performed using the SeismoStruct v6.0
(SeismoStruct [computer software] 2012) computer program, using the mean values
of the materials strengths. Due to the elevation irregularity, there ware made non-
linear static analysis on both negative and positive directions of the fixed base
building structure.

The nonlinear behavior of the structural elements was taken into account using a
distributed plasticity model (fiber model). The yielding of the longitudinal reinforce-
ment was considered for specific deformations ε � 1.93‰, the concrete cover
spalling was considered at specific deformations εb �3.5‰, crushing of concreted
concrete was considered for specific deformations εb � 8‰, and the failure of the
longitudinal reinforcements was considered to specific deformations εa �10%.

The force – displacement curve of HDRBs was established taking into account a
three-linear behavior model, with the increase of the post-elastic stiffness at shear
deformations greater than 170%. This increase in stiffness of the HDRBs occurs at
shear deformations in between 150% and 200%, due to the rubber crystallization
process, which is accompanied by an increase in the dissipated energy (Fig. 31.3).
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In Table 31.1 there are given the parameters for defining the nonlinear model of
the HDRBs used for seismic isolation of the analyzed building structure.

Fig. 31.2 The elastic response spectra

Fig. 31.3 The force-displacement curve of the isolation system
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After computing the top displacements Ds_is
top, for the seismically isolated

building, there was plotted the capacity curve (Fb�Ds_is
top) of the seismically

isolated building structure and converted into a spectral capacity curve (Sa�Sd).
The spectral capacity curve of the seismically isolated building structure was

overlap to the mean elastic response spectrum. The performance point was deter-
mined by an iterative process, so that the decrease of the mean response spectra
reflects the damping introduced by the seismically isolated building structure.

In Fig. 31.4 it is shown the procedure of computing the performance point of the
seismically isolated building structure, for the lateral load acting in the positive
x-direction. The mean response spectrum was reduced with the following damping
ratio (Naiem and Kelly 1997):

ξxpsis ¼
1
4π

� Eis
D

Es
S þ Eis

S

¼ 19:4% ð31:5Þ

Where: ED
is is the energy dissipated by the isolation system; ES

s is the elastic strain
energy of the building structure and ES

is is the elastic strain energy of the isolation
system.

Table 31.1 Modelling
parameters of HDRBs

ke kp Dy DD

[kN/m] [kN/m] [m] [m]

3895 612.2 0.0332 0.332

Fig. 31.4 The performance point for the lateral load acting in the positive x-direction
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The performance point shows a quasi-elastic behavior of the analysed building
structure. Because of the quasi-elastic behavior of the building structure, it can be
considered that the energy is dissipaded mainly through the isolation system.

In Fig. 31.5 it is shown the procedure of computing the performance point of the
seismically isolated building structure, for the lateral load acting in the negative
x-direction.

Also, for negative x-direction, the performance point shows a quasi-elastic
behavior of the analysed building structure. Because of the quasi-elastic behavior
of the building structure, it can be considered that the energy is dissipaded mainly
through the isolation system. The mean response spectrum was reduced with the
following damping ratio (Naiem and Kelly 1997):

ξxnsis ¼
1
4π

� Eis
D

Es
S þ Eis

S

¼ 20:1% ð31:6Þ

31.4 Conclusions

In this paper, a non-linear static procedure was proposed. The procedure is applica-
ble to existing buildings structures, retrofitted through seismic isolation. Based on
this NSP it was analysed an irregular building structure. The performance point was

Fig. 31.5 The performance point for the lateral load acting in the negative x-direction
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computed for both x-positive and x-negative directions, to account the effect of
elevation irregularity. Due to the large flexibility of the isolation system in the
horizontal direction, the effect of irregularity is negligible. The base isolation method
can be used to improve the seismic performance of irregular buildings structures.
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Chapter 32
Observations of Damage to Uto City Hall
Suffered in the 2016 Kumamoto
Earthquake

K. Fujii, T. Yoshida, T. Nishimura, and T. Furuta

Abstract The main building of Uto City Hall was constructed in 1965 and severely
damaged in the 2016 Kumamoto Earthquake. In the present article, the damage
observed is described and discussed. First, observations of damage to the outside of
the building are described. Based on the first damage observation, a damage
surveillance mission using a mobile rescue robot was planned and carried out.
From these observations, it can be concluded that most of the structural damage in
the main building was concentrated on the fourth and fifth stories. Some of the
columns on the fourth floor had lost the axial strength capacity to sustain vertical
loads.

Keywords 2016Kumamoto Earthquake · Damage observation · Mobile rescue robot

32.1 Introduction

On 14 April 2016, a large earthquake hit Kumamoto Prefecture, Japan. Two days
later, another large earthquake occurred, mainly affecting Kumamoto and Oita
prefectures. During the second earthquake, Uto City Hall was severely damaged.
The main building of Uto City Hall is a five-story reinforced concrete building
constructed in 1965. Although external observations were possible, it was too
dangerous to enter the main building because of the possibility of total collapse
due to aftershocks. To understand the behavior of this building during sequential
seismic events, a damage observation of the whole building including interior
damage is essential.
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In this paper, the damage to the main building of Uto City Hall is described and
discussed. Observations of the damage caused by the earthquake to the outside of the
building are described. Then, the results of a damage surveillance mission using a
mobile rescue robot are described.

32.2 Basic Information

32.2.1 Epicenter of the 2016 Kumamoto Earthquake

Figure 32.1 shows the epicenters of earthquakes that occurred on 14 and 16 April
2016, with magnitudes of M6.5 and M7.3, respectively, according to the Japan
Meteorological Agency (JMA) (Japan Meteorological Agency 2016). Table 32.1
shows the basic information of the epicenters for both earthquakes.

The maximum seismic intensity (according to the JMA) of both earthquakes
was 7, as recorded in Mashiki, Kumamoto Prefecture. The seismic intensity recorded
at Uto, Kumamoto Prefecture was 5.5 on 14 April and 6.2 on 16 April.

Fig. 32.1 Epicenters of earthquakes on 14 and 16 April 2016

Table 32.1 Basic information on the epicenters (Japan Meteorological Agency)

Event Date Latitude Longitude Depth Magnitude

4/14 Earthquake 2016/04/14 21:26:34 32�44.50N 130�48.50E 11 km M6.5

4/16 Earthquake 2016/04/16 01:25:05 32�45.20N 130�45.70E 12 km M7.3
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32.2.2 Uto City Hall

Figure 32.2 shows an aerial photograph of Uto City Hall. The main building, which
suffered the most severe damage during these earthquakes, is a five-story reinforced
concrete building. There are several other municipal office buildings on this site.
There is also a strong-motion seismograph network (K-NET) station, which is
monitored by the National Research Institute for Earth Science and Disaster
Resilience.

The construction of the main building was completed in May 1965. The seismic
capacity of this building was evaluated in 2003 according to the Guideline for
Seismic Capacity Evaluation of Existing Reinforced Buildings (The Japan Building
Disaster Prevention Association 2001a). The evaluation results showed that the
seismic capacity of this building was insufficient, so it was recommended that the
building be rebuilt. When the building was surveyed on the morning of 29 April,
access to the area inside the red dotted line shown in Fig. 32.2 was restricted.

Table 32.2 shows the peak acceleration of three components of both earthquakes,
recorded at K-NET Uto station (Strong-motion Seismograph Network 2016).

Fig. 32.2 Aerial photograph at Uto City Hall. (From https://www.google.co.jp/maps/@32.
6873102,130.658548,154m/data¼!3m1!1e3) [Accessed at July 1, 2017]
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32.3 Building Damage

In this section, observations of the damage to the outside of the building caused by
the earthquake are described.

32.3.1 Overview

Figure 32.3 shows photographs of the main building and the locations from which
each photograph was taken. As shown in Fig. 32.3a, b and c, the main building is
severely damaged on the south and west sides, especially on the third through fifth
stories; the fourth story is partially collapsed. Most vertical concrete panels on the
south and west side balconies collapsed. The north and east side could not be clearly
observed from outside the restricted area owing to other buildings obstructing the
view (Fig. 32.3d, e, and f). No severe damage to the other buildings on this site was
observed.

32.3.2 Damage to the Main Building

In this section, the damage to the south, west and north elevations are described in
detail. Figures 32.4 through 32.5 and 32.6 show the simplified elevations and
photographs of each elevation. The observed damage is described below.

South Elevation (Fig. 32.4): At the top of a fifth-story column, large flexural
cracks are observed, and the aluminum window frames were deformed vertically
(Fig. 32.4a). In the “+”-shaped beam–column joints at the top of the fourth story
(Fig. 32.4b) and the third story (Fig. 32.4c), the fallings of the cover concrete were
observed.

West Elevation (Fig. 32.5): At the top of the west-side corner column on the fifth
story (Fig. 32.5a), some larger flexural cracks at corner were observed. In addition,
there were large vertical openings and cracks observed near the “T”-shaped beam–

column joint. The fourth story had partially collapsed (Fig. 32.5b), and beams on the
fifth floor were inclined (Fig. 32.5c). The middle column on the fourth story was

Table 32.2 Peak accelerations of both earthquakes at K-NET Uto Station

Epicentral distance

Peak acceleration (m/s2)

NS Comp. EW Comp. UD Comp.

4/14 Earthquake 15 km 2.635 3.042 1.987

4/16 Earthquake 12 km 6.515 7.711 4.217
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severely damaged and the bottom part of column vertically displaced (Fig. 32.5d).
Conversely, at the west-side corner column on the third story (Fig. 32.5e), only small
flexural cracks at the top were observed.

North Elevation (Fig. 32.6): On the fifth story, some large flexural cracks were
observed at the top of the corner column, and large diagonal cracks were observed at
the ends of roof-floor beams (Fig. 32.6a). In addition, there were large diagonal
cracks at the end of a fifth-floor beam (Fig. 32.6b), at the bottom of a fourth-story
column and a fourth-floor beam (Fig. 32.6c).

Fig. 32.3 Views of the main building of Uto City Hall from outside the restricted area. Photographs
were taken from (a) the south, (b) the southwest, (c) the west, (d) the north, (e) the northeast, and (f)
the east. The locations from which the photographs were taken are shown in Fig. 32.2
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From external observations, it may be concluded that the main damage to this
building was limited to the third, fourth and fifth stories on the south and west
elevations. The middle column on the fourth story on the west elevation was most
severely damaged and almost lost the capacity to bear the vertical load.

32.4 Surveillance of the Main Building by Mobile Rescue
Robot

In this section, the results of a damage surveillance mission with a mobile rescue
robot developed for the present study are described.

The first point of focus in the surveillance mission was the interior of the fourth
floor. As described in the previous section, the fourth story had partially collapsed
(from the observation of the west elevation). Therefore, the interior columns on the
fourth story were suspected to be severely damaged.

Fig. 32.4 Simplified elevation and photographs of the south elevation. Photographs show damage
to (a) a fifth-story column, (b) a beam–column joint at the top of the fourth story, and (c) a third
story column
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The second point was the damage of floor slabs. According to the original
drawing of the main building, the structure of this building can be divided in two
parts (the stair block and the office block), which are connected by floor slabs. If this
building had behaved as a unit building structure, the floor slabs were to transfer
seismic loads between the two blocks.

Fig. 32.5 Simplified elevation and photographs of the west elevation. Photographs show (a)
damage to the corner column on the fifth story, (b) partial collapse of the fourth story, (c) damage
to the corner column on the fourth story, (d) damage to the bottom of a fourth story, and (e) damage
to the corner column on the third story
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The surveillance mission was planned considering the points above and capacity
of batteries used for a mobile rescue robot: the mission time had to be limited to
within 2 h.

32.4.1 Mobile Rescue Robot “Sakura-Ichi-Go”

Figure 32.7 shows the mobile rescue robot “Sakura-ichi-go”, used in the damage
surveillance mission. This robot is an upgraded and compacted version of the rescue
robot “Quince” (Nagatani et al. 2013). Quince surveyed inside of the Fukushima
Daiichi nuclear power plant, which was damaged by the Great East Japan Earth-
quake and resulting tsunami in 2011. The robot used in the present study is 420 mm
wide, 530–1070 mm long and 870 mm tall, and weighs 46.5 kg. For this surveillance
mission, the robot was equipped with two omnidirectional cameras, two wide-angle
cameras, and a three-dimensional laser scanner.

Fig. 32.6 Simplified elevation and photographs of the north elevation. Photographs show damage
to (a) the top of corner columns and beams on the roof floor, (b) a beam on the fifth floor, and (c) the
bottom of a fourth-story column and a fourth-floor beam
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32.4.2 Route of the Surveillance Mission

Figure 32.8 shows the floor plan of the main building. The surveillance time by the
robot was approximately 100 min, with the surveillance robot travelling approxi-
mately 250 m.

32.4.3 Surveillance Mission Results

Figure 32.9 shows the interior damage photographed by the robot. Note that
characters in each photograph correspond to the place and direction shown in
Fig. 32.8. The damage observed by the robot is described below:

First, Second and Third Floor In the office on the first floor, no damage is
noticeable. On column A2-B2, shown in Fig. 32.9a, no cracks are visible (damage
class: less than II). In the stairwell from the first floor to the second floor, spalling of
the concrete covering column X3B-Y6 and diagonal cracks in the shear wall can be
seen in Fig. 32.9b (damage class: III). On the second story, diagonal cracks and
falling concrete cover from the shear wall in frame Y5 can be seen in Fig. 32.9c
(damage class: III). No damage is visible on other vertical members. On the third
floor, there are some flexural cracks at the bottom of column A2-B2 (damage class:
III), and the finishing materials of the ceiling have fallen to the floor, as shown in
Fig. 32.9d.

Fourth Floor At the border between the stair block and the office block (between
frames Y4 and Y5), the floor slab is severely damaged, and broken pieces of the
ceiling and concrete blocks litter the floor, as shown in Fig. 32.9e. Column A2-B2 is
axially collapsed, as shown in Fig. 32.9f (damage class: V). At the top of this
column, the buckling of longitudinal bars and large vertical deformation is visible.
The measured height of the ceiling around column A2-B2 is about 1500 mm, whereas

Fig. 32.7 Mobile rescue robot “Sakura-ichi-go”
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Fig. 32.8 Floor plans of the main building of Uto City Hall. (i) first floor, (ii) second floor, (iii)
third floor, (iv) fourth floor, and (v) fifth floor. The red dotted line on each floor plan marks the
robot’s route. The roman numerals on the floor plans represent the damage class of vertical
members, classified according to the Guideline for Post-Earthquake Damage Evaluation and
Rehabilitation (The Japan Building Disaster Prevention Association 2001b; Nakano et al. 2004)



Fig. 32.9 Photographs of the damage taken by the robot inside the main building of Uto City Hall.
The locations from which the photographs were taken are shown in Fig. 32.8
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the ceiling height of the fourth floor according to the original structural designs is
2600 mm. Therefore, the axial deformation of column A2-B2 is approximately
1100 mm. Broken pieces of cover concrete and ceiling materials litter the floor
around this column. At column A3-B2, shown in Fig. 32.9g, fallen mortar and
diagonal cracks are visible (damage class: V. Note that the damage of this column
is classified based on not only Fig. 32.9g but also the observation from outside
(e.g. Fig. 32.4b).

Fifth Floor At the shear wall in frame Y5, large diagonal cracks and exposed
reinforcing bars are visible around the door in Fig. 32.9h (damage class: V). As on
the fourth floor, the floor slab connecting the stair block and the office block is
severely damaged, as shown in Fig. 32.9i.

In the office block, the floor slopes down to the west. The slope of the floor was
measured by the robot to be 6� on average, which is consistent with the axial
deformation of column A2-B2 on the third floor. The tangent of inclination angle
of the floor slab can be estimated as 1100 mm (column deformation) / 8900 mm
(span of beam A2B2-A2B3) ¼ 0.12. Therefore, the estimated inclination angle is
7.0�, which is close to the angle measured by the robot. At column A3-B3, most of
the mortar has fallen off and the reinforcing bars near the bottom are exposed and
buckled, as shown in Fig. 32.9j (damage class: V).

32.5 Discussion and Conclusions

In this paper, the damage to the main building of Uto City Hall is described and
discussed. From external observations, it has been found that the third, fourth and
fifth stories of the south and west elevations are severely damaged, whereas in the
northeast stair block there is only limited structural damage.

The main findings of the robot surveillance mission are as follows:
In the office block, column A2-B2 of the fourth story collapsed axially and the

ceiling dropped by about 1100 mm. On the fourth and fifth floors, the concrete floor
slabs connecting the stair and office blocks were severely damaged. In the stair
block, several of the shear walls on the fifth story were severely damaged. In the
lower floors, visibility of damage to structural members is limited.

Based on the results, it may be concluded that most of the structural damage to the
main building of Uto City Hall was concentrated in the upper stories. Some columns
on the fourth story lost the axial strength necessary to sustain vertical loads.

Acknowledgments First, the authors wish to express respectful regret for those who suffered
losses in Kumamoto and Oita prefectures because of these earthquakes, and hope that they can
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Chapter 33
Preliminary Evaluation of Seismic Capacity
and Torsional Irregularity of Uto City Hall
Damaged in the 2016 Kumamoto
Earthquake

K. Fujii

Abstract In this paper, the seismic capacity and torsional irregularity of the main
building of Uto City Hall are evaluated by using a simple method based on the
building’s structural drawing. The simplified evaluation method of seismic capacity,
which was proposed by Shiga in the 1970s, is based on the wall-area index and the
average shear stress in walls and columns. For evaluation of its seismic capacity, the
following two cases are considered: the building is assumed to behave as a unit
building, and each of the structural blocks responding independently. The evaluation
of the torsional parameters, stiffness eccentricity and radius of torsional stiffness
with respect to the center of stiffness are based on the sectional area of the columns
and walls, which is presented in the Japanese Standard for the seismic evaluation of
existing reinforced concrete (RC) buildings. The main findings of this paper are as
follows. (a) The seismic capacity of the main building of Uto City Hall is insufficient
to survive severe earthquakes. However, the evaluated results of both cases cannot
explain the damage observed in upper stories. (b) The ratio of the stiffness eccen-
tricity to radius of torsional stiffness evaluated in each story exceeds 0.15, while the
radius ratio of the torsional stiffness with respect to center of stiffness to the gyration
of the whole mass above the considered story is smaller than 1. Therefore, the main
building of Uto City Hall is sensitive to torsional response: it may be classified as a
“torsionally flexible building”.
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33.1 Introduction

The main building of Uto City Hall, a five-story reinforced concrete building
constructed in 1965, was severely damaged in the 2016 Kumamoto Earthquake.
As reported in reference (Fujii et al. 2017), most of the structural damage to this
building was concentrated in the upper stories. External observation of the main
damage to this building was limited to the third to fifth stories on the south and west
elevations. From this point, the following questions arise. (i) Had this building
structure had enough seismic capacity to withstand severe earthquake? (ii) Why
was most of the structural damage concentrated in the upper stories? (iii) From the
damage observation, the torsional response might be significant. Had this building
been sensitive to torsional response?

In this paper, the seismic capacity and torsional irregularity of the main building
of Uto City Hall are evaluated by using a simple method based on its structural
drawing. The simplified evaluation scheme of seismic capacity, which was proposed
by Shiga in the 1970s, is based on the wall-area index and the average shear stress in
walls and columns (Shiga 1977). Evaluating the torsional parameters, stiffness
eccentricity and radius of torsional stiffness with respect to the center of stiffness,
is based on the sectional area of the columns and walls, which is presented in the
Japanese Standard for the seismic evaluation of existing RC buildings (The Japan
Building Disaster Prevention Association 2001).

33.2 The Main Building of Uto City Hall

Figure 33.1 shows the structural plan of the main building of Uto City Hall. The
structure of this building can be divided into two structural blocks (office block and
stair block). The two blocks are connected only by a concrete slab (thickness:
110 mm).

As shown in this figure, all the structural walls are concentrated in the stair block,
whereas in the office block concrete columns are the only vertical members to resist
lateral loads. Is should be also noted that in the office block not all frames are
oriented in X- or Y-directions: frames A1 – A3 lie on the axis rotated 45� counter-
clockwise from the X-axis, and frames B1 – B3 are orthogonal to frames A1.

In the fourth and fifth story, the floor slab between frames Y4 and Y5, the border
of two blocks, was severely damaged because of this earthquake, as described in
reference (Fujii et al. 2017).

Figure 33.2 shows the simplified structural elevation of frame Y4 and A2. The
height of the first story is different in zones (I) and (II) in the office block: in zone (I),
where the number of stories is 5, the story height is 4.4 m, while it is 3.1 m in zone
(II), where the number of stories is 1. Note that the story height in the stair block is
the same as frame A2.
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Figure 33.3 shows the sections of column A1B1, A2B1 and A2B2. As shown in
this figure, the sectional area of column is drastically reduced from the lower stories
to upper stories. This is very common in reinforced concrete buildings constructed
before 1981, because at that time the design seismic force in upper stories is smaller
than that in the current seismic code of Japan (BCJ 2016).

Fig. 33.1 Structural plan of the main building of Uto City Hall

Fig. 33.2 Simplified structural elevation of the main building of Uto City Hall. (a) frame Y4,
(b) frame A2
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Fig. 33.3 Sections of column A1B1, A2B1 and A2B2
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33.3 Seismic Capacity Evaluations

33.3.1 Description of the Simplified Evaluation Method

Shiga investigated low-rise reinforced concrete buildings damaged in the 1968
Tokachi-oki Earthquake (Shiga 1977). He explored the relation of earthquake
damage and the following parameters, which can be easily obtained from drawings:
wall-area index, column-area index, and average shear stress in walls and columns.
He had concluded that damaged and undamaged buildings could be significantly
distinguished between two parameters, wall-area index and average shear stress in
walls and columns. In this study, the seismic capacity evaluation of the main
building of Uto City Hall is carried out according to Shiga’s method, with some
modifications.

In the present study, wall-area index and column-area index of the i-th story, αWi

and αCi, respectively, are defined by Eq. (33.1).

αWi ¼ AWi

Ai
PN
j¼i

Afj

unit : mm2=m2
� �

, αCi ¼ ACi

Ai
PN
j¼i

Afj

unit : mm2=m2
� �

: ð33:1Þ

In Eq. (33.1), AWi (unit: mm2) and ACi (unit: mm2) are the sum of the sectional
area of the walls and columns in the i-th story, respectively, and Afj (unit: m

2) is the
area of the j-th floor. Th coefficient Ai is calculated from Eq. (33.2), which is used in
the current seismic design code in Japan (BCJ 2016).

Ai ¼ 1þ 1ffiffiffiffi
αi

p � αi

� �
� 2T
1þ 3T

, αi ¼
XN
j¼i

wj=
XN
j¼1

wj: ð33:2Þ

In Eq. (33.2), wj (unit: kN) is the weight of the j-th floor, and T is the natural
period of the building that is calculated as a function of the building height H (unit:
m).

T ¼ 0:02H: ð33:3Þ

The average shear stress in walls and columns in the i-th story, τavei, is calculated
from Eq. (33.4), assuming that weight per unit floor area of the building is 10 kN/m2

and base shear coefficient is 1.0.

τavei ¼
Ai �

PN
j¼i

wj

AWi þ ACi
¼ 104 �

Ai �
PN
j¼i

Afj

AWi þ ACi
unit : N=mm2
� �

: ð33:4Þ
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In the present study, two modifications are made to Shiga’s original method. One
is that the wall-area index and column-area index are extended for the upper stories
in a multi-story building: both indices are divided by Ai coefficient to consider the
vertical distribution of lateral seismic forces. The other is that the weight per unit
floor area of the building is changed from 1000 kgf/m2 to 10 kN/m2, to adjust the
SI unit.

In Shiga’s investigation, he had concluded that buildings that satisfy either of two
conditions, that the wall-area index αWi is larger than 30 � 102 mm2/m2 or the
average shear stress in walls and columns τavei is less than 1.2 N/mm2, correspond to
those that were undamaged or very slightly damaged in the 1968 Tokachi-oki
Earthquake. He had also concluded that the buildings within zone A, which is
defined by the condition shown as Eq. (33.5), correspond to those whose walls
were heavily cracked columns were heavily damaged in shear in case columns were
short and shear failure preceded bending failure in 1968 Tokachi-oki Earthquakes
(Shiga 1977).

1:2ACi þ 3:3AWi � 104 � Ai �
XN
j¼i

Afj: ð33:5Þ

Note that in Eq. (33.5), the average ultimate shear stress of the column is assumed
to be 1.2 N/mm2, while that of wall is assumed to be 3.3 N/mm2.

33.3.2 Evaluation Cases

In this study, the following two cases are considered for the seismic capacity
evaluation of the main building of Uto City Hall. In Case 1, the building is assumed
to behave as a unit building, and the evaluation is carried out as if for a single
building. In contrast, in Case 2, the stair and office blocks are assumed to behave
independently, and the evaluation is carried out as if for two independent buildings.
In each case, the X- and Y-directions shown in Fig. 33.1 are evaluated.

33.3.3 Evaluation Results

Figures 33.3 and 33.4 show the evaluation results in each case. In these figures, the
zone A is the area corresponding to the most of buildings were heavily damaged
while zone C is the area corresponding to the most of buildings were not damaged or
only slightly damaged in the 1968 Tokachi-oki Earthquake.
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33.3.4 Discussions

In Case 1 (Fig. 33.3), the plots of Y-direction in the first and second stories are within
zone A, while the plots of the upper stories are in zone B or C. Therefore, it may be
concluded that if this building behaved as a united single building, the seismic
capacity of this building is insufficient to survive strong earthquakes. However,
this result cannot explain the fact that most damage in this building is in the upper
stories.

In Case 2 (Fig. 33.4) the plots of office blocks in all stories are within zone A,
whereas the plots of stair block in all stories are within zone C. Therefore, it may be
concluded that the seismic capacity of the office block is insufficient while that of the
stair block is sufficient, under the condition that the two blocks of this building
behaved as two independent buildings. However, in the damage observation of this
building (Fujii et al. 2017), it was found that the walls in the fifth story of frame Y5

(stair block) were severely damaged. The results shown in Fig. 33.5 cannot explain
this damage. Therefore, the assumption that the stair and office blocks behave
independently appears invalid, even though the floor slab at the border of two blocks
in the fourth and fifth floors were severely damaged (Fujii et al. 2017).

In conclusion, the seismic capacity of the main building of Uto City Hall is
insufficient to survive strong earthquakes. However, neither results can explain the
damage of this building observed. The reasons why this simplified evaluation
method fails to explain the observed damage are (i) the lateral force distribution
coefficient, Ai, is smaller in upper stories because the Ai coefficient cannot reflect the
drastic reduction of the sectional area in upper stories, and (ii) the effect of torsion is
not considered in this simplified method.

Fig. 33.4 Evaluation results in case 1
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33.4 Evaluation of Torsional Irregularity

33.4.1 Description of Calculation Method

In this study, the parameters of torsional irregularity, eccentricity ratio, ratio of
gyration of story torsional stiffness with respect to the center of mass, and eccen-
tricity index are calculated according to the standard for seismic evaluation of
existing reinforced concrete buildings (The Japan Building Disaster Prevention
Association 2001). In this study, those parameters are calculated based on the
sectional area of columns and walls as below.

The stiffness index of the j-th frame, Sj, is calculated by Eq. (33.6).

Sj ¼
X
k

aCjk þ
X
k

αjk 1� ηjk
� �

aWjk: ð33:6Þ

In Eq. (33.6), aCjk is the sectional area of the k-th column in the j-th frame, and
aWjk, αjk, ηjk are the sectional area, stiffness modification factor considering the
proportion of wall, and opening ratio, respectively, of the k-th wall in the j-th
frame. Figure 33.5 shows the definition of αjk, ηjk (Fig. 33.6).

The location of the center of stiffness of each story (xSi, ySi), and the radius of
gyration of story torsional stiffness with respect to the center of stiffness, jXi0 and jYi0,
respectively, are calculated by using stiffness index Sj.

Let mi and Ii be the mass and mass moment of inertia of the i-th floor, respec-
tively, and the location of the center of mass of i-th floor is expressed as (xGfi, yGfi).

Fig. 33.5 Evaluation results in case 2
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The location of the center of total mass above the i-th story bxGi, byGið Þis calculated
from Eq. (33.7).

bxGi ¼ XN
j¼i

mjxGfj=
XN
j¼i

mj, byGi ¼ XN
j¼i

mjyGfj=
XN
j¼i

mj: ð33:7Þ

The radius of gyration of mass above the i-th story, ri, is calculated from
Eq. (33.8).

ri ¼
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiXN
j¼i

Ij þ mj xGfj � bxGj� �2 þ yGfj � byGj� �2n oh i
=
XN
j¼i

mj

vuut : ð33:8Þ

The stiffness eccentricity of the i-th story, eXi and eYi, are calculated by Eq. (33.9).

eXi ¼ xSi � bxGi, eYi ¼ ySi � byGi: ð33:9Þ

The eccentricity indices of the i-th story defined in the current seismic design
code of Japan, ReXi and ReYi, respectively, are calculated by Eq. (33.10).

ReXi ¼ jeYi=jXi0j,ReYi ¼ jeXi=jYi0j: ð33:10Þ

According to Hejal and Chopra (Hejal and Chopra 1987), the classification of
systems as either torsionally stiff (TS) or torsionally flexible (TF) systems is based

Fig. 33.6 Definition of αjk, ηjk for wall. (a) Elevation of wall considered, (b) definition of αjk, (c)
definition of ηjk
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on the ratio of the uncoupled torsional mode to the lateral frequenciesΩθX,ΩθY of the
corresponding torsionally balanced system, defined by Eq. (33.11).

ΩθX ¼ ω0θ
0=ω0X ,ΩθY ¼ ω0θ

0=ω0Y : ð33:11Þ

In Eq. (33.11), ω0θ
0 is the uncoupled natural circular frequency of rotational

oscillation with respect to the center of stiffness. The system ΩθX, ΩθY > 1 is
classified as a TS system in both the X- and Y-directions (Hejal and Chopra 1987).

For the single-story asymmetric building system (mass:m, mass moment of inertia I,
lateral stiffness of system in X- and Y-direction, KX and KY, torsional stiffness with
respect to the center of stiffness Kθ

0),ΩθX,ΩθY are equal to the radius ratios of gyration
of the story torsional stiffness with respect to center of stiffness, jX0/r and jY0/r, as shown
in Eq. (33.12).

ΩθX ¼ ω0θ
0

ω0X
¼

ffiffiffiffiffiffiffiffiffiffiffi
Kθ

0=I
p
ffiffiffiffiffiffiffiffiffiffiffiffi
KX=m

p ¼ jX
0

r
,ΩθY ¼ ω0θ

0

ω0Y
¼

ffiffiffiffiffiffiffiffiffiffiffi
Kθ

0=I
p
ffiffiffiffiffiffiffiffiffiffiffiffi
KY=m

p ¼ jY
0

r
: ð33:12Þ

In this study, the system classification as either TS or TF is made based on jX0/r and
jY0/r for each direction in each story: the i-th story is classified as TS in X-direction if
the ratio jXi0 / ri is larger than 1, whereas it is classified as TF if jXi0 /ri is smaller than
1. The i-th story in Y-direction is also classified in the same manner.

33.4.2 Calculated Results

Figure 33.7 shows the location of the center of total mass above the considered story
and the center of stiffness of the same, and Fig. 33.8 shows the vertical distribution
of three parameters of torsional irregularity.

33.4.3 Discussions

From Fig. 33.7, the center of total mass above the story, G, and the center of stiffness
of each story, S, almost lie on the axis of frame X3A; however, the location of S is
closer to the stair block than G. This is because all of the walls are in the stair block.
Therefore, the eccentricity ratio in X-direction |eX/ r| is small (0.009–0.030), whereas
the eccentricity ratio in Y-direction |eY/r|is relatively large (0.219–0.306), as shown
in Fig. 33.8a.

The radius ratios of gyration of the story torsional stiffness with respect to S, jX0/r
and jY0/r, are smaller than 1, except jY0/r in the first story (Fig. 33.8b). In addition, the
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eccentricity index in X-direction, ReX, is larger than 0.15 in all stories: in particular,
ReX is larger than 0.3 in the second to fourth stories (Fig. 33.8c).

Therefore, this building is sensitive to torsional response and is classified as a TF
system in all stories in X-direction and the second to fifth stories in Y-direction.

Fig. 33.7 Location of the center of total mass above the considering story and the center of stiffness
of the considering story
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33.5 Discussions and Conclusions

In this paper, the seismic capacity and torsional irregularity of the main building of
Uto City Hall were evaluated by using a simple method based on structural draw-
ings. The main findings of this paper are as follows.

(a) The seismic capacity of the main building of Uto City Hall is insufficient to
survive severe earthquakes. However, the evaluated results of both cases cannot
explain the damage observed in upper stories.

(b) The ratio of the stiffness eccentricity to radius of torsional stiffness evaluated in
each story exceeds 0.15, whereas the radius ratio of the torsional stiffness with
respect to center of stiffness to the gyration of whole mass above the considered
story is smaller than 1. Therefore, the main building of Uto City Hall is sensitive
to torsional response: it may be classified as a “torsionally flexible building.”

Note that further detailed investigations, such as a nonlinear time-history analysis
of the frame building model, are needed to explain the seismic behavior of the main
building of Uto City Hall during sequential seismic events. Seismic response
evaluation of this building by using several nonlinear static procedures is also
attractive for the validation of these procedures.

Acknowledgments The author wishes to thank the Uto City Hall officials who provided the
original structural designs and other material related to the main buildings.

Fig. 33.8 Distribution of parameters of torsional irregularity. (a) Eccentricity ratio, (b) radius ratio
of gyration of story torsional stiffness with respect to the center of stiffness, (c) eccentricity index
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